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Preface

This book is addressed primarily to postgraduate students in earthquake engineering and to
practising structural engineers specialising in the design of R/C seismic-resistant buildings.
The following basic aims have guided the composition of the material of this book:

1. The presentation of the content should be characterised by integrity, clarity and sim-
plicity, particularly for the design procedure of new R/C buildings or assessment and
retrofitting of existing ones. In this respect it should constitute integrated knowledge
for a student. The long experience of the first of the authors in teaching undergraduate
and postgraduate students about R/C earthquake-resistant structures augurs well for
the achievement of this aim.

2. The presentation of the scientific background of each subject should be made in a
concise form with all the necessary—but at the same time, limited—references to the
sources so that enough of an open field is available for a rigorous and systematic
approach to the implementation of the scientific background in design procedure. In
this context, this book would be valuable for practising engineers who want to have
in-depth knowledge of the background on which the code rules are based. The exten-
sive experience of both authors in the seismic design of new R/C buildings and in the
assessment and retrofitting of existing ones, together with the wide experience of the
first in posts of responsibility in seismic risk management in Greece, contribute to a
balanced merging of the scientific background with practical design issues. At the
same time, the numerical examples that are interspersed in the various chapters also
intend to serve this aim.

3. For furtherance of the above aims, all of the material of the book has been adjusted to
fit a modern Seismic Code of broad application, namely, EN1998/2004-5 (EC8/2004-
5), so that quantitative values useful for the practice are presented. At the same time,
comparative references are made to the American Standards in effect for seismic
design. It is obvious that this choice covers the design requirements for Europe. At
the same time, the comparative references to the American Standards enable an easy
adjustment of the content to the American framework of codes.

In closing, we express our thanks to the following collaborators for their contributions to
the preparation of this book.

e Professor Andreas Kappos, co-author with G. Penelis of the book titled, Earthquake
Resistant Concrete Structures (1997). We are grateful for his consent to reproduce a
number of illustrations and some parts of the text from the abovementioned book.

* Dr. Georgia Thermou, lecturer in engineering at AUTH and John Papargyriou MSc-
DIC for their contributions in the elaboration of the numerical examples.
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e Dr. Phil Holland for correction and improvement of the language of the text.
® Panayiotis Savas for the elaboration of the figures.
e FEvaggelia Dara for the typewritten preparation of the text.
® Dr. Kostas Paschalidis for the critical reading and correction of the text.
]

Tony Moore, senior editor of Spon Press for his efforts in coordinating the publication

of the book.

George Gr. Penelis
Gregory G. Penelis
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Chapter |

Introduction

1. HISTORICAL NOTES

Earthquake engineering is an independent scientific discipline that has come into being
along with engineering seismology over the past 100 years and is therefore still evolving, as
happens in every new scientific field.

It started as a framework of codified rules for the seismic design of buildings at the begin-
ning of the twentieth century, after the catastrophic San Francisco earthquake of 1906. This
design procedure was based, on one hand, on a framework of empirical rules for avoiding
seismic damage observed in previous earthquakes, and on the other, on the simulation of
the seismic action on a set of lateral forces equal to a percentage of the gravity loads of the
building. This loading pattern constituted one additional load case, the ‘seismic loading’.
The above simulation was based on the fact that the acceleration of the masses of a building
due to earthquake causes inertial lateral forces proportional to the masses of the building,
and in this respect proportional to the gravity loads. The proportion of lateral seismic loads
H,.;,, to gravity loads W resulted from the ratio of the peak ground acceleration (PGA) to
the gravity acceleration g (e =PGA/g = H,,,,/W).

A critical point in the above procedure was the assessment of the PGA of an earthquake
that should be taken into account for the determination of the seismic lateral loading,
since for many years up to 1940 there were no instruments capable of determining the
PGA (strong motion instruments). Therefore, for a period of almost 35 years after the San
Francisco earthquake, qualitative observations were used, like the overturning of heavy
objects located at ground level for the quantitative estimate of the PGA as a percentage of
g (gravity acceleration). These values were introduced as seismic coefficients in the various
Seismic Codes in effect and ranged usually from € =0.04 to 0.16, depending on the seismic
hazard of each region.

At the same time, it was realised that the vibration of the superstructure of a building
caused by seismic actions does not coincide with that of its foundation, particularly in the
case of tall buildings, which are flexible. Thus, the first steps in structural dynamics were
made early on, particularly for one degree of freedom systems, that is, single-storey build-
ings simulated by a concentrated mass and connected to their base by an elastic spring and
a damper. The aim of these first steps was the determination of the time history of the mass
motion in relation to its base for a given time history of motion at the base. The problem
of the resonance of the vibrating mass was one of the basic points of interest, since such a
resonance resulted in an amplification of the acceleration of the mass in relation to that of
the base motion. These research activities were carried out for simple forms of vibration of
the base, for example, sinusoidal or ramp excitations, since these were functions that could
easily be integrated without computer facilities.
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In 1940, the first accelerograph (strong motion instrument) installed at El Centro in
California was activated by a strong earthquake. This was the first time-history acceleration
record (Derecho and Findel, 1974) known as the El Centro earthquake record. This was the
first big step in earthquake engineering, since an objective method was invented for record-
ing strong ground motions. Nowadays there are thousands of such instruments installed all
over the world in seismically sensitive regions, enriching the collection of records of strong
earthquakes.

The next big step was made 15 years later (in about 1955) with the development of com-
putational techniques for obtaining acceleration, velocity and displacement elastic response
spectra for a given time history acceleration record. The use of acceleration response spectra
enabled the easy and direct determination of the maximum acceleration that develops in the
mass of a building of a given fundamental period for a seismic spectrum under consider-
ation. The above step must be attributed mainly to the introduction of computer facilities in
engineering (Housner et al., 1953).

The above research activities resulted in the conclusion that the amplification factor
of the PGA in the case of resonance was very high for elastic structural systems. In this
context the peak accelerations of mass were many times higher than those for which the
analysis of the buildings had been carried out for many decades according to the Codes
then in effect. Therefore, in the case of strong earthquakes, extended collapses were
to be expected even of earthquake-resistant buildings. However, while many buildings
exhibited extensive damage, collapses were limited. Due to this fact it was concluded
that the inelastic behaviour of the structural system, which resulted in damages, led to
a reduction of the peak acceleration of mass. So, in the 1960s the energy balance theory
of the structure under seismic action was born (Blume, 1960; Park and Paulay, 1975).
According to this theory, a seismic action causes the transfer of a certain amount of
kinetic energy from the foundation to the structural system. This energy is converted into
potential energy, stored in the structural system in the form of strain energy, and then
partly dissipated during the successive cycles of vibration in the form of heat or other
irrecoverable forms of energy. This cyclic conversion of energy may be accomplished
either in the elastic range of a structure through viscous damping by the development
of high internal forces accompanied by low strains (below yield), therefore producing
no damage at all, or in the inelastic range, in the case of a structure with limited load-
carrying capacity, by the development of inertial forces limited to its capacity and large
strains beyond the yield point, therefore accompanied by damage or collapse, depending
on the inelastic displacement capacities of the structural system. The above theory was
the third big step in earthquake engineering.

The above three steps have provided the main core of modern seismic design and technol-
ogy for the past 40 years. This may be summarised by the following concepts

e Structural systems must resist low-intensity earthquakes without any structural
damage.

e Structures should withstand a rare earthquake of moderate intensity (design earth-
quake) with light and repairable damage in the structural elements.

e Structures should withstand a very rare high-intensity earthquake without collapsing.

Although the acceptance of damages under the design earthquake meant an inelastic
response of the structure, the core of the structural analysis procedure for seismic actions
continued to be based on the linear theory. So, in order to solve this apparent discrepancy,
two new concepts were introduced:
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e The ductility coefficient
e The capacity design procedure

The former allows the reduction of seismic loading by a factor of about 1.5-5.0 times,
having as prerequisite the suitable reinforcing of the structural elements so that the required
inelastic deformation capacities are ensured. The latter readjusts the values of the internal
forces due to seismic actions so that the risk of unexpected brittle local failures of structural
elements is avoided. The above framework formulated the main body of the modern seismic
philosophy known as ‘force-based design’ and constitutes the core of all modern Codes in
effect. It should be noted here that while structures under the ‘design earthquake’ respond
inelastically, the use of inelastic dynamic analysis was avoided, on purpose, by introducing
the ductility coefficients and the capacity design due to computational difficulties, on one
hand, and to difficulties for interpretation of the results on the other. So, the procedure of
inelastic dynamic analysis remained a valuable tool for evaluating other simplified methods
like the “force-based design’ and the ‘displacement-based design’ (see below).

While the force-based design procedure has been proven to be a reliable method for the
design of new buildings, or structural systems in general, its implementation in the assess-
ment and rehabilitation of existing buildings runs into many difficulties. Since the design of
these buildings does not comply with the rules of the modern Codes in effect, their capacities
for plastic deformation must be explicitly defined and compared to the demands of plastic
deformations due to the design earthquake. Therefore, the force-based design is not proper
anymore. Instead, the displacement-based design may be implemented. This procedure has
been developed in the last 20 years and is based, on one hand, on the ‘capacity curve’ of the
structural system generated by a static lateral loading of the structure up to failure (push-
over analysis) and on the determination of the target displacement’ of the structural system
corresponding to the design earthquake, using energy balance criteria. Thus, the efficiency
of an existing structural system is obtained by displacement verifications. In the last 10
years successful efforts have been made for a direct displacement-based design method
for application in the case of new buildings. At the same time, the development of the dis-
placement-based design method enabled the introduction of ‘the performance based design’
approach in the late 1990s, permitting the establishment of a clear relation matrix between
well-defined up-to-collapse damage levels to the return period of the seismic action.

It should also be noted here that the basic theory of elastic or inelastic vibration had
been previously developed for other scientific disciplines. However, its implementation in
structural dynamics had encountered impassable obstacles due to the high degree of their
redundancy and the random form of time-history seismic records. These two parameters
made the numerical treatment of the relevant differential equations impossible. The rapid
development of computers in the past 50 years enabled this obstacle to be overcome. It is
important to note that until recently the above difficulties did not allow the adoption of even
the ‘modal response spectrum analysis’, which is a method of dynamic analysis for linear
structural systems, as the ‘reference method’ in Codes of Practice. Instead, Codes continued
to have as a reference method the ‘lateral force method of analysis’, which, as was men-
tioned earlier, simulates the dynamic response of the structure with a laterally loaded static
system. Eurocode EC8-1/2004 is the first to have made this step forward to introduce the
modal response spectrum analysis as a reference method.

In closing this short historical note on the development of earthquake engineering, ref-
erence should be made to the successful efforts for the development of alternative design
techniques and devices for special types of buildings, namely the ‘base isolation systems’
and the ‘dissipative devices’.
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1.2 STRUCTURE OF THIS BOOK

The considerations of earthquake engineering briefly presented above will be adapted and
applied in the forthcoming chapters to buildings with a structural system made of reinforced
concrete, which constitute the major part of the building stock of the built environment in
developed countries. The material of this book has been formulated into three main parts:

In the first part, seismic demand issues are examined (Chapters 2 through 6). More par-
ticularly, this part includes at the outset a short overview of basic issues of structural dynam-
ics, which have been considered of special importance for the comprehension of the material
of subsequent chapters. It also includes the procedure for the determination of the seismic
actions and the ductility coefficients. The description of the acceptable methods for seismic
analysis, and the application of the capacity design rules to the seismic effects (internal
forces) are included in this part as well. Finally, the conceptual design of building structural
systems is also examined in detail, and guidelines are given for the proper structural system
for various types of buildings.

In the second part of the book (Chapters 7 through 10), the capacity of structural sys-
tems to withstand seismic effects in terms of strength and deformation (local ductility) is
examined in detail. At the same time, design methods are developed that ensure the safety
verification of the structural members. More particularly, detailed reference is made to
the behaviour of the basic materials (concrete-steel) and their bonding under cyclic load-
ing. Further, a detailed presentation is made of the seismic capacity of the basic structural
members of an R/C building, namely of beams, columns, joints, walls, diaphragms and
foundations.

Finally, the third part is devoted to existing R/C buildings under seismic action (Chapters
11 through 16). More particularly, a detailed presentation is made of seismic pathology,
post-earthquake emergency measures, assessment and rehabilitation procedures, the materi-
als and techniques of repair and strengthening and, finally, seismic risk management.

It should be noted that the book has been adjusted to fit the European Codes and particu-
larly to EN 1998 (Eurocode EC8/2004), with parallel extended references to the American
Standards in cases that this has been considered necessary for comparisons.

From this point on, the reader him- or herself will judge if the structure of the extended
material of this book fulfills its main aim of providing an integrated, comprehensible, and
clear presentation suitable for design practice.



Chapter 2

An overview of structural dynamics

2.1 GENERAL

The structural design of buildings was based for centuries, and even today for the greater
part of the world, on the assumption that loading is not time-dependent, with only some
special exceptions where cyclically moving masses cause vibrations. In this respect, for cen-
turies and even today the core of the education of the structural engineer has been based on
statics and strength of materials. Therefore, it can be easily understood why the first efforts
for quantitative evaluation of the seismic actions on buildings, at the beginning of twenti-
eth century and for many decades since, have been based on a simulation with static loads
of the time-dependent inertial forces due to seismic vibrations. Even today, the American
Codes of Practice for earthquake-resistant structures (ASCE 7-05) has as reference method
of analysis the ‘lateral force method of analysis’, where, of course, many of the consequences
of dynamic behaviour of structures have been incorporated.

For many decades, the lateral inertial forces induced by an earthquake were calculated as
the product of building mass times the maximum ground acceleration due to seismic action
(Figure 2.1). In this respect, seismic actions were taken into account as additional static
loading.

This approach was based implicitly on the assumption that the relative displacement of the
structural system in relation to the foundation during the seismic action may be considered
zero, and therefore the inertial forces on the storeys above depend only on the maximum
ground acceleration X, and their mass. This assumption is acceptable to a degree for massive
buildings, that is, low-rise buildings (1-3 storeys) with thick walls and small compartments,
but not for the buildings of which contemporary cities are composed.

Since the 1950s, structural dynamics has gradually become the core of the analysis and
design of earthquake-resistant structures. In the beginning, linear models with viscous
damping were introduced, but soon, steps were made toward models of inelastic behaviour
with hysteretic damping, aiming at a more realistic approach to the response of structures
to strong seismic motions, which cause damage.

This development was not at all easy, mainly due to computational difficulties. In spite
of this, progress was accelerated by the need for higher seismic protection of modern cit-
ies with high-rise buildings built in seismic regions, where the consequences from a strong
earthquake are many times greater than those of small towns. At the same time, the rapid
development of computational means enabled the implementation in structural dynamics of
knowledge that had been developed in the theory of vibration of simple systems for other
scientific branches (e.g., electromagnetics, etc.).

Nowadays, structural dynamics is an autonomous branch of the ‘theory of structures’.
Therefore, a systematic approach to it is beyond the scope of this book. However, it was
considered as a prerequisite to include an overview of the key issues of structural dynamics to
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Figure 2.1 Seismic loads of old seismic codes.

which references will be made in subsequent chapters, since, as was noted before, today struc-
tural dynamics lies at the core of the analysis and design of earthquake-resistant structures.

2.2 DYNAMIC ANALYSIS OF ELASTIC SINGLE-DEGREE-OF-
FREEDOM SYSTEMS

2.2.1 Equations of motion

The simplest structural system induced to seismic excitation of its base is the one shown in
Figure 2.2. At the same time, the understanding of the response of this simple system, which
has only one degree of freedom in the horizontal direction, is of substantial importance for
structural dynamics in general, as will be presented next.

This system comprises one mass M on a spring in the form of two columns, which remain
in the elastic range (V, = Ku) during the vibration. The vibration is induced by the seismic
excitation x,(t) of the base of the system. At the same time, the vibrating mass is connected
to the base of the system with a dash pot (V; = c#), which simulates the damping resistance
of the oscillator to the vibration due to the internal friction of the structure.

The constant ¢ will be defined later (see Subsection 2.3.2).

@@ * Absolulte motion

|
1 _ u =x —x,: Relative motion
i | M M- %
) -
7 M
X—X
( ) k(x —x,)
() V
T
Ik
¥
1

I
x,: Base motion | u

Figure 2.2 Single-degree-of freedom (SDOF) system excited by the base motion: (a) response of the
system; (b) dynamic equilibrium condition; (c) shear force versus relative displacement diagram
for the columns.
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The motion parameters, which are lateral displacement, velocity, and acceleration of the
mass of the oscillator, are given by the following expressions (functions of time):

X =x,tu
X =x,+u (2.1a—¢)
X=X, +u

The notation of the above symbols is given in Figure 2.2.
The implementation of d’Alembert’s concept for the equilibrium of the vibrating mass
results in the following equation of vibration of the single-degree-of freedom (SDOF) system

M+ cii+ Ku=0 (2.2)

or

[Mii + cit + Ku = —MZ,(t).] (2.3)

Equation 2.3 shows that the most important parameter in relation to the seismic exci-
tation for the description of the vibration response is the acceleration time history of the
base of the SDOF system. It is well known that since 1939 networks of special instruments
known as accelerographs or strong motion instruments that record the time history of
ground acceleration have been developed (Figure 2.3). These networks were developed first
in the United States but they were later extended to seismic regions all over the world. These
instruments are adjusted in advance so that they are triggered every time the ground acceler-
ation exceeds the predefined limit. These instruments record the time history of the ground
acceleration in a form that may be used as an input in Equation 2.3, and in this respect these
records make possible the determination of the time-history response of the SDOF system to
the recorded seismic action.

2.2.2 Free vibration

If during oscillation the exciting force becomes zero (X,(t) = 0), the system continues to
vibrate freely. In this case and for zero damping (c = 0) the equation of motion (2.3) takes
the form:

Mii + Ku = 0 (2.3a)

that is, it takes the form of a homogeneous dif. equation of second order. The general solu-
tion of this equation has the form:

u = u,cosmt + %’sinmt (2.4)
where
2n K
o = T = (2.4a)
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Figure 2.3 Accelerogram of the Athens earthquake of 7 September 1999 (N-S): components and derived
diagrams of velocity and displacement. (Adapted from IESEE (Institute of Engineering Seismology
and Earthquake Engineering, Greece) 2003. Strong Motion Data Base of Greece 1978-2003,
Thessaloniki, Greece.)

is the natural circular frequency (in rad/s) and

T, = Zn\/g (2.4b)

is the natural period of the system.

The constant coefficients of Equation 2.4 are determined taking into account the follow-
ing initial conditions:

For t=0 the initial relative displacement # is supposed to be u =u,, while the initial
velocity for t=0 is supposed to be # = #,, that is, u#, and %, are input data (Figure 2.4;
Georganopoulou, 1982).

The natural period T, is the dynamic constant of the system, the characteristics of which,
the mass M and the spring stiffness K, have been incorporated into it. Natural period T,
expresses the period of the free vibration of the system.
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ul

==

Figure 2.4 Diagram of the free vibration relative displacement of Equation 2.4 for input data: initial displace-
ment u = u, and initial velocity u = u,.

When damping is not zero (¢ # 0) the homogeneous equation of motion (2.3a) takes the
form:

Mii+ cit + Ku =0 (2.3b)

The general solution of this equation has the form:

ct
u = u,e 2M(Asinyt + Bcost) (2.5)
where
K c Y
Y T L 2.6

For y=0, that is,

lc = c. = 2JMK| (2.6a)

the free vibration is transformed into an attenuation curve (Figure 2.5b). Setting { = c/c,
(critical damping ratio), Equation 2.5 becomes

T

lu = u,e* (Asinwpt + Beoswpt)| (2.7)

where

Op = 01 -0 =y (2.8)

and

T,
(2.9)
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Figure 2.5 Free vibration with damping: (a) initial relative displacement u,; (b) initial displacement in case of
critical damping. (From Biggs, .M. 1964. Introduction to Structural Dynamics. McGraw-Hill, New
York. With permission.)

For values of { < 0.15, the natural period Ty, of the oscillating system is close to that of
the undamped system T,.

The constants A and B are defined by the initial conditions of the initial displacement #,
and the initial velocity #,, that is,

A=tV p_q9

uw,

2.2.3 Forced vibration

In the case of a ground excitation (X, () # 0), the particular integral of Equation 2.3 must
be added to the general integral (Equation 2.7).

In the case of an artificial steady-state excitation in the form of a sinusoidal function
(Figure 2.6; Georganopoulou, 1982), that is,

%) = &y, Sin Q2 (2.10)

the particular integral of the undamped forced vibration takes the form

jéomax 1 M
Uy = Kim 1= B2 sin Q¢ (2.11)
where
Q
B = 6 (2.12)
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Figure 2.6 Forced vibration of an SDOF system excited by a sinusoidal base acceleration for Q/m = 2.

and in this respect the damped forced vibration takes the form:

L MK
M =B+ (20B)

sin(Qt — arctan 12_CE2 ] (2.13)

It is important to note that in the case that

which means that the frequency Q of the excitation coincides with the natural frequency (®)
of the SDOF system, the maximum value of %, becomes (Figure 2.7):

U, max = for an undamped system and
komax M
Mpdmax = 2’7[(@ (2.133)

for a damped one.

It is obvious that in this case resonance of the vibrating system takes place due to the
coincidence of the natural period of the vibrating system and that of the exciting agent. As a
result, the vibrating system amplifies the ground maximum acceleration and displacement.

In the case of a transient chaotic seismic excitation, the above process for the determina-
tion of the partial integral of Equation 2.3 must be modified radically since it is not possible
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Figure 2.7 Maximum relative displacement u, of an SDOF system activated by a sinusoidal forced vibra-
tion diagram of u, versus natural frequencies ratio Q/w for various values of  (critical damping
ratio). (From Biggs, J.M. 1964. Introduction to Structural Dynamics. McGraw-Hill, New York. With
permission.)

to find a closed form of the partial integral. So, the function of the ground acceleration X, (¢)
is divided into successive, very short-duration impulses, as shown in Figure 2.8.

dP = %,(t1)- M -dt (2.14)

Consider now one of these impulses, which end at time T after the beginning of the ground
motion (Equation 2.14). This impulse in turn causes an initial velocity on the vibrating system:

din, (1) = %, (1)d1 (2.15a)
while the initial displacement is
duny(t) = 0 (2.15b)

Substituting Equation 2.15a,b into Equation 2.4 (undamped vibration), we have

du = x"T(T) sin o(t — 1)dt (2.16)
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Figure 2.8 Response u,(t) of an SDOF system to a differential impulse.

In the above expression du is the displacement at time ¢ due to the input ground accelera-
tion X, (t) acting during the time differential dt. So,

ult) = % _[ %,(1) sino(t — 1)dt (2.17)
0

This is the Duhamel integral, well known in structural dynamics. In the case of damped
vibration, Equation 2.17 takes the form:

u(t) = %jko(r)e‘gm‘t‘f’ sinwp (2 — 1)dT (2.17a)
0

The above Equations 2.17 and 2.17a give the displacement u(t) during the ground motion
at any moment ¢, that is, the time history of the response of the system. It is obvious that
the integral in the above equations can be quantified only by using numerical methods, and
therefore only the introduction of computers in structural dynamics after 1949 made pos-
sible the application of Equations 2.17 and 2.17a for real case studies of seismic input. It
should also be mentioned that in this case a strong amplification of the response is observed
for natural periods of the vibrating system near to the predominant period of the excitation.
This will by clarified in detail in the next subsection.

2.2.4 Elastic response spectra
2.2.4.1 Definition: Generation

The time history of the oscillation phenomenon is not always needed in practice in its
entirety, as it suffices to know the maximum amplitude of the relative displacement, the
relative velocity, and the absolute acceleration developed during a seismic excitation. This
is because from these values the maximum stress and strain state of the system can be
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determined. For this reason the concept of the response spectrum has been introduced. The
response spectrum of an earthquake is a diagram in which ordinates present the maximum
amplitude of one of the response parameters (e.g., relative displacement, relative velocity
and acceleration) as a function of the natural period of the SDOF system.

For any seismic input (accelerogram %, (¢)), three elastic response spectra can be produced
to generate ordinates that give the maximum amplitude of the relative displacement S, rela-
tive velocity S, and absolute acceleration S,, respectively, of an SDOF system versus its natu-
ral period T (Figure 2.9). This means that the elastic response spectrum of a seismic input
reflects the behaviour of all elastic SDOF systems with natural period T between & and e
during that specific excitation. The first elastic response spectra were produced experimen-
tally by Biot in 1935 on a shaking table with SDOF oscillators and a natural period between
0 and 2.4 s (Figure 2.9).

After the introduction of computational means in structural dynamics, Housner and
Kahn produced the first elastic response spectra analytically (Housner et al., 1953; Polyakov,
1974) using the Duhamel integral of (Equation 2.18),
that is,

S0 = [0l = g | [ £u(0)e 9 sinay (£ ~ )t (.18)
0

max

or Newmark Methods for numerical integration.
On the other hand, the maximum velocity S, can be approximated, assuming harmonic
motion, by the expression:

2
SV = O)Sd = Sd (T) (2.19)
(a) (b) (C) U ax
l.4g
T=24s X () 1.2
1.0
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Figure 2.9 Response spectra of SDOF systems: (a) shaking table carrying SDOF systems with t =0.1-2.4 s;
(b) accelerogram; (c) acceleration spectrum; (d) velocity spectrum; (e) displacement spectrum.
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and the maximum acceleration by the expression:

2
S, = oS, = @S, = Sd(4“ )

T2

(2.20)

The above assumption is acceptable for values of { < 0.30. In reality, the maximum restor-
ing force peaks display just before the point of the maximum displacement. Therefore, S, in
Equation 2.20 is slightly less than the true peak acceleration during an earthquake. Strictly
speaking, S, should be called ‘pseudospectral acceleration’ and S, ‘pseudospectral velocity’.
However, for { less than 0.15 there is no significance in the above remark.

Thus, the velocity and acceleration spectra are derived by multiplying each ordinate of the
displacement spectrum by ®, (2%/T), and ®?, (47%/T?), respectively.

From Equation 2.18 it can be seen that as damping C increases, the spectral ordinates
decrease (Figure 2.10; IESEE, 2003). For high values of damping the spectra become
smooth. In practice, for reinforced concrete structures { is assumed equal to 0.035.

SD (cm)

PSA values

R - - I e e R A EREEEE [

0 02 04 06 08 10 12

Period (s)
PSV value

***************** LR R Rt B R

0 02 04 06 08 1.0 12
Period (s)

SD values

ERRE R o ro---- - - EEEEE EEEEEE [

0 02

04 06 08 10 12
Period (s)

PSV (cm/s)

SD (cm)

PSA values

R R e e e e Lt e

= e T .

6 02 04 06 08 1.0 1.2 14 16 1.8 20 2.2

Period (s)

PSV values

R R R B LR e R R R Tommormmon

(=3 ]

0 02 04 06 08 1.0 1.2 14 16 1.8 20 2.2

Period (s)

SD values

Al e R Rl e R bl et

0 02 04 06 08 10 1.2 14 16 1.8 20 2.2

Period (s)

Figure 2.10 Elastic response spectra for 1999 Parnitha (Athens, Greece; right) and for 1978 Thessaloniki
(Volvi, Greece; left) earthquakes for various damping values: acceleration (top) velocity (mid-
dle) and displacement (bottom). (Adapted from I.E.S.E.E. (Institute of Engineering Seismology
and Earthquake Engineering, Greece) 2003. Strong Motion Data Base of Greece 1978-2003,
Thessaloniki, Greece.)
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Practically, the computational procedure for the derivation of elastic response spectra can
be summarised as follows (Elnashai and Di Sarno, 2008):

1.

2

Select a digitised form of the selected accelerogram from an available database.

. For a given value of { and for successive values of T between 0.01 and 5.0 s calculate

successive values of S, using one of the existing computing codes, which are based on
digitisation of the Duhamel integral Equation 2.18 or other relevant methods.

. Repeat the procedure of item (ii) for successive values of { ranging between 0% and

20%.

. Compute the velocity S, and acceleration S, using Equations 2.19 and 2.20, respectively.
. Plot §,, S., S, spectra versus the natural period for the damping values selected.

2.2.4.2 Acceleration response spectra

The acceleration response spectra are of fundamental importance for the seismic design
of buildings because they relate to the maximum inertial forces that develop during the
earthquake. In this respect they constitute the basis for the force-based design on which all
modern Codes of Practice for a seismic design are based (see Subsection 3.4.3).

Therefore, a comprehensive examination of the acceleration response spectra will follow:

1.

2

. For systems with natural period T longer than T,

For T=0, that is, for a completely rigid structure, the maximum acceleration of the
system is equal to the Peak Ground Acceleration (PGA) X, (t)

max *

. With the increase of the natural period T, the absolute acceleration S, of the system

increases as well, and, for a natural period near to the predominant period T,

predom

of
the accelerogram (%, (), S, reaches its maximum value, which tends to be two to three
times the PGA for a 5% damping level. In this case, the system is in resonance with the
seismic excitation (see Subsection 2.2.3).
edoms . Degins to decrease, since the
system again goes out of phase. These are generally flexible systems.

. Earthquakes occurring at small depths (up to 60 km) in the earth are the most fre-

quent. These earthquakes have a predominant period on the order of 0.2—-0.4 s, there-
fore SDOF systems with a natural period within this range experience the highest
acceleration. This natural period corresponds generally to the fundamental period of
two to four-storey buildings (see Subsection 5.6.4).

. For deep, strong earthquakes (70-300 km in depth), which are rarer (1977 Bucharest

earthquake, 1985 Mexico City earthquake), the high frequencies of motion are
absorbed by the lithosphere, so only long-period motions reach at the ground surface.
In this case, the predominant period appears to be 1.0-2.0 s; therefore, systems with
a natural period within these limits experience the largest acceleration. Such a natural
period generally corresponds to the fundamental period of 10- to 20-storey buildings
(Figure 2.11).

. Soft soils shift the maximum of the acceleration spectrum to the right of the dia-

gram, as the predominant period of the soil is long. On the other hand, firm soils shift
the maximum of the acceleration spectrum to the left (short predominant period). So
flexible when (high-rise) buildings with a long fundamental period are vulnerable to
earthquakes when founded on soft soils, while stiff (low-rise) buildings appear to be
vulnerable to earthquakes when they are founded on firm soil (Richart et al., 1970).
A good example is the Mexico City earthquake (1985), where the accelerograms
recorded in four different locations (Figure 2.12a) have given the acceleration response
spectra depicted in Figure 2.12b (Penelis and Kappos, 1997).
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Figure 2.11 Characteristic acceleration spectra of strong earthquakes: (I) Bucharest earthquake 4.3.1977
N-S; (2) El Centro earthquake 18.5.1940 N-S; (3) Mexico City earthquake 19.9.1985 E-W SCI;
(4) Thessaloniki earthquake 20.6.1988 E-W ‘City’ hotel; (5) Athens earthquake 07.09.1999.

7. Acceleration spectra allow an overall picture of the response of a large range of struc-
tures to an excitation. At the same time, they allow a static consideration of the seismic
excitation, although it is a thoroughly dynamic phenomenon. This offers significant
advantages to the structural engineer whose education is mainly focused on statics.

Indeed, the relation between the inertial forces and the restoring ones (Figure 2.2b) has
the following form:

V = K(x — x,) = Ku = —(cit + M¥) (2.21)

The maximum base shear develops when the relative displacement u reaches its
maximum value, and therefore the relative velocity # takes a value equal to zero.

So,

Vmax = Kumax = MSa

or

V.. =KS, = MS,

max

(2.22)
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Figure 2.12 Mexico City earthquake 19.9.1985: (a) the ground stratification of Mexico City and (b) accelera-
tion response spectra at points (1), (2), (3) and (4).

If we express V.. as a function of the weight W of the structure, the following

max
expression results:

W:W:Mgzgze (2.23)

The above relation means that in order for the maximum stress and strain of an SDOF
system to be determined, the system can be loaded with a horizontal force V equal to the
weight W multiplied by the seismic coefficient €, resulting from the acceleration response
spectrum of the specific earthquake scaled to g (Figure 2.13). It should be noted that the
above conclusion is very close to the approach to the problem of base shear that was fol-
lowed in the past, up until the early 1950s (see Figure 2.1). The only difference is that €
is not a constant but it is a value dependent on the natural period T, of the structure.

8. It should be noted that the acceleration response spectrum is the main tool for the
‘modal response spectrum analysis’ of multi-degree of freedom (MDOF) elastic sys-
tems (see Subsection 2.4.3 and Chapter 5.5.1).

9. Finally, reference should be made to the vertical component of the ground motion,
which has generally been ignored for many years. This has changed gradually in the
last 20 years due to the increased number of near-source records combined with field
observations confirming the destructive effects of high vertical vibrations (Papazoglou



An overview of structural dynamics 19

(a) (c)

V=eW Weight W
T Natural period
x é
T=2n /1
h k
l Stiffness k
M=Vh \%4 u
() So
g
1.0 T
11+t
05115225335 T

1

Figure 2.13 Transition from the dynamic to static response: (a) an SDOF system; (b) acceleration response
spectrum; (c) maximum response of the structure.

and Elnashai, 1996). The commonly used approach of taking the vertical spectrum as
two-thirds of the horizontal one without a change in fundamental period content is
now being abandoned (Elnashai and Papazoglou, 1997; Collier and Elnashai, 2001).
For example, EC 8-1/2004 introduces forms for vertical elastic acceleration response
spectra that are independent of those of the horizontal ones.

2.2.4.3 Displacement response spectra

These spectra have begun to gain interest in the last 15 years due to their direct application
in the displacement-based design (DBD) method, which has been introduced recently for
the assessment and redesign of existing buildings (EC8-1 and 3/2004-5).

As was explained in Paragraph 2.2.4.1, there is a linear relation between S, and S, (Equation
2.20) for damping levels below 0.30. However, even for values of { = 0.05 but for natural peri-
ods longer than 2.0 s, the resulting elastic displacement response spectra from Equation 2.20
have proven to be unreliable (Figure 2.14). The reason is that for many years accelerograms
were generated using analogue accelerographs with filters at 3.0 s to cut off noise frequency.
However, as various researchers have shown, the elastic response spectra are unreliable for
fundamental periods longer than two-thirds of the filter cut-off period, that is, longer than 2 s.

So, in the last few years, extended research has been carried out for the generation of reliable
elastic (and inelastic) displacement response spectra based on digital accelerograms for use in
the DBD method, where longer than 2 s equivalent periods T,, and higher than 15% equivalent
damping coefficients appear due to the degradation of the structural system in the postelastic
region (see also Chapter 14.2; Ambraseys et al., 1996; Bommer and Elnashai, 1999; Tolis and
Faccioli, 1999). In conclusion, it is important to make the following remarks (Figure 2.14):

1. Spectral ordinates for all damping coefficients increase with the period from zero to a
zone of maximum values and then decrease to converge at the peak ground displace-
ment (PGD) for long periods.
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Figure 2.14 The 1978 Tabas (Iran) record filtered at 5, 10 and 15 s cutoff as well as baseline correction only:
(a) acceleration spectra; (b) displacement spectra. (Adapted from Elnashai, A.S. and Di Sarno,
L. 2008. Fundamentals of Earthquake Engineering, Wiley, West Sussex, UK.)

2. This means that for long natural periods, much longer than the predominant period of
the seismic motion, the mass of the structural system remains unaffected. The ground
vibrates while the mass remains motionless, and so u,,,, (relative displacement) con-
verges at the PGD (PGD =x

max

omax)'

2.2.4.4 Velocity response spectra

Velocity response spectra are of importance in seismic design because they are an index of
the energy transmitted by the ground into the oscillator. Indeed, the energy transmitted into
a vibrating mass is

Epue = A Mi2,, = &

‘max 2 max ZMS\% (224)

In this respect, velocity spectra allow quantitative evaluation of the total seismic excita-
tion, and therefore motions of different amplitude can be scaled (normalised) to the same
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Table 2.1 Values (in mm) and normalisation factors for the first 10 s of a series of accelerograms

SI (mm)
Accelerogram £=0% £=5% E=10% Factor
El Centro SOOE 2334 1479 1230 1.00
Taft N2IE 1021 651 555 2.24
Taft S29E 1176 749 605 2.00
Cal Tech S90W 634 414 338 3.60
Pacoima S16E 5876 3910 3316 0.37
Thessaloniki N30E 721 555 484 2.6l
Thessaloniki N60E 698 517 457 2.78

level of intensity. This can be accomplished with the following integral, which was origi-
nally defined by Housner (Wiegel, 1970) as spectrum intensity:

T,
SI = JSV(T,Z;)dT (2.24a)
Ty

with integration limits T; = 0.15 and T, = 2.55. The above integral represents the area under
the velocity spectrum for a given damping coefficient {, between the limits T, and T, and
it is expressed in units of length. Table 2.1 gives some characteristic SI values (in mm) of
several accelerograms, as well as the resulting normalisation factors with regard to the El
Centro spectrum (Penelis and Kappos, 1997). The reliability of the scaling factors can be
checked by studying the response of multi-storey structures for several accelerograms nor-
malised to the same level of spectrum intensity. Such a response is shown in Figures 2.50,
2.54 and 2.55 (Kappos, 1990; Penelis and Kappos, 1997). It can be seen there that although
the accelerograms are normalised, the differences in response are significant. Since that
time, many efforts have been carried out by various researchers to improve the reliability of
what is denoted as ‘spectrum intensity SI’ (Nau and Hall, 1984; Kappos, 1990; Matsumura,
1992; Martinez Rueda, 1997; Elnashai, 1998). For more information see Paragraph 5.7.6.1.

2.2.4.5 Acceleration-displacement response spectra

These spectra are generated by plotting spectral acceleration directly against spectral dis-
placement (Mahaney et al., 1993). This can be done by the implementation of Equation 2.20.

T2
Se =—S 2.25
d 411:2 a ( )
Additionally, Equation 2.25 can be rearranged in the form:
Sq
T =2n ? (2.26)

a

Figure 2.15 presents an ADRS spectrum. It is obvious that each curve refers to a pre-
defined damping level. These spectra have been developed for the application of the Capacity-
Spectrum technique in the displacement-based design method (see Subsection 14.2.2).
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Figure 2.15 Capacity displacement spectrum (ADRS).

2.3 DYNAMIC ANALYSIS OF INELASTIC SDOF SYSTEMS

2.3.1 Introduction

After the introduction of the concept of the response spectrum in earthquake engineering
and the development of the first elastic spectra by Housner in 1949 (Housner et al., 1953),
it was noticed that the maximum acceleration of the vibrating masses in structures close
to resonance with the seismic motion was 2-3 times higher than the PGA. Thus, for
Xomax/€ = 0.17, that is, for a seismic motion of moderate destructiveness, the seismic coef-
ficient € reached the value of 0.35-0.50. On the other hand, all the existing engineered
structures of the past were designed for € values between 0.04 and 0.16, according to seis-
mic codes then in effect. However, the damage to these structures due to earthquakes that
occurred in the meantime was not always destructive.

The difference was so great that it could not be attributed to the existing overstrength in
the structures or to calculation errors. A more precise approach to the problem showed that
this fact could be explained by taking into account the inelastic behaviour of the structures,
which accompanied the structural damage. This behaviour led to the dissipation of a large
percentage of the system’s kinetic energy through damping.

2.3.2 Viscous damping

Up until now the damping phenomenon of actual structures in the elastic range has been
studied using the Kelvin—Voigt model (Figure 2.16). This model consists of a spring and a
dashpot acting as a damper connected in parallel with the spring (Housner et al., 1953).
Thus, the total force P required for the displacement # of the system is the sum of the restor-
ing force P, of the spring and the resistance P; of the damper:

P=P +P =Ku+cu (2.27)

In this viscoelastic model of Kelvin—-Voigt the viscous damping is proportional to the
deformation velocity. In real structural systems, however, springs and dampers are incor-
porated into elastic members that connect the masses to each other and to the ground. It
is therefore important to evaluate at least qualitatively whether the introduced value for P,
in Equation 2.27 expresses with sufficient accuracy the viscoelastic damping in structures.
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Figure 2.16 The Kelvin—Voigt viscoelastic model.

It is known from material testing that the response of a material to an external loading
depends on the rate of loading. The higher the rate of loading, the larger the force required
for the same deformation (Figure 2.17).

P=P +AP =P, +P, (2.28)

As Figure 2.17 shows, the viscous part of the loading is a complicated function of the
deformation rate % However, if this function is expanded in a polynomial series of # and
only the first term is retained, P, takes the approximate form:

P, = cit (2.29)

The above approximation, as we have seen, has made possible the linearisation of the
dynamic analysis problem of SDOF and MDOF systems, as we will see next.
It is of great interest to present graphically the total restoring force:

P =P + P = Ku+ cn. (2.30)
If the system of Figure 2.2 is subjected to a vibration in the form:

u = u,sinmt (2.31)

|

1
1
1
'
'
1
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1
'
1 —
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| u
|

Figure 2.17 Qualitative diagrams of the axial force P versus normal strain u for various loading rates.
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then the relation (2.30) takes the form:

P = Ku,sinot + cou, cos ot (2.32)

Equations 2.31 and 2.32 define a P-u function, which describes an ellipse (Figure 2.18).
The area of the shaded loop (area of ellipse) represents the dissipated energy due to the vis-
coelastic damping. The area of this ellipse is equal to

T+2n/o

du
AW = _T[ P(e) Gt dt = meons. (2.33)

On the other hand, the maximum potential energy U of the system is equal to

U, = %Kuﬁ. (2.34)
Therefore,

AW 2nco

A (2.35)

€

Combining Equations 2.4a, 2.4b and 2.6a results in
c= Cel “C = Cel(ZVMK) = Cel(sz)‘ (2'36)

Substituting 2.36 into 2.35, {, takes the form:

C _ LAW _ i Aellipse
‘T4 U, " 4n U (2.37)

(S

That is, the viscous damping ratio {, is defined by the ratio of the loop area of Figure 2.18
divided by the maximum elastic strain energy equal to the area of the triangle OAB (Figure 2.18).

Figure 2.18 Diagram of the restoring force P versus relative displacement u for an excitation u = u, sin mt of
an SDOF with damping c.
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2.3.3 Hysteretic damping

In addition to the viscoelastic behaviour of materials, there are other factors that lead to
damping. The most significant, particularly in the case of inelastic deformations due to
earthquakes, is ‘the hysteretic behaviour of materials’. The stress—strain diagram of a mate-
rial or a structural member under cyclic loading has the form of Figure 2.19, with several
variations depending on special characteristics of the material or the member and the load-
ing (see also Subsection 14.2.2). The area of the shaded loop of the above figure represents
the energy that is dissipated in every loading cycle, due to the plastic behaviour of the mate-
rial. It is obvious that the larger the area of the hysteresis loop, that is, the higher the plastic
strain level of the material or of the structural member, the larger the dissipated energy and
the damping.

Comparing now Figures 2.18 and 2.19, it is evident that the hysteretic damping may be
expressed approximately in the form of viscous damping using a hysteretic damping ratio
(Jacobsen, 1960):

1 AV(/h S
S = 27 U, (2.38)

where
AW, is the area of the hysteresis loop of Figure 2.19
U,, is the area of the triangle OAB of Figure 2.19 equal to (1/2)K ;u?
u, is the ultimate inelastic deformation

In this respect, the equivalent viscous damping is equal to
Ceq = Z;el + Chyst‘ (2.39)

Equation 2.38 is a basis for the qualitative understanding of the phenomenon of hysteretic
damping and a good indicator of dissipation per cycle of loading. Furthermore, it allows
the application of the linear theory in structures exhibiting dissipative behaviour (see also
Subsection 14.2.2) by introducing (., if it does not exceed values of 0.15-0.28. Last but

Deformation

Figure 2.19 A typical hysteresis loop.
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not least, it is a very useful tool for displacement-based design (see Subsection 14.2.2), as it
makes possible the formulation of relations between hysteretic damping G, . and ductility p
(U= (u,/u,) (see below).

Case study

Below we will determine the relation between {, . and [ in the case of a system with an elastic per-
fectly plastic (EPP) stress—strain diagram (Figure 2.20)

u
AW = 2(u, — u,)2f, = 4(u, — u))f, = 4f, (up - I)uy (2.40)
Y
If we denote ductility, the ratio u,/u,, that is,
)
u = . (2.41)

and we introduce Equation 2.41 into Equation 2.40, this equation takes the form:
AW,y = 4f, (U = Du,. (2.42)

The maximum potential energy of the system is given by the expression

| Il _u |
Ue = Efyup = ifyiuy = ifyuy],t. (2.43)

The introduction of Equations 2.42 and 2.43 into Equation 2.38 results in the following expression
(Dwairi and Kowalsky, 2007):

_ | 4fyuy(l’L - I)
S = Zn (R)fun

2 [
Chyse = n(l - u) (2.44)
r
.—Mp—.l
Lty A
Kpr g
(@] K, B u

Figure 2.20 Relation between hysteretic damping .. and ductility u.
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Figure 2.21 Hysteresis rules considered in inelastic time-history analysis. (a) Elastolastic (EPP); (b) bilinear,
r = 0.2 (Bl); (c) modified clough model; (d) Ramberg—Osgood model; (e) trilinear stiffness-
degrading; (f) flag shaped (FS).

The above authors represented . in their study in the generalised form:

Cryse = g(l - U (2.45)

where the coefficient C depends on the hysteresis rule (Priestley et al. 2007). In Figure 2.21, various
hysteresis rules considered in inelastic analysis are depicted, while in Figure 2.22 (Penelis and Kappos,
1997; Priestley et al., 2007) the hysteretic component of equivalent viscous damping versus displace-
ment ductility i of two independent studies is given (Grant et al., 2005; Dwari et al., 2007).

2.3.4 Energy dissipation and ductility

The effects of inelastic behaviour on the response of structures to strong seismic motions
may be clarified by studying the SDOF system.

Consider two SDOF systems with the same mass M and the same spring stiffness K, and
without damping (Figure 2.23). Suppose that both systems vibrate freely and that when
they pass through their original equilibrium position they both have the same velocity
Upax = Umax (Park and Paulay, 1975). Suppose also that the first one has an elastic connec-
tion of ultimate strength V,,, while the second has a strength V,,, which is much lower than
V,, (Figure 2.24).

The mass of the first system is subjected to a displacement #,, such that the potential
energy stored in the form of strain energy, represented by the area of the triangle OBF, is
equal to the kinetic energy of the system:

%Mvﬁm = %Kuﬁl. (2.46)
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Figure 2.22 Hysteretic component of equivalent viscous damping from two independent studies. (DK
indicates Dwairi and Kowalsko, 2007, GBP indicates Grant, D.N. et al. 2005.) (a) Elastoplastic;
(b) thin takeda; (c) flat takeda; (d) flag, B = 0.35.
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Figure 2.23 Response of SDOF systems to seismic action: (a) elastic response; (b) elastoplastic response.
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Figure 2.24 Quantitative relation between elastic and elastoplastic response of an SDOF system to an

earthquake.
Therefore,
1
2
Uy = (ZI\gJ Upnax - (2.47)

In this case, a maximum restoring force is developed in the elastic spring, equal to
Vimax < Viu, which coincides with the maximum inertial force M%,,,.. Given the fact that
the velocity becomes zero, this restoring force starts to accelerate the system in the opposite
direction, thus causing oscillations of constant amplitude, since viscous damping has been
taken as zero.

The second system, unable to develop a restoring force equal to the first one, is led to the
creation of a plastic hinge at the base, with maximum restoring force V,, and maximum
displacement #_, such that the area of the trapezoid OADE is equal to the kinetic energy of
the system. Thus,

%vamx = %VZUMyZ + VZu”pl‘ (2.48)
Therefore,
1 2
= gy (M02, = Vau,,) (2.49)

and the total displacement of the second system is equal to

Uy = Uy + Uy (2.50)
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For a displacement equal to #,, the system has consumed all its kinetic energy; therefore,
under the influence of V,, it begins to move toward its original position. At the moment
when V, becomes zero, the potential energy that has been transformed into kinetic energy
is represented by the area of the triangle EDG because the energy represented by the par-
allelogram OADG has been dissipated by the plastic hinge in the form of heat and other
irrecoverable forms of energy.

From the above it is obvious that, while in the elastic system there is a successive inter-
change between kinetic and potential energy, which results in a cumulative effect of the suc-
cessive execution cycles without damping, in the elastoplastic system only part of the kinetic
energy is transformed into potential energy from cycle to cycle, a fact that results in a quick
hysteretic damping. This means that the displacement #, as defined above is an upper limit
for the elastoplastic system.

From the above discussion it can be concluded that the seismic action on an oscillating
system can be resisted either via large restoring forces and oscillation within the elastic
range or smaller restoring forces and exploitation of the ability of the system to resist plastic
deformations. This ability of the system is characterised as ductility and is a property of
paramount importance for earthquake-resistant structures because it gives the designer the
choice to design the structure for much lower forces than those of the elastic system.

Ductility may be defined either as ductility demand or ductility supply. The first refers to
the ductility requirement for predefined yield strength of the structure under an earthquake
action. Speaking in quantitative terms, ductility demand refers to the ductility requirement
for a predefined reduction of the restoring force of an inelastic system under a seismic action.
The second (ductility supply) refers to the maximum ductility that a structure can develop
without collapse or other failure modes.

The ductility supply factor is defined as the ratio of the ultimate deformation at failure to
the yield deformation §,/8, (Figure 2.25). The ultimate deformation at failure is defined for
design purposes as the deformation for which the material or the structural element loses
only a small predefined percentage of its ultimate strength (e.g., 15% for concrete). The
larger the ductility supply factor of a structural element, the larger the safety margins of the
element against an earthquake in terms of displacements.

Of particular interest is the determination of the ductility demand factor uy, of a structure
for a given ratio of reduction R, of the elastic restoring force. Consider an elastoplastic system
of mass M, stiffness coefficient K and damping { subjected to a seismic action of a given elastic

Vi

| B |
F—5,—

Figure 2.25 Definition of the ductility supply factor.
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response spectrum. Under the assumption of fully elastic behaviour, the maximum restoring
force V,;, which would act on the system, can be easily found from the above data. Now if the
system has an ultimate strength V,, smaller than V,;, then the ductility demand factor y;, of
the system, so that it can resist the same earthquake, results from the equation of the potential
energy in the two cases (Figure 2.24). Indeed, setting the area of the triangle ABZ equal to the
area of the rectangle EDZF, the force reduction factor R, results in the following form:

R L _V,_ 1
Y g Vao \pp -1 (2.51)

where
R, is the reduction coefficient of the spectral value of force and py, is the ductility demand
for this force reduction.

In Equation 2.51, g, is called the behaviour factor of the structure and, as we will see
later, it is the parameter in use in Eurocode 8/2004 in place of R, which represents the
reduction factor in use in the American Codes of Practice.

Up to now, in the preceding paragraph the concept of energy dissipation and ductility
was examined only in the first quarter of a loading cycle. Therefore, although the above
presentation is very important for understanding the meaning of ductility as a concept, the
results presented so far must be considered as just a first approximation. Indeed, detailed
analytical studies on the dynamic response of inelastic SDOF systems (see also Section 2.5)
have shown that, due to heavy damping, the maximum displacement demands of an elastic
system and the corresponding inelastic one during the seismic excitation are approximately
of the same magnitude (Figure 2.26).

Therefore,
Uy

w=-"= and u, = uu, (2.52a)
uyz

V= restoring force

[}
% S o
Vimax F-=-~----- Elastic SDOF
: Ugy =Ugy
| Yoo VZmax 1
| =5 = =—
: Mreq. Myz Vlmax S
Vv ®
3 ' Elastoplastic SDOF
0 : : -

u
b—uy =uy,,—f  u: Relative lateral displacement

b thy ottty —

Figure 2.26 An alternative quantitative relation between elastic and elastoplastic response in an SDOF
system.
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and

qu = MUp- (2.52b)
In any case, the analytical results so far have shown:

1. SDOF inelastic systems with short fundamental period, that is, systems of high stiff-
ness, present a reduction factor:

1
R, = a =1.0| forT < 0.055 (2.53)

2. SDOF systems with medium fundamental period, present a reduction factor:

R, = =—————1| for0.125<T <0.5s (2.54)

3. SDOF inelastic systems with a long fundamental period present a reduction factor:

R = =—| forT >1.0s (2.55)

For intermediate periods, a linear interpolation is suggested (Newmark and Hall, 1982;
Figure 2.27).

The above is the first and simplest formulation used in practice and has been confirmed by
other studies. Figure 2.28 shows the two curves described by relationships Equations 2.51
and 2.52 as well as the results of an inelastic analysis of several SDOF systems for the 1940
El Centro earthquake, N-S component (Blume, 1967; Wiegel, 1970). Further improve-
ments, however, have been accomplished by many studies since (Krawinkler and Nassar,
1992; Borzi and Elnashai, 2000). The main aim of the above efforts was to incorporate
the fundamental period and the stress—strain law in the relation of g, and py, (Figure 2.27;
Elnashai and Di Sarno, 2008).

Eurocode 8-1/2004 has adopted for the relation among behaviour factor q,, displacement
ductility p; and fundamental period T the expressions presented by Vidic et al. (1994), as
will be seen in detail in Equation 5.17 found in Paragraph 5.4.4.1.

2.3.5 Physical meaning of the ability for energy absorption
(damping)

It is useful to explain here what the term ‘ability for energy absorption” means for reinforced
concrete structures. Consider the cantilever of Figure 2.29, which is loaded at the top with
a horizontal force V. By increasing V, the cantilever reaches an ultimate limit state. Failure
can occur in two ways, either by yielding of reinforcement in normally reinforced sections,
or by crushing of concrete in over-reinforced sections, where the strength of the compressive
zone is lower than the yield strength of the reinforcement.

In the first case, for a very small increase of V above yielding, the displacement & exhibits
considerable values (Figure 2.29¢g), and this is accomplished through opening of the cracks
on the tensile side of concrete due to yielding of reinforcement. After successive steps and
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Figure 2.27 Comparison of (demand) derived by using different expressions for elastic—perfectly plas-
tic systems on rock site; values of ductility |: 2, 3, 4 and 6. (From Elnashai, A.S. and Di Sarno,
L. Fundamentals of Earthquake Engineering, 2008. Copyright Wiley-VCH Verlag GmbH & Co.
KGaA. Reproduced with permission.)

when large plastic deformations of steel in the tensile side have been developed, because of
the increasing of the width of the cracks, the depth of the compression zone is substantially
decreased and the concrete at the compression side is crushed. Beyond this point there is a
rapid deterioration of the structural system and a steep descending branch on the V-4 dia-
gram (Figure 2.29g curve 1). In the second case (fracture of the compression zone without
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Figure 2.28 Force reduction factor R, or (l/g,) versus \/E

yielding of the reinforcement), there is a brittle failure (Figure 2.29g curve 2) and a steep
descending branch on the P-3 diagram, without the development of plastic deformations.

In the first case there is a large amount of available ductility (supply); however, in order
to make use of it, some yielding zones in the structure must be tolerated, which of course
implies accepting some degree of damage due to the appearance of wide cracks. In the sec-
ond case, the available ductility is very small. Therefore, over-reinforced systems present
low ductility. The design and detailing of R/C structural elements and buildings as a whole
will be discussed in detail in Chapters 8, 9 and 10.

At this point it will be useful to approach the concept of the ductility factor (supply) and
the way it is defined in some detail. So far, the ductility factor has been defined in terms of
displacement for the SDOF system, that is,

_ %
Ma 8y
(a) Y _ (g
L= Y
1
2 Aa
)
S
Unloading
branch

Figure 2.29 Inelastic response of a cantilever R/C beam under cyclic loading: (a) arrangement of cantilever
loading; (b) loading with V*+ beyond yielding; (c) ultimate failure moment diagram; (d) distribu-
tion of curvature @-plastic hinge zone [; () unloading V = 0; (f) loading with V- beyond yielding;
(g) V-0 diagram for normally reinforced (l) and over-reinforced (2) cantilever.
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However, the ductility factor may be defined in terms of plastic rotations of structural
members at plastic hinges, that is,

_ 8
Me—e

y
and at the end of yielding sections in terms of curvatures:

(pll
Ko 0,

It is known from the theory of strength of materials that there are well-defined relations
among [, — U — Us. In Subsection 5.4.4 it will be presented in detail how one can go from
the level of the section curvature to the level of the member rotations, and finally to the level
of the displacement structural system as a whole.

At this point it can only be noted that for a given ductility factor in terms of displace-
ments, the ductility factor in terms of rotations is larger, while the ductility factor in terms
of curvatures is much larger:

!"L?Ssupl < uesupl < u(psupl (2.56)

2.3.6 Inelastic response spectra
2.3.6.1 Inelastic acceleration response spectra

The main problem in the development of an inelastic response spectrum is the solution of
the differential equation of motion of an SDOF inelastic system.

|Mii + cit + K(t)u = M5, (t)| (2.57)

This equation is identical to Equation 2.3 except that the stiffness K is not a constant but a
function of time, or better, a function of #, which is a function of time. Therefore, Equation
2.57 is not a linear differential equation anymore and, as a consequence, this equation can
be integrated using only numerical methods. Various methods have been developed so far
for this integration (e.g., Newmark methods); however, the presentation of this integration
is beyond the scope of this book (Biggs, 1964; Clough and Penzien, 1975; Chopra, 2001).

However, what should be noted here is that the integration of Equation 2.57 can be done
only if the constitutive law (V—u diagram) of the SDOF inelastic system (e.g., Figure 2.30)
is known. So, as the linear response spectrum gives the maximum response of the elastic
system of a given viscous damping for a given accelerogram, in the same way the inelastic
response spectrum gives the maximum response of the inelastic system of a given ductility
demand, pp, = (#,,,,/u,) for a given accelerogram.

In Figure 2.31 the inelastic acceleration response spectra of the Kalamata, Greece earth-
quake of 1985, component N 10°W are shown for various ductility demand factors (i,
=1, 2,4, 6) and for the Clough-Riddel-Newmark hysteresis model (Clough and Johnston,
1966; Riddel and Newmark, 1979), which has been widely used for reinforced concrete.

It is evident that the development of inelastic acceleration response spectra directly from
Equation 2.57 is a time-consuming and painful exercise. That is why extended studies have
been carried out for years for the determination of relationships between R or g, and py, (see
Subsection 2.3.4, Equations 2.51, 2.52). So, the inelastic acceleration response spectrum
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Figure 2.30 V—u diagram for an elastoplastic constitutive law of an SDOF system.

for a given ductility demand factor |\, can easily be determined with a good approximation
from the elastic one by reducing its ordinates by the reduction factors R of Equations 2.53,
2.54 and 2.55, or other similar ones proposed by other authors (see Figure 2.27).

The reduction of the elastic spectra by employing R-factors given above is the simplest
and most popular approach to derive inelastic acceleration spectra and is employed in most
modern Codes of Practice for force-based design (see Subsection 3.4.3).

2.3.6.2 Inelastic displacement response spectra

Inelastic displacement response spectra are similar to the elastic ones. Maximum displace-
ments are obtained either as ordinates of equal damping coefficient curves or as ordinates

()
120 t
10.0 +

80T

S,, (m/s?)

Figure 2.31 (a) Inelastic spectra of the Kalamata (1986), Greece, earthquake components N10°W, for vari-
ous ductility factors |; (b) Clough—Riddel-Newmark hysteresis model.
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Figure 2.32 Inelastic displacement response spectra for mean alluvial ground layers in the United States
(a) and in Greece (b). (Adapted from Kappos, A.J. and Kyriakakis, P. 2001. Soil Dynamics and
Earthquake Engineering, 20, 111-123.)

of equal ductility demand versus natural periods, since these two options are equivalent
according to Equations 2.44 and 2.45 (Figure 2.32). They have the same characteristics as
the elastic ones with damping.

It is important to note that for periods up to 1.0 s. the maximum displacements are not
much affected by the ductility factor.

2.4 DYNAMIC ANALYSIS OF MDOF ELASTIC SYSTEMS

2.4.1 Introduction

The scope of this book does not allow a detailed approach to the dynamic analysis of sys-
tems with more than one degree of freedom. Standard textbooks on structural dynamics
(Biggs, 1964; Clough and Penzien, 1975; Warburton, 1976; Anastasiadis, 1989; Chopra,
2001) allow a detailed approach to the subject. However, since the elastic dynamic analysis
of MDOF systems is the reference method of analysis for modern Codes and particularly
EC8-1/2004, it was decided that some major issues should also be presented here, for a bet-
ter understanding of the main parts of this book.

2.4.2 Equations of motion of plane systems

The number of degrees of freedom of a lumped-mass system is determined by the minimum
number of independent displacements and rotations of the lumped masses whereby their
geometric position can be defined at a given moment. Thus, in a plane frame, with the mass
concentrated in the beams of the storeys and with large axial stiffness of the beams, which
are both very realistic assumptions for typical R/C structures, the degrees of freedom are
determined by the number of storeys, while the independent variables of motion are their
horizontal displacements u relative to the base (Figure 2.33).

The motion of the plane frame of Figure 2.33 is expressed by a system of # linear differen-
tial equations with constant coefficients, which can easily be generated. Indeed, the equation
of motion of a storey (Figure 2.33) as in the case of the SDOF system (Subsection 2.2.1), can
be generated using the dynamic equilibrium equation of d’Alembert, that is,

P;(2) + Py (t) + mx;(t) = 0 (2.58)
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Uy = Xy — X, relative motion
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Figure 2.33 Dynamic equilibrium of elastic, damping, and inertial forces at the level of a storey (d’Alembert
equation).

or, keeping in mind that

P;(t) = wyuy () + Koy (£) + -+ + Ko (8) + -+ + Ky ()

Py(t) = cyiy(t) + cpptty () + -+ + g () + -+ + cipttng(£)
mx(t) = m;xX, (¢) + mig;(t)

the above equation of motion takes the form:

m; ik (t) + (Cilul(t) + ity (t) + - Cinl:th(t)) +

1

(2.58a)
+ (K52 () + Kipthy () + - + K5uun (2)) = =% ().
So, the system of equations of motion takes the form:
[Mii(¢) + Cu(z) + Ku(z) = M[d]%, (2)] (2.58b)

where

¢i1 ¢z "t OGN
my
€1 € Tt ON

=
Il
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Ky Ky, - Ky uy 1
K K - K u

K = 21 22 . 2N L u= .2 d=
Ky Kny o+ K uy 1

The notation of the above equations is given in Figures 2.33 and 2.34.

The free vibration behaviour of a plane frame is expressed by the above equation of
motion (2.58a or b), taking into account that in this case the damping matrix C and the
applied excitation vector M[1]%, (¢) are both zero. So,

[Mii (¢) + Ku () = 0. (2.59)

Comparing Equation 2.59 with Equation 2.3a of a free vibration of the SDOF system, one
can easily assume that the displacement vector u may be expressed in the form:

u = usinf (2.60)
and
i = —0*usinwt (2.61)

where u represents the amplitude of the vibratory motion and ® is the circular frequency.
Introducing Equations 2.60 and 2.61 into Equation 2.59 we obtain:

(-0’Mu + Ku)sinwt = 0 (2.62)

Taking into account that in Equation 2.62 sin ot # 0, it may be concluded that

|-0*Mu + Ku = 0.] (2.63a)

That is, a system of linear homogeneous equations for which it is known that in order
for a solution for u other than zero to exist, the determinant must be equal to zero, that is,

Det|-0’M + K| = 0. (2.63b)

Figure 2.34 Determination of the vectors of the stiffness matrix K (K; and Kj).
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Equation 2.63a, b represents a classic eigenvalue problem. Its solution may be carried
out by a variety of procedures. Standard digital computer codes are available for providing
automatic solutions.

The solution of the eigenvalue equation of a plane frame system having # degrees of
freedom provides, for each of its 7 modes of vibration, called normal or natural modes of
vibration, the following output:

e The vibration frequency o, (or period T; = (21/w,))
* The vibration shape j|= [(Pli,(Pzn'“(Pii "'(Pni]

The conclusions from the above analysis may be summarised as follows:

1. The normal or natural modes are the free, undamped periodic oscillations within
which linear combinations represent the position of the system at every moment.

2. For every such normal mode all the masses of the system oscillate in phase, that is,
at every moment the ratio of the displacements of the damped masses remains con-
stant. As a result, all masses go through rest position and reach maximum amplitude
simultaneously.

3. The number 7 of normal modes is equal to the number of degrees of freedom. Every
normal mode is related to a natural frequency or period of vibration known as the
natural period. The normal mode with the longest natural period is by definition the
first or fundamental normal mode.

Figure 2.35 shows the three normal modes of a three-storey frame. Note that the curves
intersect the vertical axis at a number of points (including the one at the base), which coincide

0.53
i
4.0
o
4.0
my
4.0
R
T,=0157s
Li= 1,0 1+ my@, ) + my9;,
M, = m, @7 + myQ3, + my3,
S, =2 L
4 P, =G ,— s,
11= G191 o 1
P [ LI
= s
21= G202y o al
Ly
Sen Py, = Gs%mﬁ Sa1
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Sl | St 83,1+ S3p+ S2,
T, T, T T (g Me=NME 1+ M2+ M+ ME; )

Figure 2.35 A three-storey plane frame analysed according to spectral modal analysis.
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with the order of the natural mode. The amplitudes of each natural mode are normalised.
Figure 2.35 shows the typical normal modes that correspond to the three-storey building of
the figure. The eigen vectors of these modes are

1.00 ~1.00 0.53
§.=10.78(, J§,=| 0.19|, j,=|-1.00
0.45 0.84 0.88

while the eigen periods are given below:
T,=0.57s,T,=0.24s, T;=0.157 s.

It is important to note again that the ratio of the displacements at any moment is constant
for each normal mode.

In the next paragraph the two methods for the dynamic analysis of elastic MDOF plane
systems, which make use of the above presented modal analysis, will be presented.

2.4.3 Modal response spectrum analysis versus time-history
analysis

2.4.3.1 General

1. The term ‘dynamic analysis of multidegree of freedom (MDOF) systems’ refers to two ana-
lytical approaches slightly different from each other. The first, known as modal response
spectrum analysis, approximates the values of the maximum response parameters (e.g.,
displacements, bending moments) as a combination of the maximum responses that cor-
respond to every mode. Every contributing eigenmode behaves as an independent SDOF
system with a certain characteristic natural period, and the maximum response for this
specific natural mode can result from the corresponding spectrum for an SDOF system.

There are several methods of combining modal contributions, taking into account
that the maxima of the different modes do not occur at the same time. The most com-
mon method takes the square root of the sum of the squares of the maximum modal
amplitudes, treating them as random quantities (SRSS method). In the case where the
natural periods are only slightly different from each other (closely coupled modes),
the square root of the sum of the squares underestimates the expected final value.
Therefore, more reliable combination techniques are used, as it will be discussed later.
Usually, only the contribution of the first few modes is taken into account, since they
contribute the largest portion of the response.

2. Modal response spectrum analysis is the most widely used method for the design of struc-
tures and it is the reference method for the analysis of buildings according to EC 8-1/2004.
Normalised spectra, based on a number of seismic records and scaled to typical reference
intensity, are used as response spectra. The use of normalised spectra provides a simple
tool for studying the variation of the response to different seismic inputs. In the following
chapters, frequent reference will be made to normalised response spectra.

3. The second method, known as time-history analysis, produces the response of the
model of the structure over time, when it is subjected to a base acceleration. Either
superposition of the normal modes or direct numerical integration of the equations of
motion is used for the analysis. In both cases, the total response of the system is calcu-
lated at the end of a very small time step, and the analysis proceeds stepwise, using the
end conditions of the previous step as initial conditions for the next one.
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2.4.3.2 Modal response spectrum analysis

The analysis of multi-storey plane structures using this method is commonly performed
with the aid of a proper computer code. The procedure is the following:

1. First, the natural periods and normal modes are determined, that is,

T T T Ty
01,1 D1,2 Dy, D10
021 P22 (O P20
j 1= ' i j 2= ' > j i— ' > j n=— '
Pi1 Di> Pii Pin
(pn,l (pn,Z (pn,i (pn,n

2. From each normal mode the effective:
a. Modal mass M;
b. Modal excitation factor L
c. Modal participation factor (L{/M;), and
d. Modal maximum inertial forces P;
are determined, as follows:

1= Qg+ 0, o Qe+ 1,0,
_ 2 2 2 2
M = mQi + myQ3, + -+ Mm@l + o+ M0
*

participation factor : —

1

P, = G1(P11 S

1

1st mode
P, = Gz(P21 S 1
> M‘1 a,
G (pl 1 S
Pn,l = Gn(pnl :s Sal
Ly = mQ, + 1@y, + -+ m,Qi5 + 0 + 1,0,
« _ 2 2 2 2
M5 = mQi, + my@3, + -+ Mm@, + o+ M5,
participation factor : MZ*
2
L*
P, = Gl(plziz* San
5 > M2 a,
I
P, = Gy0,, ﬁiSa,z 2nd mode
2

.
_ >
2 = Gy, M S
. 2

Pn, - Gn(an M* SaZ
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L= m@q; + myQ,; + -+ 1@ + - + m,0,;
M:#

1

_ 2 2 2 2
= mQy; + mQy; + o+ Qi+ e+ MOy

s

participation factor :

L
P; = Gl(Pl,iWSa,i
L )
P, = Gz(Pz,iWSa,i ith mode
I
ii 1(P1,1 Ml* a,i
Pn,i = Gn(pn,i%‘ga,i
L; = ml(pl,n + ml(p2,n +t mi(pi,n tt mn(Pn,n |

® o 2 2 2 2
M:; - ml(pl,n + mZ(pZ,n +oet mi(pi,n +--F mn(pn,n

participation factor : —=
L*
P.=G )
1,n 1(p1,n M:l a,n
P.=G £S nth mode
2n — 2(p2,n M; a,n
L*
P.=Go, S
i,n 1(P1,n Mé a,n
P = )
n,n Gn(pn,n ]\/I;1 a,n

In the above expressions:
G, is the gravity load in (kN)
or the respective mass (G,/10)(KN/m/s?)
S.; is the seismic motion pseudo-acceleration corresponding to the normal period
T: (Figure 2.35), expressed in the first case as a percentage of g (g = 10 m/s?) or in
the second one in natural value (m/s?).
It should be noted that:
a. The sum of all modal participation factors (I /M;) is equal to unity
b. The participation factors diminish in parallel with the shortening of the normal
periods
c. Consequently, for plane or symmetric pseudo-spatial systems, the first 2 to 3 eigen-
values are enough to cover the dynamic excitation of a very large percentage of the
mass of the system (more than 90%)
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3. For the maximum inertial forces of each normal mode, the probable maximum
values of the response parameters (moments, shears, displacements, etc.) are deter-
mined through a classic static analysis. It should be noted that the superposition of
SRSS should never be implemented in any case for the maximum inertial forces (e.g.
P4 + P#, + P#; in Figure 2.35). If a procedure of this type is followed, erroneous
results are derived for the various response parameters of the structure.

4. The above response quantities for the modes under consideration are superimposed by
taking the square root of the sum of their squares (SRSS), that is,

S, = \/Si1 + 8t + Sty + -+ 8, (2.64)

Therefore, for the bending moments, for example, the above relation takes the form

M, = \/Mszl + M2, + M2y + -+ M2, (2.65)

Thus, the superposition is based on the concept that all modes do not reach their maxi-
mum simultaneously and that the responses in the vibration modes may be considered inde-
pendent of each other. Therefore, according to probability theory (Clough, 1970), their most
probable maximum value results through the SRSS.

It is evident that the results of this procedure may have either a plus or minus sign and,
therefore, in all following calculations they must be introduced with both signs. When the
values of the natural period of any successive modes are very close, the above postulated
independence does not apply. So, the concept of mode independence according to EC8-1
(CEN 1998-1, 2004) is considered to be fulfilled if

T <09T, (i <) (2.66)

J

where T, T, are the natural periods of any two successive modes of vibration taken into
account for the determination of seismic effects.

If Equation 2.66 is not satisfied, a more accurate procedure, the ‘complete quadratic com-
bination’ (CQC) must be adopted (Wilson and Burton, 1982; Chopra, 2001), that is,

1/2

S = nzl;slzn + gn{nz; PinS1iS1n (2.67)

1#n

and
8¢2 (1 + B. \B32
pin — Cz( +Bm) in ; (2.68)
(1 - Blzn) + 4CZBin (1 + Bin)
where
Bo = o
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Figure 2.36 Variation of correlation coefficient p,, given by Equation 2.68. (Adapted from Chopra, A.K.
2001. Dynamics of Structures: Theory and Application in Earthquake Engineering, 2nd Edition.
Prentice-Hall, New Jersey.)

This equation (Der Kiureghian, 1981) implies that

pin = pni fOI' Z #n
pn, =1 for i=n

In Figure 2.36 the coefficient p,, is plotted as a function of B,, = ®,/®, according to Equation
2.68. It is apparent that this coefficient is reduced rapidly, as the two natural frequencies o,
and ®, move apart.

2.4.3.3 Time-history analysis

For time-history analysis, two different procedures may be followed: modal analysis or
direct numerical integration.

When the modal analysis procedure is chosen and the normal modes of the system are
found, the displacement #,(¢) of the mass of an MDOF system with 7z degrees of freedom
can be expressed as the linear combination of the characteristic modal displacements and a
function of time g;(z):

w(t) = 0q,(t) (2.69)
i=1

where j is the order of the normal mode. In matrix form, this relation is expressed as follows:

u(t) = F q(t
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where @ is the (7 X ) modal matrix, each column of which represents the modal displacements
@, (eigen vectors) of mode j, and q(#) the vector of time functions, each element g;(t) of which
represents the time function of the oscillation at the jth mode, for an inertial load:

oM (2.70)
— X, .
¢ Mo

where M is the (7 xn) diagonal mass matrix and X,(t) is the time history of the base
acceleration.

The modal analysis briefly described above allows for a significant reduction in computing
time, since the determination of the normal modes and natural periods is done only once.
The rest of the calculations deal with the determination of the response of the SDOF systems.

If the method of direct numerical integration is chosen, the system of differential equa-
tions for every time step is transformed into a system of algebraic equations involving the
displacements. The known terms of the system are found using a certain assumption for
the variation of the base acceleration during the integration interval (e.g., linear variation).

No matter which of the two procedures is chosen, the system must be analysed for a series
of base accelerograms (typically three to five) scaled to a common level of spectrum inten-
sity, so that the results of this method are sufficiently reliable.

The implementation of time-history analysis, even for a typical multi-storey building,
requires too much computational time. Thus, the use of this method can only be justified in
special cases. For all other cases, if a dynamic analysis is chosen, it can be performed with
the aid of modal response spectrum analysis.

2.4.4 Pseudospatial structural single-storey system
2.4.4.1 General

The pseudospatial structural system is the most common model in use for the analysis and
design of multi-storey buildings. Its extended use in recent decades must be attributed to the
tremendous development in computer-aided structural analysis (Figure 2.37). This progress
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Figure 2.37 The geometry of a pseudospatial frame.
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of the last 40 years has made it possible for the structural engineer to approach the struc-
tural system of buildings as a space structure without being obliged to analyse it in simpler
plane systems, no matter if static or dynamic analysis is used. Even so, the assumption of
considering the floors of buildings as rigid diaphragms in their plane simplifies the problem
and diminishes the required computer capacity and computing time as well, because it leads
to a drastic reduction in the number of unknown ‘displacements’ in application of the direct
stiffness method.

In R/C buildings, the in-plane stiffness of the floors in usually large enough in comparison
to the lateral stiffness of the vertical structural elements that the displacement and rotation
of any joint in-plane of the floor can be expressed as a linear function of two displacements,
t,, and u,,, of the centre of mass and a rotation ¢,,, in respect to z-axis (‘displacements’ of
the rigid disc). Thus, the independent deformations of every joint 7 are limited to two rota-
tions @; and @,; in respect to x—x and y—y axes and a vertical displacement #,;. This system
is known as a ‘pseudospatial structural system’.

In this system, if the strains of all columns to axial deformation are assumed to be equal,
resulting from the reasonable assumption of equal ‘stressing’, and the torsional stiffness of
the beams is assumed to be zero, which is a very reasonable assumption given that the tor-
sional stiffness of a cracked structural member is very low compared to its flexural stiffness
(Figure 2.38), then the structure may be simplified further and be broken into a number of
separate plane frames in each of the two main directions, whose stiffnesses are coupled to
form a system of 37 equations equal to the number of the independent displacements and
rotations of the 1 storey diaphragms.

The purpose of this section is the presentation of some important properties of the response
of multi-storey 3D systems subjected to static or dynamic excitation. These properties, like
‘centre of stiffness’, ‘torsional radius’, ‘radius of gyration’ and so forth, will be met many
times in subsequent chapters. So, it was decided to present a thorough static and dynamic
analysis of the single-storey pseudospatial system here, where each of these properties will
be introduced in the simplest form, since the single-storey system is the simplest form of this
type of structure. Later, in Chapter 4, the general static analysis of the multi-storey pseudo
spatial system will also be presented in detail.
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Figure 2.38 Pseudospatial system with parallel plane frames with no strain interaction between them due
to the zero torsional stiffness of the connecting beams.
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2.4.4.2 Static response of the single-storey 3D system

Consider the pseudospatial single-storey structure of Figure 2.39, which is loaded at the
level of the diaphragm with two horizontal seismic forces H, and H, passing through the
centre of mass m of the diaphragm and a torque M,. According to what has been discussed
in the previous paragraph, the displacement of every point of the diaphragm caused by the
horizontal seismic forces and the torque may be determined by the displacement #,, and u,,,
of the centre of mass M and the in-plane rotation of the diaphragm ¢.

So, the displacement of the top of a column 7 (Figure 2.39) results from the relations:

IN
Il

ix Unx — Vi
y (p} (2.71)

= umy + xi(p

If we now call the stiffness of a frame 7 of x—x direction K, and the stiffness of a frame j
of y—y direction K;, this stiffness expresses the required horizontal resistance (shear force)
of the frame for the development of a relative displacement equal to ‘1’ (Figure 2.40). As a
result, each of the frames i and j develops, respectively, the following horizontal shear forces

(reactions) for the displacements of Equation 2.71.

‘/ix = Kixumx - yiKix 272
‘/] ( M )
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Figure 2.39 Plan and elevation of a single-storey pseudospatial structural system.
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Figure 2.40 Definition of the stiffness K, of a frame i parallel to the x—x direction.

The three equilibrium conditions for the floor result in the following equations:

'MD
=~
|
T

Il
[N

V, = H, (2.73)

IM:

n

Y+ DT = M,

i=1

.MB
=
_<
|

Il
=N

where
XT; the sum of the torsional moments developing at the columns due to ¢ (T; = K, ¢).

If Equations 2.72 are incorporated into Equation 2.73, the following system results:

(iKixJumx + +0+ _[i)’iKix}P = H,
i=1 i=1

0+ +| DKy |ty + +| D %K, |0 = H, (2.74)

=1 =1

—(iyiKixJumx + zm“ijjy Uy ZKW X +2leyl + Y Ky |0 =M,
i=1 =1

System (2.74) allows the determination of the unknown ‘displacements’ ., u,,, and ¢.
From this point on, for reasons of simplicity, the sum XT; will be considered zero, since the
torsional stiffness of the columns is very small compared to their bending stiffness.

The system (2.74) may be reduced to a system of three uncoupled equations, if the refer-
ence point of the coordinate system is transferred from the centre of mass to another point

C called centre of stiffness (see Sections 5.2 and 5.3), such that the non-diagonal coefficients
of the system (2.74) take zero values, that is,
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ii"{ yieKix =0
i=1

(2.75)

=1

It must be noted that point C, for which the above equations are in effect, is the centre of
static moments of the fictitious forces K, and K;,, respectively. So, the coordinates of C in
relation to the centre of mass M are given by the following expressions (Figure 2.39):

j=m 1
zi=1 xiKiy

Cmx = j=m
2{:1 Kjx
i (2.76)
K
emY - 1:iin d
Kix
i=1

Taking Equations 2.75 and 2.76 into account, the system (2.74) is transformed as follows:

i=1

[iKix)ucx +0+0=H,

H (2.77)

y

=]
+
0
A2
=
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N———
X
-
+
(=]
Il

j=m i=n
0+0+[ K x% +2Kixyi]<p = M,
j i=1

where
Xie = Xmj — €mx
Yie = Ymi ~ Cmy (2.78)

M. = He,, — Hye,, + M,

It should be noted that according to Equation 2.78, frame coordinates and loading system
(H,, H,, M,) refer from that point on to the centre of stiffness instead of the centre of mass.
The expression:

j=m n
Jic = Z:,Kiyxizc +21,Kix3’i (2.79)
i= i=

is called torsional stiffness with respect to the centre of stiffness, and its meaning will be
examined later (see Section 5.3).
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By introducing the notation:

i=n
K, = ZKiX : storey stiffness x—x

i=

—_

3

j=
K, = » K, : storey stiffness y—y (2.80)

i=

—_

j=m i=n
Jic = ZKiyszc sz‘KiXy%C : torsional stiffness
i=1

i=1
in system (2.74) it takes the following form:

K.y, +0-e,K.@ = H,

xX7'mx

0+ K,y + e K,0 = H, (2.81)

y  my

—enyme + exKyumy + ]TM(p = Mz

where

|]TM = Jic + e)chy + eng

(2.82)

J1um is called torsional stiffness with respect to the centre of mass. Its meaning will be
discussed later, in Section 5.3.

Now system 2.77 may be rearranged as follows:

Kau, +0+0=H,

0+K,u, +0=H, (2.83)
0 + O + ]Tc(p = MC

From the preceding discussion the following conclusions may be drawn:

1. When e, = e, =0, that is, the centre of stiffness C coincides with the centre of mass
and if torque M, is zero, M_ in the system (2.77) takes a zero value (Equations 2.78).
Therefore, the pseudospatial structure exhibits only translational displacements, that
is, when the centre of stiffness coincides with the centre of mass and the horizontal
loading passes through the centre of mass (inertial forces), the system exhibits transla-
tional displacements.

2. If a structural system is symmetric about the x—x axis and is loaded only with H, pass-
ing through the centre of mass, this system exhibits a translational motion #_, parallel
to the y—y axis and a torsional deformation @, that is,

Hy
o = Cm (2.84a)
zileiy
o = mfly (2.84b)

]TC
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From Equation 2.84b it can be seen that the torsional effect is proportional to the
distance e,,, between M and C, and inversely proportional to the torsional stiffness of
the system.

3. The relation:

(2.85)

is called the torsional radius, and its meaning will be examined later (Chapters 5.2
and 5.3).

4. In case of a pure frame resisting system or pure shear wall system, the stiffness K, or
K;, of the structural elements is approximately proportional to the moments of inertia
of the cross-section of the columns or the walls. In this case, the equations above may
take the following approximate form:

a. Coordinates of centre of stiffness C in relation to the centre of mass M:

j=m
z 1]1x
emx
2 Jix
(2.86)
emy = 3. Lol
>
b. Torsional stiffness with respect to the centre of stiffness:
j=m n
¢ =D Tk + Y Iy (2.87)
j=1 i=1

c. Torsional stiffness with respect to the centre of mass:

Jos = Jre + €| D T |+ ei(ZliyJ (2.88)
=1 i=1

In case of a system symmetric to both axes x—x and y-y, the torsional deformation
¢ due to a torsional moment (torque) M, is derived from Equation 2.84b as

_M, (2.89)
L

It is obvious that the value of J;- depends mainly on the existence of elements with
high flexural stiffness (i.e., structural walls) at the perimeter of the structure and par-
allel to it (Figure 2.41).
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Figure 2.4 Effect of the arrangement of the structural walls on the torsional stiffness of the system: (a)

d.

€.

system with low torsional stiffness; (b) system with high torsional stiffness.

Torsional radius with respect to the centre of stiffness C:

(2.90)

(2.91)

5. It should be noted that in case of a space system consisting of coupled frames and walls,
the above approximate equations cannot be used. In this case, taking into account that
computer-aided analysis is available, the following procedure may be followed for the

determination of the above values e, €., J1c> Jtms Txor 7
a.

b.

xm*

The system is loaded with a torque M,

Taking into account Equation 2.83, one may easily conclude that % and u, are
zero since H, and H, are zero too. Therefore, from the displacements of two coun-
ter-pairs of columns at the perimeter of the system, the position of the centre of
stiffness can be determined geometrically, that is, the values e, and e, are defined
(Figure 2.42). Likewise, the torsional deformation @, of the system is determined
by the relations:

_ U T U _ Uy — Uy 2.92
(Pz l l . ( . )

Yy X

From the third equation of 2.83, the value J;. can be easily determined. In fact,

z

j=m j=m
M,
Jre = 2Ky +3 Kyl = (2.93)
=1 =1
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Figure 2.42 Determination of the centre of stiffness and the torsional rigidity with respect to the centre of
stiffness, using a computer-aided procedure.

d. Then, the system is loaded with a horizontal force H in the x—x and y-y direction
successively at its already determined centre of stiffness. The system will exhibit a
translational displacement in the x—x and y-y directions, with #_, and «_, displace-
ments respectively resulting from the analysis. By applying the first two equations
of 2.83, the stiffness of the system in the x—x and y—y direction becomes

O

H
Uey

(2.94)
K, =YK, =

e. Therefore, by combining Equations 2.93 and 2.94, the values of 7,, 7, and J1,; may
be easily calculated.

2.4.4.3 Dynamic response of a single-storey 3D system

With regard that equations of motion of plane systems under seismic excitation (Equations
2.58b and 2.59) have been generated by the application of d’Alembert’s equations for
dynamic equilibrium, it is reasonable, also, to repeat the procedure here, although the
motion of the system is not only translational but also rotational. In this respect, it should
be remembered that Newton’s second law of translational motion, that is,

F = mi (2.95)
should be replaced in case of rotational motion by the equation (Figure 2.43):

Tmz = ]d(p (296)

where
F is the acting force
m is the total mass of the floor
X is the absolute translational acceleration of the floor mass
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Figure 2.43 Torsional excitation of a pseudospatial single-storey system activated by a torque T,,,(t).

T, is the torsional moment of the rotating system with respect to the centre of mass of
the floor

¢ is the angular acceleration of the floor with respect to the centre of mass

J4 is the polar moment of inertia of the floor mass in plan with respect to the centre of
mass of the floor. In case of a rectangular floor b x d with uniformly distributed
mass, J, is given by the expression:

b* + d?
m-——"-.

Ja=m—p (2.97)

For simplicity, we assume that the system is damping-free, that is ¢ = 0 (Equations 2.58b

and 2.59).
Now the pseudospatial single-storey system of Figure 2.44, in which excitation at the
ground level is determined by an accelerogram:

. cosB | . ..
X,(t) = [ . }xo(t) = (8], (2) (2.98)
sin©
Ay
X1
5 0 H%x
x=x, () M M

M: Centre of mass
0: Direction of excitation

Figure 2.44 Pseudospatial single-storey system excited by an accelerogram X,(t) in the direction of angle 6
with respect to the x—x axis.
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where 0 is the angle of input motion to the x—x axis of the system. The motion of the system
is expressed by two translational and one rotational motion of the centre of mass of the floor
relative to the ground, that is,

u,, (¢) is displacement, parallel to the x-axis

u,,(f) is displacement, parallel to the y-axis

my

o(#) is in-plane rotation about the z-axis, passing through the centre of mass

The time-dependent motion of the top of a column i (Figure 2.44) results from the rela-
tions (see Equation 2.71):

(2.99)

According to Equation 2.72, each of the frames 7 and j parallel to the x-axis and y-axis,
respectively, develops the following horizontal restoring forces for the relative displacements
of Equation 2.99.

(2.100)

Vic(t) = Kistt (£) — K 0(2)
Vi, (t) = Kiyup, (t) + %K, 0(2)

iy jy “my j

At the same time, due to the dynamic character of motion, the developing inertial forces
are expressed as follows:

f () = m, () = m[,(cos) + iy, (t)]
Fug (t) = 13, (t) = 1 &, (sin®) + iy, (8) ] (2.101)
T, = Ja@(t) + 6,(2) = J4(t)

The value ¢, (¢) is taken to be equal to zero due to the fact that the usual types of accelero-
grams refer only to translational motion of the ground.
The three equilibrium equations of the floor (see Equation 2.73):

D Vilt) + funt) = 0
i=1

D Vi @)+ fy8) = 0 (2.102)
i=1

N x5V, 6) = Y yiVielt) + Ty = 0
j=1 i=1 |
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result in the following linear system of differential equations:

i'imx(t)m + (iKixJumx(t) +- 0 +o - (ilem](p(t) = _mjéo(t)(cose>

lhyy (E)m + 0 + [inyJumy(t) + .- +[

j=1

o0)]a - [z yiKiXJumx (2) + (i xiKiy]MMy (£) + [(iKiyxiz ] + (2 K y? J]cp(t) =0

= —mx,(t)(sin0) (2.103)

NG
K
=
~<
N—o
=)
=
|

or in matrix form:

m (7. K, 0 —Cny K |[ s
m Uy |+ 0 K, Conc Ky || Uiy
] --m —€n Kx eme Km m
‘AP ’ ! ° AP (2.104)
m cos0
= - m sin@ |X,(¢)
Ja)U O
where
zizlijjy
o = T om
zj=1Kiy
(2.105)
YiKi
emy — 1=nl
Kix
-1
are the coordinates of the centre of stiffness (Equations 2.76) and
Kx = ZKix
i-1
K, = Y K, (2.106)
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System (2.104) may be rewritten in a more concise form, as follows:

[Mii(¢) + Ku(t) = ~Md¥, (¢)] (2.107)

We see that the seismic motion of 3D structures obeys the same differential equations
as with plane structures. The only difference is the meaning of the corresponding matrices
and vectors. Therefore, from this point on the procedure for integration is the same as the
method developed in Sections 2.4.2 and 2.4.3. However, it is important to make some addi-
tional remarks here that will help later on (Section 5.3) with the clarification of issues of
‘torsional flexibility’.

2.4.4.4 Concluding remarks

1. The three differential equations in Equation 2.103 or Equation 2.104 governing the
three degrees of freedom — u,,,, #,,, and @ — are coupled through the stiffness matrix
because this matrix is not diagonal, since, in general, the stiffness centre C does not
coincide with the mass centre M. Any thought of transferring the origin of coordinates
from M to C must be abandoned because, in this case, of course, u,, #, and ¢ would be
uncoupled through the transformation of the coupling stiffness matrix to a diagonal
one (see Equation 2.83), but at the same time, i, it,,® would be coupled through the
transformation of the mass matrix from diagonal to a normal (coupling) one. This is
quite reasonable, since the change of the origin of the coordinate system cannot change
its dynamic properties. So, it can be concluded that each of the three eigen modes [0,],
[9,], [05] of free vibration represents combined motion of translation and rotation. It is
well known from ‘kinetics’ that such a motion may be replaced by a rotational motion
about three poles (Figure 2.45) — 0,, 0,, 0;— one for each mode. This problem will be
analysed further in a next paragraph.

2. If the system is symmetrical in both directions, the stiffness centre C coincides with
the mass centre M. In this case, e, and e, in Equation 2.105 are zero and, therefore,

b mx

the three equations of motion (2.103) become uncoupled and take the following form:

mii,, + K., = —m(cos0)x,
miiy,, + Ku,, = —m(sin0)x, (2.108)

]d(bm +]TC(pm =0

The three uncoupled eigen frequencies are given by the following expressions (see
Equation 2.4a:

K. |
O =\
KY
Oy =y~ (2.109)

If the rotational eigen frequency o, is the shortest one, it means that the rotational
mode is the fundamental one.
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Figure 2.45 The three eigen modes of vibration of a single-storey pseudospatial structure.

In this case:

G)go < W4y
o <o (2.110)
¢ uy

By introducing Equation 2.109 into Equation 2.110, the following expressions may be
obtained:

/]Tc<\/i and \/ﬁ (2.111)
T4 m m
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or

\/E> /fIg and /fKTyC (2.112)

Keeping in mind that

}% and ’]KTYC

are the torsional radius 7, and 7. in the x—x and y-y directions:

and that
Ja (2.113)
m

is the polar radius of inertia, it may be concluded from Equation 2.112 that if

I, >r. and 7, (2.114)

then the torsional eigen frequency is the shortest one, and in this respect the rota-
tional mode is the fundamental one. In this context, the modal participation factor
(Paragraph 2.4.3.2) (L, /M;) corresponding to torsional vibration is larger, and there-
fore the system must be considered ‘torsionally flexible’ with a lot of consequences for
a building belonging to this category, as will be shown later (see Section 5.3).

At the same time, in the case of a symmetric system in two directions, since

€y = €y = 0, it may be concluded that

m

a. Jrc = Jmm (2.115)

b. Ground motion in the x-direction causes only u, displacements. The same also
holds true for the y-direction.

c. The system does not experience any torsional effect unless the base includes rota-
tion about a vertical axis (torsional base acceleration ¢,) or the mass presents
excidental eccentricities (Chopra, 2001).

3. For a structural system symmetric only about the x—x axis, the stiffness centre C lies
on the x—x axis of symmetry, that is, e, = 0. Now, if the ground excitation acts only in
the y—y direction, the system (2.104) takes the form:

m 7. K, 0 0 7
m Uy [+] O K, en K, Upy
Ta )\, 0 e K, Jic+e:K o
/AP e AP (2.116)
m 0
= - m 1 [x,(2)

Ja\O
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This means that the motion #_ is uncoupled from the other two, and since there is
no ground excitation in the x—x direction, there is no displacement in this direction.
However, the eigen frequency is

o = K (2.117)

ux m

and the corresponding eigen mode is a pure x—x displacement (Figure 2.46), that is,

0 =1, ¢, =0, ¢, =0 (2.118)

In case of free vibration, the other two equations take the following form:

(m ] ) [ B e (2.119)
Ja N\ emeyy Jre + emeyy Pm
Applying the procedure developed in Chapter 2.4.2, we find

K,, — o? K 0
yy m ez yy s (pY — [ ) (2.120)
emeyy (]TC + emeyy) -0 ]d (Pz 0

In this respect, ? results from the following equation:

_ 2
K, —om emcKyy

Det 5 S| =
emeyy (]TC + exKyy) -0 ]d

0 (2.121)
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Figure 2.46 Eigen modes of vibration of a single-storey pseudospatial structure, symmetric about the x—x

axis.
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e Tt is evident that the two values of ®? (eigen frequencies) depend on the geometrical
and dynamic values of the system, that is,

m’]dQKnyemx and ]TC

e Itis also evident that each of the two coupled eigen modes of motion has a coupled
form of a displacement #,,, and a rotation ¢,, (Figure 2.46), which correspond to a
rotation about two constant poles O, and O, on the x—x axis (Papapetrou, 1934).
If the pole of the shortest eigen frequency lies within the boundaries of the floor
(O, in Figure 2.46), the system is ‘torsionally flexible’ with all consequences result-
ing therefrom.

e The criterion for ‘torsional flexibility’ results from the analysis of Equation 2.121
(Anastasiadis, 1989; Anastasiadis and Athanatopoulou, 1996) and is

1’2

o tem < I (2.122)

where

T ,% the torsional radius
yy
I, = ”]Ed the polar radius of inertia

e In the case that e, =0 (system symmetric in both directions), Equation 2.122 is
reduced to Equation 2.114.

2.5 DYNAMIC ANALYSIS OF MDOF INELASTIC SYSTEMS

2.5.1 Introduction

The dynamic analysis of MDOF inelastic systems is performed using direct step-by-step
integration for small successive time steps. This method considers the response of the
inelastic system within every integration time interval as linear. The value of the stiffness
during the integration interval is taken to be equal to the slope of the local tangent to
the load-deflection curve. Thus, while yielding occurs in some members and the stiff-
ness of the structure changes, the response of the non-linear system is considered to be
the response of successive linear systems with different stiffnesses. Every change in the
stiffness of a member, which could occur either during its yielding or during its unload-
ing from the yielding branch, theoretically changes the stiffness of the whole system.
Therefore, dynamic inelastic analysis, even for plane multi-storey systems, requires exces-
sive computational time.

The various computer codes for dynamic inelastic analysis of multi-storey buildings devel-
oped mainly after 1970 (Kanaan and Powell, 1973) offer the possibility of obtaining signifi-
cant output parameters, such as maximum strains and corresponding internal forces at all
critical sections, ductility demand and time histories of strains or displacements at specific
points of the structure.
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Of course, there are many reservations on the reliability of inelastic analysis deriving from
various uncertainties, for example,

e Results may be critically dependent on small variations of input parameters without
any obvious explanation.

e Lack of simple, stable and reliable load-strain inelastic models for columns and walls
of 3D analysis.

e Simulation of wall members by means of linear members.

e Difficulty of taking into account automatically shear effects on the load strain models
introduced in the analysis.

In any case, it is hoped that research and progress in this area will soon enable a reduction
in the above reservations.

Finally, it should be noted that in parallel to the research-oriented computer codes, a num-
ber of reasonably user-friendly commercial ones have been developed in the last 15 years.

Next, an overview of the methodology of inelastic dynamic analysis applied on plane
systems will be presented shortly.

2.5.2 Methodology for inelastic dynamic analysis of MDOF
plane systems

Consider the plane dual system of Figure 2.47 and the plane frame system of Figure 2.48.
These systems are discretised into structural elements forming the structural model as shown
in the above figures. For the analysis, the direct stiffness method is used, according to which
the stiffness matrix K of the system is derived by appropriately adding the elements of the
stiffness matrices of the individual members.

7777772

Nodes
(dimensionless)

when plastic hinges
are expected to form
in the span

Ground nodes

Figure 2.47 Discretisation of a reinforced concrete plane structure.
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Figure 2.48 Discretisation of a reinforced concrete frame system.

The basic equation of dynamic equilibrium of the discretised system, which is subjected
to a base seismic acceleration, is given in incremental (time stepping) form by the equation
(Clough and Penzien, 1975; Chopra, 2001):

MAii + Cy(u)Au + Ky (u)Au = ~M[d]DX, (t) (2.123)

(see Equation 2.58b) where M is the diagonal mass matrix of the system, C(«) is the tangent
damping matrix, and K(u) is the tangent stiffness matrix of the system: they both change
every time one or more elements goes from the elastic to the inelastic phase or vice versa.
Au, A, Ati are the vectors of incremental changes of relative displacements, velocities and
accelerations of the joints of the system, during the time step. At of the numerical integration
d is a unit vector and DX, (¢) is the incremental change in base seismic acceleration during
the time interval At.

For the solution of the matrix second-order differential equation (Equation 2.123), either
the Newmark [ =1/4 method is used (method of constant acceleration for every integra-
tion time step; Kappos, 1990) or the Wilson’s 8 method, which is an unconditionally stable
method with linearly changing acceleration. It should be noted that in order to avoid pitfalls
in the integrations, the time stepping should be very short (1/200 to 1/50 s) and should coin-
cide with the time digitisation intervals of the base accelerogram.

At the same time, the assumption is made that the damping matrix C; is given by the
relationship:

Cr = aM + ;K + B.K, (2.124)

where K, is the initial stiffness matrix and a, B, B, are damping coefficients proportional to
the damping ratio £ ({=0.02-0.05).
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Figure 2.49 The modified Takeda model.

The inelastic strains of members in most methods and computer codes in use are sup-
posed to be concentrated at plastic hinges at the ends of the members in the form of plas-
tic rotations © (DRAIN-2D/90, SAP2000 NL, etc.). However, more refined methods in
use for research allow the extension of the inelastic strains to all member lengths (ZEUS,
Seismostruct, etc).

The inelastic behaviour of R/C members is taken into consideration with the adoption of
appropriate models for the moment (M)-rotation (0) diagram at those ends. The M-8 dia-
gram of Figure 2.49 is a modification of the well-known Takeda model (Takeda et al., 1970)
proposed by Otani and Sozen (1972), and is used in the example of Figure 2.50. In Figure
2.51, a simplified model M-8 is plotted (Wilson, 2002), which has been used in the example
of Figure 2.52 (Penelis et al., 2000).

Both models represent with adequate reliability the inelastic response of R/C members
with predominantly flexural deformation to cyclic loading.

For the quantitative estimation of the model parameters, for each structural element the
cross section geometry, its reinforcement, and the characteristics of the construction materi-
als are needed. This means that the structural system must have been analysed and designed
previously using conventional (elastic) seismic design procedures, that is, the method may be
used either for research or verification or assessment reasons.

Specifically, the necessary inputs for the inelastic dynamic analysis of a plane R/C struc-
ture are the following:

. The geometry of the system (see Figures 2.50 and 2.52)

. The yield moments of the structural members defined as a function of the axial force

. The softening law of the plastic branch as a percentage of original stiffness

. The original modulus of elasticity E_ of concrete

. The mass typically assumed to be concentrated at every floor level

. The viscous damping ratio {

. A digitised time history of acceleration at the base of the structure at time intervals of
1/200 to 1/50 s

R N T RO Sy

The computer code using the above-listed input data (1)—(7) (Figure 2.50) first produces
the moment—rotation diagrams for every structural member; mass, stiffness and damping
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Figure 2.50 Geometric characteristics of two systems for which inelastic analysis was performed: (a)
GRFR8 and (b) GRFWS8. (Adapted from Kappos, A.). 1991. Earthquake Engineering and Structural
Dynamics, 20(2), 167-176.)
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Figure 2.51 Fundamental behaviour of plasticity element (Wilson 2001).
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Figure 2.52 Time history of top displacement in a 3-storey frame under the seismic action of 1999 Athens

earthquake designed: (a) according to Greek Code of 1959 and (b) according to EC 8-1/2004.

matrices; as well as the excitation vector. Once more it is emphasised that the stiffness and
the damping matrices change from time step to time step of the numerical integration, while
the mass matrix remains constant throughout the integration procedure.

In light of the above, it would be interesting to stay for a while with the results of such an
analysis. It should be noted that the inelastic analysis can give for every critical section the
time history response of

Internal forces M, N, V

Relative displacements

Rotations 6 of the nodes

Relative displacements between the floors (inter-storey drifts), and so on. Given that
the integration is carried out for very short time steps (1/200 to 1/50 s), calculation
results are huge in number and their evaluation is difficult. Thus, every computer pro-
gram is equipped with a series of post-processors to facilitate evaluation of the results

For example, some of the outputs produced by such post-processors are the following:

Time history of relative displacements # (Figure 2.52)

M-8 response diagram of cyclic loading during the time-history analysis (Figure 2.53)
Maximum floor displacements u (Figure 2.54a)

Maximum inter-storey drift ratio (deflection of columns from their vertical axis;
Figure 2.54b)

Maximum column and beam ductility demand (Figure 2.54¢,d)

Points where plastic hinges are formed during the excitation (Figure 2.55a—f)

The most critical indicators of the above information for the expected damage to the
system are

The maximum inter-storey drift ratios
The points where plastic hinges are formed (risk for formation of an inverted pendulum)
The ratio of ductility demand to ductility supply
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Figure 2.53 M—0 diagrams at critical sections of the 3-storey frame of Figure 2.52 designed according to
the Greek Code of 1959.

It should be noted here that the maximum demand of rotation ductility,

0, +0 0
Uy = 2% gy e (2.125)
eY y

results from the inelastic analysis of the system and is different for different base excita-
tion inputs. Conversely, the ductility supply depends on the geometrical properties (span,
cross-section) of the structural member, the reinforcement, the quality of the construc-
tion materials, the level of axial loading, and the degree of confinement (see Chapters 8
through 10).
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Figure 2.54 Maximum response parameters of a frame system (GRFR8) subjected to a seismic excitation
with SI = 1.0 Sl for the El Centro x 1.0, Pacoima x 0.4, and Thessaloniki x 2.6 earthquakes: (a)
floor displacements; (b) inter-storey drifts Ax/h; (c) required column ductilities; (d) required
beam ductilities.

2.5.3 Concluding remarks

From all of the above, the following conclusions may be drawn:

e Dynamic non-linear analysis constitutes a powerful tool for the study of the seismic
response of structures. It is the main tool for the evaluation of the reliability of the
results of elastic modal spectral analysis using elastic response spectra reduced by a
ductility (reduction) factor (see Paragraph 2.3.5.1). At the same time, it is considered a
useful tool for the improvement of the reduction (behaviour) factors used in Codes of
Practice (see Subsection 5.4.3).

¢ For the time being, non-linear seismic analysis is still seen as a non-routine technique
in the design practice, used only in special cases such as:

* Buildings of particular interest

e Secismically isolated building by simulating isolation bearings with inelastic
elements

¢ Buildings with dissipative devices also by simulating them with viscous plastic elements

* Yielding of reinforcement at one side

* Yielding of reinforcement at both sides
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Figure 2.55 Frame system GRFR8: (1) numbering of nodes and floors. Formation of plastic hinges during an
excitation from the following earthquakes: (2) El Centro x |; (3) Pacoima x I; (4) El Centro x
1.5 (5) Thessaloniki x 2.6; (6) EI Centro x 0.75.

¢ The existing reservations on the reliability of inelastic analysis presented in Subsection
2.5.1 limit in practice, for the time being, the role of the method to that of a supple-
mental tool for the verification and improvement of the design of a structure that has
already been analysed and designed using methods accepted by Codes of Practice.

e Finally, it should be noted that in the last 15 years an extended use has been made of
the static inelastic analysis, known as ‘pushover analysis’, for the determination of
inelastic strains (8p, u,, etc) of a structure. This method replaces dynamic inelastic
analysis to a degree, giving more stable and reliable results. Detailed reference will be
made to its implementation in practice in Chapter 3.

2.6 APPLICATION EXAMPLE

The response characteristics of three variations of a single-storey RC building are examined
here, following both the static and the dynamic analysis approach described in Paragraphs
2.4.4.2 and 2.4.4.3.
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2.6.1 Building description

The buildings are rectangular in plan with dimensions b =30 m in the horizontal x axis
and d =25 m in the horizontal y axis. They consist of six frames in both the x—x and y—y
directions, each having five bays, with constant bay lengths equal to 6 and 5 m?, respec-
tively (Figure 2.56). The storey height is H= 5 m. The first building (Building A) is a frame
building, whereas the other two buildings (Buildings B and C) are differentiated as per the
addition of RC walls on the perimeter of the building, along the y—y direction, as shown
in Figure 2.56. All columns have a 40 cm square cross section. Both interior and exte-
rior beams have a width of b, =30 cm and a height of b, =60 cm. The slab thickness is
h;=18 cm. The walls have a thickness b, =25 cm and a length [, =5 m.

2.6.2 Design specifications

The factored distributed load at the floor area is taken to be 12 kN/m? for the (g + ,q) load
combination, y, = 0.30.

e Concrete quality is C25/30 with a modulus of elasticity E_= 31 GPa. Steel quality is
B500C

Building A Building B
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Figure 2.56 Plan view and typical frame arrangements of the buildings.
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* The PGAisa,=0.16 g
¢ Seismic demand is defined for the EC8 Type I spectrum on ground C. The importance
class is II.

2.6.3 Modelling assumptions

The stiffness of the vertical members is estimated by considering representative 2D frames
(Paragraph 2.4.4.2). The 3D systems are broken into three types of frames as depicted in
Figure 2.56. A unit displacement is applied at the roof level and the sum of the reactions of
the vertical members corresponds to the stiffness of each frame.

e The stiffness of the concrete elements is taken to be equal to one-half (50%) of the cor-
responding stiffness of the uncracked elements, according to EC8 par. 4.3.1(7) (2004).

¢ Although the behaviour factor of the three building cases differs, for comparison rea-
sons it is taken to be equal to g =4. Thus, a unique response spectrum is defined for
all the buildings.

e The centre of mass lies at the intersection point of the symmetry axes of the building.

2.6.4 Static response

The stiffnesses of the three types of frames as depicted in Figure 2.56 are

1. For the frame in the x—x direction K¢ =17422.90 kN/m

2. For the frame in the y—y direction K; = 17575.41 kN/m

3. For the frame with the wall at the mid-bay K¢, = 764001.30 kN/m
The individual frames at each direction are considered to function as a sequence of

springs in parallel. The total stiffness in each direction is given as the sum of the stiff-

nesses of the individual frames:

Building A
x—x axis: K, =6 - K¢, =6-17422.90 = 104537.40 kN/m
y—y axis: K, =6 - K; =6 -17575.41 =105452.46 kN/m

Building B
x—x axis: K, =6 - K; =6-17422.90 = 104537.40 kN/m
y—yaxis: K, =5 - K¢ + Kz =5 -17575.41 + 764001.30 = 851878.35 kN/m

Building C
x—x axis: K, =6 - K¢ =6 -17422.90 = 104537.40 kN/m
y—y axis: K, =4 - K, +K,;, =4 17575.41 +2 - 764001.30 = 1598304.24 kN/m

2.6.5 Hand calculation for the centre of stiffness

The centre of stiffness for Buildings A and C coincides with the centre of mass, whereas in
Building B it is differentiated due to the existence of the 5 m RC wall in the mid-bay of the
external frame along the y—y direction (Figure 2.56). The ordinates of the centre of stiffness are

Kiy - (6+12+18+24+30)+ K, -0
xC: K (==

y
1757541 (6 + 12 + 18 + 24 + 30) + 764001.30 - 0 _ _
Yo = 851878.50 35 =1.86m
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Ke -(0+5+10+15+20+25)
: =

yC = K
1742290 (0 + 5+ 10 + 15 + 20 + 25) _
Ye = 104537.40 =12.50m

The eccentricities are estimated as
mxy = Xy —Xc = 15.0-1.86 =13.14 m

Cmy = Y — Ve = 12.5-12.5=0.00m

my

2.6.6 Mass calculation

The total weight of each building is W=12-b-d=12-25-30=9000 kN
The total mass of each building is: M = W/g=9000/9.81=917.43 t

2.6.7 Base shear calculation

The design spectrum of EC8 (2004) for S =1.15, g =4 (Figure 2.57) is utilised for defining
the base shear.

Building A

{M , 917.43

TX—ZTC Kix—ZTE m—0.59s—>ag—0.115g, Vb,x_0'1159000_1035 kN
,M | 917.43

Ty =2n K—y—ZTc m—0.59s—)4g—0.115g, Vb,x—0.1159000—1035kN

(m/s?)

«” 0.35 1

Spectral acceleration,

0.15s ;
00591t o215 © 0595
0.00 : : : : . . .
000 025 050 075 100 125 150 175 2.00

Period, T (s)

Figure 2.57 Design spectrum of EC8 (2004).
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Building B

}M } 917.43

Tx =2n KX =2n m =0.59s —» (lg = 0115g, Vb,x =0.115-9000 = 1035kN
/M f 917.43

T, = 2n K—y =27 95187835 = 0.21s - a, = 0.116g, V,, = 0.116 - 9000 = 1035kN

It may be noted that the estimated value of T, for Building B is not accurate, since motion
in the y—y direction is coupled.

Building C

/M / 917.43

Tx =27 Kix =2r m =0.59s > ag = 0.115g, Vb,x = 0.115-9000 = 1035 kN
,M | 917.43

Ty =2n Kiy =2n m =0.15s —» ag —0117g, Vb,y =0.117-9000=1053 kN

Despite the fact that the addition of walls substantially reduces the period in the y—y axis
for Buildings B and C, as expected, this is not reflected in the estimated base shear values,
since the estimated periods are either very close to or lie on the plateau of the spectrum.

The torsional stiffness with respect to the centre of stiffness, [, and the torsional stiff-
ness with respect to the centre of mass, ]y, are calculated according to Equations 2.79 and
2.82, respectively, and presented in Table 2.2. In the same table, the torsional deformation
0,, estimated according to Equation 2.89, as well as the horizontal displacements of the
centre of mass and stiffness, appear. Additionally, the torsional radii with respect to the
centre of stiffness in both directions, 7, and r,, are calculated (Equation 2.90). The analytical
estimations are quoted for the case of Building B.

Building B

The torque is:

M, = Vi, - em = 1035-13.14 = 13603.19 kNm/rad

Table 2.2 Calculation of parameters Jrc, J1my Oy Uy Vi 1o 1,

X—X Y-y
Building ~ J$c(kN m/rad)  [$14(kN m/rad) ~@%(rad) u,, (mm) v, (mm) u, (mm) v, (mm) r,(m) r,(m)
A 18.69 18.69 0 9.90 0 0 9.81 133 134
B 39.44 186.60 3.45 10.20 0 0 1.22 68 194
C 35451 35451 0 10.50 0 0 0.66 149 599

2 x|0e.
b X104
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The torsional stiffness with respect to the centre of stiffness is

j=m i=m
Jrc = Y Kyxk +n Y Koy2 = Kiy 2+ (2.50° +7.50% +12.50%)
j=1 i=1

+ Ky, (4142 +10.142 +16.142 +22.14° + 28.14) + K, ,, -1.86>
=39.44 -10° kN m/rad

The torsional deformation is defined as

M, 1035-13.14

= M RU D 3 4510+
0. =7 "= 3944100 = A X107 rad

The torsional stiffness with respect to the centre of mass is

i=n j=m
Jov = Jre + eg(ZKiy] + eg[ZKiXJ =39.44 x 105 + 13.14% - 851878.35 + 0
i=1 j=1
=186.60 x 10° kN m/rad
The torsional radii with respect to the centre of stiffness are (Equation 2.85):

e _\/39.44><106 ~ e
" _\/K =\ 85187835 ~ 8™ % =k

y

=194 m

_\/39.44><1o6
~\ 104361.84

The displacements of the centre of mass are
x—x axis: #,, = 10.2 mm, v,,, =0 m
y-y axis: #,, =0 mm, v, =1.21 mm

The maximum and minimum displacements of the corner columns are
x—x axis: #, = 10.2 mm, v, =0 m
y-y axis: min: #, ., =4.31 mm, v, ;. =1.86 mm
max: #, ., =431 mm, v, . =848 mm
Comparison of the response parameters of Buildings A, B and C leads to the following
conclusions:

e The addition of a single wall (Building B) increases [ by 2.1 times and the addition of
the two walls (Building C) by 19.0 times compared to the stiffness of the planar frame
building (Building A). This has a direct effect on the displacements of the system along
the horizontal y—y axis, which are reduced substantially.

e In order to check the torsional rigidity of the three buildings, the radius of gyration
of the floor mass in plan is estimated according to Equation 2.122 after substituting
Equation 2.97:

b* + d? 30% + 252
ls_\/ . _\/ 5 =1127m
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Figure 2.58 Definition of torsional rigidity in Building B.

Building A

[, =1127m<r =13.3m; 7 =13.4m

Building B (Figure 2.58)
x—x axis: Due to eccentricity along the x—x axis Equation 2.122 applies:

[, =1127m < r,. = Jr2 + e, = /6.80% +13.142 = 14.8m

Y-y axis:
[ =1127m <7, =194 m
Building C

x—x axis: [(=11.27m<r,=14.9 m
y=yaxis: [[=11.27 m<7,=59.9 m

From the above it follows that all the buildings have sufficient torsional rigidity, thus the
fundamental translational periods in the two horizontal directions are longer than the tor-
sional period (Tables 2.4 through 2.6).

2.6.8 Computer-aided calculation for the centre of stiffness

The methodology presented in Paragraph 2.4.4.2 (conclusion 5) is implemented for the determi-
nation of parameters @,, J1c, €y Ky, K, 7, 7, for Buildings A, B and C. The steps followed are
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1. The centre of mass is loaded with a torque M, = 10,000 kN m.
2. The displacements of two counterpairs of columns at the perimeter of the buildings are
estimated in order to define ¢, and J; (Equations 2.92 and 2.93 apply):

Building A
#y =6.61lmm, u, =-6.61mm, u,; =794mm, u, =-7.94mm
Uy — U, Uy — Uy 6.61+661 7.94+794 .
% =g T T % T 25000 30,000 - 522107 rad
M, 10,000
]TC = E = W = 18.90 X 106 kNm/rad
Building B
uy =3.16 mm, wu, =-3.16 mm, un, =0.47 mm, u, =-7.10mm
Uy —u, U~y 316+3.16 047 +7.10 4
® =g T, T 25000 30,000 - 233x107rad
M, 10,000
]TC = E = m = 39.60 X 106 kNrn/rad
Building C
uy =0.36 mm, u, =-0.36 mm, u, =0.43mm, u, =-0.43mm
Uy —u,  dy—u,y; 036+036 043+043 o
¢ =g T % T 25000 - 30,000 °285x107rad

M, 10,000

o = e x10% = 350.38 x 10° kN m/rad

Jre =
3. The centre of stiffness is geometrically estimated:
Buildings A, C: there is no eccentricity

Building B

_uy b 0.47-30,000
Y Ty +uy,) (047 +7.10) 1.86:m

Hence,
emx = Xm —Xc = 15.0-1.86 =13.14m

eny=0.00 m
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4. The centre of stiffness of each building is loaded by a horizontal force, H= 10,000 kN,
in both the x and y axis. Having estimated the translational displacements #., and #,
in the x—x and y-y directions, respectively, the corresponding stiffness is calculated
according to Equation 2.94.

Building A
x—x axis: u, = 0.0961m — K, = Z = (1)0(’)(9)2(1) = 104058.27 kN/m
y-y axis: #, = 0.0952m — K, = Z = 2)06(9)22 = 105042.02 kN/m
Building B
x— x axis: #,, = 0.0991m — K, = I;IX = 2)0(’)(9)2(1) = 100908.17 kN/m
y-y axis: #,, = 0.0119m — K, = :Zy = % = 840336.13 kN/m
Building C
x—x axis: u,, = 0.0969m — K, = MPCIX = 3)0(’)828 =103199.17 kN/m
y-y axis: #,, = 0.0063m — K, = f = (1)0(’)8(6)2 =1587301.58 kN/m

<y

5. The torsional radii with respect to the centre of stiffness are estimated as (Equation

2.85):
Building A

g ‘\/Ky =\ 10504202 = 134M K=k T\ 0405827 T 130M
Building B

_/Tc_\/39-60“06_ _/Tc_\/39.60x106_

g _\/Ky =\840336.13 - 7™ & Tk T\ 10090817 - 08m
Building C
e _\/Ky =\ 158730158 ~ ™
’Y‘\/KX =\ 103199.17 - °83m
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Table 2.3 Comparison of parameters J1c, €,,, I, I, estimated by hand calculations (static analysis)
and by computer-aided analysis

Static analysis Computer-aided analysis

Building J$c (kN mirad) €,m(Mm) r, (m) r, (m) Jic(kN mirad) €,m(Mm) r(m) r, (m)

A 18.69 0 13.3 13.4 18.90 0 13.4 13.4
B 39.44 13.16 6.8 19.4 39.60 13.14 6.9 19.8
C 35451 0 14.9 59.9 350.38 0 14.9 58.3
2 X106,

Comparing the values of the response parameters (J1c, €y, 7y, 7,) estimated by hand calcula-
tions to those derived with computer-aided analysis in Table 2.3, it may be concluded that the
hand calculation procedure is sufficiently accurate for the type of buildings examined here.

2.6.9 Dynamic response

Eigenvalue analysis is performed for all the buildings. The eigen periods and mass participa-
tion factors appear in Tables 2.4 through 2.6.

The displacements and rotations of the centre of mass and the corner columns of all the
buildings for the first three modes are presented in Tables 2.7 and 2.8, respectively.

2.6.10 Estimation of poles of rotation for building B

Building B is symmetric along the x—x direction, thus the centre of stiffness C and mass M lie
on the x—x axis (e, = 0). The motion is uncoupled in the x—x direction, and Equation 2.117
applies for calculating eigen frequency ®,. The other two eigenmodes are coupled (coupled
form of a displacement along the x—x axis, #,,, and rotation ¢,) and are estimated according
to Equation 2.121. The poles of rotation O, and O, are estimated below (Figure 2.59):

The uncoupled eigen frequency in the y—y direction is given as

K 840336.13
2 y _— — -2
w; = = 91774 = 915.66s

The eigen frequencies of the system are (coupled modes):

Y on Y
Mode2: T, = 0.56s — ) = () = () =125.9057
2 2 T, 0.56

Table 2.4 Eigen periods and mass participation factors for building A

Mass participation factors (%)

Eigen periods (s) Ux Uy vz
Building T, T, T; €| ux € ux €3ux Eruy & uy Eur gz &z  Guz
A 0.69 0.69 0.33 100 0 0 0 100 0 0 0 0
RX RY RZ
€| rRx €2Rx €3Rx €| Ry Ery E3Ry €z Gprz &z

0 59 0 50 0 0 0 0 100
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Table 2.5 Eigen periods and mass participation factors for building B

Mass participation factors (%)

Eigen periods (s) Ux uy uz
Building T, T, Ty €lux  Sux  &ux  &uwr Sy &u &z &uz &z
B 069 056 0.I0 100 0 0 0 86 14 0 0 0
RX RY RZ
€1Rrx Erx &prx  Eipr Eyrr €3ry €irz GSprz  &rz
0 51 0 50 0 0 0 13 85

Table 2.6 Eigen periods and mass participation factors for building C

Mass participation factors (%)

Eigen periods (s) Ux Uy uz
Building T, T, T €lux  Sux  &Sux &Sy Sur &ur &uz &uz &z
C 069 0.18 0.08 100 0 0 0 100 0 0 0 0
RX RY RZ
€1Rrx Erx Erx &lrr &gy &rr €z &Rz Gz
0 60 0 49 0 0 0 0 97

Table 2.7 Displacements and rotations of the centre of mass

Building A Building B Building C
Modes  u,, (mm) u, (mm) @i(rad) u,, (mm) u, (mm) ©3(rad)  u,, (mm) Uy, (Mmm) ¢¢(rad)
| 28.1 0 0 28.1 0 0 28.1 0 0
2 0 28.1 0 0 26.1 1.62 0 27.9 0
3 0 0 437 0 10.1 3.97 0 0 421

a X103

Table 2.8 Displacements and rotations of the corner columns

Building A Building B Building C
Modes  u, (mm) u, (mm)  @i(rad) u,(mm) u,(mm)  @i(rad)  u, (mm) u, (mm)  @3(rad)
I 28.1 0 0 28.1 0 0 28.1 0 0
2 0 28.1 0 20.2 1.8 1.62 0 27.9 0
504
3 54.7 65.6 437 49.7 49.5 3.97 52.6 63.1 4.21
69.7

2 X103



An overview of structural dynamics 81

Y, é Building B
® © ) ® ®

Figure 2.59 Poles of rotation in Building B.

Y o Y
. = 2 | =2 e — -2
Mode 3: T; = 0.10s — 3 (T3) (0.10J 3947.84s

The above data are used for the calculation of the ordinates of the poles of rotation rela-
tive to the centre of mass (Anastasiadis, 2001):

Coupled mode 2:
o} 915.66
Ol' € = exmm = 131491566 ~125.90 =15.23 m, eyz =0m
Coupled mode 3:
_ o, 915.66 _ _
02. €3 = exmm =13.14 915.66 — 3947.84 = -3.96 m, €y3 =0m.

This may also be derived by geometrically plotting the eigen vector displacements as may
be seen in Subsection 5.9.6, Table 5.14.






Chapter 3

Design principles, seismic actions,
performance requirements, compliance
criteria

3.1 INTRODUCTION

The performance of a building in response to seismic actions is influenced mainly by three
parameters:

1. The seismic action

2. The level of damage that is acceptable to society in the case of a strong earthquake and
therefore is accepted by the legal framework in effect

3. The quality of the structural system of the building

The seismic action is a load case with the following characteristics, which differ drasti-
cally from all other loading types:

1. It is of high uncertainty in relation to the peak ground acceleration (PGA) X, .., but
also to its frequency content. This uncertainty is magnified by the fact that the existing
strong motion records (accelerograms) cover only the period of the last 70 years.

2. Seismic actions in a region do not have a reliable ceiling as far as the expected PGA.
This ceiling also depends on the preselected return period of occurrence, as will be
shown later.

3. It has a short duration (a few seconds) in the form of vibration. In this respect, the
induced ‘strain energy’ is limited in duration but causes high inelastic cyclic strains.

Limits of social acceptance of damages for seismic action of moderate and higher inten-
sity are included in all modern Seismic Codes and were stated first in the SEAOC in 1978
(SEAOC, 1978) in the form of the following principles:

1. Structures should resist low-intensity earthquakes without any structural damage.
Thus, during small and frequent earthquakes all structural components forming the
structure should remain in the elastic range.

2. Structures should resist an earthquake of moderate intensity (‘design earthquake’)
with light and repairable damage at some structural members as well as at infill ele-
ments, which do not put human life at risk.

3. Structures should withstand high-intensity earthquakes with a return period much
longer than their design life without collapsing.

In this respect, the transition of the structural system o the inelastic range, in case of a
moderate or higher intensity earthquake, which entails the display of structural damage,
must be considered a basic social concession.

83
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Finally, the quality of the structural system is a parameter of controlled reliability, since
it depends on the structural system layout, design, detailing and quality control of the
construction.

In the sections that follow, a detailed presentation will be made of

e The principles of seismic design on the basis of ‘energy balance’
o The seismic actions
e The performance-based design and the relevant compliance criteria

The building and its design parameters will be examined in the next chapters.

3.2 CONCEPTUAL FRAMEWORK OF SEISMIC DESIGN:
ENERGY BALANCE

3.2.1 General

From what has been presented so far, it is obvious that there is a substantial difference
between conventional load cases (gravity loads, earth pressure, wind, hydrostatic pressure,
etc.) and seismic action.

In the first category, where the actions are either permanent or variable and induced for
a period of time, if the structural resistance R, is bigger than the action effects E,. (internal
forces) by a specified percentage (safety factor), the structure is considered safe. This means

that if

[RK] > . —

[E ] 2% Vm Y (3.1a)
and

R

[Rd | v [E] (3.1b)

then the structure is covered by a safety factor:
YE =Y T (3.2)

In the above equations, the meaning of the notation in use is the following:

[R,] is the characteristic strength of the structure
[E,] is the characteristic action effect on the structure
¥ »Y., are partial safety factors for loads and materials (both greater than unity)

The above considerations are deemed to ensure the safety of the structure to an acceptable
level of probability.

In the second category, the seismic action is introduced at the base of the structure in the
form of a vibration of high frequency and short duration (a few seconds). Consequently, a
limited amount of kinetic energy is introduced to the mass of the structure via the elastic
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or inelastic links of the mass to the foundation ground as long as the seismic motion lasts.
Of course, if the mass of the structure is linked loosely to the ground via ‘seismic isolators’
(see Subsection 3.2.4), which have in parallel the ability to dissipate energy, the transfer of a
considerable amount of kinetic energy to the mass of the structure is avoided. Therefore, in
this case, the response of the structure to the seismic action is drastically reduced.

If the structure is in a position to transform the induced kinetic energy into potential
strain energy without failure and then to dissipate a considerable percentage of this during
its cyclic vibration in the form of hysteretic damping, then the structure must be consid-

ered safe.
Therefore, if

u
supply

o 12V Ym =Y (3.3a)
[Wdemand ] ¢
or
Wiippl
I:,YPPY] 2 Yw - [Wdemand] (3‘3b)
In which
Wiipply 18 the strain energy that the structure can absorb until failure

W iemand 18 the kinetic energy that is induced to the structure during the vibration
Yw is the safety factor with respect to energy absorption

then the structure can undergo the earthquake motion with a safety factor:
Yd = Yw Vm (3.4)
It is worth reviewing the preceding remarks on the diagrams of Figures 3.1 and 3.2.
Consider the building of Figure 3.1, which is loaded by permanent gravity loads and a

constantly increasing lateral load p,, which in turn causes a base shear V,, also continuously
increasing until failure.
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Figure 3.1 Lateral load P, of a building developing base shear V, and respective top horizontal displacement u.
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— u,= usupply
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( K) demand) U demand
Static loading Seismic loading

Figure 3.2 The main concept for safety verifications for (a) static loads, and (b) seismic loads.

This lateral loading results in a displacement of the top of the building relative to its base
equal to u. If the successive steps of V, — u; are recorded in a diagram, a curve will be formed
known as the capacity curve of the structure (Figure 3.2a).

This curve has the following characteristic properties:

e It has a first almost linear branch of high slope (stiffness K, = tan 6).

e At the end of this branch there is the yielding point Y, where the slope of this branch
is reduced drastically. The coordinates of this point are known as the yield strength
(R, = V,,) and the yield strain (u,) of the structure.

e The second branch of the diagram starts from the yield point Y with a very
small slope (strain hardening) and continues up to a point U, with coordinates
R, = (1.05 + 1.20R,) known as strength at failure and #, (strain at failure), at which
point collapse takes place, that is, an abrupt loss of strength capacity for small addi-

tional displacement. The area (W,,,,) of the surface under the capacity curve of the

structure (OY,0,) represents the potential strain energy that can be accumulated in the
structure for monotonous lateral loading up to collapse.

The above characteristics of the capacity curve have also been examined for the case of an
RC cantilever beam in Subsection 2.3.5 (Figure 2.29).

For almost three centuries, but even nowadays, the structural design for almost all types of
loading, except seismic actions, has been based on the basic requirement that action effects
(E,) should not exceed a percentage of the yield strength (R,,) of the structure (Equations
3.1a,b; Figure 3.2a). The reasoning behind this basic concept is that since loading is not
instantaneous and acts permanently (static loadings), if it exceeds the yield capacity R, the
structure fails and collapses. Therefore, the safety margin must be based on strength capac-
ity and inequalities (3.1a,b) must be used.

In case of seismic action (Figure 3.2b), the vibration of the mass of the structure is the result
of the kinetic energy W, ..q that has passed from the foundation ground to the vibrating
mass through the elastic or inelastic links between ground and mass. This energy (Wi..nd)
is limited, due to the fact that the seismic duration is limited. Therefore it is displayed in the
form of a number of displacement reversals. In this context it is accepted that in the case that
yield strength (R,,) is exhausted, it would be enough that the displacement (#4,,,,4) demand
corresponding to the energy demand (W,,,..q) does not exceed a specified percentage of
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the displacement capacity at failure #,, and therefore a percentage of the energy dissipation

capacity Wi, , that is,
u, = usupply
Wu = v(/supply

The above reasoning is displayed in Equation 3.3.
Taking now into account that

[\Vsllllpply :l = usupply [RyK ] (353)
and
[Wdemand ] = Ugemand [RyK ] (3 .Sb)

it is concluded that

u
[ supply ] - usupply
[Wdemand ] Udemand

2 Yy Tm = Va (3.6)
Now introducing Equation 2.52a, from Chapter 2.3.4, into Equation 3.6 the equivalent:
Usupply = MsupplyHy (3.7a)
Udemand = udemanduy (3.7b)

the following equation may be obtained:

u
[VVSUPPIY ] - usupply _ usupply
[Wdemand ] Udemand M demand

2 Yy Y = Ya (3.8)

where v, is the safety factor referring to displacements.
From the above analysis, the following conclusions may be drawn:

1. For seismic actions, and only for these, it is accepted that during the earthquake
the yield resistance [R,,] of the structure may be completely exhausted, that is, it is
accepted that due to seismic action the structure may pass into the inelastic range of
the capacity curve.

2. For seismic actions, and only for these, it is accepted that the safety factor may be sat-
isfied on a displacement basis, that is, the maximum displacement [u,,,,,4] must not
exceed a specified percentage of [u,,,,] (Equations 3.6 and 3.8).

3. The above considerations in relation to those that have been presented in Subsections
2.3.4 and 2.3.6 constitute the core of the modern philosophy of seismic design, either
as it is carried out in the form of displacement-based design or in the form of the force-
based design.
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3.2.2 Displacement-based design
3.2.2.1 Inelastic dynamic analysis and design

Taking into account the acceptance of inelastic response of the structure during an earth-
quake in the inelastic range, which means the acceptance of a specified level of damage, the
direct approach to the problem of the analysis and design of seismic-resistant structures
includes the following steps:

—_

. Determination of the capacity curve of the structural system.

2. Dynamic inelastic analysis of the structure for a series of normalised accelerograms to
a Code-specified Intensity S.I.

3. Comparison of u,, of the capacity curve with uf> , derived from the dynamic

inelastic analysis of the structures (Figure 3.3).

The above procedure should include verifications for all crucial parameters as they have
been presented in Section 2.5. As has been explained in the previous chapter, for the time
being this procedure is used only in research and in special design cases (e.g., base-isolated
systems).

3.2.2.2 Inelastic static analysis and design

This method has been developed in the last 15 years and is implemented basically for the
assessment, verification and retrofitting of existing buildings.

A conceptual approach to this method will be given here for the SDOF system depicted
in Figure 3.4a.

Ysupply

Y ,k . curve Ya= 4y max
74 ) i demand
e V-4 diagram

o

[ N N 2t |  Capacity Usupply

Figure 3.3 Displacement-based design based on inelastic dynamic analysis. (a) The structural system under
seismic excitation; (b) V, — U, curve for seismic loads and capacity curve of the structure.
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Figure 3.4 Displacement-based design based on inelastic static analysis (a push-over analysis). (a) Structural
system; (b) capacity design curve and successive steps for the determination of u demand;
(c) elastic acceleration response spectrum.

Step 1: Calculation and plotting of the capacity curve of the system (Figure 3.4b). This
procedure assumes the implementation of an inelastic static step-by-step analysis of
the system for an increasing lateral force (‘push-over analysis’).

Step 2: Determination of the fundamental period T,, assuming linear elastic response

T, = 2nM/K, -

o . . . . .
Step 3: Determination of the base shear of the system Vg, . 4, assuming linear elastic

response, using the elastic acceleration response spectrum (Figure 3.4c¢), that is,
thz:mand = dmax(To) M (3'9)

Step 4: Determination of the behaviour factor g.,,,,q €qual to

Voman
oemand = — R (3.10)

YK

From q...q using Equations 2.53 through 2.55 (see Subsection 2.3.4), u}. . ,is determined.
Step 3: Using the relation:

1 —ql
Ugemand = Mdemand My (3 A1 )

U omang 1S determined (Figure 3.4b).
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Step 6: Determination of the new effective stiffness K equal to (Figure 3.4b)

R,
Ky =" (3.12)

1
U jemand

Step 7: For this new stiffness, K steps 2 through 6 are repeated until successive iteration
steps result in very close values for K.

Step 8: For the final ufn! . (Figure 3.4b), the existing safety factor is determined and
compared with a codified safety factor, that is,

Usupply
final = chisting 2 Y4 (3.13)

U jemand

The above inequality constitutes the safety verification according to displacement-based
design. Notation in use in the above presentation is given in Figure 3.4.

This method will be presented in detail in Chapters 5 and 14. It should be noted that in
this method the inelastic static analysis requires the elaboration of the capacity curve of the
system following a monotonous increasing of the lateral loading (pushover analysis).

It is obvious that for the elaboration of the capacity curve it is necessary to know

e The material properties of the structure
e Jts geometry
¢ The reinforcement detailing

This means that the structure has been previously designed, and in this respect this
method for the time being is used basically for the analysis, safety verification, and retrofit-
ting of existing buildings.

Recently, successful efforts have been in progress for the introduction of the above proce-
dure in the analysis and design of new buildings in the form of a Direct Displacement-Based
Design (DDBD) method (Priestley et al., 2007).

3.2.3 Force-based design

This method is implemented according to Codes in effect for the analysis and design of new
buildings and it is considered nowadays to be the reference method for the seismic design.
In this method the following procedure is followed:

1. The acceleration and, therefore, the design base shear, which results from the linear
acceleration response spectrum, is reduced by the bebaviour factor g ranging between
1.5 and 5.0. This reduction factor is specified by the Code of Practice, and its value
depends on the structural type (Figure 3.5). For these reduced values of inertial forces
the structural system is analysed under the assumption of linear bebhaviour.

2. Based on the combination of load effects that have resulted from these inertial forces
reduced by g and from the gravity loads wherein masses have been taken into account
for the determination of the inertial forces, using partial load safety factors y; = 1.0,
the dimensioning and safety verification of the structure is carried out for the ULS
(ultimate limit state), that is,
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Figure 3.5 Force-based design based on ‘model response spectrum analysis’ or on ‘lateral force method of
analysis” (a) structural system under seismic action; (b) V; — U, diagram; (c) relation between
elastic and design acceleration response spectrum.

[R]

m

[E] < (3.14)

3. Based on the codified value of g and on the fundamental period of the structure
T, ductility demand Wy, may be obtained from Equations 2.53 through 2.55
(Subsection 2.3.4).

Then from equation:

“supply 2 Y dldemand (315)

Hqpply 18 defined. Thereafter, the structural system is designed and detailed in such a
way that its ductility p,,, fulfills Equation 3.15. It is obvious that as the behaviour
factor g increases, the value of W,...q increases also, and therefore the structure must
be more ductile. It should be noted that for the implementation of the procedure of
this step, the capacity curve of the structure is needed, and in this respect the inelastic
static analysis (push-over analysis) of the structure should be carried out.

4. In order to avoid inelastic static analysis, the safeguarding of the necessary ductility of
the structure according to all modern Codes is covered by a series of rules that are char-
acterised by increasing demands in parallel with the increase of behaviour factor g. In
this respect, the elaboration of the capacity curve of the structure as a whole and of its
individual critical regions is avoided. Only in specific critical regions and for high values
of q is local ductility verified by calculations, according to rules explicitly stated in Codes.

5. However, it is not certain that the above procedure ensures the required ductility
(Figure 3.6) of all structural members, since the structural analysis, either static or
dynamic, is carried out in the elastic range. Therefore, a second series of rules is speci-
fied by Codes that ensure a desirable hierarchy in the sequence of the breakdown of
the chain of resistance of the structure. In this way, the risk of early failure due to the
formation of a collapse mechanism (e.g. inverted pendulum, etc.) is reduced and the
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Figure 3.6 Comparison of shear forces and drifts ratios (interstorey deflections/storey height) of inelastic and

elastic response at a typical ten-storey building: (a) structural system; (b) shear forces; (c) drift-
ratios. (Adapted from Penelis, G.G. and Kappos, AJ. 1997. Earthquake-Resistant Concrete Structures.
SPON E&FN (Chapman & Hall), London.)

structure may sustain catastrophic earthquakes much stronger than the ‘design earth-
quake’ (see Section 3.1), with extensive damages but without collapse. These rules
constitute what it is called capacity design, and they will be examined thoroughly in
the following chapters (see Chapter 6).

Based on what has been presented above it can easily be understood why

The partial load safety factor for the seismic combination is y; = 1.0, and
At the same time the inertial forces derived through a linear analysis are reduced by a
g-factor ranging between 1.50 and 5.0

The above considerations appear unreasonable to someone who uncritically implements
a modern Seismic Code.

3.2.4 Concluding remarks

From

1.

what has been presented in this section so far, the following conclusions may be drawn.

The energy balance, that is, the balance between the kinetic energy input (demand) in the
mass and the potential strain energy storage (supply) in the structure, must be considered
the core for seismic design, either for force-based design or for displacement-based design.
Even for alternative design methods that are base isolation systems or passive systems of
energy dissipation, the consideration of energy balance is of paramount importance.

. The force-based design method will be the main issue in the major part of this book,

since nowadays it constitutes the basis of all modern Codes for the analysis and
design of new buildings. In this method, strength and ductility remain in a kind of
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(a) Conventional structure
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7

Figure 3.7 Comparative response to seismic action (a) of a conventional earthquake-resistant building; (b)
of a building with seismic isolation.

counter-balance, that is, the reduction of the ‘seismic design force’ and therefore of the
‘strength’ R, of the structure due to a higher g-factor result in the need for a ductility
increase of the structure so that the strength reduction can be counter-balanced.

3. The displacement-based design method will be examined in Chapter 5, where the
calculation of the capacity curve will be presented, and in Chapter 14, where the
assessment of the seismic capacity and retrofitting of existing R/C buildings will be
presented. However, it should be noted that there is a high probability for the displace-
ment-based design method to also be adopted by Codes for the design of new buildings
in the near future (Priestley et al., 2007).

4. In the alternative design method of seismic base isolation, isolators are introduced
between foundation and superstructure. This drastically reduces the kinetic energy
input due to the increase of the fundamental period of the new system by removing the
relevant ordinate on the elastic acceleration response spectrum to the right. In parallel,
most of the kinetic energy input in this case is absorbed and dissipated at the isolators
(Figure 3.7), leaving the superstructure almost free of strains.

5. The alternative design method of arranging passive systems of energy dissipation in
some spans of frame systems protects the structure from damage due to drastic absorp-
tion and dissipation of the kinetic energy input by the dissipative devices (Figure 3.8).

3.3 EARTHQUAKE INPUT

3.3.1 Definitions

Earthquakes are ground vibrations that are caused mainly by the fracture of the crust of the
earth or by sudden movement along an already existing fault (tectonic earthquakes), which
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Figure 3.8 Passive energy dissipators (dampers) in a building.

is caused by the sudden release of elastic strain energy in the form of kinetic energy along
the length of the fault (‘elastic rebound theory’; Reid, 1911). Very rarely, earthquakes can be
caused by volcanic eruptions. This energy accumulation can be explained by the theory of
motion of lithospheric plates, into which the crust of the earth is divided (Figures 3.9 and
3.10; Strobach and Heck, 1980; Papazachos, 1986). Figure 3.11 shows some characteristic
terms that are related to the phenomenon of earthquakes.

The quantification of seismic motion is achieved with the use of two types of instruments,
namely, seismographs and accelerographs. The first ones record displacements of the ground
as a function of time and operate on a continuous real-time basis. Their recordings are of
interest mainly to seismologists. The second ones record the acceleration of the ground as a
function of time. They are adjusted to start operating whenever a certain ground accelera-
tion is exceeded (strong motion instruments).

Figure 3.9 Motion of the lithospheric plates.
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Figure 3.10 Motion system of lithospheric plates.

They are of paramount importance in earthquake engineering since, as we have seen, they
provide the seismic input for static or dynamic analysis of structures.

The magnitude of an earthquake is a measure of this phenomenon in terms of energy
released in the form of seismic waves at the point of origin. It is measured on various scales
(Richter scale, M;; body wave scale, m,; surface wave scale, M ; and moment scale, M,,).

The magnitude of any of the above scales is provided by using the relevant seismograms.

Energy released at an activated fault may be expressed by the following semi-empirical rela-
tion (Richter, 1958):

llog E = 11.80 + 1.50 M, (erg)| (3.16)

As the magnitude increases by one unit, the energy release increases by a factor of 10> = 31.6.

The intensity of an earthquake is an index of the consequences that this earthquake has
on the population and the structures of a certain area. It is obvious that it is impossible to
measure the damage due to an earthquake using a single-quantity system. Therefore, the
damage is usually estimated qualitatively using empirical intensity scales. The most com-
mon macro-seismic scales in use today are the Modified Mercalli (MM) scale (Table 3.1),
the Medvedev, Sponeur, Karnik (MSK) scale (Table 3.2), and the European Macroseismic
(EMS) Scale. All have 12 intensity grades. Figure 3.12 shows the division of Greece into
seismic zones (Papaioannou et al., 1994) according to the MM scale. It should be stressed
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Figure 3.1 Terminology related to earthquakes (a) generation and propagation; (b) isoseismic curves.
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Table 3.1 The modified Mercalli scale

Ground acceleration o

| Not felt except by very few under especially favourable circumstances. cm/s alg

Il Felt only by a few persons at rest, especially on upper floors

of buildings. Delicately suspended objects may swing. 2
3
I Felt quite noticeably indoors, especially on upper floors of
buildings, but many people do not recognise it as an earthquake. 4
Standing motor cars may rock slightly. Vibration like passing 5 0.005g
truck. Duration estimated. 6
v During the day, felt indoors by many, outdoors by few. At night some 7
awakened. Dishes, windows, doors disturbed: walls make creaking 8
sound. Sensation like heavy truck striking building. Standing motor 9
cars rock noticeably. 10 0.0l g
\% Felt by nearly everyone, many awakened. Some dishes, windows,
etc., broken: a few instances of cracked plaster; unstable objects
overturned. Disturbances of trees, poles and other tall objects 20
sometimes noticed. Pendulum clocks may stop. 30
Vi Felt by all; many frightened and run outdoors. Some heavy 40
furniture moved: a few instances of fallen plaster or damaged 50 005¢g
chimneys. Damage slight. 60
Vi Everybody runs outdoors. Damage negligible in buildings of good 70
design and construction: slight to moderate in well-built ordinary 80
structures: considerable in poorly built or badly designed structures: 90
some chimneys broken. Noticed by persons driving motor cars. 100 0.1g
il Damage slight in specially designed structures: considerable in
ordinary substantial buildings, with partial collapse: great in poorly
built structures. Panel walls thrown out of frame structures. Fall 200
of chimneys, factory stacks, columns, monuments, walls. Heavy
furniture overturned. Sand and mud ejected in small amounts. Changes in 300
well water. Disturbs persons driving motor cars.
IX Damage considerable in specially designed structures: well-designed
frame structures thrown out of plumb: great in substantial buildings, 400
with partial collapse. Buildings shifted off foundations. Ground 500 05¢g
cracked conspicuously. Underground pipes broken. 600
X Some well-built, wooden structures destroyed: most masonry and 700
frame structures destroyed with foundations: ground badly cracked. 800
Rails bent. Landslides considerable from river banks and steep 900
slopes. Shifted sand and mud.Water splashed over banks. 1000 l g
Xl Few, if any, masonry structures remain standing. Bridges destroyed.
Broad fissures in ground. Underground, pipelines completely out of
service. Earth slumps and landslips in soft ground. Rails bent greatly. 2000
3000
Xl Damage total.Waves seen on ground surfaces. Lines of sight 4000
and level distorted. Objects thrown upward into the air. 5000 5¢g
6000

Source: Derecho, A. and Fintel, M. 1974. Earthquake-resistant structures, Handbook of concrete Engineering, Chapter 12,
Van Nostrand Reinhold Co, New York.
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Table 3.2 The MSK intensity scale

Effect
Degree Intensity On people On structures On the environment
I Insignificant Not felt
2 Very light Slightly felt
3 Light Felt mainly
by people at rest
4 Somewhat strong Felt by people Trembling of glass
indoors Windows
5 Almost strong Felt indoors Oscillation of
and outdoors, suspended objects,
awakening of displacement of
sleeping people pictures on walls
6 Strong Many people Light damage to Very few cracks
are frightened structures, fine on wet soil
cracks in plaster
7 Very strong Many people Considerable Landslides of
run outdoors damage to steep slopes
structures, cracks
in plaster, walls
and chimneys
8 Damaging Everybody is Damage to buildings, Changes in
frightened large cracks in well-water
masonry, collapse Landslips of road
of parapets and Embankments
pediments
9 Very damaging Panic General damage to Cracks on the
buildings, collapse ground, landslides
of walls and roofs
10 Extremely damaging General panic General destruction Changes on the
of buildings, collapse surface of the
of many buildings ground, appearance
of new water wells
I Destructive General panic Serious damage to
well-built structures
12 General destruction General panic Total collapse of Changes on the

buildings and other
civil engineering
Structures

surface of the
ground, appearance
of new water wells

that an earthquake has only one magnitude but different intensities from one place to

the other.

The intensity generally attenuates as the distance from the epicenter increases. The soil
conditions have a significant effect on the distribution of structural damage. If the points of
equal intensity are connected on a map, the resulting curves are called isoseismic contours
(Figure 3.11). From the design point of view, the intensity as it has been defined above is not
of great interest.
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Figure 3.12 Maximum observed intensities in Greece between 1700 and 1981 on the MM scale.

The reason is that, on one hand, it does not provide any quantitative information about
the parameters that are related to the ground motion (e.g., peak ground acceleration (PGA),
peak ground displacement (PGD), peak ground velocity (PGV), predominant period, dura-
tion). On the other hand, it is because it is not an objective procedure since it evaluates the
exciting force (the earthquake) using the response of the excited medium (structure), which
depends on a series of variables such as strength, natural period, and so forth, independent
of the cause of damage.

However, considering that seismological records (from seismographs) do not exist for
periods before mid-nineteenth century, that strong motion records do not exist for periods
prior to 1939, and that the number of the latter in most seismic regions is limited even today,
it is obvious that there is no other way but the one that combines the limited strong motion
records with records based on qualitative intensity scales like that of the MM. Indeed,
despite their subjective character, these macro-seismic scales allow:

e The use of the seismic history of a region

e The correlation of the maximum expected intensity in a certain period with existing
records of strong motions in the same or even other areas and adoption of appropriate
response spectra

Of course, it is not unusual for this kind of extrapolation to lead to serious mistakes,
which make zoning revisions necessary after catastrophic earthquakes with unexpected
spectral characteristics.

3.3.2 Seismicity and seismic hazard

For the seismic design of structures it is essential to know the expected ground motion
due to earthquakes. An earthquake, however, is a stochastic phenomenon with a random
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distribution of magnitude and intensity in time and space. Therefore, even for cases in which
there are long-term seismic records, statistical processing of the latter is necessary for the
design earthquake to be chosen with a preselected probability of occurrence in a certain
period of time (e.g., 50 years, which is the design life of conventional buildings). For this
reason, two concepts have been introduced: seismicity and seismic hazard.

3.3.2.1 Seismicity

Seismicity is a parameter that increases both with magnitude and with the frequency of occur-
rence of earthquakes in an area. This parameter is expressed by the frequency of earthquakes
(number of earthquakes per year), which exceed a predefined magnitude M. Seismicity is
expressed by the statistical law of Gutenberg and Richter (1956), as follows (Figure 3.13):

InN, =a-bM]| (3.17)

where N, is the frequency per year of earthquakes with magnitude M or larger and a and b
are constants that are derived from statistical processing of the seismic records.

For example, for the area of Greece and for the period of 1901-1983, for a logarithmic
basis of 10 instead of e, the values of @ and b are (Papazachos, 1986):

a=5.99, b=0.94

It is evident that parameters @ and b mainly describe the seismicity of an area.
The above Equation 3.17 is used in many instances for the statistical evaluations of many
seismic parameters for everyday use in the seismic design of buildings. So,

The number of earthquakes per year with a magnitude greater than M is deduced from
Equation 3.17:

(3.18)
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Figure 3.13 Cumulative function of earthquakes in (I) northern Greece; (2) Greece.
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The corresponding return period Ty (the average time between two earthquakes of magni-
tude M or larger) is

Ty = — = ¢ @M (3.19)

kS
N

Using Poisson’s distribution in combination with Equation 3.17, it is easy to estimate the
probability of exceedance P.(%) during a period of #, years (period of reference):

tr
or (3.20a)

R

In(1 - P) = -

The period ¢, is called the reference period and usually has to do with the estimated lifetime
of the buildings.

For example, a 475-year return period (Ty) corresponds to a probability of exceedance in
a 50-year building life (z,):

50
ln(l - Pr) = _ﬁ

P=10%

The above example corresponds to the seismic design input for conventional buildings
according to modern seismic codes (reference PGA a; see Subsection 3.4.2).

3.3.2.2 Seismic hazard

According to the EERI glossary (EERI Committee on Seismic Risk, 1984; Dowric, 2005),
‘Seismic hazard is any physical phenomenon associated with an earthquake that may pro-
duce adverse effects on human activities’.

Usually the seismic hazard in an area is expressed quantitatively by the value of PGA (a)
or intensity I, for which the probability of exceedance of this value in a certain period of
time (building lifetime) corresponds to a predefined value.

It has already been mentioned that the intensity I or the PGA (o) generally decrease as
the distance from the epicentre increases. The statistical evaluation of a large number of
earthquakes has produced some empirical attenuation laws, which relate the maximum
intensity I or PGA (a,) to the magnitude of the earthquake M and the distance A from the
epicentre. For Europe, the following attenuation law for PGA (a,z) has been proposed by
Ambraseys and Bommer (1991):

loga,, = -0.87 +0.217 M, — logr +0.00117r + 0.26P| (3.21)

where
r = A2 + h?

with A the source distance and b the focal depth.
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In Equation 3.21, P is zero for 50th percentile values and one for 84th percentile values.
For Greece, which is a region of very high seismicity, the following attenuation laws for [
and PGA (ag) have been proposed (Papazachos, 1986; Papaioannou et al., 1994):

I =6.362+1.20M; - 4.402log(A + 15) (3.22)

logag = 3.775 + 0.38M; — 2.370log(A +13) (3.23)

Over the last 20 years, extended research in engineering seismology has been in process
all over the world, with interesting results in refining the above equations by introducing
many other parameters (e.g. Takahashi et al., 2000; Ambraseys et al., 2005; Boore, 2005).

The scope of this book does not allow any further extension on the subject of attenuation.
At this point it is interesting to make use of Equations 3.18 through 3.20 for the proba-
bilistic evaluation of PGA (a,) at various hazard levels (EC8-1/2004, par. 2.1(4), FEMA
356/2000: par. 1.6.1.3).

1. If ay is the PGA with a probability of exceedance P, during a reference period of ¢,
years (reference lifetime of building), the following values may be defined:
a. The corresponding return period T, (the time between two earthquakes of equal or
higher value than a,) results from Equation 3.20.

t,
T, = —m (3.24)

b. The number of earthquakes per year of equal or higher value than a. results from
Equation 3.19.

1
N, = T (3.25)
2. If a, is required for the same probability of exceedance as in item 1, but for a reference

period of #; years different from #, (lifetime of a building), this value based on Poisson’s

assumption results from Equation 3.24.

o= = (tL) (3.26)

T

where
k=3 for t >t

k=2 for t# <t

0y is the PGA for the reference period (life time of the building) ¢.
a, is the PGA for the reference period ¢;.
3. If a, is required for the same reference period of ¢, years as in item 1 (reference lifetime
of the building), but for a given period of occurrence T longer or shorter than T,, this
value results for the same reason as in item 2 from the equations below:

t
In(1-P) = -7 =P (3.20b)
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Table 3.3 Values of maximum expected intensities | and accelerations
in 10 Greek cities for an 80-year reference period

Town I (MM) o,/g
Rhodes 8.0 0.38
Larissa 7.8 0.37
Patra 7.6 0.37
Mitilini 7.6 0.30
Thessaloniki 7.3 0.26
Kalamata 7.2 0.24
Iraklion 7.1 0.23
loannina 7.1 0.20
Athens 6.7 0.17
Kavala 6.5 0.1
or
1
_ 9% _ (B¢
ne s (P) (3.27)

In the above equations, v, is called the importance factor (see Paragraph 3.4.2.2).

The knowledge of the seismicity of a region together with attenuation laws enables the
preparation of seismic hazard tables and maps, for example, Table 3.3 (Papaioannou et al.,
1994) and Figure 3.14 (Drakopoulos and Makropoulos, 1983). Based on this information,
zonation maps are issued by the national authorities of countries with high seismic hazard
(Figure 3.15) and are incorporated in their seismic codes.

Such maps constitute for the time being the main contribution of engineering seismology
to structural design as they provide, in effect, the seismic input.

However, the designer should not overlook the paramount importance of other seismic
motion characteristics that are not included in the hazard maps, such as frequency content,
earthquake duration and so on. These parameters are incorporated, to a degree, in the
design spectra. These will be presented in the next section.

3.3.3 Concluding remarks

Summarising the material presented above, we should focus on the following points:

1. Earthquakes constitute a hazard primarily for human beings, for buildings and for
structures in general.

2. Magnitude is a measure of the event in terms of energy release at the point of ori-
gin. Therefore, the destructiveness of an earthquake, although directly related to its
magnitude, is also a function of many other parameters such as the focal depth, the
distance from the epicentre, the soil conditions, and the mechanical properties of the
structures.

3. The intensity of an earthquake is an index of the consequences of an earthquake on
the population and the buildings of a certain region. For many years only qualitative
macroseismic intensity scales have been used for the damage estimate.
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Figure 3.14 Maximum accelerations in gal (1000 gal = g) with a 90% probability to not be exceeded in 25
years reference period (Greece).

4. The assessment of the seismic hazard of a region is a complicated procedure based
on the statistical analysis of existing strong motion records of the last few decades,
together with the historical information on intensity that goes back to the past.
Therefore, the result of this combination presented on hazard maps is information
of limited credibility, but of crucial importance for design. That is why every now
and then major changes are introduced by the national authorities in the hazard
maps.

3.4 GROUND CONDITIONS AND DESIGN SEISMIC ACTIONS

3.4.1 General

Recalling from Subsection 2.4.1 that the usual method of analysis in most modern Codes
is the elastic modal response spectrum analysis and that the seismic motion input in this
analysis is an elastic acceleration response spectrum, it is evident that Seismic Codes specify
this spectrum in detail.

Elastic or inelastic response spectra (see Subsections 2.2.4 and 2.3.6) for a real seismic
record give useful information for the assessment of the response of existing structures at
the location where the seismic motion was recorded.
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Figure 3.15 The zonation of Greece according to the National Annex (N.A.) of Greece attached to

EC8-1/2004.

For design purposes, however, the design spectrum must be based on a probabilistic pre-

24'00'E

diction based on various parameters, that is,

Reference PGA a

8

26'00'E

t, of years (reference lifetime of a building)

Soil conditions

The damping factor
The importance factor vy,
The behaviour factor g

So, the design spectra are codified diagrams based on a multi-functional evaluation of
elastic and inelastic response spectra of past earthquakes combined with provisions that
prevent non-conservative estimates for design actions. In this respect, the design spectra do
not correspond to any real earthquake of the past. They are simply codified design tools

with the following main characteristics:

* They are the averaged output, smoothed and normalised by a,, of real response spec-
tra obtained from records of similar characteristics and a damping factor {=5%.
e They have a generic form that is adjusted to the local conditions by introducing the

Frequency content of the seismic motion

proper values of the above mentioned parameters.

In the next subsections the formulation of seismic actions according to EC8-1/2004 will

be explained in detail.

28'00'E

30'00'E

r With a given probability P, of exceedance during a reference period



Design principles, seismic actions, performance requirements, compliance criteria 105

3.4.2 Ground conditions
3.4.2.1 Introduction

The seismic response of buildings is substantially influenced by the underlying soil condi-
tions. It must be clear that there is an important distinction between the earthquake influ-
ence on ground cyclic motion and a series of other implications of the earthquake for the
ground like ground rupture, slope instability and permanent settlements caused by liquefac-
tion or densification. This category of consequences may dramatically affect the building
behaviour in response to the earthquake on a geological scale and, therefore, a geological
and geotechnical investigation is required in order to make sure that the area is free of this
kind of risk. If, however, the ground is susceptible to liquefaction or other types of failure,
special geotechnical studies must be carried out for the proper design of the building. At the
same time, depending on the importance of the structure, site investigation and laboratory
tests must be carried out for the determination of the ground conditions in accordance with
EC 8-1/2004.

3.4.2.2 Identification of ground types

Ground types are classified according to EC8-1/2004, in five categories labeled with letters
A-E, and are presented in Table 3.4.

They are described by the stratigraphic profiles and are quantitatively characterised by the
following parameters:

* Average shear wave velocity (V ;)
e Number of blows (N¢pr)
¢ Undrained shear strength (c,)

The characterisation of the ground type may be based on any one of the above parameters
that is available.

In Table 3.4 two other ground types are included, namely, S, and S,. These ground types
are susceptible to liquefaction (S,) and to anomalous site amplification (S,). Therefore, a spe-
cial geotechnical study should be carried out and special measures should be taken for soils
of these categories so that the implications of ground failure for the building are diminished.

As we will see in the next section, the category in which the ground of a location is clas-
sified plays a paramount role for design seismic actions.

3.4.3 Seismic action in the form of response spectra
3.4.3.1 Seismic zones

As has been previously noted, it is necessary for the formation of the elastic response spectrum
to know the reference PGA a,. In this context, national territories are divided by national
authorities into seismic zones depending on the local hazard level, usually described in terms
of the value a in rock or firm soil. This acceleration corresponds to a reference return period
of occurrence T, of 475 years and coincides with the reference PGA a, with a 10% probabil-
ity of exceedance during a reference period ¢, of 50 years (lifetime of a building).

Then, the reference PGA a,y is multiplied with an importance factor v, to produce the
design ground acceleration:

(3.28)
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Table 3.4 Ground types

Ground types A B c D E SI S2
V, 30(m/s) >800 360X800 180K360 <180 X <100 (indicative) X
Ngpr blows/30 cm X >50 15K50 <I5 X X X
¢ (kPa) X >250 70X250 <70 X 10X20 X

Description of stratigraphic profile:
A: Rock or other rock-like geological formation, including at most 5 m of weaker material at the surface.

B: Deposits of very dense sand, gravel, or very stiff clay, at least several tens of metres in thickness,
characterised by a gradual increase of mechanical properties with depth.

C: Deep deposits of dense or medium-dense sand, gravel or stiff clay with thickness from several tens to
many hundreds of metres.

D: Deposits of loose-to-medium cohesionless soil (with or without some soft cohesive layers), or of
predominantly soft-to-firm cohesive soil.

E: A soil profile consisting of a surface alluvium layer with v, values of type C or D and thickness varying
between about 5 m and 20 m, underlain by stiffer material with v, > 800 m/s.

S;: Deposits consisting, or containing a layer at least 10 m thick, of soft clays/silts with a high plasticity
index (Pl > 40) and high water content.

S,: Deposits of liquefiable soils, of sensitive clays, or any other soil profile not included in types A—E or SI.

The importance factor vy, for conventional buildings is equal to 1.0, and it will be exam-
ined in more detail in the next section.

Seismic zones with design ground acceleration not greater than 0.08 g are characterised as
low seismicity zones, for which reduced or simplified seismic design procedures for certain
types or categories of structures may be used. The provisions of seismic codes need not be
considered in seismic zones with design ground acceleration a, not greater than 0.04 g.

The selection of the categories of structures, ground types and seismic zones in a
country for which low seismicity or very low seismicity characterisation is given is the
responsibility of the national authorities, and they are included in the National Annexes
of EC8-1/2004.

3.4.3.2 Importance factor

As was clarified in the previous paragraph, the reference PGA a,y included in seismic zones
corresponds to a reference return period of occurrence T, of 475 years and coincides with
an a with a 10% probability of exceedance during a reference period of 50 years, which is
considered to be the design lifetime of normal buildings.

It is obvious that for different types of buildings different hazard levels are established
by the national authorities on the basis of the consequences of their failure. This reliability
differentiation is implemented by classifying structures into different importance classes.
An importance factor vy, is assigned to each class category, which reflects a higher or a lower
value of the return period of occurrence T of the seismic event. Detailed guidance on the
importance classes and the corresponding importance factors according to EC8-1/2004 is
given below.

Buildings are classified into four importance classes depending on the size of the building,
its value, its importance for public safety, and the probability of human losses in case of
collapse. The recommended values for the importance factor vy, are 0.8, 1.0, 1.2 and 1.4 for
importance classes I, I, IIT and IV, respectively (Table 3.5).
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It is important to note that in the case that a hazard level different from that assigned in
Table 3.5 is specified, the importance factor y, may be determined easily using Equations
3.26, 3.20 and 3.27.

EXAMPLE 3.1

If the design lifetime of an important building is specified as 100 years, then the impor-
tance factor vy, results from Equation 3.26, that is,

1 1
_ 4 _ () _(100Y) _
ne () 2(190) -ras

For this building and for a probability of exceedance P = 0.10, the return period of occur-
rence results from Equation 3.20, that is,

L-P) =2

A@—o&@:—ﬁ?

T = % = 949years
EXAMPLE 3.2

If the lifetime of the building is 50 years (reference lifetime (¢; = #,) but the building must
be designed for a return period of occurrence T'=2.000 years, then from Equation 3.20
it may be obtained:

Qa-m:-%=—j%6=40%

1-P =¢0%% = P =0.02

Table 3.5 Importance classes of buildings and importance factors according to EC8-1/2004

Importance Importance

class Buildings factor v,

I Buildings of minor importance for public safety, for example, agricultural 0.8
buildings, etc.

Il Ordinary buildings, not belonging in the other categories. 1.0

11l Buildings with a seismic resistance of importance in view of the 1.2

consequences associated with a collapse, for example, schools,
assembly halls, cultural institutions, etc.

Buildings with integrity during earthquakes that is of vital importance for 1.4
civil protection, for example, hospitals, fire stations, power plants, etc.

Note: Importance classes |, Il and Ill or IV correspond roughly to consequences classes CCl, CC2 and CC3, respectively,
defined in EN 1990:2002, Annex B.
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Introducing P = 0.02 into Equation 3.27 we obtain:

1
_a, _(0.10) _
Y, = a = (70.02) =1.70

EXAMPLE 3.3

If the reference time for damage limitation is #; = 10 years, then the importance factor v,
results from Equation 3.26, that is,

1 1
G _(t) _(10)2 _
oot () (19 < 0ss

For this hazard level and for probability of exceedance P =0.10, the return period of
occurrence results from Equation 3.20, that is,

t,
La-P)=-k

10
[,1-0.10) = T
T = % = 9lyears

3.4.3.3 Basic representation of seismic action in the form
of a response spectrum

The generic form of the seismic action that is the generic acceleration response spectrum,
henceforward called an ‘elastic response spectrum’, is presented in Figure 3.16. This form is
the same for horizontal and vertical elastic response spectra as well. They are used for the
ULS design seismic action and for the damage limitation state (see subsection 3.5.3).

The abscissa of the corner points Ty, T, Ty (in seconds) and the parameter S for each
ground type are given in Tables 3.6 and 3.7.

It must be noted that the elastic response spectra are grouped in two main categories. The
first is characterised as Type 1 spectra and the second as Type 2 spectra. Values for Type 1
spectra are given in Table 3.6 and are recommended for regions affected mainly by earth-
quakes with a surface-wave magnitude M, greater than 5.5. Values of Type 2 spectra are
given in Table 3.7 and are recommended for regions affected mainly by earthquakes with a
surface-wave magnitude M, not greater than 5.5.

It should be noted that earthquakes of high magnitudes (>5.5) are deeper and excite a big-
ger earth mass. Therefore, the high-frequency content is filtered to a degree, so the maxima
of the elastic spectra (the plateau area) are displaced to the right of the diagram (longer
periods; Figure 3.17).

Conversely, earthquakes of lower magnitude (<5.5) are shallow ones, and therefore the
high-frequency content is not filtered. Therefore, the elastic spectra have their maxima (the
plateau area) displaced to the left of the diagram (shorter periods; Figure 3.18).
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Figure 3.16 Generic shape of the elastic response spectrum. (From E.C.8-1/EN1998-1. 2004. Design of
Structures for Earthquake Resistance: General Rules, Seismic Actions and Rules for Buildings. CEN,
Brussels, Belgium. With permission of the British Standards Institution (BSI, CEN).)

Table 3.6 Values of the parameters describing the recommended Type | elastic response spectra

Ground type S Ts (5) Tc(S) T5 ()
A 1.0 0.15 0.4 2.0
B 1.2 0.15 0.5 2.0
C I.15 0.20 0.6 2.0
D 1.35 0.20 0.8 2.0
E 1.4 0.15 0.5 2.0

Table 3.7 Values of the parameters describing the recommended Type 2 elastic response spectra

Ground type S Ts (5) T (S) To (S)
A 1.0 0.05 0.25 1.2
B 1.35 0.05 0.25 1.2
C 1.5 0.10 0.25 1.2
D 1.8 0.10 0.30 1.2
E 1.6 0.05 0.25 1.2

It should also be noted that soft soils according to the diagrams of Figures 3.17 and 3.18
amplify the maxima of spectral diagrams more strongly than firm ones (Figure 3.19). This
is discussed in more detail in Chapter 2 (see Subsection 2.2.4).

3.4.3.4 Horizontal elastic response spectrum

For the horizontal components of the seismic action, the elastic response spectrum S (T) is
defined by the following expressions (Figures 3.17 and 3.18):

T
OSTSTB:Se(T):ag~S-|:1+TB(n~2.5—1):| (3.29)



I10  Concrete buildings in seismic regions

Figure 3.17 Recommended Type | elastic response spectra for ground types A—E (5% damping). (From
E.C.8-1/ENI1998-1. 2004. Design of Structures for Earthquake Resistance: General Rules, Seismic
Actions and Rules for Buildings. CEN, Brussels, Belgium. With permission of the British Standards
Institution (BSI, CEN).)
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Figure 3.18 Recommended Type 2 elastic response spectra for ground A—E (5% damping). (From E.C.8-1/
EN1998-1. 2004. Design of Structures for Earthquake Resistance: General Rules, Seismic Actions and
Rules for Buildings. CEN, Brussels, Belgium. With permission of the British Standards Institution

(BSI, CEN).)

T, <T<T,:S(T)=a,-S-n-2.5 (3.30)
I

To<T<Ty:S(T)=a,-S-n-2.5+ (3.31)

Ty <T <4s:S(T)=a,-S-n- 2.5[%{‘3] (3.32)

where
S.(T) is the elastic response spectrum.
T is the vibration period of a linear single-degree-of-freedom system.
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Figure 3.19 Soft soils (D) amplify the maxima of spectral diagrams more strongly than firm ones (A).

a, is the design ground acceleration on type A ground (a, = v, - a).

Ty is the lower limit of the period of the constant spectral acceleration branch.

Tc is the upper limit of the period of the constant spectral acceleration branch.

Ty, is the value defining the beginning of the constant acceleration response range of the
spectrum.

S is the soil factor.

n is the damping correction factor with a reference value of n=1 for 5% viscous
damping.

The value of the damping correction factor # may be determined by the expression:

[ 10
n=ls +C > 0.55 (3.33)

where { is the viscous damping ratio of the structure (see Chapter 2). From Equation 3.33 it
can be seen that the elastic response spectra are credible for { values up to

€ <28% (3.34)

It should be noted that for concrete structures in the elastic range, { has a value of 5%
and therefore 7 = 1.0.

The horizontal seismic actions are described by two orthogonal components considered
independent and represented by the same response spectrum (Penzien and Watabe, 1974;
Rosenblueth and Contreras, 1977).

3.4.3.5 Vertical elastic response spectrum

The commonly used approach in the past, of taking the vertical spectrum as two-thirds of
the horizontal one without a change in frequency content, has been abandoned (Elnashai and
Papazaglou, 1997; Colier and Elnashai, 2001). In this context, EC8-1/2004 has introduced
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the following equations for the vertical elastic response spectrum S, (T) based again on the
generic form of par. 3.4.3.3.

0<T<Ty: 8T = a, [1 + Tl(n 3.0 - 1)} (3.35)
B
Ty <T<T.:S,.T) =a, n-3.0 (3.36)
T
T <T<T,:S8(T)=a, n-3.0/F (3.37)
Tp ST <4s:S.T)=a, N 3.0[%?] (3.38)

The values of Ty, T¢, T}, and a,, for each Type 1 or 2 of vertical spectra recommended by EC8-
1/2004, as they have been defined in par. 3.4.3.3, are given in Table 3.8.
It should be noted that these spectra are independent of the ground type (S = 1).

It is also important to note that the frequency content at high frequencies for the verti-
cal component of the earthquake is higher than that of the horizontal ones (see Subsection
2.2.4). This explains the displacement of the plateau with the maximum values in the verti-
cal response spectra diagram on the left, in relation to the corresponding diagram of hori-
zontal response spectra.

It should also be noted here that usually only horizontal seismic actions are taken into
account when designing a building. However, for the design of certain structures the verti-
cal component of the seismic action needs to be considered. According EC8-1/2004, these
structures are

Pre-stressed beams

Beams supporting columns
Cantilever beams longer than 5.0 m
Beams with spans over 20.0 m

Base isolated structures

3.4.3.6 Elastic displacement response spectrum

The elastic displacement response spectrum Sy, (T) of the relative displacement u is obtained
for a period T up to 4.0 s directly from the elastic acceleration response spectrum S (T) using
Equation 2.20 (Chapter 2).

T 2
Spe(T) = Se(T)(Zn) (3.39)

Table 3.8 Recommended values of parameters describing the vertical elastic response spectra

Spectrum a,/ot, T (9) Tc (S) T (8)

Type | 0.90 0.05 0.15 1.0
Type 2 0.45 0.05 0.15 1.0
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Figure 3.20 Elastic displacement response spectra. (From E.C.8-1/EN1998-1. 2004. Design of Structures
for Earthquake Resistance: General Rules, Seismic Actions and Rules for Buildings. CEN, Brussels,
Belgium. With permission of the British Standards Institution (BSI, CEN).)

Table 3.9 Additional control periods for Type | displacement spectrum

Ground type T (S) T: (S)
A 4.5 10.0
B 5.0 10.0
C 6.0 10.0
D 6.0 10.0
E 6.0 10.0

This part of Sp.(T) is codified by EC8-1/2004. For values of T longer than 4.0 s the
expressions below (3.40) and (3.41) are proposed (Figure 3.20; EC8-1/2004, Annex A
[informative]).

Tp T <T;: Spo(T) = 0.025-a,-S- T - Ty, ~[2.5n + (%)(1 -25 n)] (3.40)
F~ LE

T >T;: Sp(T) = 0.025-a,-S-T. - Ty, = d, (3.41)

The control periods Ty and Ty are presented in Table 3.9 (EC8-1/2004, Annex A).
Value d, in Equation 3.41 represents the design ground displacement (DGD) corresponding
to the design ground acceleration, according to EC8-1/2004.

A reference to Paragraphs 2.2.4.3 and 2.3.6.2 should be made here in order to recall the
scientific background of the codified expressions presented above.

3.4.3.7 Design spectrum for elastic analysis

As has been already discussed in detail (see Section 3.2), the capacity of structural systems
of buildings to resist seismic actions in their nonlinear range permits their design for forces
smaller than those corresponding to a linear elastic response.

To avoid explicit nonlinear analysis, the energy dissipation capacity of the structure is
taken into account by performing a linear analysis based on a reduced response spectrum,
henceforth called design spectrum for elastic analysis. This reduction is accomplished by
introducing the bebaviour factor q.
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The design spectrum S,(T) for horizontal components and for the reference return period
of 475 years, which is normalised by the gravity acceleration g, is defined (for {=5%) in
EC8-1/2004 by the following expressions:

2 T(25 2
OSTSTB.Sd(T)zagS|:3+TB(q_3):| (342)
2.5
TBSTSTC;Sd(T)zag-&7 (3.43)
ZS[TC]
a, - S-S5
T. < T < Ty : Sy(T) gl T (3.44)
2B a,
IEE
Ty, < T :8(T)] q| T (3.45)

where
ag, S, Tc, Ty, are as defined in par. 3.4.3.4
S4(T) is the design spectrum
q is the behaviour factor
B is the lower bound factor for the horizontal design spectrum

The value to be ascribed to  for use in a country can be found in its National Annex. The

recommended value for 8 is 0.2.

The values of g for horizontal components will be discussed in detail in Subsection 5.4.3, as

they are related to the ductility and overstrength of the various R/C building types.
Comparing Equations 3.42 through 3.45 with the relevant ones of the horizontal elastic

response spectrum, we can make the following remarks:

1. In design spectra the value of 7 is equal to 1 as any additional damping is incorporated
in the g factor (see Chapter 2).

2. In Equation 3.42 (first branch of design spectrum) there is a term equal to two-thirds
instead of 1 (first branch of elastic response spectrum). This change covers the intro-
duction of a g factor equal to 1.50 for structures of high stiffness (natural period equal
to zero) due to the overstrength of structures of this type.

3. In design spectra, a minimum value has been introduced ( = 0.20) so that non-conser-
vative estimates are prevented.

For the vertical component of the seismic action, the design action is given by the follow-
ing expressions:

0<T<Ty: S (T) = a, [2 + (2'5 - ?)] (3.46)
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Ty T < T : Syo(T) = ay, -%5 (3.47)
Z.S[TC]
avg - - —
Te <T <Tp:S,4(T) q T (3.48)
2B a,
p .M[TCTD]
Ty <T:S4(T)y ™® gL T? (3.49)

2B-a,

where
a,, is the design ground acceleration for the vertical spectral component
B is the lower bound factor for the vertical design spectrum (recommended value
B=0.20)

q is the behaviour factor for the vertical spectrum component not greater than g = 1.50

For the displacement-based design method where a design displacement response spec-
trum is needed, the ductility demand is introduced in the elastic displacement response
spectrum in the form of equivalent damping { and therefore in the form of an equivalent n
(see Section 14.2).

3.4.4 Alternative representation of the seismic action
3.4.4.1 General

It has already been noted (see Chapter 2.5) that for the inelastic analysis of earthquakes the
time-history procedure is inevitable. In this context, the input seismic motion must be intro-
duced in the form of a digitised accelerogram. EC8-1/2004, like all the other modern Codes
of Practice (BSSC 2003, SEAOC 1999, ASCE 2007, etc.), foresees a well-defined procedure
similar to those of other internationally known seismic codes for the generation of credible
design accelerograms.

The specified procedures are the following:

e Generation of artificial accelerograms
e Recorded or simulated accelerograms

In case of a structural 3D model, the seismic motion must consist of three simultaneously
acting accelerograms. The two horizontal ones may not be identical.

3.4.4.2 Artificial accelerograms

Artificial accelerograms are mathematical functions generated through random vibration
theory. The most usual procedure is to generate a random signal similar to an accelerogram
record, with an elastic response spectrum for 5% viscous damping that fits the codified
elastic spectrum with a predefined accuracy, say 3-5% (Clough and Penzien, 1993). It
must be noted that this method is an iterative one. Therefore, the output can fit as much
as we like by employing more cycles of iteration. The scope of this book does not allow
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for extended treatment of the subject. Much more information on the generation proce-
dure may be found in more specific textbooks on engineering seismology (Elnashai and Di
Sarno, 2008).

EC8-1/2004 specifies a series of requirements for such an accelerogram, namely:

1. The duration of the accelerograms must comply with the earthquake magnitude and
the relevant seismological information (e.g. distance and depth of the source) that were
taken into account for the determination of ap.

2. The stationary part of the accelerogram, in the case that the seismological information
on this issue is limited, must not be shorter than 10 s.

3. The suite of the artificial accelerograms should obey the following rules:

a. At least three accelerograms are required for analysis.

b. The mean value of PGA of these accelerograms must not be less than a,; of the
elastic design spectrum.

c. The mean values of the 5% viscous damping elastic spectra of the above accel-
erograms must not be less than 90% of the elastic design spectrum in the peri-
od’s region between 0.2T, and 2T,, where T is the fundamental period of the
structure.

Various computer programs have been developed that are proper for the generation of
artificial accelerograms, for example, the SIMQKE-1 platform (Gasparini and Vanmarke,
1976), or ASING (Figure 3.21; Sextos et al., 2003).

The main disadvantage of the artificial accelerograms is that, many times, although all
of them comply with the above-presented requirements, they present serious discrepancies
among them as far as the response strains they cause to the structures. Additionally, very
often they have a greater number of cycles of high amplitude than the natural accelero-
grams, a fact that leads to overly conservative response demands of the structure.

3.4.4.3 Recorded or simulated accelerograms

The use of natural records, and particularly those recorded at the reference region for
which the accelerograms must be developed, constitutes theoretically the best procedure
for obtaining this type of accelerogram by scaling them to the codified elastic accel-
eration spectrum. However, the requirements of EC8-1/2004 for the identical suite for
both recorded and artificial ones make the procedure difficult. The reason is that many
times the scaling to PGA leads to spectra not compatible with the codified ones and vice
versa. So, very often, analysts have to run to various data banks and try many natural
records of other regions with seismological characteristics similar to the reference loca-
tion until the proper records are found that are compatible with the Code specifications
(e.g. European Commission project site http://www.isesd.cv.ic.ac.uk/esd; Elnashai and
Di Sarno, 2008).

The same holds for the simulated accelerograms that are generated through a physical
simulation of the earthquake source, the wave path, and the soil conditions. In conclusion,
it should be mentioned that for many years extended research has been carried out for the
generation of more reliable criteria based on quantitative intensity scales (see Chapter 2)
for a comparative evaluation of the natural records instead of the requirements specified
by modern Codes (Housner, 1953; Nau and Hall, 1984; Kappos, 1991; Matsumura, 1992;
Martinez-Rueda, 1997; Elnashai, 1998).
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Figure 3.2 Artificial accelerogram for PGA =0.24 g. (After Sextos, A., Pitilakis, K. and Kappos, A. 2003.
Earthquake Engineering and Structural Dynamics, V, 32(4), 607-627.)

3.4.5 Combination of seismic action with other actions

The design values E, of the various action effects in the seismic design combination are deter-
mined according to EC8-1/2004 by combining the values of the relevant actions as follows:

NGyt A B+ Y w0y (3.50)

where '+ implies ‘combined with’, £ implies ‘the combined effect of’, G; is the character-
istic value of permanent actions j (dead loads), Ay, is the design value of the seismic action
including the importance factor v, P, is the characteristic value of pre-stressing action, Y,
is the combination coefficient for the variable action 7, and Q,; is the characteristic value of
variable action i.

The combination coefficient g, is given according to EC8-1/2004 by the expression:

Vg = Oy
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where
\y,; is the combination coefficient for the quasi-permanent value of variable action Q.
¢ is a reduction factor ranging between 1.0 and 0.5 depending on the type of variable
action.

The combination actions given in expression (3.50) are used for both the ULS and the
damage limitation state (see subsection 3.5.3).

The effects of the seismic action are defined by considering that all gravity loads and con-
sequently the relevant masses appearing in the following combination of actions are present:

D G+ Y WOx (3.51)

where y; is a combination coefficient for the variable action i presented above. Expressions
(3.50) and (3.51) will be discussed in detail in Subsection 5.8.1.

3.5 PERFORMANCE REQUIREMENTS AND COMPLIANCE CRITERIA

3.5.1 Introduction

During the last 15 years, in the United States there has been an increasing interest in defin-
ing design objectives based on the performance of the building (performance-based design).
The term performance levels refers to damage states associated with the post-earthquake
disposition of the buildings that are important to the building users.

It is important to note that the performance levels may be based on socioeconomic losses
or on nonstructural or structural building damage. Since the objective of this book is the
structural design of R/C buildings in seismic regions, the discussion will be focused on
structural performance levels.

In the document Vision 2.000 (SEAOC, 1995), which has exercised a strong influence on
the formation of recent seismic design philosophy, four performance levels are defined. These
levels, as they were later formulated by FEMA (FEMA 273, 274, 1997), are presented below:

o Level 1: Fully operational — The building continues to operate with insignificant damage.

o Level 2: Immediate occupancy — Damage is relatively limited. The structure retains a
significant portion of its original stiffness and most or all of its original strength.

e Level 3: Life safety — Substantial damage has occurred to the structure and it may
have lost a significant amount of its original stiffness. However, a substantial margin
remains for additional lateral deformation before collapse would occur. In this respect,
life is protected.

o Level 4: Collapse prevention — The building has experienced extreme damage. Life is
at risk. If it is laterally deformed beyond this point due to post-earthquake action, the
structure can experience instability and collapse.

It is obvious that the above descriptive definition of the performance levels must be given
in an engineering form so that they may be expressed quantitatively. Figure 3.22a presents a
typical capacity curve of a ductile building, where the various performance levels have been
depicted, while Figure 3.22b presents the same curve for a ‘brittle’ building.
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Figure 3.22 Typical capacity curve of an R/C building with the characteristic performance levels: (a) building
with a ductile behaviour; (b) building with a brittle behaviour. (Adapted from FEMA 273, 274.
1997. NEHPR Guidelines for the Seismic Rehabilitation of Buildings, FEMA, Washington, DC.)

It should be noted that the structure should be designed and constructed to satisfy the
specified performance levels. This constitutes one of the main objectives of the seismic
design. It should also be noted that the compliance of the structural response with a speci-
fied performance level on the general capacity curve of the structure (Figure 3.22) does not
ensure the satisfaction of the relevant performance level locally in the various elements of the
structure. Seismic design has as a basic objective the assurance of the specified performance
level for both the structural elements and the structure as a whole.

The above four performance levels are coupled through the matrix of Figure 3.23 with
the followings four levels of seismic excitation, which were introduced by FEMA (FEMA
273; 274, 1997).
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Figure 3.23 Matrix coupling of four performance levels with four levels of seismic excitation. The diago-
nal corresponds to the basic objectives for normal buildings. (Adapted from FEMA 273, 274.
1997. NEHPR Guidelines for the Seismic Rehabilitation of Buildings, FEMA, Washington, DC.)

e EQ-I: 50% probability in 50 years (50% of EQ-III)
Mean return period 72 years
e EQ-II: 20% probability in 50 years (70% of EQ-III)
Mean return period 225 years
e EQ-III: 10% probability in 50 years (reference seismic action)
Mean return period 475 years
e EQ-IV: 2% probability in 50 years (150% of EQ-III)
Mean return period 2,475 years

The matrix diagonal corresponds to the basic objectives for normal buildings. This
means that all diagonal combinations must be fulfilled.

It is evident that as the performance moves to higher levels the relevant seismic action for
which the structure must be analysed and designed is also higher.

3.5.2 Performance requirements according to EC 8-1/2004

In Europe, the performance levels have a long history, beginning in 1970 (CEB, 1970; Rowe,
1970) in the form of ‘limit states’. These are states ‘beyond which the structure no longer fulfils
the relevant design criteria’ (EN 1990, 2002). The whole structure of Eurocodes is based on
the concept of ‘limit states’ for all structural materials and all loadings. These are given below:

e Ultimate limit state (ULS)
e Serviceability limit state (SLS)
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The first has to do with life safety and the second with comfort during operation. It is evi-
dent that the first is combined with higher loading (higher partial safety factor for loading)
than the second one.

For seismic design, a proper transformation has been made by EC8-1/2004 in order for
the system to comply with the philosophy of seismic design presented in Section 3.2. So, the
performance requirements introduced are two, namely:

e Non-(local) collapse requirement

According to this requirement the structure must be designed and constructed to withstand
the design seismic action coupled to this requirement without local or global collapse retain-
ing its structural integrity and a residual load-bearing capacity after the seismic event.

* Damage limitation requirement

The structure should be designed and constructed to withstand a seismic action that has a
larger probability of occurrence than the design seismic action without sustaining damage
that could impose any limitation on the use of the structure.

The above two performance requirements are coupled through the matrix of Figure 3.24
with the following two levels of seismic excitation:

e EQ-III: The reference seismic action a,z associated with a reference probability of
exceedance Pycg = 10% in 50 years or a reference return period Tycg =475 years mul-
tiplied by the importance factor v, that is, a, = y,a,z (recommended values for y;; see
subsection 3.4.3).
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Figure 3.24 Matrix coupling of three performance levels with three levels of seismic excitation for new
buildings according to EC8-1/2004.
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* EQ-I: The seismic action a,, associated with a probability of exceedance Py, =10%
in 10 years or a reference return period Ty, = 95 years, that is, a,p = va,z where v=0.5
for importance classes I and II, and v=0.4 for importance classes IIT and IV. The
above values are recommended by EC8-1/2004. Different values for use in each E.U.
member state may be found in its National Annex.

From what has been presented so far it seems that the performance requirements speci-
fied by EC 8-1/2004 do not agree with those of FEMA (Figure 3.23), since they do not
include the basic concept presented in Section 3.1, according to which in case of a high-
intensity earthquake with a return period much longer than that of the design earthquake
the building should withstand it without collapse. This lack of agreement is rather superfi-
cial. Indeed, although no additional performance requirement for collapse prevention under
a very rare seismic motion (e.g. mean return period of 2,475 years) is explicitly stated, it is
considered that a series of provisions of EC 8-1/2004 for proper energy dissipation abilities
of the structure together with the capacity design approach (see Chapter 6) implicitly ensure
this third performance requirement (Figure 3.20 dashed part).

3.5.3 Compliance criteria

3.5.3.1 General

For the satisfaction of the above-mentioned performance requirements, the following two
limit states shall be checked:

e ULS
¢ Damage limitation state (DLS)

The first is associated with local collapse or other forms of failure, which might endanger
life safety.
The second is associated with damage beyond which the service ability of the building is
degraded.

In order to ensure the protection of the building against collapse under seismic actions
much more severe than the design ones, a number of specific measures must be taken. This
last principle of EC8-1/2004 is the first answer to the remarks of the last paragraph of
Subsection 3.5.2.

3.5.3.2 Ultimate limit state

Two parameters must be verified for the ULS:

e Sufficient strength
¢ Corresponding sufficient ductility

These two parameters are closely related, as there is a counter-balance between strength and
ductility during seismic excitation. This issue has been discussed extensively in previous sec-
tions (see Section 3.2). Design for the ULS is a force-based procedure, as it was explained in
Section 3.2, although the combination of strength and ductility is a matter of energy absorp-
tion and dissipation by the structure, which is finally expressed in the form of inelastic dis-
placements. As it has already been noted over and over again, if this displacement demand
is less than displacement supply scaled by a safety factor, the structure can withstand the
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seismic motion sufficiently. However, for the design of the ULS for new buildings, the force-
based design method has been adopted in all modern Codes.
According to this procedure:

1. The structure is analysed for gravity loads and seismic motion using linear elastic—
static or linear dynamic methods. For the seismic motion, the codified elastic accel-
eration response spectrum is reduced by the behaviour factor g, ranging between 1.5
and 5.0 of its elastic values (design spectrum) depending on the ductility level of the
structure (g-factor).

2. Then the structure is designed for a linear combination of internal forces (action
effects) caused by gravity loads and reduced by g seismic actions. The dimensioning
is carried out as for all other load cases implemented in the case of Eurocodes EC 2-1-
1/2004, that is,

[E] < [R4] (3.52)

where
[E,] is the design internal forces (action effects) for load combinations of gravity
loads and design seismic actions.
[Rg] is the design resistance of each cross-section calculated according to the rules
of the relevant Codes in effect for all the other load cases.

3. In this way, it is obvious that the structure indirectly enters the post-elastic range, since
it has been designed for reduced seismic actions by g = 1.5-5.0. Therefore, this reduced
strength must be combined with measures for sufficient ductility. These measures are
based on dimensioning and detailing rules. These rules are specified in Seismic Codes,
and as the codified ductility demand becomes higher so these rules become stricter.
All these rules will be presented, analysed, explained and discussed in Chapters 8
through 10. The safety factor ensured in this way seems to be in terms of displace-
ments between 1.50 and 2.00 (see Figure 3.22).

Summarising the procedure presented in the above three items, it can be said that the
benefit due to seismic force reduction is partially balanced by the cost for higher ductility.
Indeed, the results of extended cost—benefit analyses on this issue have shown that the choice
to reduce forces and improve ductility is cost beneficial. What is more important, it is much
easier to improve ductility in order to withstand unexpected very rare severe earthquakes
than to improve strength.

In conclusion, it would be interesting to discuss the reasons for which the force-based
design method has been adopted by modern Codes for the design of new buildings. This
must be attributed to the following reasons:

1. The structure is analysed using linear methods that are simpler and much more reliable
than the inelastic ones, which are necessary for a displacement-based design (genera-
tion of the capacity curve).

2. Under these conditions, analysis and design for seismic actions is carried out as for all
other loadings, and therefore the usual superposition procedures can be adopted.

3. Analysis and dimensioning are separated. The analysis precedes and dimensioning
follows based on the results of the analysis, while in the case of inelastic procedure the
dimensioning must proceed based on approximate methods. In other words, the proce-
dure of the displacement-based design is a procedure for assessment and verification.
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In the next chapters (Chapters 5, 8 and 9), a detailed discussion will be carried out on
quantitative procedures for the relation between the overall ductility demand of the struc-
ture in the form of g-factor and ductility demand py, at the level of the structural elements
(local ductility). In this respect, structural members will be either designed for ensuring
local ductility supply in critical regions, for which there are relevant Code requirements, or
will be detailed according to rules specified by Code.

3.5.3.3 Damage limitation state

This limit state protects the structure mainly from non-structural damage (in-fill walls,
plasters, window glass, etc.) caused by frequent earthquakes. For these earthquakes (EQ-I
subsection 3.5.2), the structure must present deformation (interstorey drifts) that satisfy the
deformation limits defined by the Code, so that the building is safe against unacceptable
damage.

3.5.3.4 Specific measures

As it was noted at the beginning of this subsection, a series of specific measures is foreseen
in all modern Codes for prevention of the collapse of the building in case of an unexpected,
very rare and more severe earthquake than the design earthquake. These measures specified
by EC8-1/2004 refer to:

e Design
e Foundations
¢ Quality system plan

Specifically, for R/C buildings, additional measures are imposed to cover:

e Resistance uncertainties.

¢ Ductility uncertainties.

¢ General configuration of the building. The design measures specify rules and principles
for regularity in plan and elevation, for ensuring a hierarchy in the loss of resistance
of the structural members by means of capacity design procedures, so that premature
failure may be avoided, and for taking into account soil deformability and adjacent
structures in the formation of structural models.

¢ For the foundation, the Code imposes the basic principle for overstrength design of the
foundation so that failure is limited to the super-structure.

¢ For the quality system plan the Code specifies a series of obligations that should be
taken into account during the preparation of drawings, technical reports, and techni-
cal specifications for the design of the building.

¢ For resistance uncertainties in R/C buildings, the Code provides minimum dimensions
and special detailing of the structural members.

¢ For ductility uncertainties in R/C buildings, minimum-maximum reinforcement lim-
its are foreseen at the critical regions and limited normalised axial forces at the vertical
R/C members (columns, structural walls).

In the chapters that follow, the implementation of the preceding principles presented in
this section (Section 3.5) will be presented in detail.



Chapter 4

Configuration of earthquake-resistant
R/C structural systems

Structural behaviour

4.1 GENERAL

One of the basic factors contributing to the proper seismic behaviour of a building is a ratio-
nal conceptual design of the structural system in a way that lateral seismic actions (inertia-
forces) are transferred to the ground without excessive rotations of the building and in a
ductile manner. This cannot be achieved only through mandatory requirements of the Code.
Therefore, there are also some general principles that can lead to the desirable result when
they are followed. The guidelines that should govern a conceptual design against seismic
hazard according to EC8-1/2004 are:

Structural simplicity

Uniformity and symmetry
Redundancy

Bidirectional resistance and stiffness
Torsional resistance and stiffness
Diaphragmatic action at storey levels
Adequate foundation

It should be mentioned that after a thorough examination of the 103 most badly damaged
or collapsed R/C buildings in Athens after the earthquake of Parnitha (7-9-1999), it was
found that 29 of these buildings had failed mainly due to their poor configuration (OASP,
2000). This was attributed mainly to the absence of collaboration between the architect and
the structural engineer at the early stages of planning when a satisfactory compromise could
have been reached. Of course, this is a usual situation only in small- and medium-sized
buildings where there are not distinct stages of a preliminary design, predesign, and final
design where this collaboration is consolidated.

It should also be remembered (see Subsection 3.4.2) that in the case of big projects, geo-
technical site investigations should be carried out and a geotechnical report should be pre-
pared by an expert in soil mechanics to include all necessary information about:

The stratification profile

The mechanical properties of the soil

The ground type (see Paragraph 3.4.2.2)

The water table

The presence of liquefiable soils

The proposal on the type of foundation (shallow or deep)

It must be noted that even in case of small projects it is necessary that soil investigation be
carried out if there is no relevant information from buildings existing in the neighbourhood.
In the next section, a discussion will be presented on the guidelines stated above.

125
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4.2 BASIC PRINCIPLES OF CONCEPTUAL DESIGN

4.2.1 Structural simplicity

The existence of simple structural systems with easily identified load paths for the trans-
mission of gravity and seismic loads from the structural members to the foundation must
be a basic objective of the conceptual design. It must be noted that in the case of a simple
structural system the results of analysis and design are much more credible than those of a
complicated one. In Figure 4.1 some simple structural systems are given in a plan.

4.2.2 Structural regularity in plan and elevation

Buildings regular in plan and in elevation, without re-entrant corners and discontinuities in
transferring the vertical loads to the ground, display good seismic behaviour. The presence
of irregularities in plan leads to stress concentrations dangerous to the structure. In this
case, if necessary, the entire building with re-entrant corners in plan may be subdivided by
seismic joints into independent seismic compact parts (Figures 4.2 and 4.4).

Uniformity in elevation in mass and stiffness distribution is of essential importance for good
seismic behaviour. Discontinuities in load transfer to the foundation with walls or columns
‘planted on’ beams and discontinued below, or discontinuities in deck diaphragms or build-
ing aspects with re-entrant corners are bad signs for the behaviour of the building in case of a
strong earthquake (Figures 4.4 and 4.5). Although the symmetrical arrangement of stiffness
elements is not always possible due to architectural constraints, there should be a special con-
cern in this direction so that torsionally flexible or asymmetric structures, which can cause
failures to the corner columns and the walls at the perimeter, will be avoided (Figures 4.2
through 4.5; Baden Wiirttenderg Innenministerium, 1985; see also Sections 2.4 and 5.3).

(a) M

1t
HH

(c)

Figure 4.1 Structural systems characterised by simplicity: (a) a typical form of a frame system; (b) a typical
configuration of an R/C shear wall system; (c) a dual system with an R/C core and frames.



Configuration of earthquake-resistant R/C structural systems 127

Unfavourable Favourable

N —
1 Al
]
Ground movement

danger of slab splitting o I

Additional
stiffness

Strengthening

Figure 4.2 Unfavourable and favourable geometric configuration in plan.

4.2.3 Form of structural walls

In the case that they span voids between adjacent R/C columns, R/C structural walls should
span the whole distance between them. In this way, the stiffness, strength, and ductility of
the structure are improved (Figure 4.6).
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Figure 4.3 Distribution of mass and stiffness in plan.
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Figure 4.5 Distribution of mass and stiffness in elevation.



Configuration of earthquake-resistant R/C structural systems 129

() T

T
I

Figure 4.6 Layout of shear walls at the perimeter (a) acceptable arrangement, (b) improved arrangement.

4.2.4 Structural redundancy

All the structural elements, including the foundation, should be well interconnected to build
a monolithic, robust structure with high redundancy. High stiffness cores (staircases-shafts)
lying in the perimeter of the building may be easily separated during an earthquake from the
diaphragmatic system, leading the structure to unexpected response (Figure 4.7).

4.2.5 Avoidance of short columns

Short columns resulting from the presence of mezzanines or stiff masonry or R/C parapets
below the windows should be avoided. If such arrangements cannot be avoided, their effect
on the behaviour of the structure should be taken into account as far as the load effects,
ductility, and shear capacity are concerned (see Subsection 8.3.6; Figures 4.8 and 4.9).

Corereaction._..:: et A —~——{;;::::;;::“h::\‘ Core reaction
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Figure 4.7 Unfavourable core arrangement; diaphragm at risk due to shear failure at the connections to the
cores.
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Figure 4.8 Concentration of large shear forces on short columns at the perimeter of the building.

4.2.6 Avoidance of using flat slab frames as main structural
systems

Flat slab systems (Figure 4.10) without beams, although quite attractive in construction due
to the low cost for formwork and the free space at storey for the arrangement of E/M ducts,
should be avoided, as they are not covered completely by EC8-1/2004. This does not mean
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Figure 4.9 Concentration of large shear forces on short mezzanine columns.
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Figure 4.10 Flat slab systems; (a) slab directly on columns, (b) slab with drop panels.

that they cannot be combined with structural walls or cores and frames capable of carrying
the seismic actions (Figures 4.11 and 4.12).

4.2.7 Avoidance of a soft storey

Large discontinuities in the infill system in elevation (such as open-ground storeys) should
be avoided (Figure 4.5). A stiffness discontinuity of this type generates a soft storey mecha-
nism, which is very susceptible to collapse.

In the case that this type of structure cannot be avoided, as it happens in most
Mediterranean countries where the General Building Code imposes an open storey at the
ground level (Pilotis system), special measures should be taken in analysis and detailing of
the structural walls and the columns.

4.2.8 Diaphragmatic behaviour

The system of the floors and roof of a multistorey building constitutes the basic mechanism
for transfer of inertial seismic forces from the slabs of the building where the masses are
distributed to the vertical structural members (columns and structural walls) and thereby
to the foundation. In parallel, the system of the slabs, particularly of cast in situ R/C
buildings, ensures the behaviour of each storey deck as a rigid disc in plane, that is, as a
horizontal diaphragm, but that is flexible in the vertical direction. In this way the storey
diaphragms contribute to increasing the system’s redundancy. It is evident that the creation
of this 3D structure with high redundancy can be generated very easily in case of R/C
buildings cast in situ.

When an R/C building has a compact form in plan it is obvious that there is not any risk
for structural failure of the diaphragms. However, when the structural system includes R/C
cores of high stiffness at the limit of its perimeter (Figure 4.7) or in case of the existence of
re-entrant corners in plan (Figure 4.2) or very large floor openings (Figures 4.13, 4.14 and
4.15), the diaphragmatic function may fail, and therefore special attention must be given to
the analysis and design of the diaphragm itself (i.e., the analysis and design of the slab as a
disc in-plane under the action of the inertial forces and the shear reactions of the vertical
structural members on the disc).

4.2.9 Bi-directional resistance and stiffness

The structural elements should be arranged in an orthogonal in-plan structural pattern
ensuring similar resistance, stiffness, and ductility in both main directions (bi-directional
function) since the seismic action may have any direction, and in this context the structure
must be in a position to withstand any excitation with its two orthogonal components.
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Figure 4.11 VRBANI, Zagreb mall; basements with flat slab frames and walls at the perimeter; frame system
at the superstructure with limited shear walls.

4.2.10 Strong columns-weak beams

Structures have to be composed of strong columns and weak beams for capacity design
reasons. In Chapter 6 this recommendation will be discussed in detail.

4.2.11 Provision of a second line of defense

It is recommended to include in the structural system in parallel to shear walls a second line
of defense formed by ductile frames. Thus, the dual system (structural walls combined with
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Figure 4.12 Flat slab frames combined with shear (ductile) walls.
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ductile frames) seems to be the most appropriate for resisting seismic action. ASCE 7-05
requires that, independent of the results of the analysis, 25% of the earthquake actions have
to be carried by these frames. It should be noted that EC8-1/2004 does not impose such an
obligation; instead, in the case that the frames resist for more than 35% of the base shear,
the structural system is upgraded as far as its behaviour factory is concerned.
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Figure 4.13 Palace-Aliki theaters, Athens, Greece; Elevation.
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Figure 4.14 Palace—Aliki theaters, Athens, Greece 3rd eigen mode of the structure at the level of balconies
(FEM elastic modal spectrum analysis).
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Figure 4.15 Palace—Aliki theaters, Athens, Greece. Axial forces of beams at the level of balconies due to
seismic combination in the y-y direction.

4.2.12 Adequate foundation system

The foundation plays a crucial role in the behaviour of the building in response to seismic
actions. It should be noted that no matter what material is used for the superstructure, R/C
is used almost exclusively for the foundation. The following recommendations should be
kept in mind as far as the foundation is concerned:

e The site where the building will be constructed must be free of risks of soil rupture,
slope instability, and permanent settling caused by liquefaction or densification in the
event of an earthquake (see also Subsections 3.4.2 and 10.2.3).

¢ In the case of shallow foundations, the recommended system is a mat foundation or a
grid of foundation beams or at least a grid of tie beams between the independent pads
in case of firm soil or bedrock.
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Figure 4.16 Foundation issues of shear (ductile) walls (a) wall response in a dual system under lateral loading;
its behaviour maybe simulated to a one end fixed cantilever supported by a spring at the other
end (b) wall foundation on a pad; overturning risk; (c) connections of the wall with the external
columns with a foundation beam: diminishing of the risk of overturning due to enhancement of
the total axial force and broadening of the foundation basis.

e In the case of deep foundations (piles), the use of a foundation slab or tie-beams
between pile caps in both main directions is recommended.

e The existence of a basement with one or more underground storeys is a very good
opportunity for the formation of an underground box structure. This box structure
consists or a foundation mat or a grillage of foundation beams, a perimetric R/C wall
system acting in parallel as a retaining wall for earth pressure, vertical structural
members (columns, structural walls) in the basement space, and the ground slab of the
building. This box acts as a solid structure that safeguards the synchronous vibration
of all vertical structural members at the level of the foundation (Figure 10.4), and in
parallel it diminishes the overturning risk that exists in the case of eventual indepen-
dent footings of the walls (Figure 4.16).

e It is evident that all recommendations for foundations so far, except for the first one,
have as their main objective making sure that all vertical elements have a synchronous
excitation during a seismic motion, which is a basic design principle (see Subsection
2.4.4). Indeed, it should not be forgotten that the seismic actions reach the foundation
in the form of waves (Figure 4.17). Thus, if footings are not well interconnected, each
of them experiences an asynchronous vibration.

e Finally, it is recommended that all footings rest, if possible, on the same horizontal
level (Figure 4.18).

|4— L wave ~I

Figure 4.17 Relative displacement of the footings of columns i and k of a phase difference of the ground
motion at points i and k.
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Figure 4.18 Unfavourable and favourable configuration of the foundation and the basement.

4.3 PRIMARY AND SECONDARY SEISMIC MEMBERS

EC8-1/2004 allows flexibility to the designer to characterise a number of structural mem-
bers (beams and/or columns) as ‘secondary’ seismic members not forming part of the seis-
mic action system of the building. This means that these elements will be introduced in the
structural model as elements of zero bending stiffness. The reasoning behind this flexibility
is that the designer might combine in the same building members that are not covered by
the Code, like flat slab systems, together with others that are in accordance with the regu-
lations, like ductile frames and/or walls. In this case the ductile members constitute the
‘primary seismic system’ while the secondary ones are used for carrying only gravity loads.

The Code specifies some restrictions in order to allow this procedure in analysis and
design, that is:

1. The total contribution to lateral stiffness of all secondary seismic members should not
exceed 15% of that of all primary seismic members. This can be checked by comparing
the displacements of the centre of mass at the top storey for a horizontal loading in the
two main orthogonal directions of the building, once taking into account the stiffness
of all structural members, and another taking into account the stiffness of the primary
members only. In particular, in the case of a flat slab system, a band of the slab (effective
width) equal to the width of the columns plus two times the thickness of the slab should
be taken into account (ACI 318 M-2011, EAK 2000) for the framing of the columns.

2. The design of the secondary R/C members should take into account, in addition to
the action effects of gravity loads, the bending moments and shear forces that develop
for the displacements at their ends (first- and second-order effects) due to the seismic
action on the primary system. Taking into account that the stiffness of the second-
ary members is not higher than 15% of the primary ones, and that computer-aided
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analysis and design run very fast, it can be said that the above requirement can be
fulfilled approximately by analysing the system again with all its elements, primary
and secondary ones in the same model, and proceeding to the dimensioning of the
secondary members for the action effects due to gravity loads and seismic loading, but
without any ‘capacity design’ considerations.

3. The dimensioning of the secondary seismic members is carried out as in non-seismic
regions (e.g., EC2-1/2002), that is, without taking into account the regulations of
EC8-1 for R/C primary seismic members.

4.4 STRUCTURAL R/C TYPES COVERED BY SEISMIC CODES

The structural system should preferably be composed of frames either alone or coupled with
structural walls in two directions, so that a clearly defined flow of lateral forces is achieved.
The structural walls in this case might be either independent plane members (discs) or com-
bined plane members to form in plan L, T, C, Z sections or tubes. The structural systems
covered by EC8-1/2004 should belong to one of the following structural types according to
their behaviour under horizontal seismic actions:

o Frame system: A structural system in which both the vertical and lateral loads are
mainly resisted by 3D ductile frames with a base shear that exceeds 65% of the total
shear resistance of the whole structural system (Figure 4.1a).

® Ductile wall system: Structural systems in which vertical and lateral actions are
mainly resisted by vertical structural ductile walls, either coupled or uncoupled, with
a shear resistance at the building base that exceeds 65% of the total shear resistance of
the whole structural system (Figure 4.1b). The percentage of shear resistance may be
replaced approximately by the percentage of the shear action effects developed at the
walls under lateral loading.

® Dual system (frame or wall equivalent): A structural system in which support for the
vertical loads is mainly provided by a 3D frame system and resistance to lateral loads
is covered in part by the frame system and in part by coupled or uncoupled structural
walls (Figure 4.1¢c). From the structural point of view these systems must be classified
in two different categories, that is:

* Frame-equivalent dual systems, in which the shear resistance of the frame system
at the building base is greater than 50% of the total shear resistance of the whole
structural system, and

o Wall-equivalent dual systems, in which the shear resistance of the walls at the
building base is higher than 50% of the total seismic resistance of the whole struc-
tural system.

For the above classification the percentage of the shear resistance may be replaced
approximately by the percentage of the shear action effects developed at the walls
under lateral loading.

The above three structural systems, that is:

— Frame systems

— Wall systems

— Dual systems

are the main structural systems in use in earthquake-resistant R/C buildings. In
Table 4.1 an overview is given of these systems together with their corresponding
base shear resistance.
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Table 4.1 Main structural systems for earthquake resisting R/C buildings

Type of structural system Percentage of base shear resisted by the system
Frame system >65% Resisted by frames
Wall system >65% Resisted by walls
Dual system

Frame equivalent >50% Resisted by frames
Wall equivalent >50% Resisted by walls

The quantitative classification of a structure in one of the above categories
according to the percentage of their shear resistance at the base of the building
in relation to the total shear resistance is considered a safe index for the type of
failure mode of the building that is likely to appear under a strong seismic action.
Therefore, it is a good criterion for the evaluation of the ‘behaviour factor’ of the
building, as we will see in the next chapter.

The simplification of the Code to allow the substitution of the ‘shear capacity’
of the vertical structural members at the base of the building by ‘the demand’ in
estimating the percentage of shear participation of frames or walls is a very useful
approach for design practice.

Indeed, for the determination of shear capacity of the structural members, the
procedure of design must be integrated by dimensioning and detailing of the struc-
tural members. However, it is necessary to know the behaviour factor g at the
beginning for the quantification of the design spectrum (see Subsection 3.4.3).
This means that a time-consuming iterative procedure should be established until
the correct g factor is determined. The introduction of the above ‘simplification’
allows the determination of the shear percentages of the structural elements in
each main direction by applying a horizontal static loading at the rigidity centre
of each storey (see Subsections 2.4.4 and 4.5.3) and determining the shear force at
the base of the vertical structural elements. This can be done at the beginning after
the preparation of the formwork drawings and the analytical model (geometry) of
the structure before any analysis or design.

o Torsionally flexible systems: Another crucial point for the above structural systems is
their torsional rigidity. According to the Code, there must be a distinction between
‘torsionally flexible’ and ‘torsionally rigid’ structural systems. Simply speaking, a
‘torsionally flexible system’ is a structural system wherein small eccentricities of the
seismic horizontal forces cause large torsional deformations to the storey diaphragms
and therefore excessive drifts at the perimeter columns of the system, disproportionate
to those caused by the translational displacements (see Subsection 2.4.4; Figure 4.3).

This distinction will be discussed in detail in Chapter 5. For the time being it must
be noted only that in the case that the above systems fall into the category of the
‘torsionally flexible’, they continue to be accepted as systems covered by EC8-1/2004.
However, a series of implications is activated. These implications have to do with the
values of the g-factor of the system and its regularity in plan, which has an influence
on the accepted methods of analysis for the system.

In addition to the four main structural systems presented above, two other less usual sys-
tems are covered by EC8-1/2004. These systems are the following:

o System of large lightly reinforced walls: This is a type of R/C building with the main
structural system consisting of large R/C walls, which carry a large part of the gravity
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loads and the seismic action as well. According to EC8-1/2004, a wall system is clas-
sified as a system of large, lightly reinforced walls if in each of the two orthogonal
directions it includes at least two walls with a horizontal dimension of not less than
4.00 m or 2h /3 (b, is the height of the wall), whichever is less. These walls in each
main direction collectively must support at least 20% of the total gravity load, that
is, 40% of the gravity loads must be carried by walls in both orthogonal directions.
Additionally, the fundamental period T, of the building, assuming fixed walls at the
foundation, must be less than 0.5 s. These systems are considered to belong to ‘wall
family systems’. ‘Behaviour factor’ issues of this type of structural system will be dis-
cussed together with all other types in Chapter 5.

In the case that the system is torsionally flexible, it moves from the category of
walls to the category of the torsionally flexible systems, like the main three systems
described in the previous paragraphs.

o Tnverted pendulum system: A system in which 50% or more of the mass is in the upper
third of the height of the structure, such as with water or TV towers, is classified as an
inverted pendulum system. In the same category structural systems in which the dis-
sipation of energy takes place mainly at the base of a single building element should be
included, like a main shaft for elevators, stairs, and E/M installations combined with
few columns.

One-storey buildings—that is, buildings extended horizontally like industrial instal-
lations, covered stadia, cultural halls, auditoria, and so on—are excluded from the
category of the inverted pendulum if the normalised axial load v, (see Subsection
8.3.4) does not exceed the value of 0.30.

It must be noted here again (see Section 4.2) that concrete buildings with flat slab
frames used as primary seismic elements are not covered by EC8-1/2004.

4.5 RESPONSE OF STRUCTURAL SYSTEMS TO LATERAL LOADING

4.5.1 General

From the discussion so far, it can easily be concluded that even a multimodal response
spectrum analysis results in a series of inertial horizontal loadings, one for each mode (see
Subsection 2.4.3). The final result is in general a load pattern of horizontal forces at the level
of the storey decks parallel to the two main directions of the structure. Therefore, thorough
discussion on the behaviour of the structural systems in use for earthquake-resistant R/C
buildings under horizontal loading is considered to be of major importance. In this respect,
knowledge of the structural behaviour of pseudospatial systems, like R/C buildings, under
horizontal loads turns out to be a useful tool for:

e The conceptual Design of the Structure
¢ Qualitative evaluations of the computational output of the analysis of the seismic load-
ing, no matter which method has been used.

4.5.2 Plane structural systems

As already stated in Section 4.4, the R/C structural systems mainly used in earthquake-
resistant structures are:

e Frame systems
e Wall systems (ductile walls)
¢ Dual systems
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Usually plane systems of the above type arranged in the two main orthogonal directions
of a building compose through the storey diaphragms a pseudospatial structural system (see
Sections 2.4.4 and 4.6) suitable for an R/C earthquake-resistant building. Therefore, before
any reference to the behaviour of pseudospatial systems, it is interesting to study the above
systems in their plane configuration.

4.5.2.] Moment-resisting frames

Frames with rigid girders subjected to lateral forces (Figure 4.19) exhibit zero moments at the
mid-height of the columns, shear distribution at each storey proportional to the moments of
inertia of the cross sections of its columns, and relative displacements (or inter-storey drifts)
proportional to the storey shear:
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From Equation 4.1 it may be concluded that the relative displacements are proportional
to the storey shear; this is the reason why these systems are also called ‘shear systems’. It
should be noted that the ability of these systems to resist horizontal forces derives from the
moment resistance of their joints. The deformation of these systems is such that they display
a concave form on the side of the loading. In conventional frames, due to their T section, the
girders exhibit in general much greater stiffness compared to that of columns. Therefore,
their behaviour is very similar to the behaviour of ‘shear systems’.
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Figure 4.19 Action effects on shear frames under lateral loading; (a) M — diagram; (b) equilibrium between
shear and lateral loads; (c) storey displacements.
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Figure 4.20 Frame system under lateral loading. (a) Moment diagram; (b) axial forces at the columns (oppo-
site sign); (c) displacements due to axial strain of columns.

From the form of the moment diagrams (Figure 4.20) it can be easily concluded that the
areas of potential plastic hinges in the moment-resisting frames are around the joints of the
frame.

At the same time, these systems develop axial forces at the columns as a counter-balance
to the action of the pattern of the horizontal loading (see Figure 4.20b). Consequently, in
addition to the shear action they present a bending deformation due to the compression and
tensile forces of the columns (Figure 4.20¢); so the system for its bending behaviour presents
a convex form on the side of the loading. However, the displacements due to bending are
limited to 15-20% of those of shear action and therefore shear behaviour prevails.

4.5.2.2 Wall systems or flexural systems

Walls coupled with beams of low-flexural stiffness behave under the action of lateral forces
as cantilevers (Figure 4.21). They are also called shear or ductile walls due to the fact that
in structural systems these walls, due to their high stiffness, carry the major part of the base
shear of the structure caused by horizontal loading.
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Figure 4.21 Action effects of shear (ductile) wall system under lateral loading (a) M — diagram; (b) equilib-
rium between shear and lateral loads; (c) storey displacements.
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The shear distribution is approximately proportional to the moments of inertia of the
cross-sections of the walls. The relative displacements of the storeys result mainly from
bending deformation of the walls and therefore they present a convex form of the side of the
loading. Taking into consideration that the bending moments of shear walls present their
maximum value at the base of the walls, it can easily be concluded that the critical region of
these structural members where a plastic hinge could be formed in case of a strong earth-
quake is likely to be at its base.

4.5.2.3 Coupled shear walls

When shear walls are arranged at the perimeter of the building, very often they have the
form of coupled walls with spandrels arranged above door or window openings at the fagade
of the building (Figure 4.22).

Moment diagrams of these systems are depicted in Figure 4.22. The main characteristic
of these diagrams is that the end moment at the base of each of the two walls is smaller
than the half of the end moment that would be developed in the case that the stiffness of the
spandrels is zero. This reduction of the end-moment at the base of the walls is attributable
to the function of the spandrels. In fact, as their stiffness increases, the end-moment of the
walls diminishes, to the limit form of Figure 4.22g.
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Figure 4.22 (a) Response of coupled shear walls under lateral loading; (b) to (g) the influence of the spandrel
stiffness on the moment diagrams of the walls.
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This is attributable to the fact that a percentage of the external total moment of the hori-
zontal loading pattern is carried by a couple of internal axial forces N at the base of the
two coupled walls. These axial forces are caused by the shear forces of the spandrels (Figure
4.22a). The shear forces of the spandrels take high and alternative values due to the cyclic
seismic motion. This, together with their ability to dissipate energy, will be discussed in a
later chapter (see Subsection 9.2.4).

4.5.2.4 Dual systems

The coupling of ductile frames and shear walls into a dual system under lateral loading
results in such interaction forces that alter the moment and shear diagrams of both the
frame and the wall (Figure 4.23). This is attributable to the completely different deforma-
tion shape of the individual components. The characteristic of this combination is that at
the lower storeys the wall retains the frame while at the upper floors the frame inhibits the
large displacements of the wall. As a result, the frame exhibits a small variation in storey
shear V between the first and the last floor. Therefore, the moment diagram of the columns
is antisymmetric, with small variation from storey to storey. This observation allows the
simulation of the dual system with the frame and the wall coupled only at the top of the
building (Figure 4.24; Macleod, 1970).

The basic conclusion of the analysis of the dual system is that the function of the wall
resembles a beam that is fixed at the bottom and has an elastic support at the top, and
therefore the fixed-end moment is sufficiently large but less than the fixed-end moment of
a cantilever. These models may be considered realistic if the wall is completely fixed at the
ground level through a robust foundation (e.g., mat-foundation, piles with pile cup, and tie
beams, etc.). Otherwise, the fixed-end moment of the wall is further reduced without any
significant reduction of the shear forces while the moments of the beams coupling the wall
increase. The diagrams of Figure (4.25a—d) correspond to 100%, 50% and 25% rotational
restraint of the fixed end. The fact that shear wall failures in the past due to strong earth-
quakes were almost always x-shaped-type-shear failures (x-shaped cracks at the base) and
seldom flexural-type-failures (horizontal cracks or crushing of the wall edges at the base)
should be attributed to the elastic rotation of the wall foundation.
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Figure 4.23 Interaction between frame and shear wall in a dual system under lateral loading.
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Figure 4.24 Simulation of coupling between frame and shear wall in a dual system with only one coupling
bar at the top.

4.5.3 Pseudospatial multistorey structural system

Single-storey pseudospatial systems have been analysed already for static and dynamic exci-
tation in Subsection 2.4.4. Here, the response of a multi-storey pseudospatial system to
static lateral loading will be presented, aiming at the integration of the picture of the quali-
tative response of 3D structural systems in use in seismic design of R/C buildings.
Consider the system of Figure 2.47 (Roussopoulos, 1956; Penelis, 1971). Under the action
of lateral forces each floor sustains a relative displacement with respect to the floor below,
which can be described by three independent variables, the horizontal relative displacements
u,; and v,; of the origin coordinate system and the rotation w; of the floor (see Subsection
2.4.4). Thus, the relative displacement of the frame m along the x-axis on the floor j is deter-

mined by the relationship:

ujm = ujo - ('ijm (4.3)

while the relative displacement of a frame n along the y-axis on the same floor by the
relationship:

Uy = 0, + O, (4.4)

n

The above relationships determine the displacements of the joint 7, m of the floor j. In
matrix form they can be written as follows:

U, =u, Wy, (4 5)
v, =V, +Wx, '

n

Next, the lateral stiffness of the plane frames will be defined, taking into account what
has been discussed in Subsection 2.4.4. Consider the frame of Figure 4.26, which is loaded
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restraint. (a) Dual frame—wall structure, (b) wall fully fixed on the ground, (c) wall flexibly sup-
ported on the ground (50% fixity) and (d) wall flexibly supported on the ground (25% fixity).

with horizontal forces H;. Storey shear V; is called the sum of the shears of the columns of
storey j, that is:
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Figure 4.26 Displacement patterns of a plane frame under lateral loading (a) notation; (b) equilibrium of
horizontal forces.

If uy, uy, ..., 15, ..., u; are the relative displacements of the floors due to the action of H;,
then the shear of the storey j is related to the #; through the relationship:

‘/]‘ = Kjlul + Kizuz + -+ K”M] + -+ Kjiui (4,7)

or in matrix form:

V=K-u (4.8)
The above relationship, for u,;=1and #; = u, = -+ = u,; = u;,; = u; = 0 (Figure 4.27)

results in:
Vi =Ky, V, =K,,...V, =K (4.9)

which means that the elements of the matrix K can be considered as the storey shears for a
unit relative displacement of the storey. In the case of rigid girders and s # 7, K are zero, and
the matrix K becomes diagonal.

From the equilibrium conditions of the shear forces of each storey toward the lateral
forces that act on the floor under consideration, 37 equations with 3i unknowns derive, from
which the relative displacements #, v and ® of the floors can be determined.

Indeed, for every storey three equilibrium conditions are set forth, that is:

RIS IS
D Vi =) H, =hy (4.10)

Zvnjx ]ym = h}’le - hXJyG
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Figure 4.27 Structural interpretation of the elements of matrix K.

where x and y are the coordinates of the centre of mass, or in matrix form:
Zvn = h, (4.11)

Substituting Equations 4.5 and 4.8 into Equation 4.11 we obtain:

(ZK'“)“O +0 - (ZKmym)w h.
0+ (ZK)V + (ZKnxn)w =h, (4.12)

—(z Kmym)u0 + (z Knyn)v0 + (z K, x2 +Z Kmyrzn)w = hyxe — hoyg

These equations allow the calculation of the relative displacements and rotation of the
floors in their plane, and consequently the load effects of the horizontal forces on the system.
From the above presentation it is obvious that for an efficient treatment of a pseudospatial
system, even with the simplifications mentioned above under horizontal loadings, strong
computational aid is needed.

If the origin of the coordinate system at every floor is replaced by a new point (see
Subsection 2.4.4) such that the following relationships are fulfilled:

Y Koym =0, D Kyx, =0 (4.13)
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then Equations 4.12 take the following form:

(ZKm)GO = h
(XK. )vo = h, (4.14)

(X K.w + YKoy o = by —hoyg

That is, the unknown u,, vo W and are not coupled anymore.

All coordinates refer to the new systems of coordinates, which are in general different at
each floor. The coordinates of the origin of these new systems with respect to the original
one derive from the following relationships:

Y Kix, D Ky,

== (4.15)

q ZKL b J’q— ZK:n

Keeping in mind the analysis of one- storey pseudospatial systems (Subsection 2.4.4) it
may be concluded that the points with coordinates x; and vy, with respect to the original
system are the centres of stiffness of the successive storeys. These points in general are not
located on a vertical axis. Only in case of a symmetric system with respect to both axes do
the centres of stiffness of the successive storeys lie on a vertical axis passing through the
centre of symmetry of the system.

In case of pseudospatial systems consisting only of frames or only of walls, the values of
V; in Equations 4.6 may be considered approximately as linear relations of the moments of
inertia J; of the columns or the walls under consideration. Therefore, in this case the centre
of stiffness for all storeys may be defined by the relations:

:ngxn , :me
DY /A Y it

applied for the columns or the walls, say, at the ground floor. Thereafter, values of ¢, Tyt
7, 7, may be defined by the Equations (2.78¢, d) and (2.81b), which are valid for one-storey
pseudospatial systems.

This simplification cannot be applied in case of dual systems, that is, systems of coupled
frames and ductile walls (see Subsection 4.5.2) since the response of such a system differs
from the response of its constituent elements. In this case, which is the most common in
practice, EC8-1/2004 allows the national authorities to adopt documented rules in their
national Annex that might provide computational procedures for the determination of a
conventional centre of stiffness and of the torsional radius in multi-storey buildings.

In Greece, the Seismic Code in effect from 2000 until recently had adopted the following
procedure (EAK 2000) (Figure 4.28):

X,

x (4.16)

® Load the successive storeys with a torque proportional to the storey height z:
T,=G -z
G being the dead load of each storey
e Taking into account Equation 4.14 it may easily be concluded that u, and v, are
zero since hx and hy are also zero. Therefore, from the values of the displacements of
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Figure 4.28 Determination of the ‘plasmatic’ axial of centre of stiffness C.

two counter pairs of columns on the perimeter of the system at each storey, the posi-
tion of the centre of stiffness can be determined geometrically, that is, the values x,;
and y,; can be determined. From all these successive centres of stiffness only one is
considered as the conventional centre of stiffness, that is, the centre of stiffness of a
storey which is nearest at a level =0.80 /» where b is the total height of the building. It
has been proven (Anastasiadis, 1997; Makarios, 1997) that if the centres of stiffness
of the successive storeys are considered as lying on a vertical axis passing through this
point called the ‘plasmatic axis of centres of stiffness’, then the sum of the squares
2, o7 of the twists of the successive floors for horizontal loads

H=G-z
passing through the centre of stiffness of each storey, is minimum (least-squares

method).
In parallel the torsional deformation ®, g at height 0.8 h is determined by the relations:

Moy = i = i (417)

where u# and v are the displacements of two counter pairs of columns at the perimeter
of the storey near 0.80 h.
Jrc results from the relation:

S,
j=1 (4.18)

Wo3H

Jrc =

where

IZ{ T,,: the sum of the torques from storey 1 to storey i (last storey)
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® Load the system with a pattern of horizontal forces in x-x and y-y directions suc-
cessively. This pattern must have the form:

Hi =G-z, H;, =Gy (4.19)

and it must pass through the centres of stiffness lying on the ‘plasmatic axis of
centres of rigidity’. The system will exhibit translational — or almost translational
displacements in the x-x and y-y direction with #_ 4oy and v, goiy resulting from
the analysis at storey with level near to 0.8H. The stiffness of the system in the x-x
and y-y direction results from by the following equations:

j=i

Hix
K, =" —
* MC .
o (4.20)
Z Hiy
K, == —
' Ve,0.8H

Therefore, by combining Equations 4.18 and 4.20 the ‘plasmatic’ values of ,, 7,
and J,r may be easily determined.

In the case of a unisymmetric system (for example along the x-axis) both in geometry and
loading, the stiffness centres are on the symmetry plane along which the loading hy also
acts. Consequently, Equations 4.14 take the form:

(ZKm)Zo = by
(X k.)z, =0 (4.21)
m[ZKHEi ; ZKm§i] =0

That is, v, and ® are equal to zero and the system is subjected to a translational displace-
ment #, only, so the problem is simplified into a plane one. (Figure 4.29, see Subsection 2.4.4).

In case that the system is symmetric in both its main directions, the axis of centres of
stiffness coincides with the axis of symmetry. Therefore, for loading in each of these two
main directions passing through the centre of symmetry, uncoupled translational patterns
of displacements appear in x-x and y-y directions. So, the system may be replaced by two
plane systems in the x-x and y-y directions.

4.6 STRUCTURAL CONFIGURATION OF MULTI-STOREY R/C
BUILDINGS

4.6.1 General

The architectural form and the internal ‘anatomy’ of a building are governed by parameters
of ‘aesthetics’ and functioning’. These parameters constitute for the owner the main crite-
ria for his choice of the architectural design for his project, and therefore even of the team
of designers to whom he will award the next steps of the project. Therefore, the structural
system of the building must comply with the basic options for the above two parameters,
and for this reason cooperation of the structural and MEP engineer with the architect of the
project must be established from the early stages of design.
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Figure 4.29 Analysis of a symmetric system.

In this way, after mutual compromises the requirements for:

e The structural system

e The air conditioning

e The elevators for persons and goods

e The MEP storeys.

will be incorporated in the final proposal for the project. Buildings may be classified into the
following main categories:

1. Multi-storey buildings

In this category the following types of buildings may be included:

Residential buildings, Office buildings, Malls, Parking garages, Hotels, etc.

The majority of these buildings are constructed in the centre of cities and are subjected

to numerous consequences because of their vicinity to existing buildings with founda-

tions at various levels.

The basic characteristics of these buildings may be summarised as follows:

a. They usually have small (4.00-5.00 m) or medium size (7.00-8.00 m) spans and a
high number of storeys.

b. They have high gravity loads per plan unit at the foundation level due to the suc-
cessive storeys.

c. The centre of their mass is higher as the number of storeys increases.
The above three characteristics have a series of consequences for multi-storey
buildings, that is:

d. They present serious foundation problems due to the successive storeys and to their
closeness to existing buildings in the case that the existing buildings have founda-
tions at shallower level than the new ones.
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e. They need large column cross sections, particularly at the lower storeys. Therefore,
a significant percentage of useful space on the ground floor and in basements is
lost. For this reason, in the last few years, high-quality concrete, up to C90, has
been used in Europe for high-rise buildings.

f. The seismic horizontal loads are very high due to the large mass of the building.
At the same time, the result of these forces is applied at a considerable height (at
about two-thirds of the height of the building). Therefore, under this loading, the
columns and the structural walls develop at their base high bending moments,
shear forces, and antisymmetric axial forces (tension-compression), and therefore
they are exposed to a high risk of overturning.

g. For buildings with increased number of storeys, the ‘damage limitation state’ from
seismic action becomes critical for either the form of the structural system or its
dimensioning.

2. Buildings developed horizontally

In this category the following types of buildings may be included

a. Industrial buildings, warehouses, malls, etc.

These buildings are usually one-storey buildings with considerable storey height.
Therefore, their gravity load per unit plan is limited. They usually have large spans
(20.00-80.00 m) and are arranged in modular form. The above two characteristics
have the following consequences for their structural behaviour:

b. Basically, the critical load combination is that of gravity loads. In the analysis
and design of these buildings the main concern is focused on girders (R/C or P/C
beams, arches, shells, folded plates etc.) under gravity loads.

c. The operational requirements for open plan spaces exclude almost completely the
use of structural walls. So, the horizontal seismic forces are resisted usually by
bending frames or cantilever columns in both directions.

d. Due to the small masses of the buildings and their low position in relation to the
base of the building the seismic action is not a critical issue for the design options.
Many times it is less important than wind loading.

3. Buildings for special use

In this category the following types of buildings may be included:

a. Stadiums, cultural centres, silos, water towers, water tanks, museums, etc.

Each of the above types of buildings exhibits special problems related to its basic
function. Therefore, it is evident that the characteristics of the above buildings can-
not be classified easily into categories. Each of them is confronted by the structural
engineer who is responsible for the design as a special case for which he mobilises
his knowledge, his experience, and mainly his talent.

From what has been presented so far it emerges that the most critical category
for seismic design is that of multi-storey buildings, both in the stage of preliminary
design and in the stage of the final design. Therefore, our interest will next be
focused on the multi-storey building.

4.6.2 Historical overview of the development of R/C multi-storey
buildings

Since its early steps in history, mankind has tried to express its magnificence by building
mega-structures in height and extent (e.g., the Pyramids, the Tower of Babel, Hagia Sofia,
Gothic cathedrals, etc.). The main materials that were used for centuries in the past were
masonry and timber. These materials did not allow the design and construction of high-rise



Configuration of earthquake-resistant R/C structural systems 153

buildings with many storeys. At the same time, the operation of these buildings without the
existence of elevators was out of the question for residential use.

The industrialisation of the nineteenth century and the subsequent explosion of the popu-
lation of big cities have led to the extension of the cities upward. Steel, the main new indus-
trial material of that period exhibiting high strength and ductility, has constituted the basic
material for the structural system of multi-storey buildings and has dominated up to our
days. In parallel, the development of elevators operated by electric power solved the problem
of vertical transportation of humans and goods. Some buildings of the past with steel struc-
tural systems are mentioned below as examples. (Findel, 1974; Konig and Liphardt, 1990).

e Home Insurance Building in Chicago, 1883. A 10-storey steel skeleton building

e Woolworth building in Manhattan, 1913. A 60-storeystorey steel skeleton building

e Chrysler Building in New York, 1920-1930. A 72-storeystorey steel skeleton building
¢ The Empire State Building, New York, 1929. A 102-storeystorey steel skeleton building

In many skyscrapers of this period the foundations and the floor slabs were constructed
with concrete (composite structures).

After World War I (1918), multi-storey R/C buildings from 10 to 12 storeys began to
appear sporadically. The structural type in use was an imitation of the steel skeleton system,
that is, the traditional beam column frame system combined with R/C slabs, providing in
this way a robust structure with diaphragmatic action at the level of the storeys (Figure 4.1a).

In the early 1950 s the introduction of shear wall type of construction extended the use of
the R/C structural system to buildings of up to 30 storeys (Figure 4.1b).

In the same period the combination of flat slab frames with shear wall structural systems,
due to the low cost of construction and to the flexibility of decks without beams in passing
E/M ducts, helped to spread the use of this R/C structural system to a large number of resi-
dential and office buildings of up to 20 storeys (Figures 4.11 and 4.12).

The development of the frame tube structural system in the 1960s, that is, a perforated
tube in the form of a moment-resisting frame at the perimeter of the building with closely

()

Closely spaced (b)
7 columns

Axial stress based [

on Bernoulli assumptions

Figure 4.30 Framed system: (a) perspective view; (b) stress distribution under lateral loads. (Adapted
from Elnashai, A.S. and Di Sarno, L. 2008. Fundamentals of Earthquake Engineering, Wiley,
West Sussex, UK.)
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Figure 4.31 Dual system (a) Tube-in-tube system; (b) external tube combined with shear walls. (From
Konig, G. and Liphardt, S. 1990. Hochhduser aus Stahlbeton, Beton Kalender, Teil Il, 457-539.
Copyright Wiley-VCH Verlag GmbH & Co. KGaA. Reproduced with permission.)

spaced columns, allowed the extension of R/C buildings up to 40 to 50 storeys (e.g., the
30-storey CBS building in New York, 1965; Figure 4.30).

The development of the tube-in-tube system, that is, internal large cores of shear walls
used as service shafts (staircases-lifts-air ducts) in combination with an external framed
tube-type structure, increased resistance and stiffness and allowed the development of high-
rise concrete buildings of up to 162 floors (Burj Dubai, 818 m high, 2009; Taranath, 2010;
Figures 4.31 and 4.32).

The tube type and the tube-in-tube type structural systems fitted absolutely with the
architectural style of the 1960s that Mies van der Robe had imposed, that is, high-rise build-
ings of prismatic form with an orthogonal, hexagonal, or multicell plan (Figure 4.33). It can
be said that these systems were the outcome of the close cooperation of architecture with
structural engineering for confronting the aesthetic, operational, and resistance problems of
high-rise buildings.

Contemporary post-modern architecture after the Mies van der Rohe period has trans-
formed the prismatic form of high-rise buildings into more plastic shapes. As the building
is extended upward its plan is transformed. Therefore, the tube-type structural systems
can no longer fit post-modern plastic architectural forms. So, the external tube has been
replaced by ‘mega columns.” In Figure 4.34 the structural systems in use for R/C buildings

AYAMAAAAAAAANAY

Section Floor plan

Figure 4.32 Olympia tower, Bucharest, Romania; tube-in-tube system.
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Flat slab d =20 cm
with drop panels
at the columns

Figure 4.33 One Magnificent Mile; tube system with flat slabs and a hexagonal multicell floor plan. (From
Konig, G. and Liphardt, S. 1990. Hochhduser aus Stahlbeton, Beton Kalender, Teil I, 457-539.
Copyright Wiley-VCH Verlag GmbH & Co. KGaA. Reproduced with permission.)

with various numbers of storeys are depicted, while in Figure 4.35 the aspect of several of
the world’s tallest buildings is displayed.

The development of reinforced concrete multi-storey building construction must be attrib-
uted mainly to the development of:

e High-strength materials

e New design concepts

e New structural systems

e New construction methods

Structural Systems for Concrete Buildings

Number of Stories Ultra-tall Building
No. System .
0 10 20 30 40 50 6070 80 90 100 110{120-200 stories
1. | Flatslab and columns —
2. | Flat slab and shear walls —
3. | Flat slab,shear walls and columns —
4. | Coupled shear walls and beams —
5. | Rigid frame —
6. | Widely spaced perimeter tube —
7. | Rigid frame with haunch girders —
8. | Core supported structures e —
9. | Shear wall frame —————
10.| Shear wall haunch girder frame
11.| Closely spaced perimeter tube
12.| Perimeter tube and interior core walls
13.| Exterior diagonal tube
14.| Modular tubes and spine wall systems

with outrigger and belt walls

Figure 4.34 Structural system categories. (Adapted from Taranath, B.S. 2010. Reinforced Concrete Design of
Tall Buildings, CRC Press (Taylor & Francis Group).)
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415 m/1362 ft 421 m/1380 ft

818 m/2684 ft

442 m/1451 ft 509 m/1671 ft

452 m/1483 ft

Hong Kong Shanghai Chicago Kuala Lumpur Taipei Dubai
Two International Jin Mao Sears Tower Petronas Towers Taipei 101 Burj Dubai
Finance Centres Building

Figure 4.35 Comparative heights of some of the world’s tallest buildings. (Adapted from Taranath, B.S. 2010.

Reinforced Concrete Design of Tall buildings, CRC Press (Taylor & Francis Group).)

4.6.3 Structural system and its main characteristics

4.6.3.1 General

The main structural systems in use in multi-storey buildings may be summarised as follows:

Moment resisting frames

Shear wall systems

Frame-wall or dual systems

Flat slabs combined with shear walls and frames
Tube systems

Tube-in-tube systems

Core-mega column systems

The above systems are covered completely by EC8-1/2004.
In the following paragraphs a short overview of these systems and their structural char-
acteristics will be made.

4.6.3.2 Buildings with moment-resisting frames

1. These systems consist of plane frames arranged in two orthogonal directions on a modu-

lar shaped plan (Figure 4.1a). The spans usually range between 4.00 and 8.00 m. Span-
to-storey height ratio usually ranges between 1.50 and 2.50. Due to the gravity loads,
larger spans result in greater beam depths, and therefore in limited free storey height.

. The system presents high redundancy, regularity, adequate torsional rigidity, and

structural ability to resist horizontal forces in any direction.

. The values of moment, shear, and axial force diagrams increase gradually from the top

storeys to the fixed base (Figure 4.20). As a result, the demands for the cross-sections
of columns and beams increase at the lower storeys as the number of storeys increases.
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4. The displacement at the top of the system results from the bending deformation of

the beams, with the bending deformation of the columns both constituting the shear
racking of the rectangles formed by the beams and columns and the axial deformation
of the columns (see Figures 4.19 and 4.20). Thus, the total displacement of a moment-
resisting frame comprises:

a. Cantilever behaviour of the building (column axial forces): 15% to 20%.

b. Frame shear type displacement (shear racking) due to bending of beams: 50% to

60%.
c. Frame shear type displacement (shear racking) due to bending of columns: 20% to

30%.

. Due to the low stiffness of moment-resisting frame systems, they present high inter-

story drifts. Therefore, after a number of storeys the building design is governed by the
‘damage limitation state’.

. The high flexibility described above detunes the system from a short predominant

period earthquake, particularly in the case of stiff soil.

. For reasons discussed in the above item, as well as in item 3, this type of structural sys-

tem is used in buildings of up to 20 storeys. Generally speaking, an acceptable aspect
ratio (height to width) of these buildings must be less than 4.

. Keeping in mind the M, V and N diagrams of a moment-resisting frame due to seismic

action, it can easily be concluded that the critical regions that contribute mainly to
seismic force resistance are the joints and a small region of the beams and columns
joining there. Therefore, the strength and ductility of these regions are crucial for the
seismic behaviour of the system, and special care should be taken for their design and
detailing. Even so, if there is a feeling that, due to the absence of skilled craftmanship,
the construction of a frame system might be poor, this type of structure should be
replaced by others (e.g. dual-system or wall system), because in case of failure, soft
storeys are formed, with catastrophic consequences for the building, leading it many
times to ‘pancake’ collapses (Booth and Key, 2006).

4.6.3.3 Buildings with wall systems

1.

2.

According to seismic codes in force, the vertical structural members with a ratio of
cross-section dimensions greater than 4 are defined as ‘walls’.

These members are characterised by their high stiffness in relation to columns with
equivalent cross section. For example, the moment of inertia of a wall 0.20 x2.5 m
compared to that of a column 0.70 x 0.70 m with the same cross-section area is about
14 times more. Consequently, R/C walls constitute the most effective tool for the radi-
cal reduction of interstory drifts and the displacements of the storeys. At the same
time, when walls and columns participate together in the resisting system of a build-
ing, walls with a total area equal to that of the columns undertake the main part of
the base shear due to seismic motion. This justifies their definition as structural walls
or shear walls in various English-speaking countries. As already noted, these walls are
characterised as ductile walls by EC 8-1/2004.

. At the same time, shear walls appear to be more effective than columns in undertaking

bending moments. In fact, it is known that the bending resistance of an R/C section
results approximately from the relation:

IM,, = 2f,4A, = 0.90df,4A, (4.22)
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where
z is the lever arm of internal forces.
d is the structural height of a section.
A, is the area of the reinforcement.
f,a is the design value of the yield strength of steel.

Therefore, given the same reinforcement the ratio of bending resistance from the wall
to the column, in the example above, is:

2.15

A =065

= 3.30 (4.23)

In conclusion, it should be remembered that both walls and columns with equal cross-
section area have almost the same shear capacity.

4. In this context, structural walls seem to respond very effectively to horizontal forces
as far as strength and displacements are concerned. Of course, at first glance the above
spectacularly better behaviour of walls in relation to columns is to a degree superfi-
cial, because it should not be forgotten that columns are not independent cantilevers
in space, but that they are coupled with beams and slabs in frame structural systems.
Columns with beams compose resisting frame systems with reduced bending moments
at the columns compared to those of free cantilevers (shear system, see Paragraph
4.5.2.1), due to their counter flexure deformation within the height of each storey. On
the other hand, the walls respond like free cantilevers with coupled displacements at
the levels of the floors (see Paragraph 4.5.2.2), due to the low out of plane stiffness
of the diaphragms. So, the remarkable difference of behaviour between columns and
walls observed above is reduced to a degree in conventional structures (Figure 4.36).

5. According to EC8-1/2004, the structural system of a building is characterised as a
‘wall system’ in the case that the walls carry at least 65% of the horizontal load-
ing. Since the walls are coupled at the level of the floors in relation to displacements
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Figure 4.36 Comparison of the response of a frame to the response of a wall system under the same lateral
loads: (a) Frame response; (b) wall system response.
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only (diaphragmatic action), they respond like cantilevers (see Subsection 4.5.3). As
a result, if these structural walls were reinforced adequately so that they failed first
to bending and not to shear, this failure would happen at their base, where the bend-
ing moment caused by horizontal loading displays its maximum value. At this critical
region, if the wall is adequately reinforced, plastic deformations may develop a plastic
hinge. Consequently, the energy-dissipating zones in structural walls develop at their
bases (Figure 9.14).

. In the case that the coupling of the shear walls is strong enough with spandrels, these
systems, according to EC8-1/2004, are classified as coupled walls, a fact that has
serious consequences for their analysis and design, as will become apparent in the
following chapters (see Section 9.3). As was explained in Paragraph 4.5.2.3, Figure
4.22, the bending moments at the base of these walls are reduced significantly due to
the development of strong shear forces at their spandrels. At the same time, keeping in
mind that the failure of the spandrels under horizontal loading precedes the failure at
the base of the walls due to high shear, it may easily be concluded that these systems
give an additional first line of defense to seismic action at their spandrels, where the
failure precedes that of the plastic hinges at their bases. For this reason, EC8-1/2004
classifies coupled walls in a higher ‘behaviour’ category than independent walls (see
Subsection 5.4.3).

. In the category of wall systems also belong the systems of large lightly reinforced
walls, for which a first approach has been made in Section 4.4.

. Of course, it should be noted that in order for a plastic hinge to develop at the base of
a wall before its shear failure, the aspect ratio of the wall must be greater than 2 (see
Subsection 9.4.4), that is:

Eaen

> 2.0 (4.24)

In the case that this relation is not fulfilled, as we will see in the next chapter, the
‘behaviour factor’ of the building, which is related directly to its structural ductility, is
reduced drastically, according to EC8-1/2004.

At the same time, in order for shear walls to fulfil their main objective, which is the
reinforcement of buildings with high stiffness, according to design practice they must
have an aspect ratio not smaller than 7, that is:

H

<70 (4.25)

From the above two expressions it may be concluded that a reasonable length [, of
the wall must range between:

[0.15H < [, < 0.50H]| (4.26)

. Wall systems are highly suitable for buildings up to about 20 storeys. For higher build-
ings, due to the quasicantilever behaviour of the structural system, the interstorey
drifts at the upper storeys of buildings begin to be critical at ‘damage limitation state.’
Therefore, the wall system must be assisted by moment-resisting frames coupled with the
walls, which operate as retaining systems for the upper floors (see Paragraph 4.5.2.4).
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10. From what has been discussed so far it can be concluded that the main advantages of
wall systems may be summarised as follows:

a. They provide high strength and stiffness at low cost.

b. Their structural behaviour to past strong earthquakes has proven to be excellent.
The creation of plastic hinges only at the base of the walls does not allow the
formation of an inverted pendulum system as happens in frames, and therefore
excludes collapses of the pancake type that can flatten frames.

c. The constructability of the walls is much better than that of frames where quality
control might be easily lost at hundreds of joints, which are the critical regions of
frames.

d. They provide a very effective system for limited storey drifts in case of frequent
small- or medium-sized earthquakes, and in this way they protect the non-struc-
tural elements, that have a value much higher than that of the structural system.

11. At the same time, some disadvantages must be noted:

a. The redundancy of the system is lower than that of a framed one.

b. The walls present large moments at their base, which usually cause an uplift of
independent footings even if the wall carries high axial loading. Therefore, their
foundation must be well connected with the foundation of the rest of the structural
elements, preferably in a box foundation system (Figures 4.16 and 10.4).

c. Walls are, in general, undesirable elements in architectural design, since they put

obstacles in the way of free communication from space to space at the floor level of
the building.

4.6.3.4 Buildings with dual systems

1. In Paragraphs 4.6.3.2 and 4.6.3.3 above the characteristics of moment-resisting frame
systems and of structural walls have been presented in detail. From the analysis so far,
it can be concluded that the coupling of shear walls with frame systems can provide the
building with the advantages of both and diminish their disadvantages. This combina-
tion of structural walls with moment-resisting frames is defined as a dual system.

2. In these systems, structural walls are usually arranged at the centre of the building
around staircases, lifts, air ducts, etc., in the form of a core, while the frames are
arranged at the perimeter of the building. So, a tube-in-tube system is generated. Not
seldom, when the core is eccentric to the centre of mass of the building in plan, addi-
tional walls are arranged at the perimeter of the buildings so that the stiffness of the
core is balanced. Many times beams are arranged connecting the cores with the perim-
eter columns. Such an arrangement enhances the bearing capacity of slabs for the
gravity loads and in parallel increases the stiffness of the system by carrying a remark-
able percentage of the overturning moment at the base of the building in the form
of a pair of controversial axial forces acting at the columns of the perimeter. So, the
displacements of the storeys due to seismic action diminish (Figure 4.25b). However,
it should be noted that the clear height of the storeys below the beam becomes shorter.
Sometimes, in tube-in-tube buildings with more than 50 storeys, outrigger beams are
arranged at some storeys, aiming at the diminishing of storey displacements, par-
ticularly in the ‘damage limitation state’. This system (tube-in-tube with outriggers or
tube-in-tube with outriggers and mega columns) constitutes the predominant one for
buildings with a very great number of storeys (more than 100 Figure 4.37).

3. In these systems, as has been explained in Paragraph 4.5.2.4, walls retain the frames at
the lower storeys, while at the upper floors, the frames inhibit the large displacements
and large interstorey drifts of the walls.
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Figure 4.37 Outriggers in a shear core combined with perimeter frame (tube). (Adapted from Booth, E. and

Key, D. 2006. Earthquake Design Practice for Buildings, Thomas Telford Ltd.)

4. The above response has the following consequences:

a.

For small intermediate and frequent earthquakes, the building exhibits limited
interstorey drifts, and consequently the damage limitation state is easily accom-
plished, even in very high buildings.

In case of a strong earthquake, the first line of defense appears at the base of the
walls in the form of plastic hinges, which begin to dissipate energy before the yield
of the frames at their joints. Therefore, the risk for generation of a soft storey and
for a pancake collapse is drastically diminished.

The moment-resisting frames constitute a second line of defense for a building,
which is activated after the generation of the plastic hinges at the base of the walls.
In this phase, the building has lost a part of its stiffness due to the plastic hinges
of the walls and therefore is detuned with a subsequent diminishing of the inertial
horizontal forces. ASCE 7-05 required that the moment-resisting frames in dual
systems should have a resisting capacity at least equal to 25% of the base shear of
the system. EC8-1/2004 does not impose such an obligation. Instead, in the case
that the frame resistance is higher than 35% of the base shear, the Code upgrades
the behaviour factor of the system, that is, EC8-1/2004 gives incentives instead of
imposing mandatory requirements.

5. The combination of moment-resisting frames with shear walls provides the building
with a structural system of high redundancy.

6. In the case of outrigger beams, a special concern is necessary to exclude brittle failure
of external columns due to axial overloading. In this context the outriggers should be
designed as ductile members that fail prior to column failure.

4.6.3.5 Buildings with flat slab frames, shear walls and moment-resisting

frames

1. These systems constitute a very common and attractive type of structural system
for multi-storey buildings of up to 10 storeys. The structural system consists of
flat two-way slabs on columns with or without column capitals, shear walls at the
core and/or at the perimeter of the building, and moment-resisting frames at the
perimeter.
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2.

3.

In this system, according to EC8-1/2004, the flat slab frames consisting of columns
and slab strips in both directions are not considered suitable for earthquake loading,
due to the low ductility of the column-slab joints. So, the flat slab frames in such a
system should be considered as a secondary structural system, proper only for gravity
loads (see Subsection 4.2.6, Figure 4.11, Figure 4.12).

These systems are very attractive in construction due to:

a. The simple and low-cost formwork

b. The larger clear storey height

c. The free passage for the E/M installations

4.6.3.6 Buildings with tube systems

1.

(O8]

L

In Paragraph 4.6.3.2 it was already made very clear that in the case of high-rise build-
ings, the beams of the bending resisting frame systems need to be deep enough so that
the beams at the lower storeys are in position to carry moments and shears due to an
earthquake. However, if the internal columns are omitted or if a flat slab system is
arranged in the tube, then the columns of the frames at the perimeter of the build-
ing may be arranged as closely as necessary, while the beams could take the form of
deep spandrels. In this respect, the tube at the perimeter can be a stiff-framed system
capable of carrying the lateral seismic loading.

. In practice, these systems are used in buildings of up to 50 to 55 storeys.
. The columns are spaced close enough (1.50-3.0 m), while spandrels have a depth of

about 0.60 m.

. It is important to note that this structural system has the behaviour of a perforated

tube in response to horizontal actions. When the holes are circular, small, and limited
in number, it behaves like a closed tube and, if the Bernoulli concept holds (aspect
ratio H/I greater than 2), the bending moment at the base is carried by normal forces
with almost linear distribution. If the number of holes increases and they take rectan-
gular form, a large part of the horizontal forces is transferred to the base by the shear
behaviour of the frames parallel to the load direction, that is, through ‘shear lag effect’
(Elnashai and Di Sarno, 2008; Figure 4.30).

. Many times the tubes are hexagonal or multicell (Figure 4.33).
. When the above-described system is combined with a core in its centre, it is trans-

formed to a tube-in-tube system proper for very high-rise buildings (over 100 storeys),
especially if it is combined with outrigger beams every number of storeys. From the
structural point of view, as we have seen before, this system is also characterised as a
dual system.



Chapter 5

Analysis of the structural system

5.1 GENERAL

For the analysis of a structural system for seismic actions, a set of properties of the system
must be taken into account in advance, since according to EC8-1/2004 these properties
influence:

¢ Design actions

e Structural model

e Method of analysis

e Capacity design of columns

These properties are:

e The structural regularity of the building
e Tts torsional flexibility
e The ductility level of the structure

Most modern Codes for the above properties specify quantitative criteria with which the
analysis must comply. The above issues will be examined in detail in the subsequent sections.

5.2 STRUCTURAL REGULARITY

5.2.1 Introduction

For many years up to 1988, the regularity of the building was a qualitative parameter that
had to be taken into account in the preliminary structural design and was given as a rec-
ommendation of the Code. Since then, for the purpose of design, building structures in all
modern Codes are separated into two categories:

¢ Regular buildings
e Non-regular buildings

This distinction has implications for the structural model, the method of analysis, and
the value of the behaviour factor g, which is decreased for buildings that are non-regular in
elevation. More particularly, according to EC8-1/2004:

e The structural model can be either a simplified plane or a spatial one
¢ The method of analysis can be either a simplified lateral force or a modal analysis

163
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Table 5.1 Consequences of structural regularity on seismic analysis

Regularity Allowed simplification Behaviour factor
Plan Elevation Model  Linear-elastic analysis ~ For linear analysis
Yes Yes Planar  Lateral force Reference value
Yes No Planar ~ Modal Decreased value
No Yes Spatial  Lateral force Reference value
No No Spatial  Modal Decreased value

e The reference value of the behaviour factor g, given in Table 5.2 is decreased for build-
ings that are non-regular in elevation. Table 5.1 describes the implications for struc-
tural regularity on the design according to EC8-1/2004.

5.2.2 Criteria for regularity in plan

Buildings regular in plan must fulfill all the following requirements:

e The structural system of the building with respect to lateral stiffness and mass distri-
bution must be approximately symmetric in plan in two orthogonal directions. It is
obvious that in this case the centre of stiffness is very near to the centre of mass.

e The plan configuration must be compact, with re-entrant corners not affecting the
area of the convex envelope of the floor more than 5% (Figure 5.1).

¢ The floor must provide an efficient diaphragmatic action effect, that is, large in-plane
stiffness compared to the stiffness of the vertical members.

¢ The slenderness

7\‘ = Lmax/Lmin
of the building in plan must not be higher than 4, where L, and L, are the orthogo-
nal dimensions in plan of the building.

At each level and for each direction x and vy, the structural eccentricity e,, and the tor-
sional radius 7. must be in accordance with the two conditions below:

L
A B
C emx o b
é '| (A) =——<0.05Ix1ly
€y 2 <005A
! M 0.35[x >0
y
T D , C
035ly>b L7
l .
F E
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Area of ABCEFA : A regularity condition: el <5%

Area of CDE tA A)

Figure 5.1 Condition of regularity at the re-entrant corner.
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e < 0.307,
emy < 0307, (5.1a)

my

and

xc 2 lms
Toe =1 (5.1b)

ye ms

P

where:
em/en, is the distance between the centre of stiffness C and the centre of mass M mea-
sured along the x/y direction, which is normal to the direction of analysis under

consideration (Figure 5.1).

7 [7 is the ‘torsional radius’ with respect to the centre of stiffness, which is the square
root of the ratio of torsional stiffness with respect to the centre of stiffness to the
lateral stiffness in the y/x direction, respectively.

1.« the radius of gyration of the floor mass in plan with respect to the centre of mass M.

7,

cxd

The definition of the above parameters e, €., Teys bms together with 7, and 7, has
been given in Subsections 2.4.4 and 4.5.3. At the same time, in the same subsections their
structural meaning has been clarified in detail together with various simplifications accept-
able to EC8-1/2004 for the calculation of their values. For the sake of convenience, the

results of the analysis in the above subsections are also summarised below:

mx>

1. In the case of pseudospatial systems consisting only of frames or only of walls, the
centres of stiffness C for all storeys lie approximately on a nearly perpendicular axis
passing from a point at the plan of the 1st floor with coordinates with respect to the
centre of mass given by Equation 2.86:

Zi:m : ~ -
_ j=1 J/]X i=1 yllly

Cmx = j=m b emY i=n
27‘:1 ]ix Zi=] /iy
2. Torsional stiffness with respect to the centre of stiffness C is given by Equation 2.87
B j=m i=m
Jrc = Z/jxszc +Z/iyyi2c
j=1 i1
3. Torsional stiffness ]y, with respect to the centre of mass M is given by Equation 2.88:
7 _ m n
Jrm = Jic + en ijx + et%ny Zjix
j=1 i-1

4. Torsional radius with respect to the centre of stiffness is given by Equation 2.90
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5. Torsional radius with respect to the centre of mass is given by Equation 2.91

Zlejjx

6. Radius of gyration with respect to the centre of mass (orthogonal plan) is given by
Equation 2.113:

1—\/]7— b + d?
™ Nom 12

7. In the case of a pseudospatial system consisting of dual systems, the methodology of
‘plasmatic axis’ of centres of stiffness may be followed (Subsection 4.5.3).

Jm
m

5.2.3 Criteria for regularity in elevation

Buildings regular in elevation must fulfill the following requirements:

e All lateral resisting systems must run without interruption from their foundation to
the top of the building.

¢ In framed buildings, the ratio of the actual storey capacity to the demand required by
the analysis should not vary disproportionately between adjacent storeys. Special con-
cern must be given to masonry infilled frames (see Paragraph 8.5.3.2).

¢ Both the lateral stiffness and the mass of the individual storeys must remain constant
or diminish gradually from the base to the top of the building.

¢ Special consideration must be given in the case that setbacks are present.

In the case that any one of the above requirements is not fulfilled, the structural system is
considered non-regular in elevation, and therefore the reference values of behaviour factors
given in Table 5.2 are decreased to 0.80 of their value.

5.2.4 Conclusions

1. The criteria for regularity in plan are mainly qualitative and can be checked very
easily at the beginning of the analytical procedure. Only the last one, the verification
of Equations 5.1a and 5.1b, needs complicated calculations. However, acceptance by
EC8-1/2004 of simplified procedures for the determination of the parameters included
in Equations 5.1a and 5.1b, as was explained in Subsection 5.2.2, makes the whole
procedure a little bit easier, and allows the decision making for regularity in plan at
the beginning of the analysis.

2. Having in mind that non-regularity in plan does not have any computational implica-
tions for the structure except that of not allowing the introduction in the analysis of
planar models together with some consequences of secondary importance for behav-
iour factor g, (see Section 5.5), and that modern computational means have devalued
the Code permit of using planar models and static seismic loadings, it seems that the
requirements of Equations 5.1a and 5.1b are no longer of importance for the successive
steps of analysis. Indeed, if the structural system is modelled as a pseudospatial sys-
tem and the modal response spectrum analysis is used, which is the common practice
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Table 5.2 Basic values for the determination of g-factors

Kﬁ’ nger QSP q,
Structural type K., Yes No Yes No Yes No DCM DCH
| Frame system | | 08 | + (a,/a) 12 1 3.0 45
a 2
2 Frame- | | 0.8 a | + (a /a) 1.2 | 3.0 4.5
equivalent 7" %
dual system !
3 Wall- 05<(l+a)3<1 | 08 | + (a,/a) 12 1 3.0 4.5
equivalent ?u %
dual system !
4 Coupledwall 05<(l+a)3<1 | 08 | + (a,/a) 12 1 3.0 45
system ?” %
|
5 Uncoupled 05<(l+a)3<1 | 08 |1 I 12 1 3.0
wall system 4 5(?") or
|
I+ (a./a)
2
6 Large lightly 05<(l+a)3<1 | 08 | 12 1 3.0 —
reinforced
walls
7 Torsionally 05<(l+a)3<1 | 08 | 12 1 2.0 3.0
flexible
system
8 Inverted | | 1.0 1 12 1 1.5 2.0
pendulum

nowadays, the regularity criteria in plan and elevation become insignificant for the
analytical procedure.

. The only serious consequence for the successive steps of analysis is non-regularity in
elevation, which imposes a decrease of the reference factor to 0.8 of its value. The
check of regularity in elevation can be carried out very easily, without complicated
calculations, at the preliminary stage of design.

. The above requirement for decrease of the g, factor has as its main aim a response
to increased ductility demands at the level of soft storeys. Indeed, a modal response
spectrum elastic analysis does not reveal the local ductility demands in case of a soft
storey. The decrease of the value of the g, factor, together with special measures taken
at the areas of soft storey (capacity design, etc.), offer sufficient resistance in the critical
areas (e.g. column joints) of the system.

5.3 TORSIONAL FLEXIBILITY

As was explained in Section 4.4, a ‘torsionally flexible system’ is a structural system where
small eccentricities of the seismic horizontal forces cause large rotational deformations to
the storey diaphragms and, therefore, excessive drifts at the columns of the perimeter, dis-
proportional to those caused by the relevant translational displacements. This behaviour
under special circumstances is amplified in case of dynamic excitation of the system, causing
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in many cases uncontrollable storey drifts. The above qualitative approach to the problem
will be quantified in the next paragraph.

According to EC8-1/2004, a structural system is torsionally flexible if (see subsection
5.2.2):

rXC Slms
7, <1

yc ms

(5.1¢)

From the analysis of Paragraph 2.4.4.4 it may be concluded (Equation 2.109) that in the
case of a double symmetric system, the fulfilment of Equation 5.1c means that the three
uncoupled eigen frequencies of an one-storey pseudospatial system are arranged as follows:

®

0, > O (5.2)

ux?’

?

that is, the greater eigen frequencies are translational ones and consequently the vibration of
the system is dominated by the rotational vibration. In the above relation (5.1c), the right-
side term expresses the lever arm of the inertial forces due to an eventual dynamic (seismic)
excitation, while the term on the left side 7 or 7, expresses the lever arm of the restoring
forces. So, in the case that 7, and 7, are smaller than [, at every moment, the developing
restoring forces are smaller than the inertial ones and the torsional mode prevails.

The above physical interpretation is expressed quantitatively by the fact that the first eigen
mode is rotational, and in this respect the greater part of the mass of the system is activated
in a rotational motion.

Conversely, if

Txe and ryc 2 lms (53)

the translational excitations in x and y direction are the predominant ones and therefore
only limited drifts due to rotational vibration may develop.

In the case of a non-symmetric system, the fulfilment of Equation 5.1¢ as a criterion
for torsional rigidity lies on the safe side. Indeed, from the analysis of Paragraph 2.4.4.4
(Equation 2.122) it may be concluded that in the case of a non-symmetric system Equations
5.1c are transformed to:

<
rxm - lms (Sld)
Tym < Lo
where:

7«m and 7, are given by Equation 2.91:

Since Jryv > Jrc (see Equations 2.87 and 2.88), it is obvious that in the case that the cen-
tre of stiffness does not coincide with the centre of mass, the criterion for flexural flexibility
established by Equation 5.1c is on the safe side.
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In the case of a system with torsional flexibility, EC8-1/2004 specifies a considerable
reduction in the values of the g,-factors (Table 5.2) ranging from 0.66 to 0.75. At the same
time, the structural system is not qualified for any release from joint capacity design, no
matter if it is a wall system (more than 65% wall shear capacity) or a wall-equivalent dual
system (more than 50% wall shear capacity).

It is important to know the degree of protection offered to structures that abide by the crite-
ria for structural regularity and torsional rigidity of EC8-1/2004, expressed by Equations 5.1b
and S.1c. In this context it is interesting to comment on Figure 5.2 as developed by Cosenza
etal. (2000). In this figure the behaviour of various one-storey pseudo-spatial systems designed
according to various Codes and re-analysed as inelastic systems under dynamic excitation is
presented by markers of various designation. Systems of good and satisfactory inelastic behav-
iour are designated as white and grey (increase of 10-20% in ductility demands), while sys-
tems of poor inelastic behaviour are designated as black (ductility demands greater than 50%
compared to their torsionally balanced system). On this plot the requirements for regularity
and torsional rigidity of EC8-1/2004 are also plotted, that is, Equations 5.1b and 5.1c. Area
ABCD corresponds to the area where the regularity criteria are fulfilled, while area AEFD
corresponds to the area where the torsional rigidity criteria are fulfilled. From this figure it can
easily be concluded that most of the case studies that fulfil the above-mentioned criteria pres-
ent a good to satisfactory inelastic behaviour. The same conclusion can be drawn from Figure
5.3, which corresponds to multi-storey pseudospatial structural systems.

From the discussion above it may be concluded that the torsional flexibility of the struc-
ture must be determined in advance, at the beginning of the analysis procedure, so that a
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Figure 5.2 Evaluation of the structural regularity and torsional rigidity criteria in a one-storey structure.
(Adapted from Cosenza, E., Munfredi, G. and Realfonzo, R. 2000. Torsional effects and regularity
conditions in R/C buildings. Proceedings of the 12th World Conference on Earthquake Engineering,
Auckland.)
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Figure 5.3 Results for regularity and torsional rigidity of multi-storey building models. (Adapted from
Cosenza, E., Munfredi, G. and Realfonzo, R. 2000. Torsional effects and regularity conditions
in R/C buildings. Proceedings of the |2th World Conference on Earthquake Engineering, Auckland.)

decision can be made on g factor and capacity design issues from the beginning. For this
decision to be made the following procedure can be followed:

1. In the case of a frame system or wall system for the definition of e,,,, €, J1c > exs Tyer
[, Equations 2.86, 2.87, 2.88, 2.113 may be used.

2. In the case of a dual system, the method of the ‘plasmatic axis’ of centres of rigidity
may be followed (subsection 4.5.3).

3. If the lower few eigen modes are determined together with their poles of rotation on
each storey in case of a response spectrum 3-D analysis, these eigen modes may be
used directly for checking the flexural rigidity. In fact, if the pole of the shortest eigen
frequency lies in the boundaries of the floor, at any floor of the system this system is
‘torsionally flexible’ (see Paragraph 2.4.4.3), with all consequences resulting therein.
It should be noted here that this procedure precedes the analysis of the system. In
fact, after the elaboration of the analytical model and geometric, material, and mass
properties, the eigen modal analysis is executed, and there of the decision on torsional
flexibility may be taken.

5.4 DUCTILITY CLASSES AND BEHAVIOUR FACTORS

5.4.1 General

As was explained in Subsections 2.3.4, 3.2.1 and 3.4.3.7 the action effects (internal forces)
due to seismic actions are defined in the force-based design method by taking into account
that the structural system is in a position to dissipate seismic energy. Therefore, seismic
actions are reduced by a factor g, which was called there the ‘behaviour factor’. This factor
is directly related to the ductility demand of the structure (Section 3.2). The reduced load
effects resulting in this way from the analysis, taking into account the bebaviour factor that
has been introduced in the seismic actions, constitute the demand for the structural type
under consideration and its structural members.

This demand must be covered by the capacity of the structure as a whole and of its struc-
tural members in strength and ductility (supply). Strength requirements are considered to be
fulfilled if for all critical regions of the structural members the following relation is verified:
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E, < Ry (5.4)

where
E, is the action effect due to reduced seismic action combined with gravity loads.
R, is the strength calculated by applying R/C mechanics supplemented by some addi-
tional rules, which will be presented in the next chapters.

On the other hand, ductility requirements are covered mainly by a series of rules specified
by the Code in each case and in special cases by local ductility analytical verifications also
specified by the Code. These rules and computational procedures for local ductility verifica-
tions will also be examined in detail in subsequent chapters.

5.4.2 Ductility classes

EC8-1/2004 classifies concrete structures into three ductility classes:

1. Ductility class ‘L’ (DCL - low ductility): corresponds to structures designed according to
EC2-1-1/2004 (Eurocode for R/C structures) supplemented by rules enhancing available
ductility. For all types of structures of this class the specified value of the ‘g’ factor is

g=15 (5.5)

2. Ductility class ‘M’ (DCM - medium ductility): corresponds to structures designed,
dimensioned and detailed according to specific earthquake-resistance provisions,
enabling the structure to enter well into the inelastic range under repeated reversal
loading without suffering considerable loss of strength or brittle failures endangering
the local or overall stability of the structure.

3. Ductility class ‘H> (DCH-high ductility): corresponds to structures for which the
design, dimensioning and detailing provisions are such as to ensure, in response to
the seismic excitation, the development of a stable mechanism associated with large
hysteretic energy dissipation, which has been chosen in advance and is under control
during the excitation (capacity design).

In principle, the designer might choose any of the above three ductility classes for an
earthquake-resistant structural system, since there is a trade-off between design seismic
loading (relevant ‘g’ factor) and required ductility (1p) (Figure 5.4). However, modern
Codes (e.g. EC8-1/2004 ASCE 7-05), taking into account the fact that it is easier to attain
high ductility than high strength, put restrictions on the choice of ductility class, relating
this choice to the seismicity of the region where the building is located. So, EC8-1/2004
allows the design according to DCL class only for buildings in regions of low seismicity.
The selection of the categories of structure, ground types and seismic zones in a country
for which provisions of low seismicity apply is found in the National Annex of each coun-
try. EC8-1/2004 recommends considering as low seismicity cases either those in which the
design ground acceleration of type A soil, a,, is not greater than 0.08 g, or those where
the product a,S is not greater than 0.1 g. It can easily be concluded that buildings of DCL
are designed without any particular provision for energy dissipation and ductility. Indeed,
these buildings are designed according to EC2-1/2004 for load safety factors in earth-
quakes equal to 1.0, since earthquake action is considered accidental loading. The intro-
duction of behaviour factor g = 1.5 is attributable to the overstrength of the structure due
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Figure 5.4 Relation between design force and ductility demand at the plateau of the design spectrum (see
Chapter 3.2) for fundamental period T, < T_ (Equation 5.17).

to material (steel-concrete) overstrength, structural redundancy, minimum reinforcement
requirements and so on.

On the other hand, in the case of very low seismicity, EC8-1/2004 exempts the struc-
tures from any obligation for earthquake design. The cases of very low seismicity are also
defined by the National Annex of each country. EC8-1/2004 recommends considering as
very low seismicity cases either those in which the design ground acceleration on type
A soil, a,, is not greater than 0.04 g or those where the product a,S is not greater than
0.05 g.

Coming now to the other two ductility classes, DCM and DCH, it should be noted
that according to EC8-1/2004 these two classes must be considered equivalent. However,
Eurocode gives the option to country members of the EU to specify geographical limitations
on the use of ductility classes M and H in their relevant National Annexes.

5.4.3 Behaviour factors for horizontal seismic actions

The upper-limit value of the behaviour factor ¢ introduced (see Subsection 3.2.3) to account
for energy dissipation capacity must be derived for each design direction, according to EC8-
1/2004, as the result of a multifunctional relationship of the following form:

q=K, Ki Kg - Kq-q, >1.50 (5.6)

where
q, is the basic value of the behaviour factor, dependent on the type of the structural
system, related with its redundancy, its ability to dissipate energy, the number of
regions where energy can be dissipated and so on.
Kgrer is the factor reflecting the overstrength and regularity in plan of the building.
K, is the factor reflecting the prevailing failure mode in structural systems with walls.
Kg is the factor reflecting the regularity or irregularity of the building in elevation.
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K is the factor reflecting the application or not of a Quality System Plan to the design,
procurement and construction.

The values of the above factors are summarised in Table 5.2. The above factors will be
examined in detail in the following chapters.

1. For buildings irregular in elevation, factor K¢, is reduced to 0.80, while for buildings
regular in elevation its value is 1.0.

2. The factor K, reflects the prevailing failure mode in structural systems with walls. If
the failure mode is of flexural ductile type with formation of plastic hinges in critical
regions,

K, = 1.0 (5.7a)

This is the case of frames, frame-equivalent dual systems, and of flexural structural
walls, that is, walls with an aspect ratio a, (b,/l,;: height/length) greater than 2. In the
case that the aspect ratio of walls, wall-equivalent systems and torsionally flexible sys-
tems are less than 2, it may be concluded that the shear mode of failure (x-type failure)
prevails and precedes that of a flexural failure. Therefore, ductility and the g-factor

must be reduced. So, K, takes the following values (see Table 5.2):

1.00, for frame and frame-equivalent dual systems

(1+ a,)/3 < 1, but not less than 0.5
K, = . (5.7b)
for wall, wall-equvalent and torsionally

flexible systems

In the case of the existence of many walls in the structural system, the prevailing
aspect ratio @, may be determined from the following relation:

a, = b/ YL (5.8)

where
b is the height of wall i, and
[,; is the length of the same wall
3. The factor:

59

in Table 5.2 presents the reflection of the overstrength of a regular in-plan system on

g-factor. Factors a, and a, in Equation 5.9 are defined below:

a, is the value by which the horizontal seismic design action must be multiplied so that
at least one member of the structure exhausts its flexural resistance while all other
design actions participating in the ‘seismic combination’ remain constant.

a, is the value by which the horizontal seismic design action must be multiplied so that
plastic hinges are formed in a number of critical regions sufficient for the develop-
ment of a mechanism, while all other design actions participating in the ‘seismic
combination’ remain constant.
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Figure 5.5 Justification of the magnifier factor a /g, introduced in the g -factors of frame or frame-equiva-
lent systems: (a) frame system; (b) shear wall system.

To clarify the above definitions and relations, let us consider two structural systems,
one with high redundancy (Frame system) and the other with low redundancy (Wall
system) loaded with constant gravity loads and design seismic actions H;, in the form
of an inverted triangle (Figure 5.5). The V-0 diagram (pushover curve) of the first sys-
tem is depicted in Figure 5.5a. As V, increases, one of the structural elements reaches
at its critical region its yielding strength in bending and, therefore, at this point the first
plastic hinge is formed. The horizontal seismic action at this level is

Vi = aV (5.10)

Therefore, from this point on, the stiffness of the system decreases and consequently
the first knee appears in the diagram. Also, as V, increases, new plastic hinges are gen-
erated, accompanied by new knees on the diagram until the structure collapses. The
horizontal seismic action at this level is

V, = a,V, (5.11)

It is evident that the system presents an overstrength:

K =y, = a (5.12)

Therefore, since there is a trade-off between strength and ductility, the g, factor
must increase by the factor (a,/a,).

Let us come now to the system of low redundancy (two uncoupled walls; Figure
5.5b). Since the two walls have the same cross-section, the plastic hinges are generated
at both of them simultaneously.
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Therefore,

Vg =V, (5.13)
and

4 —1.00 (5.14)
a4

In other words, for structural systems of low redundancy, the factor K°' is equal to
1.00 (see Table 5.2). In this respect, according to EC 8-1/2004, g, is multiplied by K°v,
which is either 1.00 or @ /a;. In order to evaluate g /a;, a static inelastic analysis for con-
stant gravity loads and successively increasing horizontal seismic loads must be carried
out (pushover analysis; Figure 5.5a) so that @, and @, may be defined. It is obvious that
this type of analysis assumes that the structural system has already been analysed
elastically and designed properly. So, while a,/a; is included in the required data for
the evaluation of the seismic actions for the elastic initial analysis, it appears to be the
output of an additional and extended inelastic analysis that should precede the elastic
analysis and design of the system. To overcome this contradiction, EC 8-1/20004 for
the determination of a /a; gives the option to the designer to use either a pushover
analysis or to use an approximate conservative value for a /a; specified by the Code.

In the case of a pushover analysis, a,/a; must not exceed the value of 1.50 no matter
what the output of the analysis. According to EC8-1/2004, the approximate values of
a,/a; that might be introduced for the determination of the g factor are the following;:
a. Frames or frame-equivalent dual system

i. One-storey building: a /a,=1.1
ii. Multi-storey one bay frames: a /a,=1.2

iii. Multi-storey, multi-bay frames or frame-equivalent dual systems a,/a;=1.3

b. Wall or wall-equivalent dual systems
i. Wall systems with only two uncoupled walls per horizontal direction: a /a;= 1.0
ii. Other uncoupled wall systems: a,/a;=1.1

iii. Wall-equivalent or coupled wall systems: a,/a,=1.2

The above values K§" = o, /o; correspond to buildings regular in plan. In the case
of irregular buildings, in plan the factor a /a, is reduced to

K = (1 + "“)/2 (5.15)
a

. The factor K, reflects the application or not of a Quality System plan to the design,
procurement and construction. The value of this factor is defined in the National
Annex of the country members. This value is allowed to range between 1.0 and 1.20.

. The basic value g, of the behaviour factor is dependent on the type of structural sys-
tem. Its values have been determined explicitly by the Code and are related to the
redundancy of the system’s capacity for energy dissipation, the degree of distribution
of plastic hinges and so forth. A thorough examination of this subject will be presented
in the next subsection.

For inverted pendulum systems, g, values for R/C buildings in EC8-1/2004 are in dis-
agreement with relevant values of EC8-2/2004 for bridges with R/C single piers, which
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are in fact also inverted pendulum systems. In fact, g factors for these piers are speci-
fied as equal to 3.50. To overcome this discrepancy, EC8-1/2004 allows the adoption of
increased values for the g-factor for inverted pendulum systems, provided that it is shown
that correspondingly higher energy dissipation is ensured at the base of the pendulum.
This means that a higher value of g is allowed to be introduced in the elastic analysis
if after the analysis and design has been finalised a ‘pushover’ inelastic analysis is car-
ried out and from the capacity curve of the system a new g value is determined, taking
into account also a displacement safety factor vy, (see Subsection 3.2.3) of the order of
1.50. This new g-factor may be introduced in an elastic re-analysis and redesign of the
pendulum.
It should also be recalled that the g factor for vertical seismic excitation must be

GQvere < 1.5 (5.16)

unless a greater value is justified through an appropriate analysis.

6. Finally, it should be noted that in contrast to older European National Codes or even
to ACI 318-11, the determination of the behaviour factor is related to an initial struc-
tural analysis at least for the characterization of the structural system (frame-equiv-
alent/wall-equivalent), thus making the determination of the g-factor an ‘iterative’
procedure.

5.4.4 Quantitative relations between the Q-factor and ductility

5.4.4.1 General

A crucial question emerging from the previous subsection concerns the method that has
been followed for the definition of g, -factors that were introduced by EC8-1/2004 in Table
5.2.Itis also important to clarify how these values that have been introduced into the Code
influence the rules of dimensioning and detailing of structural elements so that these ele-
ments are in a position to grant the structural system the global ductility demand and the
relevant g -factor that has been taken into account for the determination of seismic loading.
In other words, it is necessary now to open the ‘black box’ of the relation between the ¢, -
factor and the inelastic deformations (plastic curvatures ¢,) of the critical areas of the struc-
tural members that constitute the ultimate regions where the energy dissipation takes place.

According to what has been presented so far, the value of the g-factor is directly related to
the global ductility factor of the structure expressed in horizontal displacements at the top of
the structure. The relations between the g -factor and the displacement ductility 5 that have
been adopted by EC8-1/2004 have the following form (Vidic et al., 1994; see Chapter 2.3.4):

W5 = 9, lf T > Tc
(5.17)

~|

Mg =1+(q, - 1) T <T,

The value of g, as already known, is a multi-parametric function of geometry and of
elastic as well inelastic properties of the structural members of the system. More precisely,
inelastic displacements of a structure at its top are related to inelastic deformations of its
structural members. At structural member level, inelastic deformations appear at two sub-
sequent stages, that is, as inelastic rotations 6,, and as inelastic curvatures @,,, which consti-
tute the final (end) state, where plasticity is expressed.
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Figure 5.6 Differential relations between bending moment M(x), curvature @(x), rotation 6(x), and displace-
ment J(x) established first by Mohr.

The aim of this subsection is the establishment of simple generic relationships among the
q,-factor, displacement ductility 5, the structure-rotational ductility yg of its members, and
the curvature ductility u, of member sections. Having established relations among

9o — U5 — Hg — Uy
it is obvious that:

1. For given values of g,, values of u, may be defined in all critical member sections, and
therefore simplified rules for design and detailing may also be established and codified.

2. For limit values of p, (u,-supply), values of g,-factors (g,-demand) may be defined and
codified properly (Table 5.2).

It is important to remember here from Mechanics the differential relations among bend-
ing moment M, curvature @, rotation 8 and displacement & established first by Mohr in the
nineteenth century. These relations are summarised in Figure 5.6.

5.4.4.2 M-¢ relation for RIC members under plain bending
5.4.4.2.1 Curvature @, at yield

Consider a rectangular beam section loaded by a bending moment M. Before steel yielding,
the relation between curvature ¢ and bending moment M is (Nitsiotas, 1960)

¢ = M
Eb]ef

(5.18)

where
E.J. is the effective stiffness of the member, which is considered constant up to steel
yielding. Effective stiffness is defined below.
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When bending moment increases at the level of steel yielding, curvature ¢, and bending
moment M, take the following form (Figure 5.7a):

& By B tEy
&= Td-xT  d (5.19)

_ Dc ~ AS](SY

xy = m = 0 Sfcu (5.20)

|My = Afyz = 0.87dAf, (5.21)
and

M
EJs =L
J ot o, (5.22)

where

€. is the concrete strain < g_,.

€., 1s the ultimate concrete strain.

g, is the steel strain at yield.

f,, is the steel strength at yield.

D, is the concrete compression at the stage of steel yield.

A, is the steel area.

The rest of the symbols are depicted in Figure 5.7.
It is obvious that, if the geometry of the cross-section and material properties are known,

M,, ¢, and EJ; may be easily calculated.

€ <€ 2
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Xy n Ky n
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Figure 5.7 (a) Curvature o, at yield for R/C members under bending: (I) strain pattern at yield plane; (2)
cross-section at yield; (3) internal force pattern. (b) Curvature @, at failure for R/C members under
plane bending: (1) strain pattern at failure; (2) cross-section at failure; (3) internal forces at failure.
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5.4.4.2.2 Curvature ¢, at failure

As is well known, for a regularly reinforced R/C member, for small steps of increase of
bending moment, steel strains increase disproportionally after yield. Compression zone x
also decreases, so that, for small moment increase beyond M,, ¢ increases disproportionally
and the member fails due to concrete crash caused mainly by the decrease of compressive
zone x (see Subsection 2.3; Figure 5.7b). In this case,

_ 8cu _ 8s _ Ecu + 8s
(P“_Z_d—xu = P, (5.23)
~ Dcu ~ AS][S
Xy = 0 Sfcu = 0 8fcu (5.24)
M, = Afz, = 0.9dAf] (5.25)
and
EJq = M, - M, (5.26)
bJ inel — 0, — (py .
where

g, is the steel strain at failure < g,.

g, is the ultimate elongation of reinforcing steel.
D, is the concrete compression at failure (crush).
E]J... is the mean stiffness in inelastic region.

It is obvious that for a given geometry of the cross-section and material properties, M,
¢, and EJ, ., may be easily calculated. It should be noted that the relation M- from yield
to failure stops being linear. However, in this region it is also considered that the relation is
approximately linear with inelastic stiffness that of Equation 5.26.

So, taking these into account,

* For M values from zero to M,, the relation M—@ is given by Equation 5.18

M
¢ Eb]ef

* For M values form M, to M,, the relation M-¢ is given by the relation:

M-M
=y (5.27)
? Eb]inel
Based on the above considerations, the M—¢ diagram is depicted in Figure 5.8.
Section curvature ductility is defined as follows:
_ P _ B T E
o = ¢ "o FE (5.28)

A detailed quantitative procedure will be given in Chapters 8 and 9 for the determination
of ¢, — M, ¢, — M, and ,, of beams, columns and walls.
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Figure 5.8 Moment—curvature diagram of a ductile R/C member under bending.

5.4.4.3 Moment-curvature-displacement diagrams of R/C cantilever
beams

Consider now the cantilever R/C beam of Figure 5.9, loaded at the top with a horizontal
load H, which is in position to cause steel yielding (H,) at first step, and at second step fail-
ure (H,). Curvatures developed along the length [ of the cantilever due to loads H, and H,
(Figure 5.9a), according to the presentation of the previous paragraph (Figure 5.8), have the
form of Figure 5.9b. In order to simplify the calculations, the trapezium 0°022’ in Figure
5.9b is replaced by an equivalent orthogonal. The area of this orthogonal:

RETAS (5.29)

represents the concentrated plastic rotation 6, of the cantilever at a length [ ;, which is the
ideal length of the plastic hinge.

Considering now successively, as for elastic loads, the curvatures ¢, and ¢, and implement-
ing Mohr’s theory, we define for 8, and §, the following values:

_%p
8, = 5 (5.30)
(a) (b) (© @ (e)
6\1
By 1 11 5
H, 0 gp =~] Gp 8y
ey
X 2 2 2 g =0ty 3 0,
3 33 3
lp [ o
M, %0 g 20 g 12
Y Y Py
M, 9, 0, 8= =5

Figure 5.9 Moment—curvature displacement diagrams of an R/C cantilever beam: (a) loading pattern at yield
and failure; (b) curvature diagram at yield and failure; (c) definition of the plastic rotation at the
fixed end; (d) rotation of the plastic rotation at the fixed end; (d) rotation diagram at yield and
failure; (e) displacement diagram at yield and failure.
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and
¢ Ly
5= o (1-3 531
Consequently,
5 31 l
M=t =1+ - 1)(1 - 0.5*1") (5.32)
y

The chord rotations are given by the following expressions:
0 =) 0 = v (5.33)

and therefore,

u

Mo =55 = s (5.34)

y

The determination of the ideal length [, of the plastic hinge has been the object of
extended research for many years. The value that has been adopted by EC8-3-ANNEX
A/2005 has the following form:

dyf, y (MPa)

\few(MPa)

[y =01 +0.17h +0.24 (5.35)

where
b is the depth of the member.
d,, is the mean diameter of the tension reinforcement.
f, is the steel stress at yield.
f.. 1s the concrete compressive strength.

For a range of usual values of the parameters included in Equation 5.35, the length of
plastic hinges varies between the following limits (Fardis et al., 2005):

0.35/ |
Columns mean value: 0.401

0.45/
0.25/

Beams mean value: 0.301 (5.36)
0.351
0.18/

Walls mean value: 0.221
0.241

where
[ is the length of a cantilever loaded horizontally at the top or the distance of joints to
zero-moment points of beams or columns of a frame loaded with horizontal loads at
the storeys (shear span M/V). This length usually corresponds to the half-span or half-
height of beams or columns, respectively.
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5.4.4.4 Moment-curvature-displacement diagrams of R/IC frames

Consider the closed frame of Figure 5.10, which is the basic unit of multi-storey multibeam
frames. Consider also a horizontal loading H at the top beam, which is in position to cause
steel yielding (H,) at a first step, and at a second step failure (H,). For the mode of failure of
this frame two options exist:

1. In the case of strong beams — weak columns: formation of plastic hinges at the column
ends (Figure 5.10a)

2. In the case of strong columns — weak beams: formation of plastic hinges at the beam
ends (Figure 5.11a)

If the procedure for the cantilever is repeated for the frame of Figure 5.10, the following
results are derived:

e Frame with strong beams — weak columns (Figure 5.10a—d)

(Py \2 , ’ lf,’l
8, =25 (1) +2ylo, — )| L - (5:38)
8, I p
Me = 5" = 1+3 7 (1, — 1)(1 - 0.5;’,‘) (5.39)
y c N
)
95 = 7}’, 9u = 67“ (540)
(a) (c) 3, Plastic S
5 hinge S !
H ! '
Yy
X {Hu p 0,
I 8,
(b) (d)
M M
Mcol M b l (p“ (p“ !
y cap y cap v MSOI P
Mcol l, (py q)y
y ¢ I
Mcol (pu (Pu

Figure 5.10 Moment—curvature displacement diagrams for R/C frames with strong beams—weak columns:
(2) geometry; (b) moment diagrams at yield and failure; (c) displacement diagrams at yield and
failure; (d) curvature diagrams at yield and failure.
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Figure 5.1 Moment—curvature displacement diagrams of R/C frames with strong columns—weak |, beams:
(a) geometry; (b) displacement diagrams at yield and failure; (c) moment diagrams at yield and

failure.
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¢ Frame with strong columns — weak beams (Figure 5.11a-d)
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5.4.4.5 Conclusions

From the above analysis the following conclusions may be drawn:

(5.41)

(5.42)

(5.43)

(5.44)

(5.45)

(5.46)

1. For the basic forms of a structural system, that is, a cantilever (free standing wall)
or a frame system, the relation between u, and p, has the same generic form, that is

(Equations 5.32, 5.39, 5.45).

31, 1
s = Mo =1+, —1)(1 -0.5°7

")

(5.47)
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where
[ is the shear span (M/V), or, more simply, the length from the end of the structural
member to the zero-point of the bending moment diagram.
L, is the ideal length of the plastic hinge (Equation 5.35).

Consequently, if Equation 5.47 is introduced in Equation 5.17, the following relation-
ships are derived:

1+ #(% - 1)(1 - o.5l;'J =g, fT>T, (5.48)
and
1+#(u¢ 4)(1-0.5%") =1+(q, —1)% T < T, (5.49)

In this way, a direct relation of generic type is established between g, and #, for
every structural type, that is, between the global g -factor of the structure and the
curvature ductility at the ends of its structural members.

2. In EC8-1/2004, for reasons of simplicity and continuity with ENV edition (EN1998-1-3;
Fardis et al., 2005), the following simpler expressions have been introduced in place of
Equation 5.47, that is,

|u5 = o = 1+0.5(u, - 1)| (5.50)

or

5

Consequently, introducing Equation 5.51 into Equation 5.17, the following relation-
ships are drawn:

i, = 2q, - 1 T >T (5.52a)
and

T. .
M, =142, -1  #T<T, (5.52b)

3. The simplified relation (5.51) is on the safe side. In fact, from the statistical analysis of
U, values, for the three types of structural members (beams, columns and walls) and
for the full range of DCH and DCM buildings, taking into account usual /; values
(Equation 5.36, the following mean safety factors have been derived:

for columns: 1.65
for beams: 1.35 (5.52¢)
for walls: 1.10
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Figure 5.12 Ten-storey R/C frame designed to EC8. (From Penelis, G.G. and Kappos, A.]. 1997. Earthquake-
Resistant Concrete Structures. SPON E&FN (Chapman & Hall), London.)

4. In all above relations, according to EC8-1/2004 instead of final g-factors, the basic
ones, (., are introduced, because g-factors generally present reduced values due to
various penalties that are imposed on the procedure of analysis (design spectrum) to
overcome various irregularities of the structure. It is not prudent to introduce this
reduction of g -factors into Equations 5.48, 5.49 or 5.52 because it would result in a
decrease of p,-safety factors.

5. The above rationally concrete framework of relations between g, — 1 — 1o — U, has been
verified through extensive prenormative analytical trials on real buildings. Indeed, a
series of buildings was designed according to EC8-1/2004 in early prenormative stage
and then these buildings were evaluated through static or dynamic inelastic analysis.
The conclusions of all these trials are that the conceptual basis of analysis and design
established by EC8-1/2004 is sound and safe.

The results of some of these trials are depicted in Figures 5.12 through 5.15 (Kappos,
1991; Kappos and Penelis, 1986, 1997).

5.4.5 Critical regions

From what has been presented in the previous subsection, the energy-dissipating zones of a
structure are localised at the regions of the structural elements where plastic hinges might
form. From the previous discussion it can easily be concluded that these regions are located
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Figure 5.13 Required (demand) available (supply) rotational capacities in 10-storey R/C frame designed

for different ductility levels: (a) DCL; (b) DCM; (c) DCH. (From Penelis, G.G.and Kappos, A J. 1997.
Earthquake-Resistant Concrete Structures. SPON E&FN (Chapman & Hall), London.)
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Figure 5.14 Ten-storey dual R/C system designed to EC8. (From Penelis, G.G. and Kappos, A.). 1997.
Earthquake-Resistant Concrete Structures. SPON E&FN (Chapman & Hall), London.)

at the areas where the most adverse combinations of action effects occur (M, N, V, T).
These regions of the primary seismic elements are defined as critical regions. Critical zones
are located at the ends of beams and columns in R/C frames and at the bottom of R/C
structural walls. The length of these regions is defined for each type of structural element
by Codes. Having in mind that the plastic hinges undergo reversal cyclic rotations 6, dur-
ing an earthquake, it is evident that the critical regions should be designed and reinforced
properly. Length, reinforcement and detailing of critical regions will be discussed in detail
in Chapters 8, 9 and 10 for each structural element separately.

5.5 ANALYSIS METHODS

5.5.1 Available methods of analysis for R/C buildings

Over the years the computational capacity has increased (doubles every 18 months accord-
ing to Moore’s law; Moore, 1965) thus rendering the use of extremely advanced and detailed
analysis of structures feasible. This, however, should not shift practicing structural engi-
neers necessarily toward those methods, as their complexity creates several issues regarding
input parameters that are not available, modelling approaches that are extremely complex
and interpretation of results that is diverse and not straight forward. All these issues will be
further discussed and tackled in the following paragraphs.
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The most commonly used methods of analysis or R/C buildings under seismic actions are:

Equivalent static elastic analysis, called ‘lateral force method of analysis’

Modal spectral elastic analysis, called ‘modal response spectrum analysis’

Equivalent static inelastic (nonlinear) analysis, called ‘pushover analysis’

Time history (t-b) inelastic (nonlinear) analysis (z-/ linear analysis is not frequently
used for buildings)

Of those, the reference method for EN1998-1/2004 is the modal response spectrum anal-
ysis, while for US codes (ACI318.11, IBC2012, SEAOC 09) the reference method is the
lateral force method of analysis. This difference is significant as the two methods have very
distinct advantages and disadvantages summarised at the following:

e The modal response spectrum analysis accurately depicts the dynamic behaviour of
the structure by identifying the several important modes of vibration and using them
in the calculation of the lateral forces at each level, but produces unsigned results for
displacements, internal forces and stresses.

e The lateral force method uses the fundamental mode to calculate those forces but
produces signed results for internal loads and stresses; the sign makes the results more
comprehensive and more clear with regard to several aspects, such as the combination
of dynamic and static load cases, the biaxial bending with axial load of columns, the
integration of stresses of non-rectangular cross-section walls and cores and so forth.

Having in mind the above, there are elements of EN1998-1/2004 like the participation
of walls shear in the total storey shear that actually require the execution of an equiva-
lent static analysis (see Sections 4.5 and 5.2), an issue solved by current analysis software
by either using such an analysis or producing signed modal results (a notion theoretically
wrong) according to a selected mode of vibration.

Of course all these issues are increased exponentially when dealing with the nonlinear
approaches, which have the very serious distinction between the point hinge approach and
the fibre approach (distributed plasticity over the cross-section). These two approaches also
have very distinct advantages and disadvantages, mainly summarised at the following:

e The point hinge approach is codified (through available M-8 diagrams) and easily
applied in available commercial software, and produces controlled results ideal for
performance base design/assessment. However, it is impossible to model shear walls
and cores with 2-D shell elements, thus creating the need for a linear finite element
approach, with uncertainties in the connectivity and the M—6 diagram of the complex
section.

e The fibre model provides a more accurate solution on the element plasticity and also
deals with the issue of complex section walls and cores, as their plasticity is inherently
inserted in the modelling of the element. However, this accuracy requires a very deep
knowledge of material properties of concrete, rebars, and strirrups and their interface,
which makes such a modelling approach extremely risky for practicing engineers not
familiar with nonlinear analysis. It should also be noted that this modelling approach
increases the instability of the nonlinear analysis and the possibility for errors.

Available commercial software provide solutions based on the point hinge approach with
some fibre model capabilities for shell elements (walls) in order to overcome the obvious
problems of the former method, and there is very reliable free academic software that pro-
vides solutions for the complete fibre model approach.
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Finally, there is the distinction between static and dynamic nonlinear analysis, both of
which are available tools in modern codes, and both of them also have advantages and
disadvantages.

e The static nonlinear analysis provides a straightforward procedure for the input of
the seismic forces as constantly increasing lateral loads (or displacements), requires
‘simple’ constitutive laws for point hinges or even fibre approaches and produces very
comprehensive results as the capacity curve and the status of the elements of the build-
ing at each loading step. However, there are uncertainties on the lateral loads shape,
the lateral loads point of application and the transformation of the building force—dis-
placement curve (P-9) to an equivalent SDOF capacity curve.

e The dynamic t-h nonlinear analysis is considered the most accurate and sophisti-
cated analysis approach (for buildings) available, especially when the fibre approach
is utilised. It produces results that have inherently taken into account the torsional
effects, the seismic load distribution and the displacements, which do not require a
transformation to an equivalent SDOF oscillator. On the other hand this type of analy-
sis is very sensitive to the selection of appropriate accellerograms (recorded, artificial,
hybrid), the hysteretic behaviour of concrete and rebars, the distribution of masses and
the interpretation of the results on an element (section) level (peak values, peak values
within a time frame, effective values, etc.).

The current trend in academia is to try to combine the static nonlinear analysis with the
dynamic modal analysis, either by producing a series of modal pushover analyses then com-
bining them (Chopra and Goel, 2002), or by using the adaptive pushover approach, which
detects the changes in the stiffness matrix, calculates new modes and accordingly modifies
the lateral load value and shape at each step (Elnashai and Mwafy, 2000; Antoniou and
Pinho, 2002). This approach, although very promising, is neither codified nor suggested
for practicing engineers at the moment. Instead, EUROCODE EC8-1/2004 introduces two
different lateral load patterns for which the static inelastic analysis is carried out.

All the aforementioned issues are elaborated in the following sections.

5.6 ELASTIC ANALYSIS METHODS

5.6.1 General

As has been mentioned in previous chapters, there are several elastic analysis methods
available that are usually called ‘linear’ although they might include geometric nonlinear-
ity approaches (buckling), thus making the use of the term “elastic” more accurate. As
explained previously these methods are:

e Equivalent static elastic analysis, called ‘Lateral force method of analysis’
® Modal spectral elastic analysis, called ‘Modal response spectrum analysis’
e Time history (¢-h) elastic analysis

5.6.2 Modelling of buildings for elastic analysis and BIM concepts

For either static or dynamic approaches, the modelling of three-dimensional structures in
modern FE software packages has reached a level where all geometric features of a building
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Figure 5.16 BIM concept: interoperability among engineering disciplines.

may be accurately modelled. Especially with the introduction of Building Information
Modelling (BIM), the FE model of the building is an actual 3-D representation of the struc-
ture, which includes all structural and nonstructural elements, MEP installations, loads
and boundary conditions, which are then automatically exported to a structural analysis
software that can perform the analysis, calculate the required reinforcement and feed it back
to the BIM model.

This is graphically shown in Figure 5.16, as an example application from the new opera in
Athens in Figure 5.17. It is, however, important for all structural engineers to be aware that
these interfaces are only used, to date, for clash detection between architectural, structural
and MEP design, while the structural modelling is done independently either from scratch
or by using the BIM output as a reference model to be modified and verified by the structural
engineer.

5.6.3 Specific modelling issues

The main problems of a full 3-D FE model of an actual building are the following:

Simulation of walls, cores and openings
Simulation of T- and I'-shaped beams
Diaphragm constraint

Application of eccentricity of seismic loads
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Figure 5.17 BIM application for the Athens Opera House (SNFCC) using Nemetschek Scia Engineer.

5.6.3.1 Walls and cores modelling

The modelling of walls and especially cores is available in most modern software packages
through the use of planar (shell) finite elements, which reduce the requirements for model-
ling of rigid connections and equivalent stiffness, as was the case in the past for all types
of analyses and remains to-date for nonlinear analysis. The accurate modelling of cores in
medium-rise and high-rise buildings is crucial, as it affects the total response and plays a
significant role in the final architectural layout of these buildings.

However, another key issue is the design of these complex section elements, which,
although modelled accurately for the analysis, are sometimes treated as individual rectan-
gular sections (legs) for the design, thus underestimating their flexural capacity up to 25%
(ECtools, 2013).

Finally, a very important issue for the design of walls is the accurate modelling of the
openings, or, more precisely, the spandrels (connection beams) that are created. Unless prop-
erly modelled, these elements might elude the checking of the general concrete wall and
remain poorly reinforced, while all the checks elaborated in the relevant chapters should be
applied.

5.6.3.2 T- and I-shaped beams

As it is very well known, all modern codes require an effective flange length to be taken into
account in the design of beams that are directly under slabs, thus resulting in a T section
(where the slab is on both sides of the beam) or a T" section (where the slab is on one side
of the beam). There lies the risk of actually taking into account twice the part of slab that
coincides with the part of the beam section, both regarding stiffness and self-weight.

Some modern commercial software packages allow the modelling of the hanging part of
the beam (rib) separately while the modelling of the flange is done with the slab shell ele-
ments. Then the section of the beam is comprised by the two parts and the section forces
are the combination of the integrated stresses of the required part of the slab and the section
forces of the rib, as is shown in Figure 5.18:
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Figure 5.18 Modelling of ribs with I-dimension finite element (I-DFE) and of effective flange width from slab
2-dimension finite element(2-DFE).

However, other general purpose software packages do not provide this option; hence, the
engineer has to follow one of the two options below:

¢ Model the beams as T or T sections and reduce their self-weigh and stiffness accord-
ingly (through property modifiers) so that the total building self-weight and stiffness
are correct

e Model the beams as rectangular section, place them under the shell elements of the
slab and then manually integrate the results (combining stresses from shell elements
and section forces from the rectangular section) and calculate the required reinforce-
ment for the actual T or T section.

It is crucial to avoid modelling the flanges twice (as slab and as a beam section), as this
seriously affects the stiffness, the mass and the resulting dynamic characteristics of the
building.

5.6.3.3 Diaphragm constraint

All modern seismic codes for buildings have checks and verifications that have the inher-
ent notion of a storey (storey forces, interstorey drifts, etc.). In the past two decades, when
computational power was significantly lower it was important to seriously reduce the stiff-
ness and mass matrices of finite element models of buildings, and for this main reason the
diaphragm constraint had been introduced, which essentially defines one master joint in
the centre mass of a storey and connects all other nodes of the storey (as slave nodes) with
rigid-body in-plane motion relative to that master joint. This allowed the use of a condensed
stiffness and mass matrix and all results were actually then extrapolated to all the connected
slave nodes through shape functions (see Subsections 2.4.4 and 4.5.3).
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It is obvious that nowadays, for normal buildings, the significance of the reduction of
required computation force has been minimised; however, there are other issues that make
the use of a diaphragm constraint a suggested option:

e Elimination of secondary eigen modes

e Application of the equivalent static analysis in a straightforward way (by applying the
forces on the master node)

e Application of accidental eccentricities in the equivalent static or spectral dynamic
analysis

e Easily checked interstorey drifts and storey displacements

e The philosophy of analysis and design of all modern Codes, which is based on the
notion of diaphragm constrain

However, there are cases where the diaphragm constraint should or must be avoided:

¢ Buildings that have storeys with large openings (i.e. atriums)
¢ Buildings that after a height, have twin towers
¢ Buildings with very flexible floors

All modern software packages foresee the following options:

¢ Rigid diaphragms
¢ Flexible diaphragms
e No diaphragms

It is clear that for most common buildings the use of the diaphragm constraint is sug-
gested, while in complex buildings it is up to the structural engineer to decide upon using a
flexible diaphragm or no diaphragm constraint at all. EN1998-1/2004 (EC8-1) notes that,
‘the diaphragm is taken as being rigid, if, when it is modelled with its actual in-plane flexi-
bility, its horizontal displacements nowhere exceed those resulting from the rigid diaphragm
assumption by more than 10% of the corresponding absolute horizontal displacements in
the seismic design situation’.

5.6.3.4 Eccentricity

The issue of the required eccentricity in the application of the seismic loads in either the
equivalent static or the spectral analysis has been elaborated in a previous chapter. However,
the modelling of this eccentricity is a tricky issue, as one has the following options, depend-
ing on the modelling assumptions that have been adopted:

¢ Introduce the resulting torsion at the master joint when a diaphragm exists (for both
static and spectral analysis)

¢ Divide the resulting torsion at all the nodes of the storey when a diaphragm does not
exist (for both static and spectral analysis)

e Place either the lumped mass (for the case of modal spectral analysis) or the horizontal
forces (for the case of equivalent static analysis) at 4 offset positions from the centre
of mass, provided that a diaphragm constraint can be applied. This option, which
conceptually is the most accurate, significantly increases the seismic lateral load cases
from two (EX and EY) to four and the load combinations accordingly (exponentially).
Some software codes perform this offset automatically and the envelope results; which,
however, is not easily verified by the engineer.
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It should be noted that according to EC8-1/2004, in order to account for uncertainties in
the location of masses, the calculated centre of mass at each floor i shall be considered as
being displaced in each direction by an accidental eccentricity:

eai = i0.0S . Li (5.67)

where
e,; is the accidental eccentricity of storey mass 1.
L, is the floor-dimension perpendicular to the direction of the seismic action.

5.6.3.5 Stiffness

As has already been elaborated, the stiffness in elastic analysis plays a significant role, espe-
cially in the modal spectral analysis as it affects the dynamic characteristics of the structure.
Different codes provide different information of the effective stiffness of structural elements,
using the basic notion that all elements, except columns that have a high axial load, are at
stage I1, that is, cracked, when an earthquake occurs, hence beams and walls have a reduced
effective stiffness of 50-70% of the uncracked one.

However, there are cases where this assumption creates misleading results for the gravity
load combination, in the cases where this is critical. A very indicative example on the matter
is for buildings with seismic isolation and the effect of the stiffness modifiers on the load
distributions to each isolation unit.

5.6.4 Lateral force method of analysis

This method, for both main directions of the building, takes into account only the fun-
damental mode of vibration. Based on the above modes of vibration, the respective fun-
damental periods T, T}, and the relevant design spectrum, modified by the importance
factor, the total inertia forces in the two main directions and their contribution along the
height of the structure are defined (Subsection 3.2.3). For these loads, a static analysis of
the structural system is carried out. In this context this method might be characterised as
an equivalent static analysis. From the above presentation it is concluded that this type of
analysis can only be applied to buildings in which the first two eigen modes are transla-
tional and response is not expected to have any essential contribution from higher modes
of vibration.

EC8-1/2004 (par. 4.3.3.2.1) defines the following conditions for such an analysis to be
used, in buildings that:

Condition 1

The fundamental periods of vibration T1 in two main directions are less than the follow-
ing values:

T < {4TC

2.0s (5.53)

where T.is the upper limit of the period of the constant spectral acceleration branch (plateau).
Condition 2
Meet the criteria for regularity in elevation given in subsections 4.2.2 and 5.2.3.
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5.6.4.1 Base shear forces

The seismic base shear force Vy, for each horizontal direction in which the building is ana-
lysed, shall be determined using the following expression:

Vg = 84(1)-m - A (5.54)

where

S, (T)) is the ordinate of the design spectrum at period T;.

T, is the fundamental period of vibration of the building for lateral motion in the direc-
tion considered.

m is the total mass of the building, above the foundation or above the top of a rigid
basement.

A is the correction factor, the value of which is equal to: A = 0.85 if T, < 2 T¢ and the
building has more than two storeys, or A = 1.0 otherwise.

5.6.4.2 Distribution along the height

The base shear is distributed among the storeys in the same proportion as the inertia forces
that correspond to the fundamental period of the structural system, which is homologous
to the characteristic shape of the fundamental mode. Given the fact that the first mode of a
multi-storey, multi-column system, with a limited number of storeys and sufficient lateral
stiffness, appears to be linear (Figure 5.19; Biggs, 1964; Polyakov, 1974), the following
relationships apply:

b
P =7 (5.55)
H, = A2 mSaon (5.56)
i 1 M; i i
and
Ly
ZHi =V, = MldeZmicpu (5.57)
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Figure 5.19 The fundamental mode of a multi-storey system and the corresponding inertial forces.
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Therefore,

L
7\'71 : Sd = VB/Zmi(pil (5.58)

Substituting Equations 5.55 and 5.58 into Equation 5.56 the following expressions are
obtained:

m;Qiy (5.59)

) Z ml(pll

or

th Vi (5.60)

where
b, is the height of storey 7 from ground.

On the basis of this theoretical background, EC8 (par. 4.3.3.2.3) requires a distribution
of forces as per the fundamental mode shape displacement at each storey level that is accord-
ing to Equations 5.60.

This equation for constant values of #1,;; and storey heights b yields

mbh,
Hi= sy Vo (5.61)
or
H, = (m/Y n)Vy (5.62)
where

n; is the number of the storey at the level of which the lateral force H; is induced.

Equation 5.62 yields a triangular distribution of seismic loading.

It should be noted however that all advanced software packages provide the option to dis-
tribute the base shear linearly, uniformly or under any mode shape, thus allowing a different
distribution of forces along they height for each direction of analysis.

5.6.4.3 Estimation of the fundamental period

The estimation of the fundamental period may be done either by approximate methods or
by applying modal analysis to the building, as it is available to most engineering software.
However, even in those cases, the following approximations provide a measure to check the
accuracy of the modelling of the building.

For buildings with heights of up to 40 m, the value of T, (in s) may be approximated by
the following expression:

T, =C, - H¥* (5.63)
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where
C,is 0.085 for moment resistant space steel frames, 0.075 for moment resistant.
space concrete frames and 0.050 for all other structures;
H is the height of the building, in m, from the foundation or from the top of a rigid
basement.

Alternatively, for structures with concrete shear walls the value C, may be taken as being;:

c, = 0007
JA: (5.64)
where

A=Y [A 0.2+ (,/H)?]

and
A, is the total effective area of the shear walls in the first storey of the building, in 2.
A, is the effective cross-sectional area of shear wall i in the direction considered in the
first storey of the building, in 22,
L, is the length of the shear wall 7 in the first storey in the direction parallel to the
applied forces, in m, with the restriction that [ ;/H should not exceed 0.9.
The estimation of T, (in s) may also be made by using the following expression:

T, =2n-Jd (5.69)

where
d is the lateral elastic displacement of the top of the building, in m, due to the gravity
loads applied in the horizontal direction.

For the determination of the fundamental period of vibration period T; (in s) of the build-
ing, expressions based on methods of structural dynamics may be used. For example, the
Rayleigh method may be properly adapted:

~ 13 W32 (5.66)
= 2"( gZHiaiJ

where H; (i = 1,2...,N) is a group of forces at the level of the floors, with a triangular dis-
tribution, §, (i = 1,2,...,N) is the corresponding displacements of the floors and W, (i = 1,2,

..,N) is the vertical loads at each storey i. For N=1, from Equation 5.66 the previous
Equation 5.65 can be derived.

5.6.4.4 Torsional effects

In the case of systems regular in plan and in elevation, as these properties have been defined
in Section 5.1, the torsional effects taken into account in the ‘simplified modal analysis’ are
only those related to an accidental eccentricity equal to (par. 5.6.3-D):

e; =0.05-L; (5.67)
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*1
Figure 5.20 Evaluation of the torsional effects on a symmetric system with the aid of an amplification factor.

In this case, EC8 allows the torsional effects to be taken into account by amplifying the
action effects on the individual load-resisting plane elements parallel to the seismic action
using an amplification factor & equal to (Figure 5.20):

=1+ 0.6% <1.30 (5.68)

1

If the analysis is performed using two planar models, one for each main horizontal direc-
tion, torsional effects may be determined by doubling the accidental eccentricity e,

e, = +0.10L, (5.69)

ai

which results in the following amplification factor 8:

=1+ 1.2% <1.60 (5.70)

It is obvious that such approaches are related to this type of simplified analysis, and when-
ever torsional sensitivity is considered an issue by the designer, at least a modal analysis
should be executed.

It should be noted, again, that codes that promote (use as reference method of analysis)
this type of static—elastic analysis, suggest procedures that the dynamic characteristics of
the building are determined through modal analysis. In that way most of the drawbacks are
eliminated while the main advantage, which is comprehensive and physically meaningful
signed results, is preserved.

5.6.5 Modal response spectrum analysis

As already mentioned, this type of analysis is the reference analysis method according to
EC8-1/2004. It may be applied to all types of buildings, even those that do not satisfy the
conditions for applying the lateral force method of analysis.

For buildings complying with the criteria of regularity in plan but not in elevation, the
analysis can be performed using two plane models, one for each main direction. Otherwise,
the system must be analysed using a spatial model. Whenever a spatial model is used, the
design seismic action will be applied along its two main directions determined by the resist-
ing elements of the system. Otherwise, the design seismic action will be applied along all
relevant horizontal directions and their orthogonal horizontal axes.
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5.6.5.1 Modal participation

In a multimodal analysis the responses of all modes of vibration contributing significantly to
the global response are taken into account (Clough and Penzien, 1975). This may be satisfied
by either of the following;:

e Demonstrating that the sum of the effective modal masses for the modes considered,
amounts to at least 90% of the total mass of the structure, that is

kg
D 2 0.9 M, (5.71)

where k is the number of modes considered and 7 the number of masses.
e Demonstrating that all modes with effective modal masses greater than 5% of the total
mass are considered, that is

L2 i
< .
o o.ong, (5.72)

j
where j is the index of the modes not considered.

In the case of a spatial model the above conditions must be verified for each main direction.

In buildings with a significant contribution from torsional modes, if the above conditions
cannot be satisfied the minimum number of modes & to be considered in a spatial analysis
should satisfy the following condition (EN1998-1/2004):

k>3-Jn

and

T, < 0.20s

where T, is the period of vibration of mode k.
Here it should only be added that whenever a spatial model is used,

e The floor masses will be considered as either lumped masses concentrated at the centre
of gravity of each floor or distributed depending on the diaphragm modelling approach
adopted, as has been elaborated in Paragraph 5.6.4.3.

e The accidental torsional effects may be determined using the appropriate modelling
approach, which has been elaborated in the previous Paragraph 5.6.4.4.

5.6.5.2 Storey and wall shears

To evaluate the percentage of the storey shear that the walls receive (compared to the total),
equivalent static analyses are utilised. This is necessary because the seismic modal analy-
ses produce results that are unsigned, thus making them useless for such an evaluation. It
should be noted that in dual systems this percentage in the upper storeys can be negative,
since the response of the wall differs from that of the frame.
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This has been evident since the 1960s in the application of the Mc Leod method, as is
shown in Figures 4.23 and 4.25.

5.6.5.3 Ritz vector analysis

Although eigen vectors have been used extensively in modal analysis, in recent years an approx-
imate approach, called the Ritz vector analysis, has been utilised in buildings that have a very
complex geometry. This analysis allows the identification of significant modes of vibration
(excluding minor modes), as it uses as a starting point vectors defined by the engineer (the first
vector is the displacement vector obtained from a static analysis) using the spatial distribution
of the dynamic load vector as input. As has been demonstrated by Wilson (1985), dynamic
analyses based on a unique set of Ritz vectors yield more accurate results than the use of the
same number of exact mode shapes. It is considered beyond the scope of this chapter to further
elaborate on this approach, which proves useful in dealing with complex spatial structures.

5.6.6 Time-history elastic analysis

The time history elastic analysis is used only at specific cases of analysis where the exact
response of the building through the duration of a set of excitations is required. Such require-
ments arise in the following types of buildings:

¢ Buildings with seismic isolation
¢ Buildings with damping devices
¢ Buildings with active mass systems

In all the above cases the modelling approaches analysed in the previous paragraphs are
applicable, with the exception of the seismic devices which require modelling with addi-
tional data, such as:

o Effective (elastic) Stiffness
e Effective damping

These parameters are initially determined by the designing engineer and are then pro-
vided/confirmed by the selected manufacturer.

The #-h analysis can provide, in such cases, information about the modification of the
dynamic characteristics of the building, which are only approximated when using the previ-
ous types of analysis (i.e. torsional effects, participation of higher modes due to additional
damping of first mode, etc.).

The selection of the excitation, scaling and interpretation of the results are issues that are
elaborated in the relevant section for the nonlinear ¢-b analysis.

5.7 INELASTIC ANALYSIS METHODS

5.7.1 General

As is widely known, the design of new buildings is based on elastic methods (static or
dynamic); however, buildings often sustain damage during an earthquake and thus develop
some degree of nonlinear inelastic behaviour depending on the extent of damage. This
behaviour is introduced into the design by modern codes by the use of a reduction factor
for the seismic forces (g-factor, R-factor, etc.). On the other hand, for the assessment of the
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seismic behaviour of an existing building many modern codes/guidelines suggest the use of
a more ‘accurate’ approach — that of the nonlinear analysis.

Assessing the nonlinear behaviour of a building requires appropriate software, the most
advanced case being the nonlinear step-by-step dynamic time-history analysis with a fibre
model for the structural elements behaviour. This type of analysis, though very useful for
the researcher/engineer, as a benchmark is extremely strenuous and non-design friendly as
it requires a bundle of input data (accelerograms, damping values for each element, stress—
strain laws for each material with a cyclic behaviour, etc.) and produces unclear results for
design purposes (stress—strain over time steps, maximum-minimum values at different time
steps, absorbed energy, etc.).

5.7.2 Modelling in nonlinear analysis

It is well known that the software available for nonlinear analysis can be generally divided
into three different categories:

¢ Linear finite element point hinge models
¢ Linear finite element distributed nonlinearity (fibre) models
¢ Planar (shell) or spatial finite element nonlinear models (continuous or discrete)

It is obvious that the methods are presented with increasing demand in modelling com-
plexity and computational power. From these, only the first two are used for the analysis of
complete structures while the latter are used mainly for substructures.

The point hinge approach concentrates the nonlinearity of the structural elements in
nonlinear rotational springs at the ends of each element, the moment rotation curve of
which corresponds to nonlinear behaviour of each element (see Subsections 2.3.5, 2.5.2
and 5.4.4).

The fibre model utilises nonlinear material laws for concrete and reinforcement, and by
dividing each element into sections and each section into regions (fibres), calculates, by sec-
tion analysis, the moment—curvature for each load step for each section and then integrates
along the length of the element, thus producing the nonlinear behaviour for each load step.

Modelling a building for nonlinear analysis requires different approaches than that of the
modelling for linear analysis, specifically with regard to the following aspects:

Slab and transfer of loads
Diaphragm constraint
Foundation

R/C wall and cores

fibre or point hinge modelling
Use of safety factors

5.7.2.1 Slab modelling and transfer of loads

Slabs in most modern commercial software packages are modelled by the use of some type
of elastic shell element that transfers the gravity loads to the beams, facilitates the slab
design itself and applies the diaphragm constraint. However, in nonlinear analysis the shell
elements for slab must not be present, as they will act elastically, thus interfering with the
nonlinear behaviour of the T-beams. Therefore, two different problems arise: (i) the transfer
of loads from slabs to beams; (ii) the modelling of the diaphragm constraint.
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Figure 5.21 Gravity load distribution (left) and mass distribution (right).

Regarding the first issue (i), some software packages include a macro element for slabs
that only transfers the loads at an ‘initial step” and then set the slab stiffness matrix to zero
[0] in order to perform nonlinear analysis for gravity and lateral loads. In the cases where
this option is not present, as in most current NL software packages, the loads are trans-
ferred manually using a triangulation approach, at the thirds of each beam, as shown in the
following figures from a 16-storey actual building presented in the examples of this chapter.

It should also be noted, for the case of b nonlinear analysis, that the additional masses
corresponding to the slab self-weight and gravity loads (mass combination) should be trans-
ferred directly to the nodes of each vertical element per storey to facilitate the nonlinear
analysis. These concepts are shown graphically in Figure 5.21 for the typical storey of an
actual building.

5.7.2.2 Diaphragm constraint

Regarding the issue of the diaphragm constraint there are also nonlinear software packages
that allow the use of a rigid diaphragm constraint in selected nodes; however, in cases where
this option is not available the engineer must manually add x-braces with numerically rigid
elements (elastic material with Ey,;q = 10- E and 1.0 x 1.0 m cross-section) and end releases,
as shown in Figure 5.22.

5.7.2.3 R/C walls and cores

As in the case with slabs, R/C walls and cores in most modern commercial software
packages are modelled with elastic shell elements, an approach that has simplified the
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Beam

Beam

Figure 5.22 Rigid diaphragm modelling (plan view).

modelling of these elements to the average engineer and has essentially transformed the
elastic structural modelling of a building to a 3-D BIM-type approach. Unfortunately,
this simplification is not available, and not recommended even if available, for the non-
linear structural modelling as all elements should be simulated using 1-D elements either
in point hinge or fibre model approaches. Therefore, the R/C walls and cores have to be
modelled following the ‘old’ rules used in the 1990 s for modelling such elements (then
elastically).

Rectangular R/C walls should be modelled using one 1-D element corresponding to the
dimensions, material properties and reinforcement of the wall itself. This element must be
connected to the beams through the use of numerically rigid elements (elastic material with
Egigia = 10- E; and 1.0 x 1.0 m cross-section).

R/C cores of arbitrary geometry represent a higher challenge, as they have to follow
different modelling approaches for point hinge models and fibre models. In the case of
the point hinge model the core must be modelled using one element placed at the centre
of stiffness (shear centre) with the geometrical properties of the core section and a biaxial
moment-rotation diagram (with axial force interaction) that corresponds to the nonlinear
behaviour of the core. As this is not available by any standard, a detailed section analysis
should be performed in order to define this set of curves. In the case of the fibre model, each
leg of the core should be modelled as one 1-D element at the centre of stiffness of the leg with
geometrical properties, material properties and reinforcement corresponding to this leg. In
both cases, the 1-D elements are connected to the geometrical extremities of the core using
numerically rigid elements (Figure 5.23).

It should be noted that if the proposed arrangement for the fibre model is applied in the
point hinge model for the nonlinear simulation of cores, it will lead to a significant uncon-
servative error, as the moment capacity of the set of 1-D elements will be governed by their
axial load—deformation curve, which in most approaches is elastic, thus giving the core
infinite yield moment capacity.

Beam Rigid Rigid Beam

Wall

Figure 5.23 Wall modelling (left, elevation view).
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5.7.2.4 Foundation

It is suggested that the building is modelled as fixed at the level where it is laterally restrained
(i.e. foundation box). This approach reduces the size of the nonlinear model and eliminates
possibility of mistakes. Cases in which soil-structure interaction or foundation design is
required should opt for simpler models of the superstructure and use geotechnical nonlinear
software (e.g. Plaxis, 2012).

5.7.2.5 Point hinge versus fibre modelling

Two of the key issues in the point hinge modelling are the initial stiffness and the ulti-
mate available rotation of each structural element. As the approach is approximate, these
two assumptions seriously affect the results and their credibility. Usually the fibre model
approach is used as a benchmark.

5.7.2.5.1 |Initial stiffness

In U.S. guidelines such as FEMA356 or ATC40 the aforementioned modelling problems are
dealt with in a, more or less, straightforward fashion. As far as reinforced concrete members
elastic stiffness (second level) is concerned, the values defined in Table 6-5 of FEMA 356
where the beams are modelled with 50% of their uncracked flexural rigidity while columns
with 50-70% of their uncracked flexural rigidity (Table 5.3) are proposed.

EC8-1/2004 suggests the use of cracked sections as defined in its Subsection 4.3.1, that
is, 50% of the gross section for all elements. On the other hand, in text books (Leonhardt,
1977) the rigidity is modelled as a function of the flexural reinforcement ratio and varies
from 25% to 50% of the uncracked rigidity (Figure 5.24).

One should be very careful when defining the initial stiffness in a point hinge model, as in
most software the initial elastic behaviour is defined by the elastic properties of the element
while the point hinge is activated at the yield moment, thus requiring a rigid—plastic point
hinge model, instead of elastic-plastic one (that is prescribed in the codes), while the initial
stiffness must be introduced in the general properties (by section modifiers or reduced E
modulus) and not in the point hinge modelling.

5.7.2.5.2 Ultimate rotation

As far as member ductility is concerned, a very precise bilinear diagram is proposed, shown
in principle in Figure 5.25 of the FEMA356, while the values for this diagram are derived
from tables as a function of the axial and shear stress of the element (Table 5.4).

Table 5.3 FEMA 356 cracked flexural and shear rigidity

Component Flexural rigidity Shear rigidity

Beams — nonprestressed 0.5E, 04EA,,

Beams — prestressed El, 0.4EA,

Columns with compression due to design 0.7E, 0.4EA,
gravity loads > 0.5 Af,

Columns with compression due to design 0.5E, 0.4EA,
gravity loads < 0.3 Af. or with tension

Walls — uncracked (on inspection) 0.8E, 0.4EA,

Walls — cracked 0.5E, 04EA,,

Flat slabs — nonprestressed See FEMA 356/6.5.4.2 0.4EA,

Flat slab — prestressed See FEMA 356/6.5.4.2 0.4EA,




206 Concrete buildings in seismic regions

k, = Ky 1Ky

11

Ki /K
1.0
As
0.9 d _As
S
0.8 b
0.7
Lk
AWy
QS
0.6 \‘No&\“%\gw\w
w=1.0% e
0.5 ©
0.4 w=0.7%
n=0.5%
0.3 u=0.4% oll=B,
].L _ 0.2% e 0.2
0.2 1= 0.3%
o KK
0
0 5 10 15 20 25
M/bd? (kp/cm?)
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Table 5.4 Adaptation of the values for the point Hinge diagram of columns (FEMA 356, Tables 5.6
through 5.8) to Sl units and eurocode notation

Acceptance criteria

Plastic rotation angle (rad)

Modelling parameters Performance level
- Residual Component type
Conditions Plastic rotation  strength
Columns controlled by flexure angle (rad) ratio Primary Secondary
Nsd ‘/sd
b-d-f. 4.7
fa Stirrups by d - fu a b c 10 LS CP LS CP

<0.1 C <0.25 0.02 003 0.2 0.005 0.015 002 0.02 0.03
<0.1 C >0.5 0.016 0.024 0.2 0.005 0.012 0.0l16 0.016 0.024
>0.4 C <0.25 0.015 0.025 0.2 0.003 0.012 0.015 0.018 0.025
>0.4 C >0.5 0.012 0.02 0.2 0.003 0.01 0.012 0013 0.02
<0.1 NC <0.25 0.006 0.015 0.2 0.005 0.005 0.006 0.0l 0.015
<0.1 NC >0.5 0.005 0.012 0.2 0.005 0.004 0.005 0.008 0.012
>0.4 NC <0.25 0.003 0.01 0.2 0.002 0.002 0.003 0.006 0.0l
>04 NC 205 0.002 0.008 0.2 0.002 0.002 0.002 0.005 0.008

EN1998-3, on the other hand, provides very detailed equations for the derivation of these
values, and thus renders the whole approach very cumbersome and prone to errors.

The problem with all these data is that no analytical simulations of experimentally tested
structures have been provided, making the user quite sceptic of their accuracy. This exercise,
on the contrary, has been performed for some of the analytical nonlinear software pack-
ages used by academia and the results have been very encouraging (ICONS project using
Adaptic, 2012; Seismostruct, 2013; Elnashai et al. (ZEUS), 2002-2005).

5.7.2.6 Safety factors

Amongst the several parameters that affect the results of nonlinear analysis is the proper
use of safety factors, local and global. More specifically of interest are, for local values, the
material properties safety factors and the loads safety factors, as well as the global safety
factor of the structure. Indicatively, FEMA356 uses the reliability of the material factor
(k=0.75-1.00) and characteristic values are used for gravity loads and mean values for
deformation values without any additional safety factor. The safety factors are introduced
in the end results, that is, the rotational capacity of structural elements that are clearly con-
servative (yet quantified), and the required over available ductility that ATC40 introduces a
factor of 2.50.

For EC8-3/2005 the use of safety factors depends on several aspects, as is shown in
Table 5.5.

It is mainly up to the designing engineer to decide upon the safety factors introduced, and
since the analysis is nonlinear and the analogy between input and output, which exists in linear
analysis, is not guaranteed it indeed makes sense to use unfactored values and opt for a global
safety factor in terms of ductility or displacements. However, it is suggested that in design appli-
cations (not assessment) the use of design material properties is adopted in order to safeguard
against possible legal implications, thus obviously reducing the global safety factor opted for.
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5.7.3 Pushover analysis

Taking into account all the issues raised previously regarding static and dynamic nonlinear
analysis currently, the nonlinear method used for design purposes (FEMA 356, ATC40,
EC8-1/2004) is the static nonlinear analysis, widely known as ‘pushover’. According to
EC8-1/2004 it is defined as ‘a non-linear static analysis carried out under conditions of con-
stant gravity loads and monotonically increasing horizontal loads’.

The static nonlinear analysis produces as a basic result the P-8 curve of the building,
which demonstrates the capacity of the building to lateral loads (depicts the base shear
capacity over lateral displacement). This curve corresponds to the multi-degree-of-freedom
(MDOF) system, which with appropriate coefficients is transformed to the curve of the
equivalent single-degree-of-freedom (SDOF) system oscillator called capacity spectrum
(Figure 5.26).

Additionally, the displacement pattern and condition (level of developed nonlinearity) of
each structural element is produced for each time step.

Three key points are defined on the capacity spectrum of a building:

¢ Yield capacity: Corresponds to the base shear which limits the linear-elastic behaviour
of the building.

¢ Design capacity: Correspond to the design base shear, which should be less than the
yield base shear as safety factor for materials are used, as well as construction guide-
lines (minimum reinforcement, stirrups, capacity rules, etc.), which increase the actual
base shear capacity.

e Ultimate capacity: Correspond to the maximum base shear when the building has
been fully plasticised.

The following approximate relations connect those key points:

V
YC(V,, A):V, =yC; A, = 4;2 T? (5.73)
T2
UC (V,,A,): V, = AV, = MC, A, = MV, = MWCSW (5.74)

A

V (Base shear)
Ultimate capacity (UC)
Vu SR e e A
Vypromonsrd # " Yield capacity (YC)
Va- . Design capacity (DC)

5, & 5, 5

Y Displacement

Figure 5.26 Capacity spectrum.
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where
C, is the seismic coefficient (percentage of building effective weight).
T is the elastic fundamental period of the building.
v is the design overstrength factor (yield base shear/design base shear).
A is the actual overstrength factor (ultimate base shear/yield base shear).
u is the total ductility factor = §,/3,.

From the above relations the building behaviour factor (g) may be defined as
9 =40 9 9y

where
do, 1s the overstrength behaviour factor g,,=0.50(V, + V,)/V,
gy is the damping behaviour factor = 1.0 for R/C buildings.

Ductility behaviour factor = p forT > 0.50s
*" | Ductility behaviour factor = 1/\2u -1  for T < 0.50s

as shown in Subsection 2.3.4.

5.7.4 Pros and cons of pushover analysis

Static nonlinear analysis facilitates the assessment of the behaviour of a structure by calcu-
lating the available strength capacity of the structural elements and the corresponding defor-
mations (ductilities) and comparing them to the corresponding demands as defined for the
design earthquake. The assessment is based on several parameters of structural behaviour
as total drift, interstorey drifts, required ductilities versus available ductility, node loads and
element loads. The key benefit in using pushover analysis is that the designer has an estimate
of the developed forces and deformations as the building enters the nonlinear range, taking
into account the changes in the stiffness of the individual members and the redistribution of
forces that take place.

The basic data that result from a pushover analysis, and not from an elastic static or
dynamic analysis, are the following:

e Realistic values of forces on brittle elements such as short columns, coupling beams or
high-depth beams and so on.

e Estimate of the total (inelastic) deformations that must develop at critical parts of
structural elements so that the structure can dissipate the seismic energy.

e Effect of the yield or failure of a structural element on the overall behaviour of the
structure and the redistribution of forces.

¢ Pinpointing of the critical areas of elements that require high available ductility.

e Highlighting of structural asymmetries in plan or along height, resulting from the
plasticisation of critical elements that affect the structural and dynamic behaviour of
the building (torsional effects, infill walls, soft storeys).

e Soft storey identification, either due to abrupt changes in stiffness, or more impor-
tantly due to abrupt changes in strength, along the height.

e Capability of modelling and assessing the effect of infills, which when distributed
unevenly seriously alter the desired behaviour of a building.
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The accuracy and validity of all of the aforementioned results depends highly on the
assumptions and modelling approaches used during the analysis, especially regarding hys-
teretic behaviour of materials or whole elements, the load pattern and/or the correspond-
ing displacement pattern and so on. Useful for the better understanding of the limits and
capabilities of the pushover analysis is the following brief demonstration of principles upon
which the method is based.

Pushover analysis and the assessment of buildings based upon it rely on the following two
assumptions:

1. The response of a MDOF system that can be accurately represented by an equivalent
SDOF system even in post-elastic range.

2. The behaviour is guided by a modeshape that remains constant during the duration of
the excitation.

It is obvious that both assumptions are not entirely accurate; however, several parametric
studies have shown that the estimate of the maximum seismic response of MDOF systems
is acceptable provided that the behaviour is indeed guided by one modeshape (Figure 5.27;
Fajfar and Fischinger, 1994; Saiidi and Sozen, 1981).

Regarding the second assumption, the works of Elnashai (2000) and Antoniou et al.
(2002) demonstrate an extended pushover analysis, called adaptive pushover, which takes
into account the following:

1. The changes (shifts) of the eigen modes, as several elements yield and cause a change
in the stiffness matrix (K) of the structure, are taken into account by performing an
eigenmode analysis at every ‘significant’ change of the stiffness matrix.

2. Higher significant eigen modes are taken into account corresponding to their partici-
pation mass ratio, as it results from the eigen analysis.

3. Use of the spectra of the specific excitations considered, from which the participating
ratios are weighted.

Results based on this type of analysis, of buildings sensitive to pushover analysis, are
extremely close to ones by nonlinear time-history dynamic analysis for different levels of
excitation. Indicative application of the method on an eight-storey non-symmetric moment
resisting frame (MRF), a 12-storey symmetric MRF and an eight-storey dual system have
been presented in the work of Antoniou et al. (2002). Figure 5.28 shows the accuracy of the
method compared to the nonlinear ¢-b analysis and the triangular and uniform distribution
of loads for pushover analysis.

D-‘k
N Fﬁ%
m*
Fa&
Y m* =Tm, O,
k* = Fv*/Dy*
T* = 21\ m* | I*
Dy* D*
F*

Figure 5.27 Equivalent SDOF system. (From Fajfar, P. and Dolsek, M. 2000. A transparent nonlinear
method for seismic performance evaluation. 3rd Workshop of the Japan-UK Seismic Risk Forum,
Proceedings, Imperial College Press, 2000.)
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Figure 5.28 Adaptive pushover, pushover and nonlinear T-h: (a) asymmetric system of high ductility; (b) sym-
metric system of low ductility.

5.7.5 Equivalent SDOF systems

In modern earthquake engineering the seismic excitation is either defined by design spectra
or accelerograms; however, in codified design the input is always defined, or at least cor-
related to spectra, which provide information about the acceleration and/or displacement
of SDOF systems. Therefore, it is essential to correlate the results of the pushover analysis,
which corresponds the MDOF system to the properties of an equivalent SDOF system, tak-
ing into account the nonlinearity of the response both in terms of forces (base shear) and
deformations. This is tackled by the use of an equivalent SDOF oscillator, a version of which
is presented in the following two paragraphs, the first referring to the typical translational
case, while the latter in the case of translational and rotational (torsional) behaviour.

5.7.5.1 Equivalent SDOF for torsionally restrained buildings

Several different approaches for the definition of the equivalent SDOF oscillator are avail-
able in literature, yet all start using the basic assumption that the deformation of the MDOF
system may be described by a deformation vector [®@], which remains constant through the
loading time-history, regardless of the magnitude of the applied deformation.

In this paragraph the well-known methodology for the definition of the SDOF oscillator
for translational behaviour of spatial (3-D) structures, which was developed in the early
work of Saiidi and Sozen, 1981 (Krauwinkler and Nassar, 1992) is presented, while in
the next paragraph, an adaptation for translational and torsional deformation (asymmetric
buildings) will be presented.

The equation describing the dynamic elastic response of the system (Figure 5.29) to exci-
tation in vector form is

[M][a(2)] + [Cl[2(2)] + [P(2)] = - M][1]i, (2) (5.75)

By eliminating the damping terms from Equation 5.75 [C][#(t)], Equation 5.76 results:

[M][a(e)] + [P(2)] = —[ M][1]i, (¢) (5.76)
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Figure 5.29 Modal deformation of a torsionally insensitive (translational) MDOF system.

where:
m 0 - 0
0 m - . .
M] = is the mass matrix
0 0 - m|
u, |
T/lz .
[¢] = , displacement vector
u, |
.
P, . .
[P] = , restoring force (internal) vector
P, |

It is assumed that the displacement [#] and the restoring force [P] of the elastic MDOF
system can be correlated to the corresponding parameters of the equivalent SDOF nonlinear
oscillator #, and P, as a function of two vectors [®] and [W¥]:

Dy
[1(0)] = [ @1ty 1) = | ** |y ) (5.77)
¢,
Yy
Vs,
[Pl = [¥IR,(0) = | (B0 (5.78)
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Therefore, using these transformations, the equation of vibration of the MDOF system

becomes, in vector form:
[M][®]it, (2) + [w]P, () = —[M][1]i, (z)
And in algebraic form

m]q)]i/in (t) + lV113n = _m1uo(t)
mZ(pZi’in(t) + \IIZPn = _m2i’io(t)

m,Q, i, (t) + v, P, = —m,ii,(t)

By multiplying Equation (5.79a) times [®]":
(@] [M][@]it, (£) + [@]'[P]P, () = ~[P]"[M]{1}id, ()

and by transforming the first term:
[T [MI®@] 53y () + [T [PIP, () = —[ @] [M]{L}it, (2)

or

[@] [M][®] ..

[@]"[M]{1} [@[F[M]{1] i, (t) + [@]'[WIR, (2) = @' [M]{1}iz, (2)

We define
[@]"[M][®]

“ = lerman

m* = (@] M(1)

s0, Equation 5.81a becomes in vector form:

m'ii’ (t) + [@I'[WI[F, ()] = —mid,(t)

While Equations 5.82a and 5.82b are in algebraic form:
m=1mQy + Mm@, + o+ Mm@, = zmiq)i
1
(O [M][®] = m,Q} + myQ3 + -+ 1,03 = Y m@}
1

[O][¥] = ) wio;
1

(5.79a)

(5.79b)

(5.80)

(5.81a)

(5.81b)

(5.82a)

(5.82b)

(5.83)
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meaning
m =Y m; (5.84a)
1
nmi(piz
() = S (2) (5.84b)
m;Q;
1
[OI'¥] = > wio, (5.84¢)
1

Equation 5.83 by introducing Equations 5.84a through 5.84c is transformed to

limi@i}w(ﬂ + [i miWi]Pn(t) = _limi¢i]ﬁo(t) (5.85a)
1 1 1

Taking into account that,

lzn,mi‘lfi:|1)n(t) =V({) or P = [ V()

T~~~ ] (5.86)
Zlmilvi:l

where V is the base shear of the MDOF excited system
Equation 5.85a may be re-written as

m'ii’ (1) + th) = —m'i, (t) (5.85b)

Z:Wi

This corresponds to an SDOF system, which has defined the following properties:
m* =[O [M](1} = Y mg,
1

(see Equation 5.84a)

@I[¥],, DOV
e VO = Sy V() (5.87)

where ', u’(t),V " are the mass, displacement and base shear of the equivalent SDOF
oscillator.
The equation of vibration under excitation for this SDOF system is

V() =

i () + V' (t) = =i 2) (5.88)
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having

u*(t) = Tyu(t) (5.89a)
V()= T, V() (5.89b)

L erMe)] _ D, ! 5,890

CRIMIL Y '
1
[OIT¥] X, 0V
BTy T 'y, o8
1

By introducing

Vi= ¢
one gets

"
r, Zl‘f’ (5.90a)

O;

Y

and for m; = m = constant

) zlmicp? _ mzlcp? T (5.90b)

) z:mi(pi mZ?(Pi

so in the end one factor T' is used, with

. ZZ@%
Zl(Pi

This transformation factor is denoted as T in the Annex B of EC8-1/2004, Equation B3:

- m’ _ szi(pi
2 :l Q7 2 f me;

Iy

(5.91)

(5.92)

5.7.5.2 Equivalent SDOF for torsionally unrestrained buildings

This approach uses for the definition of the response quantities a generalised equivalent
SDOF system with both translational and torsional response, by extending the methodology
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presented in the previous paragraph, wherein only the translational characteristics were
accounted for.

Consider a multi-storey monosymmetric (i.e. stiffness symmetric with respect to one axis
only, in the case of Figure 5.30, the horizontal axis) building (Pauley, 1996, 1997). The cen-
tre of mass is denoted as CM and the centre of resistance as CR. The equations describing
the dynamic elastic response of the system to excitation in one direction (here, the y-direc-
tion) for an undamped system are (Chopra, 1995):

Iststorey

n i n i
myidy (£) + Z”y]‘ () Zkyilj + 2921 : Zkyiliaxil = =1y, (t)
i=1 1 i=1 1
n i n
mn’e,,(t) + zuy(t)z O iRy + zezj(t) zknj + Zaiilkxilj + zaiilkyil =0
i=1 1 =1 i ; i

jthstorey

n i n i
miily(t) + zuyj(t) : zkyin + 2911 : Zkyijj“xii = —mily, (£)
=1 1 j=1 1
n
m; r L] ) + 2 Uy; zaxu yij T zezz' ka + Zam xijj T zaxukyu =
j=1 i

nthstorey

i)+ Y 0,0 Y ko + Y0, Zkym]ocm = 11, (1)
j=1 1 1

=1

n i
mnrnzezn (t) + Zuy (t)z (X‘xinkyinj Z Zktn] + z(xym xinj + Zaxm yin =0
j=1 1 j

(5.93a)
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Figure 5.30 Torsionally restrained (TR-top) and torsionally unrestrained (TUR-bottom) multi-storey
buildings.



218 Concrete buildings in seismic regions

or, In vector notation

{M}{id} + (KHae} = {MH0}id,, (2) (5.93b)
where
[, 0 0 o .. 0 0
0 mrt 0 0 0o 0 O 0
0 0 0 O 0o 0 O 0
0 0 .. m 0 0 0
M =
0 0 0 0 mrx 0 O 0
0 0 0 0 0 0
0 0 0 0 0 m,
| 0 0 0 0 0 m,r?
[ Kll KlZ Kl 2-j-1 Kl,Z] Kl n-1 Kl 2-n 1
K5, K5, Ky Ky, Ky Ky
K = Ky Ky Kyicii-1 Kojoa Kyicton-1 Kajoiom

KZ],l KZ],Z “es KZ],Z]—] KZ]’ZJ oo KZ],ZH

KZ-n 1,1 KZ-n 1,2 e KZ-n—l,Z-j—l KZ-n—l,Z-j oo KZ-n—l,Z-n—l KZ-n—l,Z-n

L K2~n,l K2<n,2 oo KZ-n,Z-j—l Kl-n,2~/' oo K2~n,2-n—1 K2~n,2-n ]
[1] —iiylﬂ Fuqu
O ezl ezl
1 U u
6 — M — “Yl Au) = Y]
{0} 0 {id} 6, {u} 6,
1 ?yn Myn
0] [ 60 | [ 6 |

and

i i

Ky = Zkyil,l Ky, = Zkyil,laxil
1 1
i i i i

_ _ 2 2

Ky = Zkyil,laxil Ky, = Zkrim + Za‘yﬂkxi],l +Zaxi1kyil,l

1 1 1 1

i i

Koi12-1 = E,km‘,j Kojoigj = E,kyii,iexii

1 1
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i i i i
— — 2 2
Kojoj1 = zkyij,io‘xn' Koo = Zkrii,i + Zo‘yijkxij,i +Z OiRyii
1 1 1

i i
Kyn120-1 = E kyin,n Kino10n = E kyin,na‘xin
1 1

i i i i
— E — E E 2 E 2
KZn,2n71 - kyin,naxin I(Zn,2n - ktin,n + a‘yinkxin,n + (xxinkyin,n
1 1 1 1

where

My,... m,... m, are the vibrating masses on storey 1, j and 7, respectively.

Ri1j» Ryii; are the translational stiffnesses of individual resisting element (i) in the x- and
y-directions, respectively, on storey 1 for unit displacement of storey ;.
k. ; are the rotational stiffnesses of individual resisting element (direction zz) on storey

1 for unit rotation of storey j.
0L, O are the distances from individual resisting element i to the centre of mass (Cy)
in x and y direction, respectively, on storey ;.
uy(t), ,,(t) are the displacement and rotation of the Cy, as a function of time, on storey ;.
ity (2) is the excitation acceleration, as a function of time.

i/iy]-(t),ézj (¢) are the second derivatives of #,(t) and ,(¢) with respect to time (translational
and angular accelerations) on storey j.

In order to approximate the inelastic dynamic vibration of the system with an equivalent
static one, by analogy to the case of translational multi-DOF system (presented in the previ-

ous

and

paragraph), the following assumption is adopted:

—uy1 | —(pyol 1
0,1 P02
u. . (p . _ —
{M} — 6)’] — y0j . uy(t) or {u} = {(po}uy(t) (594)
% D0
uyn (‘pYOH
_ezn § _(PzOn_
i Vi 1 [wea |
Mtl lVMol
V. Yopo; — _
Wh={ 3, [= |y | P® or (b} =1{w.}pw) (5.99)
1 W Moj
Vyn "IIPOn
| M | [ Wnmon |
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where

Vi, M,; are the generalised lateral force and torque at the CM of storey ;.

u,(t), p(t) are the ‘dummy’ time functions of displacement and force, respectively.

pal

Hence, the assumption made is that the storey displacements (u,;, 6,), as well as the story
forces, are expressed as a function of time using the preselected vectors @, (normalised spec-
tral modal displacements u 0,m..) and v, (normalised spectral modal loads V., M

ymaxd Yymax max> max),

and corresponding dummy functions that will be eliminated at the end of the procedure,
hence need no explicit definition.
Referring to Equation 5.93a, the term

n

Z”yi(t) : ikyin' + iezj : ikyiiiexii
1 i=1 1

j=1

expresses the generalised lateral restoring force for storey j, y,,p(t),

n

Z”y,‘(t) ‘ Zkyijj + Zezi : Zkyijjexij = WD (t) (5.96a)
1 j=1 1

=1

while the term

i

iuy(t)zexilkyilj + zn:ezj(t)[zktlj + 23;1/%1]’ + Ze)z(ilkyil}
i=1 1 =1 i i i

expresses the generalised restoring torque for storey j, Wy,;p(t).

n

Z”y(t)zl, exilkyilj + iezi(t)(z ktlj + Ze}%ilkxilj + zeiilkyil] = Yo () (5.96b)
i=1 i i i

=1 1

In the previous definitions the terms expressing the restoring forces of the elastic MDOF
system have been replaced by the forces calculated for the inelastic SDOF system.
Using these definitions, Equations 5.93a and 5.93b are reduced to the following:

1st storey
ml(Py()lﬁy<t) + YpoiP(t) = —myii, (t)

m17'12(Pz01’.’7.y (#) + Wmorp(t) = 0

jth storey

00ty (£) + WpoiP(E) =~ (1) (5.97a)
M@ty (1) + Yrioip (1) = 0

nth storey

mn(pyOnﬁy(t) + WPOHI;(t) = _mni'ioy (t)

mnrnz(sznﬁy (t) + lIIMOrlﬁ(t) =0
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or, In vector notation
IM}{@o}u, + {y,)p(t) = ~(M} {8}l (2) (5.97b)
Pre-multiplying 5.97b by {,}7, the following equation is derived:
(@) (MM oo, + {00} (W, )D(2) = ~{0o}" {M}{8)id, (2) (5.98)

Taking into account that the lateral storey force (storey shear) can be defined as
V,(t) = BYh) = BHwa)pt) = Y Wro; - () (5.99a)
=1

it follows that

s = W %
IR R

0 ZWPOJ' (5.99b)
j=1

Equation 5.98 can be transformed as follows:

{00} {M} oo}, + = —{(o} T (M}{B)ii (£) (5.100)

In order to proceed, the following notation is adopted

m* = {go) T (M}8} =m0y, (5.101a)
=1
() = T, () (5.101b)
V() = LV, (¢) (5.101¢)
where

’_’ m«p%n + 72@%0')
r, = {cpo}T{J\fI}{tpo} _ z/ﬂ : : (5.102a)

m n
Z i T Pyoi

3 {(pO}T {\llo} B 27_=1 ((Pyoj\IIpoj + (pzoi\VMoj)
2= 8 T - n
(817w Y v

(5.102b)
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m’,u,(t),V;: are the mass, displacement and base shear of the equivalent SDOF oscillator,
respectively.

Introducing the foregoing notation into Equation 5.100 the following expression is
obtained:

i (1) + V) (£) = —miiy (2) (5.103)

Equation 5.103 describes the inelastic response of the equivalent SDOF oscillator, while
Equations 5.101 and 5.102 describe the relationship between the multi-storey 3-D building
(modelled as an MDOF system) and the equivalent SDOF oscillator.

For the case of a single storey building, Equations 5.101 and 5.102 are simplified as
follows:

m* = {@}T{MHd}= mq,, (5.101a"%)
uy(t) = Tyu,(t) (5.101b")
V()= T,V (1) (5.101¢")
where

o _ Lo, (MY o,) _ mo3, + mrel,
1 — B

m MmOy,

(5.102a%)

{(P}T{\Po} — (PyOWpo + (pzolleo

T, =
Vo Vo (5.102b")

For the application of the methodology it is proposed that a single pushover analysis is
used. The load vector is the set of storey forces causing the elastic spectral modal displace-
ments of the building. As one may observe, this vector is slightly different from the spectral
modal loads. The spectral modal displacements are a vector resulting by applying the SRSS
rule at the displacement caused by the contribution of each mode, while the spectral modal
loads are a vector resulting by applying the SRSS rule on each mode base shear contribu-
tion. The required vector may be correctly obtained as the storey shears, when applying the
spectral modal displacement vector as a displacement constraint.

This methodology has been applied by Penelis and Kappos (2005) in single- and multi-
storey buildings. For the single-storey buildings (Figure 5.30), Table 5.6 summarises the
results for four different sets of accelerograms (3—10 excitations each), where the target
displacements and rotations vary around 10% from the corresponding dynamic ¢-b results.

For the multi-storey buildings (Figure 5.31), Table 5.7 summarises the results for four
different sets of accelerograms (3—10 excitations each), where the target displacements and
rotations vary around 20% from the corresponding dynamic #-b results.

Indicative graphical representation, in Figures 5.32 and 5.33, which show the #-b results
using inelastic dynamic analysis (IDA) and the corresponding pushover for the cases of tor-
sionally restrained (TR) and torsionally unrestrained (TUR) single-storey buildings, and in
Figure 5.34 for a multi-storey building, confirms the validity of the method.

It is useful to note here that, torsionally, unrestrained buildings demonstrated significant
scatter in the resulting torsional rotations, even for inelastic dynamic analysis, as it is evident
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Table 5.6 Proposed pushover response versus t—h nonlinear analysis

Dynamic Static

Torsionally restrained single-storey building

Ql set Mean c.o.V. Pushover Diff.%
uy (cm) 0.792 12.86% 0.824 4.02%
Oz (rad) 4.96E-02 14.93% 5.30E-04 6.90%
Q2 set Mean c.o.v. Pushover Diff.%
uy (cm) 0.799 1.38% 0.783 2.06%
Oz (rad) 4.69E-04 0.73% 5.30E-04 4.94%
Q3 set Mean c.o.v. Pushover Diff.%
uy (cm) 1.034 32.54% 0.954 7.70%
0Oz (rad) 4.90E-04 33.61% 4.41E-04 10.17%
Q4 set Mean c.o.v. Pushover Diff.%
uy (cm) 1.0709263 50.11% 1.041 2.78%
0Oz (rad) 9.02E-04 60.96% 6.00E-04 33.48%
Q4 set pga Mean c.ov. Pushover Diff.%
uy (cm) 2.255035 37.92% 1.822 19.20%
Oz (rad) I.11E-03 43.88% 8.90E-04 19.84%
Torsionally unrestrained single-storey building

Ql set Mean c.o.v. Pushover Diff.%
uy (cm) 0.062 15.27% 0.765 13.61%
0Oz (rad) 6.18E-04 23.68% 7.60E-04 23.05%
Q2 set Mean c.o.v. Pushover Diff.%
uy (cm) 0.128 24.82% 1.150 17.21%
0Oz (rad) 1.28E-03 26.05% I.10E-03 14.00%
Q3 set Mean c.o.v. Pushover Diff.%
uy (cm) 1.463 21.21% 1.531 4.66%
Oz (rad) 1.22E-03 22.54% 1.30E-03 6.95%
Q4 set Mean c.o.v. Pushover Diff.%
uy (cm) 5.834 66.11% 7.654 31.20%
0Oz (rad) 5.15E-03 72.76% 4.30E-03 16.57%
Q4 set pga Mean c.ov. Pushover Diff.%
uy (cm) 5.837 63.88% 5.640 3.37%
0Oz (rad) 5.19E-03 69.34% 4.50E-03 13.27%

from Table 5.5. This high scatter may be explained in the case of torsionally unrestrained
buildings (Figure 5.30, bottom) as yielding of one of the lateral resisting elements practically
renders the building as pinned, for the torsional degree of freedom, rotating ‘freely’ around
the remaining lateral resisting element (with the exception of the torsional rigidity of the
element itself). This obviously represents an upper-bound for the scatter of the torsional
response and corresponds to a theoretical case, as actual buildings always have some degree
of torsional restraint provided by the existence of more than two lateral resisting elements
in both principal directions.

Obviously, one can also use other approaches, such as the Modal Pushover Analysis
presented by Chopra (2002) or the modified N2 method by Fajfar et al. (20035), as the
issue of pushover analysis of torsionally sensitive buildings is currently an ongoing
research issue.
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Figure 5.31 Torsionally unrestrained four-storey and eight-storey buildings.

5.7.6 Time-history nonlinear analysis

Time-history nonlinear dynamic analysis is considered to be the most accurate approach in
the evaluation of the performance of a building under earthquake excitation, provided that
all modelling approaches and input parameters have been introduced correctly. Its complex-
ity has mainly limited this type of analysis to academic use, where it is often the benchmark
approach for buildings, while it has application in the field by practicing engineers, on the
modelling of seismically isolated buildings, where, however, the nonlinearity is limited to
the isolator devices while the rest of the building is modelled elastically.

5.7.6.1 Input motion-scaling of accelerograms

The input motion in the #-/ nonlinear analysis is always a set of accelerograms. There are
several types of accelerograms:

e Recorded accelerograms of previous earthquakes

e Artificial accelerograms compiled manually or using algorithms to match a spectra

e Hybrid accelerograms, resulting from the modification of a recorded one in order to
match a selected spectra type

Although intuitively an engineer would tend toward using actual recorded accelerograms,
which include a more representative frequency content, the code specifications that require
the use of a number of accelerograms with a spectra close to the code elastic spectra render
the use of artificial or hybrid accelerograms almost mandatory for practical applications.
This has already been elaborated in Subsection 3.4.4.

The scaling of accelerograms has several different available techniques, the most common
of which are:
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Table 5.7 Proposed pushover response versus t—h nonlinear analysis

Dynamic Static

Torsionally unrestrained four-storey building

Ql set Mean c.o.V. Pushover Diff.%
uy (cm) 7.169 31.76% 5.741 19.91%
0Oz (rad) 9.55E-03 27.27% 7.70E-03 19.34%
Q2 set Mean c.o.v. Pushover Diff.%
uy (cm) 15.499 21.61% 13.748 11.29%
0Oz (rad) 1.63E-02 19.38% |.80E-02 10.43%
Q3 set Mean c.o.v. Pushover Diff.%
uy (cm) 13.847 31.93% 10.949 20.93%
0Oz (rad) 1.86E-02 28.83% 7.00E-03 19.32%
Q4 set Mean c.o.v. Pushover Diff.%
uy (cm) 13.041 63.53% 10.902 16.40%
0Oz (rad) 1.71E-02 63.22% 1.30E-02 23.90%
Torsionally unrestrained eight-storey building

Ql set Mean c.o.v. Pushover Diff.%
uy (cm) 24.999 74.76% 18.804 24.78%
0Oz (rad) 1.34E-02 90.00% |.50E-02 11.56%
Q2 set Mean c.o.v. Pushover Diff.%
uy (cm) 13.916 24.86% 11.364 18.34%
0Oz (rad) 7.37E-03 20.09% 7.40E-03 0.45%
Q3 set Mean c.o.v. Pushover Diff.%
uy (cm) 21.061 31.65% 15.626 25.80%
0Oz (rad) I.10E-02 31.44% I.10E-02 14.61%
Q4 set Mean c.o.v. Pushover Diff.%
uy (cm) 35913 94.82% 31.767 I1.55%
Oz (rad) 2.50E-02 88.40% 2.50E-02 22.34%

e Scaling according to maximum peak ground acceleration (PGA) target
e Scaling according to maximum velocity peak ground velocity (PGV)
e Scaling according to Arias or Housner intensity

Although for unidirectional or bidirectional excitation in elastic analysis the aforemen-
tioned procedures do not result in serious differences, in the case of inelastic analysis this
selection results in significant differences.

The Housner Intensity is described by the following expression, which in essence is the
area under the Pseudovelocity Spectra PSV over the period (see Chapter 2.2.4.4):

2.5
St= [Psv(r)dt (5.104)

0.1

Proposals to modify this intensity by using a smaller period domain for the integration,
that is, a time window close to the fundamental period of the building has been considered
and well documented for research purposes (Kappos and Kyriakakis, 2000).
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Figure 5.32 Torsionally restrained single-storey building V-6 and V6.
The ARIAS intensity is described by the following integral:
— 2
Al = Ja (t)dt (5.105)

t

where a(t) is the acceleration.

For the #-h inelastic analysis of a building, the scaling of the total energy of each excitation
is critical, therefore it is suggested that the ARIAS (or Housner) intensity is scaled for the
sum of the energies of both directions, as can be shown in Table 5.8, which includes three
accelerograms from the European Strong Motion Database (Ambraseys, 2000).

5.7.6.2 Incremental dynamic analysis IDA

The incremental dynamic analysis (IDA) is a procedure to define the capacity curve of a
building by using a set of #-/ inelastic analyses with an increasing intensity. Plotting the
results of this analysis in the form of base shear-top displacement results in a trendline of
points that includes the capacity curve of the building. An indicative IDA curve is shown
Figure 5.35, which refers to a 3-D eight-storey MRF both in terms of base shear-displace-
ment and base shear-rotation (torsion).
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Figure 5.33 Torsionally unrestrained single-storey building V-8 and V-6.

This procedure has been extensively investigated by Vamvatsikos and Cornel (2002), and
has also been used in 2-D research approaches.

In the case of 3-D analysis with torsional effects, the procedure requires additional atten-
tion to the selection of corresponding values for plotting this curve. There are several options
that are summarised herein:

¢ Selecting the maximum responses for base shear and displacement (maxBS—-maxD
approach)

e Selecting the maximum top displacement and corresponding to this time (¢,) step base
shear (maxD approach)

e Selecting the maximum base shear and corresponding to this time step (¢,) displace-
ment (maxBS approach)

¢ Introducing a time window to the maxD and maxBS approaches as follows:

maxD(t,), maxBS{t, K Az, t,, ¢, + At}
maxBs(t,), maxD{t, N Az, t,, t, + At}

All these are shown in the graphical representation of Figure 5.36.
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Figure 5.34 Torsionally unrestrained single-storey building V-8 and V-6.
Table 5.8 Scaling of accelerograms
Scaling factors for bidirectional t-h inelastic analysis
Target Target/recorded
Event Direction Arias|. Totall. intensity (scale factor)
TABAS, IRAN (16/09/78 Ms =7.3) EW 11.21 23.17 9.71 0.65
NS 11.97
Friuli, IT (15/09/76 Ms = 6.0) EW 1.09 1.82 2.31
NS 0.73
Gazli, UZB (17/05/76 Ms = 7.0) EW 4.95 9.71 1.00
NS 4.76

As has been theoretically explained by Penelis and Kappos 20035, the suggested approach
is the maxD with a time window of one time step, which produces the most accurate
results compared to the theoretical solution elaborated for the single-storey torsionally
unrestrained system shown in Figure 5.37. In this figure the left chart shows the results of
t-h inelastic analysis using all of the aforementioned matching pairs (red for maxD, blue
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Figure 5.35 IDA of an eight-storey torsionally unrestrained MRF (V=3 and V-6 charts).

for maxD-maxBS and black for maxBS) and the resulting trendlines, while the right chart
shows the theoretical solution for torsionally restrained and torsionally unrestrained build-
ings of Figure 5.30.

5.8 COMBINATION OF THE COMPONENTS OF GRAVITY LOADS
AND SEISMIC ACTION

5.8.1 General

Coming back to the linear methods of analysis it should be noted that, no matter which
one of the two procedures presented above has been used, that is, ‘the modal response spec-
trum analysis’, or the lateral force method, the horizontal components of the seismic action
should be considered, according to EC8-1/2004, as acting simultaneously in the two main
directions. These two components may also be considered to have equal and uncorrelated
intensities (Rosenblueth and Contreras, 1977).
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Figure 5.36 DA of an eight-storey torsionally unrestrained MRF.

The combination of these two horizontal components for the determination of maximum
seismic effects and, subsequently, their combination with the permanent gravity loads, may
be carried out as follows:

1. At first the structural response to each horizontal component shall be computed by
means of the combination rules for modal responses given in subsection 2.4.3.1 or by
means of lateral force method of analysis (subsection 5.6.4).

2. Then the maximum value of each action effect on the structure due to the two horizon-
tal components of the seismic action may be estimated by the square root of the sum
of the squared responses to each component of the seismic action, that is:

Epux = £,JE + E2 (5.106)

where
E,.., is the maximum action effects (M, M,, M,, V,, V,, N) due to the simultane-

max

ous action of the earthquake in both main directions.
E_ is the maximum action effects due to the application of the seismic action along
the horizontal axis x—x of the structure.
E, is the maximum action effects due to the application of the seismic action along
the horizontal axis y—y of the structure.
In the case of a vertical element (column or wall) subjected to bending with axial
force, the above are exemplified as follows:

a. For the x—x earthquake component, the following internal forces are derived:

iMEXX) * Mny’ * NEx
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Figure 5.37 1DA curves for a TUR I-storey building using several approaches for the definitions versus the
theoretical solution: (a) IDA curves for 65 time history analysis; (b) the theoretical solution.

b. For the y—y earthquake component, the following internal forces are derived:

i]\4}3)()'5 + MEyy! * NEy

Therefore, the extreme values of internal forces Mg, ..., TMg, oy TN, Will have
the following form:
2 2
MExmax = i\/(]VIEXX) + (MExy)
2 2
MEymax = i\/(MEyy) + (Mny) (5.10721—C)

Nimax = 1 (NEX)Z + (NEy)2
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Since the alternative values for each load effect are two (£) and the number of the
internal forces participating in the design of the element are three (Mg, 000 Mgy maxs
Ng), it follows that the number of combinations necessary for the design is

A=0b"=23=38 (5.108)

where
n is the number of load effects participating in the design, (in case of biaxial bend-
ing with axial load 7 = 3).
b is the number of alternative choices for each load effect (plus-minus (£) b =2).
3. The seismic action effects must be superimposed on the gravity load effects, that is, on
(Subsection 3.4.5, Equations 3.50 and 3.51):

E, = E(G ‘+,WEiQi)

Therefore, the final action effects due to gravity loads and earthquake will have the
form (Section 3.4.5):

E, = E(G ¥ y50) “+ E(v:54+ 7154 (5.109)

where “+’ implies ‘to be combined with’, G are the dead loads, Q; is the characteristic
value of variable action i, S, is the design value of the seismic action parallel to x—x
and y-y respectively, v, the importance factor, and yy; is the combination coefficient
for the variable action I (see Subsection 3.4.5).

It should be noted that the extreme values of seismic effects (M, .., M, .., M, s Vy s Vy e
N.,) determined above do not act simultaneously. Therefore, in the case that more than one
load effect is needed for the safety verification at ultimate limit state (i.e. M,, M, N for the
cross-section of a column), the combination of the extreme values of all relevant load effects
would be, at first glance, conservative.

In the following subsections a theoretical approach to the problem will be presented, so
that the reader may have a global view of the approximations involved in various procedures

established in practice.

5.8.2 Theoretical background

Let # be the number of the load effects defining the response state of an R/C structural
element (i.e. 7 = 3 for a column under M,, M,, N). Its response to gravity and earthquake
loading acting parallel to the x and y axes simultaneously is defined at an 7#-dimensional
response space of the interacting load effects (i.e. My, M, N) by an ellipsoid (Rosenblueth
and Contreras, 1977; Gupta, 1990), with its centre at r, (M,,, My, N,) (Figure 5.38),
described at a local reference coordinate system by the equation:

xX'G'x =1

where My, M, N, are the responses to gravity loads,

xT = {Xc, ?C, Zc} = {chs Myc? Nc}
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Failure surface

Local coordinate system
parallel to the global system

Y(zv'fy)

N
Response ellipsoid

Figure 5.38 Response ellipsoid and failure envelope.

the vector of the most probable simultaneously acting relevant load effects at the local refer-
ence system, and

XL Pw P M: P Pu
G=|px Y& Pp|=|Px M, py, (5.110)
P Py Za Px Py N&

In the above matrix G, quantities X.,, Y.,, Z., are derived from Equation 5.106, while
quantities Py, = Py, Py, = Poxs Py, = P,y are derived from the following expressions:

Pry = 2 (X Vi + X, Vi) = > (Mg My + My My, )

1 1

Px. = Z(Xi,x Zi,x + Xi,y Zi,y) = E(Mxi,x Ni,x + Mxi,y Ni,y) (5.111)

1 1

P = X Vi Zi + Xiy Ziy) = ) (Mg Ny + My, Ny

1 1

where X; , Y., Z; , are the response spectrum values of the interacting response in the ith

mode of vibration due to the x—x earthquake component (i=1, 2....k),and X, , Y; , Z;  are
the response spectrum values of the interacting response in the ith mode of vibration due to
the y—y earthquake component (i =1, 2....k).

In general, the state of the ellipsoid (or response ellipsoid) that presents the simultaneous

variation of the values of the three responses (M,, M,, N) to gravity and earthquake loading
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(Equation 5.109) has inclined axes, while the failure envelope for M, M, N of the R/C struc-
tural element is not susceptible to simple description. The task of investigating whether the
ellipsoid lies entirely within the safe domain, and that of selecting a failure surface that will lie
just outside the ellipsoid are excessively complicated for routine design. Consequently, based
on the above theoretical background, a series of simplified procedures has been developed.

5.8.3 Simplified procedures

Some of these simplified procedures will be presented here, mainly for a two-dimensional
response space (i.e. M and N on the cross-section of an R/C wall), so that a plane sche-
matic presentation of the various approaches can be feasible (Figure 5.39a). In this case
the response, or interaction, ellipsoid is reduced to an interaction ellipse defined at the
local coordinate system by the following equation (Gupta and Singh, 1977; Panetsos and
Anastassiadis, 1994):

Safe domain

Failure curve M—-N

Y(N) Local coordinate system
! Response ellipse

—
N, + M,
No {0
r - >
M, —— XM
"—'Mo + Mex —

Figure 5.39 Response ellipse and failure envelope: (a) various simplified approaches to the problem;
(b) response ellipse in the safe domain of the envelope (bending design).
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X2 y? XY P Y
c 4 e P, cte 1 _ y
X gx YC%( y XCZX YC%( Xex YCX
or (5.112)

2
MC2 NC2 M_.N, Py
VO e S VES NP '( N J

ex ex

where

pxy = Z(Xi,x Yi,x + Xi,y Yi,y)

i

The centre of this ellipse must be placed in the global coordinate system at the point
7o(Xo = My, Yy = N,) representing the gravity load effect vector (Figure 5.39b).

5.8.3.1 Combination of the extreme values of the interacting load effects

In the case that for safety verification the maximum values resulting from Equation 5.106
are combined, the ellipse of Equation 5.112 is replaced by the rectangle I, I, III, IV (Figure
5.39). It is obvious that this approach is on the safe side.

In most conventional design procedures, it is implicitly assumed that the maxima occur
simultaneously. This assumption introduces an error on the safe side, which can be signifi-
cant. From various case studies conducted so far (Leblond, 1980; Panetsos and Anastassiadis,
1994; Zararis et al., 1994) it may be concluded that for R/C columns and shear walls this
error ranges from 15% to 35%, measured as a percentage of the ‘exact’ reinforcement of
the R/C element.

The number of combinations in this case is four for a two-load effect component
interaction.

5.8.3.2 Combination of each extreme load effect with the corresponding
values of the interacting ones

In this case the ellipse (Figure 5.39a) is replaced by the parallelogram a, b, e, d. It is obvious
that this approach is on the unsafe side. The relevant combinations for the load effect com-
ponents (i.e., M and N) are listed in Table 5.9 (Gupta and Chu, 1977).

In the case of a three-component interaction problem (i.e., M, M, N), the simultaneously
acting components are given in Table 5.10.

According to the conclusions of various case studies conducted so far, the error for R/C
columns and walls ranges from —5% to —10%, measured as a percentage of the exact rein-
forcement of the R/C element.

Table 5.9 Simultaneously acting X, Y, Values

Points a, c Points b, d
X, +X,, (Equation 5.106) P/ Xox
Y. 0,/ Xox 1Y,, (Equation 5.106)
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Table 5.10 Simultaneously acting X, Y., Z_ values

2 points 2 points 2 points
Xe X /Yo 1,/ Ze
Y, 0/ Xex 1Y, 10,/Ze
Z P/ X pyYex 17,

5.8.3.3 Gupta-Singh procedure

According to this procedure (Gupta and Singh, 1977), the ellipse is approximated by the
circumscribed octagon 1, 2, 3, 4, 1/, 2%, 3, 4’ (Figure 5.39a). It is obvious that this approach
is on the safe side, while the error is not as significant as in case (a). The coordinates of the
above-designated points are as follows:

Point 1: X, = X, Y = Yo (1y - 1)
Point 2: X, = X,y — 1) Yoo = Yo
Point 3: X5, = X (1-1,) Y =Y,
Point 4: X,. = X., Y, =Y, (1-7,)

where

N 1/2 0 1/2
= _ Xy — _ Xy
ny N [2 (1 + XeXYeX )] rxy B {2(1 XCXYCX ]]

The other four vertices are symmetric to the previous ones with respect to the centre of
the octagon.

In the case of a three-component interaction problem (i.e., M, M, N), the ellipse is
approximated by a polyhedron with 24 vertices. Their coordinates are as follows:

Pointl: X = X Yie = Yoy =1 Zie = Zex(Wse = 1)
Point2: X, =X, M, -1 Y =Y, Zye = Ze(llyy — 1)
Point3: X5 = Xoelo =1 Ve = Yoy =1 Zse = Za
Point4: X, =X, (0-7,) Y. =Y, Zye = Zo(l = 1)
Point5: X5 = Xoo(l-1g) Yoo = Yull=7)  Zse = 2o
Point6:  X¢ = X Yoo = Yell=1,)  Zgo = Zall = 1)
Point7:  X;. = X Ve = Yallty, =1 Zpe = Zi(1 = 7)
Point8: Xy = Xo(l-7,) Yoo = Vi Zse = Zex(Pyy = 1)
Point9:  Xo. = Xoo(y =1 Yoo = Yol =7)  Zoo = Zo
Point10:  Xjoo = X Yiee = Yol =7,)  Zioe = Zexlble = 1)
Point11: Xy = Xy, - 1) Yy = Y, Zige = Zoo(l = 1)

Point 12: XlZc = Xex<1 - rxz) YlZc = Yex(l“[xy - 1) ZlZc =Z
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where
— o 1/2 - 0 q1/2
_ Xy — _ Xy
LLXY B 2 1 + Xex YCX J er B 2 ( 1 XCX .YCX
__ o q1/2 - 0 q1/2
_ yz _ Py
Mo =2 1H XY) e 2(1 XY,
- 0 12 - 0 12
Mo =21 XEXYCX) e = 2(1‘ X Y

The other 12 vertices are symmetric to the previous ones with respect to the centre of the
polyhedron.

Various case studies (Leblond, 1980; Panetsos and Anastassiadis, 1994) have shown that
for R/C columns and walls the error ranges from 2% to 6%, measured as a percentage of
the exact reinforcement of the R/C element.

5.8.3.4 Rosenblueth and Contreras procedure

Rosenblueth and Contreras (1977) have replaced the ellipsoid by a vector (Figure 5.40):

=1+ O + O, (5.113)

where 7. is the most probable extreme response vector of the R/C gravity and earthquake
loading, 7, is the response vector of the R/C element to gravity loading only (i.e. M, M,

M,
Group II Group I
1I b 1
0.3 M,, 3037,
-0.3 Myx 1 @
3 —0.37, 03,
My, s
T~ -03r
L 03My
+0.37, A+« -03 Mxy Mx
o
MXX
AN 1037,
¥
c -0.37,
2 037
111 d v

Figure 5.40 The Rosenblueth and Contreras procedure (alternative Code procedure).
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Ny), 7, is the most probable extreme response vector of the R/C element to earthquake
loading parallel to the x—x axis (i.e. M M, . » Neg ), 7, is the most probable extreme
response vector of the R/C element to earthquake loading parallel to the y—y-axis (i.e. M ., ,,
M, .. ,» N..,) and o, o, are constant coefficients to be determined, so that the probable error
on the safe side will be equal to that on the unsafe side. Through this approach it has been

concluded that for:

1.00 0.336
o, = and o, =
0.336 1.00

X,eX,X

ex,y)

respectively, the maximum error is +5.5%. This simplified procedure had also been pro-
posed earlier, in 1975 (with o, =1.00 and 0.33), by A.S. Veletsos, and it has served as a
basis for Code requirements in the United States (UBC, 1988) and recently in the European
Union (EC8-1/2004).

In both Codes the values of o, o, as introduced are the following:

+1.00 +0.30
o, = and o, =
+0.30 +1.00

respectively. For these values the maximum error is 4.4% on the safe side and 8.1% on the
unsafe side.

In the case of a two-dimensional response space (i.e. M and N on an R/C wall), the ellip-
soid is reduced to an interaction ellipse, and Equation 5.113 takes the following algebraic
form:

M. = My + M, +0.30M,,, N;. = N+ N, +0.30N,,
M,. = My + M, —0.30M,, N, = Ny + N, —0.30N,,
’ ’ ’ ’ 4 combinations
M3C = MO - MCX,X + O.SOMCX’},, N3C = NO - NCX,X + O'3ONCX,y
M4c = MO - Mex,x - 0‘30Mex,y3 N4c = NO - Nex,x - 0'30Nex,y
Ms. = My +0.30M,, + M..,, Nj. = Ny +0.30N,,, + N,
M6c = MO + 0'30Mexx - Mex yo Néc = NO + 0'30Nexx - Nexy . .
’ ' ’ ’ 4 combinations
M, = My —0.30M,., + M., Ny, =Ny —0.30N,., + N,
M8c = MO - 0'3OMex,x - Mex,y, NSC = N() - 0'30Nex,x - Nex,y

5.8.3.5 Extreme stress procedure

Anastassiadis (1993) has adopted the procedure mainly used for steel structures (Wilson and
Button, 1982) for the design of R/C structures. According to this procedure, it is assumed
that the cross-section of the R/C element is homogeneous and uncracked. Therefore, the
extreme values of the stresses at the vertices of the R/C cross-section may be computed as
if it were a steel cross-section. The computed extreme stresses themselves are of no signifi-
cance but are used only as a vehicle for the determination of the components that should
be combined.
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5.8.4 Code provisions
5.8.4.1 Suggested procedure for the analysis

Bearing in mind, as already mentioned, that strong computational tools are available at
low cost, it is suggested that, in the case that modal response spectrum analysis is applied,
a spatial system with diaphragms at floor levels is used. At this case, the most convenient
approach to the problem according to the authors’ opinion is the following:

¢ The floor masses will be considered as lumped ones, concentrated at the centre of grav-
ity of each floor.

¢ The accidental torsional effect (¢;=+0.05 L;) may be determined as the envelope of the
effects resulting from an analysis for static loading consisting of the torsional moments
M, about the vertical axis of the storey i.

M, = ¢ - H; (5.114)

where M, is the torsional moment of storey 7 about its vertical axis, ey; is the accidental eccen-
tricity of the storey mass 7 accounting for the two main directions and H; is the horizontal
force acting at storey i as derived from the application of lateral force method of analysis
for the two main directions. The effect of the loading described above is considered, with
alternating singes the same for all storeys. Therefore, the structural system will be analysed
for the following actions:

o W =Gvyy - O } gravity load (see Chapters 3.4.5, Equations 3.50 and 3.51)

 Design spectrum (S, )
modified by the importance
factor for horizontal excitation x—x seismicaction
parallel to the x—x axis and masses
at the centre of gravity of the floors

e M =e¢, H, (seeParagraph 5.6.3.4)

e Design spectrum (S,)
modified by the
importance factor for
horizontal excitation y—y seismic action
parallel to the y—y axis
and masses at the centre
of gravity of the floors

o M, =x2e, H (see Paragraph 5.6.3.4)

i iy

(5.115)

The loading effects (E) from the above analysis, for each loading direction, will be
obtained as follows (Figure 5.41)
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a
( ) de (Hix) Ex _ely'Hix E;c
ely ©° L Gi I
Ly ey Ex Y Ty
de (Hix) u (de) ely : Hix E\i‘
Lx Lx Lx
(b) E B E i
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Sy I(Hiy) sdylmiy) ¢, by
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Figure 5.4 Seismic action effects E resulting from a modular response spectrum analysis: (a) seismic action
in the x—x direction; (b) seismic action in the y—y direction.

E, = G+ vy - O } gravity load

= de‘+’ely : Hix . . .
R X—X Se1smic action
())( = de‘+ (_ely) . Hix (5.116)

= de"f" €1y Hiy

Ely = de‘+’ (—elx) - H,

1y

y—y seismic action

where ¢ means ‘combined with’.

The notation above is given in Figure 5.41.

The above procedure seems to be the most convenient. All other options, for example, the
use of two plane models combined with simplified torsional analysis, are proper only in the
case that no efficient computational tools are available.

5.8.4.2 Implementation of the reference method in case of horizontal
seismic actions

The reference method of EC8-1/2004 for the calculation of the combinations of the seismic
effects that should be taken into account in the design is based on the assumption that the
horizontal components of the seismic action (see subsection 5.8.1) are taken as acting simul-
taneously. This assumption introduces an error on the safe side, from 15% to 35%. In this
case, the number of combinations of load effects that should be taken into account for the
design of a column or a wall is eight.

In addition, it should be noted that due to the introduction of accidental eccentricities,
four different centres of masses must be considered. Therefore, it follows that the total num-
ber of combinations for the design of the cross-section of a column is 32 (4 x 23). In fact,
substituting Equation 5.116 into Equation 5.106 and superimposing the gravity load effects,
the following combinations result:
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E

E=E, J(E) +(E) = {E:L
E

= b i) () - {2
E

E=E, +(E) +(E) = {Ej;

2 y k4,

E=E, +|(B) +(E) = L.

that is, eight different combinations for each load effect (M, M,, M,, V,, V,, N).
In the case of a column where three load effects must be considered, that is M, M, and
N, the number of combinations is 32:

M, = Ml,Ix My = MlIy N = Ny, . .

8 combinations
M, = Ml,IIx My =M, Iy N = Ny
M, = MZ,IX My ley N =Ny, . .

8 combinations
Mx - MZ IIx My MZ,IIy N = NZ,II
Mx - MS,IX My = M3,Iy N = NS,I . .

8 combinations
Mx = M3,Hx My = M3,Hy N = N3,11
]VIX = M4,Ix ]VIy = M41y N = N4I . .

8 combinations
M, = M4,Hx My =M, Iy N = Nyy
Total 32 combinations

5.8.4.3 Implementation of the alternative method in the case
of horizontal seismic actions

As was already noted as an alternative to the above procedure, it is permitted according
to EC8-1/2004 to compute the action effects due to both components using the following
formulae (see Paragraph 5.7.3.4):

E=  E, +0.30E, } 5117)

E = 0.30E, “+E,

The same formulae have been introduced in the United States by BSSC 2003 and SEAOC
1999.

This assumption introduces a maximum error of 4.4% on the safe side and 8.1% on the
unsafe side. In this respect, this alternative results in steel savings in the vertical elements in
comparison to the reference method.
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However, the implementation of this method requires particular attention in the combi-
nation of the partial components of the seismic effects, especially in the case that the modal
response spectrum analysis is used. In this case the partial components of the seismic effects
result in absolute values for the output of the SRSS or Complete Quadratic Combination
(CQC) procedure (see Subsection 2.4.3).

For example, in the case of a vertical element (column or wall) subjected to bending with
axial force, according to what has been presented in subsection 5.8.1 the following load
vectors develop.

For the x—x earthquake component:

iMEXX’ * Mny’ * NEX

For the y—y earthquake component:

+M + My,,, +Np,

—lexy»

Therefore, the extreme values of the internal forces My, ,,,, with the corresponding M,
and N result from the following equations:

My oq = +Mp £ 0.30My,,, M = Mg, + 0.30My,,, N = +N,, + 0.30N;, (5.118)

LNy L

while the extreme values of the internal forces M, ,,, with the corresponding My, and Ny
result from the following ones:

MEyextr = iMEyy—O.3OMny, M}%?(r = iMExy + O'3OMEXX’ Nﬁ(})’r = iNEy * O‘3ONEX (5.119)

Since the alternative values for each load effect are four (£ ‘+’ +) and the numbers of
internal forces participating in the design of the element are three (M,, M, N;), it may be
concluded that the number of combinations necessary for the design are

A=b =4 =64

Additionally, bearing in mind that due to the introduction of accidental eccentricities four
different centres of masses must be considered, it follows that the total number of combina-
tions for the design of the cross-section of a vertical element is

N =4 x64 =256

It is apparent that such an enormous number of load effect combinations cannot be
afforded, despite the reinforcement savings if it were compared with the 32 load effect com-
binations required for the reference method. So, a comprehensive examination of the above
equations (5.118) and (5.119) should be carried out, combined with some approximations so
that this large number of 256 combinations may be diminished.

Consider for a moment that N¢ has a given value. The above equations (5.118) and (5.119)
may be arranged in two groups (Figure 5.40), that is:
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Group (1)

Points[1] 1.1 Mpypax = +Mpyy £ 0.30Mg,,, MES = My, 0.30Mg,,, N = Nj
Points [1] 2.2 Mgy = ~Mpyy £ 0.30My,,, Mg = —My, £ 0.30M,,,, N = N,
Points[1] 3.3 My = +Mp,, £ 0.30Mg,,, M = M, +0.30My,,, N = Nj
Points [1] 4.4 Mg, = —M,,, +0.30Mg,,, M = -Mg,, +0.30M,,, N = Ng
(5.120)

Group (2)

Points[2] 1.1 Mpmey = +Mg, o = 0.30Mg,,, Mg = —Mg, + 0.30M;,,, N<° = Ng
Points[2] 2.2"t Mgy = M,y = 0.30My,,, M = +Mg,, +0.30My,,, Ng& = N
Points 2] 3.3 Mg = —My,, = 0.30Mg,,, Mg = Mg, +0.30Mp,, Ng&=N;
Points[2] 4.4t Mgy = Mg, =0.30My,,, Mg = My, +0.30My,, N =N

(5.121)

Group (1) corresponds to the eight points 1-4 and 1'-4’, which approximate according
to Equation 5.117 ellipse (1) (Figure 5.40), while group (2) corresponds to the eight points
1-4 and 1-4" which approximate ellipse (2), that is, the mirror of ellipse (1) (Figure 5.40).

Now, if the envelope of the design strength M ; — M4 of a symmetric R/C cross-section
(e.g. column) for a given value of Ny = N is plotted on the same plot with the ellipses (1)
and (2) (Figure 5.42), the following cases may appear.

oy oy

S|

o
°

Group II Group I
p MOX
I I I I
L M, -M,, ellipse

v III 1II v

M,~M, envelope

Figure 5.42 Choice of the proper ellipse (group | or group Il) in regard to the position of the gravity load
effects vector 7 in the quarters of the capacity envelope of a symmetric cross-section.
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design
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N, M,
v 111 111 INY
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Figure 5.43 Choice of the proper ellipse (group | or group Il) in regard to the position of the gravity load
effects vector r; in the quarters of the capacity envelope of a unisymmetric cross-section.

Case 1

The vector #,(M,,, M,;) due to the gravity loads of seismic design may fall in the first
or third quarter of the strength envelope, where M, M, have the same sign, either
(+, +) or (-, —). In this case, ellipse (1) becomes the crucial one for the dimensioning
of the cross-section and in this respect the combinations of group (1) are also the
crucial ones for the design.

Case 2

The vector #,(M,,, M,,) may fall in the second or fourth quarter of the strength enve-
lope, where M, M,,, have different sign, either (+, —) or (-, +). In this case, ellipse (2)
becomes the crucial one for the dimensioning of the cross-section and in this respect
the combinations of group (2) are also crucial for the design.

Case 3

The vector 7,(M,, M,,) may fall on one of the main axes x—x or y—y, which means that
the stress state due to gravity loads of seismic design is symmetric to one of the two
main axes or to both of them. In this case it is indifferent which of the two ellipses and,
consequently, the two groups (1) and (2) will be used for the design.

The above considerations also hold for non-symmetric cross-sections (e.g. a cross-section
with a U form; Figure 5.43).

From all of the above considerations it may be easily concluded that the number of combi-
nations in the case of use of the alternative method for seismic load combinations expressed
by Equation 5.117 continues to be 32, as in the case of the reference method expressed by
Equation 106.
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It should be noted here that in the place of Ny the following values are introduced:
Group (1)

Points[1] 1.1 N = +Np+0.30Np,
Points [1]  2.2%: N&* = —Nj, £0.30Np,

(5.122)
Points 3.3: N&r =+N,,%0.30N,,
Points 4.4 N&© = -N,,+0.30N,,
Group (2)
Points 1.1 Ng& = +Np,0.30Np,
Points 2.2": N&& = =N, +0.30N
2 : . o (5.123)

Points[2] 3.3 N = —Np,20.30N,
Points[2]  4.4": N&* = +N,£0.30Np,

The above procedure has been incorporated into the computer platform EC tools.

5.8.4.4 Implementation of the alternative method for horizontal and
vertical seismic action

It has been mentioned (Subsection 3.4.3) that the vertical component of the seismic action
has to be considered only for certain structures (Luft, 1989). The effects of the vertical com-
ponent according to EC8-1/2004 need only be taken into account for the elements under
consideration and their directly associated supporting elements or substructures.

In the case that the horizontal components of the seismic action are also relevant for these
elements, EC8 introduces the following combinations:

E = 0.30E, ¥ 0.30E, “+'E,
E=E, ¥ 0.30E, ¥ 0.30E, (5.124)
E = 0.30E, ¥ E, ‘¥ 0.30E,

where E, is the action effect due to the application of the vertical component of the design
seismic action.

The number of combinations needed for the design of R/C sections is equal to
A=4x2x2 =64 (5.125)

This number also includes the displacements of the centre of mass due to accidental
eccentricities.

5.9 EXAMPLE: MODELLING AND ELASTIC ANALYSIS OF AN
EIGHT-STOREY RC BUILDING

5.9.1 Building description

The building under investigation is an eight-storey RC building with one basement storey as
shown in Figure 5.44. The total height of the building above the ground level is H = 26 m.
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Figure 5.44 Plan and elevation view of the eight-storey building.
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The height of a typical storey is 3 m, whereas the height of the first storey and the basement
are differentiated to 5 m and 4 m, respectively (Figure 5.44). The building is rectangular
in plan, with dimensions of 30 m on the horizontal x axis and 25 m on the horizontal y
axis. The structural system consists of walls and frames. All columns have a 60 cm square
cross-section. Both interior and exterior beams have a width of b, =30 cm and a height of
b, =65 cm. The slab thickness is #; = 18 cm. Walls have a thickness of b, = 30 cm, except for
the perimeter basement walls, which have a thickness of b, =25 cm. Details relative to the
length of the walls appear in Figure 5.44.

5.9.2 Material properties

e Concrete quality is C25/30, with a modulus of elasticity E. =31 GPa (EC2 Table 3.1).
e Steel quality is B500C.

5.9.3 Design specifications

Permanent loads due to floor finishes and suspended ceilings: 2 kIN/m?

Permanent loads due to roof finishes: 3.5 kN/m?

Permanent loads due to light partition walls: 0.5 kN/m?

Permanent facade loads: 3.0 kN/m

Live load (whole building except roof): 5.0 kN/m?

Live load on the roof: 2.0 kN/m?

The peak ground acceleration is a, = 0.24 g

Seismic demand is defined for the EC8-Part I Type I spectrum on ground C. Importance
class is I

5.9.4 Definition of the design spectrum
5.9.4.1 Elastic response spectrum (5% damping)

Seismic actions are estimated according to the EC8-Part I elastic response spectrum, Type
1 (EC8-Part I, Section 3.2.2.2(1)P) for ground type C. The values of the periods Ty, T, Ty
and of the soil factor S for ground type C are defined as: T;=0.2s, To=0.6s, T5=2.0s
and S=1.15. Peak ground acceleration is considered equal to a,=0.24 g. The building is
classified in importance class II, hence the importance factor is ;=1 (EC8-Part I, Section
4.2.5, Table 4.3). The elastic response spectrum is derived for 5% damping following the set
of equations of EC8-Part I, Section 3.2.2.2(1)P.

5.9.4.2 Design response spectrum

For the definition of the design response spectrum the knowledge of the behaviour factor,
g, is necessary. Therefore, the building’s structural system has to be classified according to
its behaviour under horizontal seismic actions (EC8-Part I, Section 5.2.2.1). Moreover, the
regularity in elevation and plan as well as the ductility class need to be taken into account
for deriving the value of the behaviour factor. These criteria are examined in Sections 5.2.2
and 5.2.3, where more details appear for the extracted value of g. The design response
spectrum (EC8-Part I, Section 3.2.2.5(4) P) utilised for the design of the building examined
here is defined for g =4.4 (the detailed procedure for estimation of the behaviour factor
appears in Section 5.4.3). Both the elastic and the design response spectra are presented in
Figure 5.45.
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Figure 5.45 Elastic and design response spectrum of EC8-Part | (2004).

5.9.5 Estimation of mass and mass moment of inertia

The total weight of each floor is estimated by considering the combination (G+0.3Q) for

permanent and live loads. The polar moment of inertia, [, is estimated as well (Equation
2.97):

2 2 2 2
Ji=m? fzd =m0 1+225 = 127.08m

The results appear in Table 5.11.

5.9.6 Structural regularity in plan and elevation
5.9.6.1 Criteria for regularity in plan
The regularity criteria in plan that need to be satisfied are (Chapter 5, Subsection 5.2.2):
e The slenderness of the building in plan shallbe A=L,, /L .., <4
e At each floor, i, and for each direction of analysis, x and y, the structural eccen-

tricity, e,,,, €, and the torsional radius, ., 7,., shall meet the following conditions
(Equations 5.1):

Table 5.11 Storey weight, storey masses and moments of inertia

Level Storey weight (kN) Storey mass (ton) Moment of inertia (ton-m?)
8th 7946.14 810.00 102880.98
7th 8934.60 910.76 115678.89
6th 8934.60 910.76 115678.89
5th 8934.60 910.76 115678.89
4th 8934.60 910.76 115678.89
3rd 8934.60 910.76 115678.89
2nd 8934.60 910.76 115678.89
I'st 9448.53 963.15 122332.84

Total 71002.29 7237.75 919287.17
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x—x direction: e, ; < 0.30 -7, 7 = 1
y-y direction: e, ; < 0.30 - 7,5, 7y; 2 |

The slenderness of the building is: A =L, /L
The determination of parameters e,,,, €, e
described in Section 4.5.3.

=30m/25m=1.2<4
is carried out following the procedure

min

7,

my> yeo

1. Each floor is loaded at the centre of mass by T,,= G,- z; and analysis is performed (G,
is the dead load of each storey, z; is the storey height; Table 5.12).

2. The plasmatic axis of the centre of stiffness passes through the centre of rotation of
floor # (point P,), being the one that lies closest to the level z,=0.8-H=0.8-26 = 20.
8 m, which here is the sixth floor. The torsional deformation is (Equation 4.17)

©o gt = +0.1476 ;5(—0.1476) _ 10.1792 3:()(—0.1751) - 0.0118 rad

Torsional stiffness with respect to the centre of stiffness (Equation 4.18):

j=i
M. 96642858

Jic = oo = 0.0118 = 81900727.12 kN m/rad

3. The centre of stiffness of storey # (point P,) is geometrically estimated:

_uy b 0.175-30000
Y T lu, +uy) (017540179 14.83 m

Hence, e,,, =x\—x.=15.00 - 14.83=0.17 m, ¢, = 0.00 m

4. The centre of stiffness of each storey is considered to coincide with the point where
the plasmatic axis passes through the structure. A pattern of horizontal forces,
H, =H; =G, z, is applied to the centre of stiffness of every storey (Equation 4.19,
Table 5.13). The translational displacements, #_ o501 and v, g g9 13, in the x—x and y-y
directions, respectively, are estimated and the corresponding stiffnesses are calculated
according to Equation 4.20.

Table 5.12 Definition of G, z;and T,; parameters

Storey G, z T,

8th 7509.49 26.00 195246.80
7th 7842.98 23.00 180388.57
6th 7842.98 20.00 156859.62
Sth 7842.98 17.00 133330.68
4th 7842.98 14.00 109801.74
3rd 7842.98 11.00 86272.79
2nd 7842.98 8.00 62743.85
Ist 8356.91 5.00 41784.53

Total 62924.29 966428.58
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Table 5.13 Definition of parameters G, Z, H,,, H,,

ix

Storey G, 4 H,=H,

8th 7509.49 26.00 195246.80
7th 7842.98 23.00 180388.57
6th 7842.98 20.00 156859.62
5th 7842.98 17.00 133330.68
4th 7842.98 14.00 109801.74
3rf 7842.98 11.00 86272.79
2nd 7842.98 8.00 62743.85
Ist 8356.91 5.00 4178453
Total 62924.29 966428.58

X—x axis:

j=1
B > Hx _ 966428.58
= s 2.2583

MC,O.8OH = 2.2583 m — KX = 427945.17 kN/m

y—y axis:

j=1
B X Hy _ 966428.58

UC,0.80H = 3.0128 m — KY = v ot = 3 0128 = 320774.22 kN/m

5. The torsional radii with respect to the centre of stiffness are estimated as (Equation
2.85)

Trc \/81900727 12 ]TC 81900727.12 _
T = \/ 32077422~ O7m, 427945 17 —13:83m

The radius of gyration, [, is also estimated in order to apply the regularity criteria:

2 2 2 2
l_\/b +d =\/30 1+225 C127m

In all cases, [, <7, [ <7, hence the system has sufficient torsional rigidity (Figure 5.46).

The poles of rotation, O, and O,, as estimated by ECtools (Penelis Software Ltd) for the
first two eigenmodes at each floor, appear in Table 5.14. The first two modes may be consid-
ered uncoupled in both directions of loading, despite the small eccentricity presented along
the x—x axis (e,,, = 0.17 m) corresponds to 0.56%b where b= 30 m). Looking at the ordinates
of O, and O,, 1t may be seen that they are placed practically at an infinite distance from the
centre of mass. Pole O, (it corresponds to loading in the y—y direction) is closer to the centre of

mass compared to pole O, due to the small eccentricity presented along the x—x axis.

5.9.6.2 Criteria for regularity in elevation

All the conditions listed in Subsection 5.2.3 are satisfied. Thus, the building is characterised
by regularity in elevation.
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Figure 5.46 Definition of torsional rigidity.

5.9.7 Determination of the behaviour factor q (Subsection 5.4.3)

The structural system of the building under investigation can be characterised as an uncou-
pled wall system in both directions. In this case, the shear resistance of the walls at the
building base is higher than 65% of the total seismic resistance of the whole structural
system. Taking into account the note provided by EC8-Part I (Subsection 5.1.2), where the
fraction of shear resistance may be substituted by the fraction of shear forces, the base shear
taken by walls is 88.9% and 82.4% in the x and y directions, respectively. The building is
designed for high ductility class (DCH, Subsection 5.4.2).
The upper limit value of the behaviour factor is given by Equation 5.6:

q:Kw'chll'Kﬁvcr'KQ'qo

with: K, = 1,Kg, =1,Ky = 1and q,=4.0-a,/a, =4.4 with a,/a, = 1.1 for uncoupled wall
systems.

Table 5.14 Poles of rotation at each storey

O, (y-y direction) 0, (x—x direction)

Storey e, (m) e, (m) €,(m) e, (m)

Ist 728.57 0 0 1.00E+100
2nd 626.83 0 0 1.00E+100
3rd 593.81 0 0 1.00E+100
4th 589.17 0 0 1.00E+100
5th 601.44 0 0 1.00E+100
6th 626.64 0 0 1.00E+100
7th 662.83 0 0 1.00E+100
8th 705.56 0 0 1.00E+100
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5.9.8 Description of the structural model

Analyses were conducted by the use of ETABS V9.7.4 (Computers and Structures Inc.).
The building is idealised as a spatial structural model, comprising beams, columns and
walls (Figure 5.47). For the analysis the following modelling assumptions are taken into
consideration:

e Beams and columns are modelled with line elements using T and rectangular sections,
respectively.

e The walls of the superstructure and the basement perimeter walls are modelled with
shell elements.

e The slabs are modelled with shell elements and rigid diaphragm action is considered
at each storey.

e The masses and moments of inertia are lumped at the centre of mass of each storey
according to ECS8-1/2004 (Paragraph 4.3.1(3)), and are evaluated by all grav-
ity loads appearing in the combination of actions XG,;+Xyg;-O,; (EC8-Part I,
Paragraph 3.2.4(2)).

e The foundation, in order to account for soil deformability, is modelled by means of
foundation beams on elastic support and its parameter and modelling assumptions
will be discussed in more detail in Chapter 10. Line and shell elements are used for this
purpose.

¢ The bottom level of the 1st storey is considered as the base of the building, as far as
the distribution of lateral seismic loads is concerned. First, response spectrum analysis
is performed, and from the resulting shear forces at each storey the horizontal seismic

Figure 5.47 Structural model of the eight-storey building.
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forces are calculated. These forces are applied to each storey both in the x—x and the
y—y directions.

e Cracked concrete is assumed by multiplying the elastic stiffness parameters of the
structural elements by 0.5 and the elastic torsional stiffness by 0.1.

Beams are modelled as line elements. The effective width is estimated according to EC2
(Paragraph 5.3.2.1). The code allows taking a constant width over the whole span in struc-
tural analysis (Paragraph 5.3.2.1(4)), which is the value of the span section. The effective
width is estimated for two internal and two external beams (Figure 5.48). The following
equations apply (Equation 5.7, EC8-Part I, Paragraph 5.3.2.1):

b = O b + by < bybg; =02-b+0.1-1) <min(0.2-I;b,) forly = 0.7 L

Y
A B C D E F
6.00 m 6.00 m 6.00 m 6.00 m 6.00 m
) BXOUT BXOUT BXOUT BXOUT
= H
E 5 z z z z 2
8 O = = = = @)
w2 m m m 0 =
9 A BXIN BXIN BXIN BXIN BXIN &
[_‘
= Z Z Z Z 2
(=}
g 9 2 2 2 2 =
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BXI
= z z % z 5
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Figure 5.48 Beam sections and effective widths.
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x—x direction:

(5-0.30)

beff,l = beff,Z = 0'2 2

+0.1(0.7 - 6.0) = 0.89 m > min(O.Z -0.7 - 6.0;;) =0.84m

Internal beams (BXIN): b gpxy = 0.84 +0.84 + 0.30 = 1.98 m
External beams (BXOUT): bygpxour = 0.84 +0.30 = 1.14 m

y-y direction:

6

(6 —0.30) '
\6-9.59) s

beff,l = beff,l =0.2 2

+0.1(0.7-5.0) = 0.92 m > min(O.Z -0.7-5.0 ) = 0.70 m

Internal beams (BYIN): b.4pyy = 0.70 +0.70 +0.30 = 1.70 m

External beams (BYOUT): b pyour = 0.70 +0.30 = 1.00 m

5.9.9 Modal response spectrum analysis

Response spectrum analysis is performed in two horizontal directions by considering the design
response spectrum of Figure 5.45 (g =4.4). The number of modes taken into account is defined
by the sum of the effective modal masses, which has to be equal to at least 90% of the total
mass of the structure. The CQC method is used to combine the results of the modes considered,
in each direction. These results include the accidental torsional effects as described hereafter.

5.9.9.1 Accidental torsional effects

There are eight (8) basic seismic load combinations which result from G+0.3 Q+E +0.3E,
and G+0.3 O+E+0.3E,, where E, and E_ are the seismic actions applied in the x—x and
y—y directions, respectively. In the case that the centre of mass at each floor is considered
to be displaced from each nominal location in each direction by an accidental eccentricity,
then the resulting load combinations become 32 in number (8 basic seismic load combina-
tions X 4 locations of mass).

The accidental eccentricity, according to EC8-Part I (Paragraph 4.3.3.3.3),ise,, =+0.05 - L,,
where L, is the floor dimension perpendicular to the direction of the seismic action (EC8-
Part I, Equation 4.3).

In the example building studied here, a feature of ETABS is implemented, where the acciden-
tal eccentricity for each diaphragm is automatically taken into account for each of the seismic
actions in directions x—x and y—y. This eccentricity displaces the mass along the x and y axes,
causing additional moments, the larger absolute value of which is then applied as torsion about
the centre of mass, and the results are added to the response spectrum output. This is considered
a conservative approach to the problem, but at the same time it eliminates the need to define
a set of 8 combinations for each mass location, since the effect of the eccentricity is already
included in the results of the applied seismic actions and E,, leaving in the end 8 combinations.

In Tables 5.15 and 5.16, the influence of the accidental eccentricity at the response spec-
trum analysis results is shown for the x—x and y-y directions, respectively. As may be
observed, the accidental eccentricity increases the value of the torsion T, in both directions.
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Table 5.15 Response spectrum analysis for E,

Storey  V,(kN)  V,(kN) M;(Nm) M,(kNm) T (kNm)e,=0 T (kNm)e,=2005L

8th 1736.61 0.08 0.23 5209.84 21708.37 23874.54
7th 327827  0.15 0.67 14943.00 40979.46 45197.69
6th 4592.75 0.22 1.32 28520.13 57410.58 63448.52
Sth 569397 028 2.15 45310.68 71175.77 78884.20
4th 6626.00 0.34 3.15 64765.64 82826.13 92057.79
3rd 7386.06 0.38 428 86381.15 92326.83 102961.83
2nd 7980.14 0.42 5.51 109671.82 99752.88 111634.49
I'st 8422.90 0.44 7.70 150705.27 105287.36 118341.19

5.9.9.2 Periods, effective masses and modes of vibration

The modal properties are presented in Table 5.17 for the first 27 modes of vibration, which
are considered in the response spectrum analysis, since the sum of the effective modal masses
is over 90% of the total mass of the structure EC8-Part I (Paragraph 4.3.3.3.1). It is noted
that the criterion regarding the sum of the effective modal masses is satisfied in the x—x and
y—y directions by considering the first 11 modes only. The need to comply with that criterion
about the vertical axis too imposes the consideration of a larger number of modes. The 27th
mode of vibration has a significant impact on the effective mass about the vertical axis.

The first three periods of vibration, considered to be the fundamental ones, are equal to
0.82, 0.71 and 0.60 s. According to the percentage of effective masses, it follows that the
first two modes are predominantly translational in the x—x and y—y direction, whereas the
third is predominantly torsional (Figure 5.49).

5.9.9.3 Shear forces per storey

The base shear obtained by response spectrum analysis in the x—x and y—y directions is
Vi =8422.90 KN and V, ,=7252.29 kN in the first storey. The base shear distribution
along the height of the bulldmg is shown in Table 5.18.

5.9.9.4 Displacements of the centres of masses

According to Subsection 6.2.3 the displacement d, due to the design seismic action could be
the result of the elastic analysis of the structural system magnified by the behaviour factor
g (Equation 6.43):

ds=q'de

Table 5.16 Response spectrum analysis for E,

Storey  V,; (kN)  V,; (kN) M, (kNm)  M;(kNm) T, (kNm)e;=0 T (kNm)e,;=2005-L

8th 0.09 1494.34 4483.03 0.27 22929.52 25166.25
7th 0.17 2808.99 12816.05 0.79 42944.08 47292.45
6th 0.25 3915.30 24383.14 1.52 59715.70 65921.25
5th 0.31 4842.32 38629.07 2.43 73742.95 81696.95
4th 0.35 5633.68 55112.33 3.48 85735.69 95294.71
3rd 0.39 6295.14 73443.73 4.64 95788.85 106883.01
2nd 0.42 6830.78 93264.90 5.89 103972.78 116457.88

I'st 0.44 7252.29  128392.70 8.07 110455.47 124279.18
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Table 5.17 Periods and effective masses

Mode T(s) Mgy (%) Mg (%) Megm, (%)
| 0.82 0.00 75.36 0.02
2 0.71 73.98 0.00 0.00
3 0.60 0.00 0.02 70.57
4 0.20 0.00 10.76 0.06
5 0.17 11.63 0.00 0.00
6 0.17 0.00 0.09 10.23
7 0.09 0.00 3.26 0.04
8 0.08 3.95 0.00 0.00
9 0.08 0.00 0.04 3.03
10 0.06 0.00 1.70 0.0l
Il 0.05 2.48 0.00 0.00
12 0.05 0.00 0.02 I.10
13 0.04 0.00 2.78 0.00
14 0.04 0.00 5.19 0.00
15 0.04 4.63 0.00 0.00
16 0.03 0.00 0.02 0.50
17 0.03 0.00 0.51 0.00
18 0.03 2.95 0.00 0.00
19 0.03 0.00 0.05 0.00
20 0.03 0.00 0.00 0.30
21 0.03 0.00 0.00 0.00
22 0.03 0.17 0.00 0.00
23 0.02 0.00 0.00 0.21
24 0.02 0.00 0.00 0.12
25 0.02 0.02 0.00 0.00
26 0.02 0.00 0.00 0.00
27 0.02 0.00 0.00 13.79
My = 99.81 99.81 99.99
Ist mode, T=0.82s 2nd mode, T=0.71 s 3rd mode, T=0.60's

The calculations are presented in Table 5.19 for g =4.4. The drift at the eighth storey
(roof level) is 0.40% (=0.1043/26) in the x—x direction and 0.45% (=0.1175/26) in the y-y
direction.

5.9.9.5 Damage limitations
For buildings having non-structural elements of brittle materials attached to the structure
(Equation 6.45):

_ 0.005 -,

= r

d

For buildings having ductile non-structural elements (Equation 6.46):
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Figure 5.49 Fundamental modes of vibration.
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For buildings having non-structural elements fixed in a way so as not to interfere with
structural deformation or without non-structural elements (Equation 6.47):

001045,
r

d

Table 5.18 Storey shear forces

Storey Vix Vb,y

8th 1736.61 1494.34
7th 3278.27 2808.99
6th 4592.75 3915.30
5th 5693.97 4842.32
4th 6626.00 5633.68
3rd 7386.06 6295.14
2nd 7980.14 6830.78

I'st 8422.90 7252.29
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Table 5.19 Displacements at the centre of mass along the elevation in both the x—x and y—y

directions
d, (m) d,=d.q (m)

Storey X—X y-y X=X Y-y

8th 0.0237 0.0267 0.1043 0.1175
7th 0.0215 0.0244 0.0946 0.1074
6th 0.0191 0.0218 0.0840 0.0959
Sth 0.0165 0.019 0.0726 0.0836
4th 0.0137 0.0159 0.0603 0.0700
3rd 0.0107 0.0127 0.0471 0.0559
2nd 0.0077 0.0094 0.0339 0.0414
Ist 0.0048 0.0061 0.0211 0.0268

The reduction factor r is taken to be equal to »=0.50 for importance class II. The design
inter-storey drift d, is evaluated as the difference of the average lateral displacements ds at the
top and bottom of the storey under consideration. The centre of mass is considered as the ref-
erence point for estimating the lateral displacements of the structural system. It may be noted
that EC8-Part I (2004) does not provide a specific procedure for the estimation of the average
lateral displacements. The calculations performed appear in Table 5.20. The ratio (r-d./b,)
in all storeys is well below the strictest value of d,;=0.005. Hence, no damage is anticipated.

5.9.9.6 Second-order effects

P—A effects need not be taken into account in the case that the inter-storey drift sensitivity
coefficient 0, is (Chapter 6, Subsection 6.2.2, Equation 6.36):

6, =249 W 19

1 hi Vj

tot

The term ( e q) is equal to the design inter-storey drift d,;. The sensitivity coefficients of
all the storeys appear in Table 5.21. As may be observed, the second-order effects need not
be taken into account, since 6, < 0.10 in all storeys (Figure 5.50).

Table 5.20 Calculation of the damage limitation index

d, (m) r-d,fh;

Storey X=X Y-y h; X=X Y-y

8th 0.0097 o.0l0l 3 0.0016 0.0017
7th 0.0106 0.0115 3 0.0018 0.0019
6th 0.0114 0.0123 3 0.0019 0.0021
5th 0.0123 0.0136 3 0.0021 0.0023
4th 0.0132 0.0141 3 0.0022 0.0024
3rd 0.0132 0.0145 3 0.0022 0.0024
2nd 0.0128 0.0146 3 0.0021 0.0024
Ist 0.0211 0.0268 5 0.0021 0.0027
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Table 5.21 Estimation of the inter-storey drift sensitivity coefficients 6, of each storey

di (=44 - q) (m) V., (kN) 0, (%)
Storey XX y-y W,«(kN) X—X y-y h; (m) X—X y-y
8th 0.0097 0.0101 7946.14 1736.61 149434 3 1.48 1.79
7th 0.0106 0.0115 16880.74 327827 280899 3 1.82 2.30
6th 0.0114 0.0123 25815.34 459275 391530 3 2.14 2.70
5th 0.0123 0.0136 34749.94 5693.97 484232 3 2.50 3.25
4th 0.0132 0.0141 43684.54 6626.00 5633.68 3 2.90 3.64
3rd 0.0132 0.0145 52619.14 7386.06  6295.14 3 3.13 4.04
2nd 0.0128 0.0146 61553.74 7980.14  6830.78 3 3.29 4.39
Ist 0.0211 0.0268 71002.27 842290 725229 5 3.56 5.25

5.9.9.7 Internal forces

In Figures 5.51 through 5.56 the envelope diagram bending moments are presented for the
seismic load combinations (G+0.30+E #0.3E, and G+0.30+E +0.3E,) for the elevation of
grid axes B and C. The results at the foundation level are omitted.

5.10 EXAMPLES: APPLICATIONS USING INELASTIC ANALYSIS

5.10.1 Cantilever beam
5.10.1.1 Modelling approaches

A simple cantilever beam shown in Figure 5.57 is modelled using the point hinge and fibre
analysis approach. The beam is 10 m high with a rectangular cross-section of 40 x 40 cm
and 6 X D14 at each side. The materials used are C16/20 for concrete and B500C for steel,
which are used with their characteristic values. It should be noted that this case represents

8
74
6

5
4

— x—x direction
— y—y direction

Storey

3
2 4
14
0

0% 5% 10% 15%
Sensitivity coefficient, 0

Figure 5.50 Comparison of the calculated inter-storey drift sensitivity coefficients 6, with the Code upper
limit (6, < 0.10).



260 Concrete buildings in seismic regions

-211.30 -35521|  —34931| —34933| -355.22 —211.33
_46756| 68550 67951 —67953|  —685.53 —467.62
—731.78| __—1021.57| -1017.53| -1017.56| —1021.61|  -731.88
-1004.29] -1360.72] 136164 | 136168 | 1360770 —1004.42
-1283.40 -1704.95| -7712.71 | -1712.82 | -1705.02| -1283.56
~1566.40| —2055.83 | -2070.99 | -2071.05 | —2055.91| -1566.58
~1849.81| -241475 | -243537 | -243544 | -241485| -1850.02
Z
—2138.6619 -2803.69 | -2831.71 | —2831.77 | -2803.80| -2138.88
—111903| ¥ ~1120.04
-3212.86 | —3224.57 | -3224.63 -3212.98

Figure 5.51 Envelope of axial forces — Grid axis B.

the simplest structural form and should always be used to validate and check new nonlinear
analysis software, as the response can easily be assessed by hand calculations. The analyses
have been performed using Etabs (2013) and ECtools (2013) for the point hinge model and
Seismostruct (2013) for the fibre model.

For the point hinge approach, a bilinear moment rotation curve (rigid plastic) is used for
the plastic part of the rotation, with unlimited deformation capability in order to be able to
compare the initial stiffness and the ultimate strength as shown in Figure 5.58.

On the other hand, for the elastic part of the rotation up to yield moment M,, flexural
rigidity is introduced with values varying from 30% to 70% of the uncracked one. The
loading is introduced as an incremental lateral load combined with a displacement control
approach in order to simulate the post-yield behaviour.

For the distributed nonlinearity approach different material models were used for con-
fined concrete and steel, as shown in Figures 5.59a and 5.59b.

The element used was a cubic linear element discretised into four different elements. The
convergence strategy was a mixed one, starting with load control and then shifting to auto-
matic displacement control.

5.10.1.2 Results

The results are presented in the form of a pushover curve in Figure 5.60.

From that, it is derived that both approaches model accurately the strength capacity of a
single member. The initial stiffness is modelled accurately, compared to the more detailed
fibre model, by introducing the rigidity as 25-35% of the uncracked one, which is different
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Figure 5.52 Envelope of shear forces — Grid axis B.

from the FEMA 356 guidelines but in accordance with other publications. As far as the
overall ductility of the member, it is obvious that this example is not suitable since the point
hinge approach used a perfectly plastic constitutive law without any limit to deformations.
This will be investigated in the following case of an MRF.

5.10.2 2-D MRF
5.10.2.1 Modelling approaches

As a second approach, a two storey—two bay 2-D frame designed according to the EC2-
1-1/2004 and EC8-1/2004 is modelled. The materials used are C16/20 for concrete and
B500C for steel, which are used with their design values. The geometry and the reinforce-
ment of the frame are shown in Figure 5.61. The gravity load is g = 20 kN/m at all beams
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Figure 5.53 Envelope of bending moments — Grid axis B.

(including self-weight of the whole structure) and g =15 kN/m. The pushover analysis is
performed using the seismic combination of G+0.30Q+E. This frame is also modelled using
both the point hinge and the fibre approach.

For the point hinge approach, bilinear moment rotation curves are used to model the
nonlinear behaviour of beams and columns. The yield and ultimate moment capacity of
the columns were calculated using the ECtools (2013) post processor using a credible axial
load as predicted by linear analysis while the corresponding deformations were derived
from the FEMA 356. The member performance criteria were also derived from the FEMA
tables using the same post processor. Two of these moment rotation diagrams are shown
in Figure 5.62.

The flexural rigidity is introduced with values varying from 30% to 70% of the
uncracked one for both beams and columns. The loading is introduced in two phases: a
gravity load case with G+0.3Q and seismic load case continuing from the gravity up to
failure. A displacement control approach has been selected in order to simulate the post
yield behaviour.
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Figure 5.54 Envelope of axial forces — Grid axis C.

For the distributed nonlinearity approach, different material models are used for confined
concrete and steel, as shown in Figures 5.63a and 5.63b as they are available in Seismoctruct
(2013).

The element used is a cubic linear element discretised into four different elements. The
load is introduced in two phases starting with the G+0.3Q as initial loading and continuing
with an incremental lateral load pattern. The convergence strategy is a mixed one, starting
with load control and then shifting to automatic displacement control.

5.10.2.2 Results

The results are presented in the form of a static pushover curve shown in Figure 5.64. Both
approaches model accurately the strength capacity of the structure since they present less than
10% difference (cantilever and frame). The initial stiffness is modelled accurately, as previ-
ously elaborated, using 25-35% of the uncracked one. As far as the overall ductility, which
presents a significant difference between the two approaches, is attributed to the member
ultimate deformations as defined by the FEM A 356 guidelines, which seem to be conservative.

From all of the above it can be derived that by using the simplest static nonlinear approach,
which is the point hinge model, the nonlinear behaviour of buildings can be modelled with
acceptable accuracy, but only if the engineer has a deep knowledge of the nonlinear behav-
iour of reinforced concrete as far as initial cracking, post cracking behaviour and modelling
are concerned. On the other hand, the ongoing developments in nonlinear software have
rendered the fibre approach a viable solution for more accurate modelling, as will be pre-
sented in the next paragraph.
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Figure 5.55 Envelope of shear forces — Grid axis C.

5.10.3 Sixteen-storey R/C building
5.10.3.1 Modelling approaches

Most of the modelling approaches mentioned this chapter with regard to inelastic analy-
sis are represented in this application. This building is an actual structure in Bucharest,
Romania, which has been designed according to EN1992:2004 and EN1998:2004 using
the relevant Romanian National Annex. It is a dual R/C system with 16 storeys and four
basements.

The plan view and section of the building is shown in Figure 5.65.

The building was initially analysed using Etabs (2013) and ECtools (2013), while for the
nonlinear analyses, performed at a later stage and presented herein, the Zeus nonlinear
software was used. More details on the modelling and the results may be found in the paper
by Penelis and Papanikolaou (2009).

The modelling approach for the nonlinear analysis was the fibre model with linear elements
for all structural elements. The finite element modelling is shown in Figures 5.66 and 5.67.

It is obvious that the suggestion to avoid the modelling of basements for the nonlinear
analysis has been used.

A very useful tool to assess the accuracy of the NL model is to compare the eigen periods
(elastic) to the ones of the elastic model used for design. In the case of the example, these are
shown in the following Table 5.22.

Reinforced concrete sections (geometry and detailed reinforcement bar topology) were
defined according to the original formwork drawings and were assigned to cubic elastoplastic
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Figure 5.56 Envelope of bending moments — Grid axis C.
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Figure 5.57 Cantilever with lateral loading: (a) geometry; (b) moment diagram at yield; (c) deflexion at yield;
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Figure 5.58 Point hinge model for cantilever.
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Figure 5.59 Material models (concrete, steel) used for fibre analysis: (a) concrete; (b) steel reinforcement.

frame elements, which have a tangent stiffness matrix that is integrated using second-order
Gaussian quadrature (two Gauss points).

Structural walls were modelled using vertical frame elements along the wall mass centre
and their horizontal kinematic constraint at storey levels with neighbouring beams was
modelled explicitly, using numerically rigid elements (elastic material with Eg;,;y=10-E  and
1.0 x 1.0 m cross-section; Figure 5.23).

Rigid diaphragm action was considered at all storey levels. However, numerical treat-
ment using master—slave joint constraints was not available in the current computational
platform, and hence an explicit representation was necessary. This was realised using end-
pinned, crossed diagonal rigid links on each quadrilateral slab region (Figure 5.22).
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Figure 5.60 Pushover curves from point hinge and fibre model.
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Figure 5.62 Characteristic point hinge models for beams (left) and columns (right).
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Figure 5.63 Material models (concrete — steel) for fibre analysis: (a) concrete; (b) steel reinforcement.
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Figure 5.65 Plan view and elevation of a 16-storey building in Bucharest.

Short spandrels connecting walls with openings, which originally included embedded
x-braces, were explicitly modelled by equivalent column sections and rigid link (Figure 5.68).

The total gravity load for each storey was calculated from the G+y, - O seismic load com-
bination of the initial design and was applied to the three beam inner-nodes and wall end-
nodes, according to their geometrically derived tributary area.

For dynamic analysis, the total mass of each storey m = (G+y,- Q)/g was distributed to
the end-nodes of all vertical elements (columns and walls), according to their tributary area.

The horizontal loading pattern for inelastic static analysis was applied on the node coinci-
dent to the centre of mass (CM, Figure 5.66) of each storey level and, for dynamic analysis,
biaxial excitation in both directions x and y (in the form of time—acceleration history) was
applied on all base nodes.

Original framework (first storey) Y Finite element modelling
M Top
C13 Y C13
x
MX
3 z
— C.M. &,
Bottom

Figure 5.66 Typical storey plan view and modelling.
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Figure 5.67 Finite element model of the 16-storey building.

Table 5.22 Eigen period from elastic and inelastic model

Mode Zeus-NL (s) ETABS (s)
| 1.03 0.98
2 0.81 0.73
3 0.53 0.56
4 0.25 0.22
5 0.21 0.21
6 0.16 0.16
7 0.14 0.12
8 0.13 0.09
9 0.12 0.08
10 0.1 0.08
Beam Rigid Rigid E E’) Rigid Rigid Beam
A &

Wall

(Column section)

Braces

Figure 5.68 Finite element model for the short spandrels of the 16-storey building.
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Figure 5.69 EC8 artificial strong motion records (0.24 g and soil C; left) and respective elastic spectra
(right).

5.10.3.2 Nonlinear dynamic analysis

The excitations selected were three artificial 10 s strong motion records with an standard
EC8-compatible frequency content for a=0.24 g and soil C (Figure 5.69) and the 1977
Vrancea event (NS and EW components) unscaled.

Seven nonlinear time-history dynamic analyses were performed, six using the EC8 artifi-
cial records and one using the Vrancea 1977 event as follows:

1. EC8 #1 to #3 records: 100% in the x direction and 30% in the y direction (x+0.30-y)
2. EC8 #1 to #3 records: 30% in the x direction and 100% in the y direction (0.30- x+y)
3. Vrancea NS record in the x direction and EW record in the y direction (x:NS+y:EW)

5.10.3.3 Nonlinear static analysis

The approach presented in Paragraph 5.7.5.2 for torsionally sensitive buildings has been
used for the application of the static nonlinear analysis.

Three inelastic static (pushover) analyses were performed, two using EC8-compatible
static loads (for a = 0.24 g and soil C spectrum, see Figure 5.69) and one using the Vrancea
event. The above analyses were performed in both positive and negative directions in order
to capture the expected asymmetric structural response.

Specifically:

1. EC8 spectrum: 100% in the x direction and 30% in the y direction +(x+0.30 y)
2. EC8 spectrum: 30% in the x direction and 100% in the y direction £(0.30 - x+y)
3. Vrancea NS in the x direction and Vrancea EW in the y direction £(x:NS + y:EW)

It is apparent that different loads (lateral and torsional) as well as different modification
factors (¢, and ¢,) were derived for each static excitation, depending on the spectral shape. The
capacity curves extracted from the analysis were converted into Acceleration-Displacement
Response Spectrum (ADRS) and bilinearised using special software (Panagopoulos and
Kappos, 2009), employing the equal areas principle (see Paragraph 14.2.2.2).

The target displacement of the SDOF oscillator was in turn determined iteratively using
constant ductility capacity spectra, and finally the target displacement of the MDOF build-
ing was calculated. The above procedure is schematically depicted in Figure 5.70 (see
Paragraph 14.2.2.2).
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Figure 5.70 Derivation of target displacement from the capacity curve using the ADRS method.

5.10.3.4 Results: Global response
The global response results presented hereinafter for each excitation and analysis type are

the following:

1. Static and dynamic capacity curves (P-9) (Figures 5.71 and 5.72), which demonstrate
that there is a close correlation between static and dynamic nonlinear behaviour

EC8#2x+0.3-y Direction x
60
Dynamic P y (MN)
Static 40

Target displacement

20 &
Sl
a1

. 8, (m) X

-0.6 -0.4 -0.2 0 0.2 0.4 0.6

-20
-40
-60

Figure 5.7] Global P-3 comparison between static and dynamic analysis for the EC8#2 x+0.3 -y excitation.
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Table 5.23 Comparison of top displacements at centre of mass and opposite sides between static

and dynamic analysis

Excitation

Dynamic (maximum)

Static (at target disp.)

Difference (%)

Response at centre of mass (CM)

EC8#1 x+0.3-y (8,) 0.181 0.200 10.6
EC8#2 x+0.3-y (8,) 0.208 0.185 11.2
EC8#3 x+0.3-y (3,) 0.205 0.200 2.5
EC8#1 0.3-x+y (3, 0.308 0.290 6.0
EC8#2 0.3-x+y (3, 0.229 0.290 26.7
EC8#3 0.3-x+y (3, 0.251 0.270 7.6
Vrancea x: NS+y:EW (3,) 0.259 0.295 13.8
Average 1.2
Response at opposite sides
EC8#I x+0.3-y (8,)-Top 0.141 0.151 7.3
EC8#1 x+0.3 -y (8,)-Bottom 0.222 0.250 12.8
EC8#2 x+0.3 -y (8,)-Top 0.177 0.138 222
EC8#2 x+0.3 -y (8,)-Bottom 0.240 0.232 34
EC8#3 x+0.3 -y (8,)-Top 0.175 0.151 13.7
EC8#3 x+0.3 -y (8,)-Bottom 0.238 0.250 5.1
EC8#1 0.3-x+y (5,)-Left 0.290 0.227 21.8
EC8#1 0.3-x+y (5,)-Right 0.328 0.352 73
EC8#2 0.3 - x+y (3,)-Left 0.219 0.226 3.1
EC8#2 0.3 - x+y (3,)-Right 0.244 0.352 44.6
EC8#3 0.3 x+y (3,)-Left 0.238 0.187 21.4
EC8#3 0.3-x+y (8,)-Right 0.264 0.299 13.0
Vrancea x:NS+y:EW (3,)-Top 0.222 0.231 42
Vrancea x:NS+y:EW (3,)-Bottom 0.300 0.362 20.7
Average 14.3

and that the building shows asymmetric response due to structural eccentricity. The
maximum top displacement from nonlinear dynamic analysis for the EC8-compatible
excitations is approximately 20 cm for the x direction and 30 cm for the y direction
(Figures 5.71 and 5.72, respectively, and Table 5.23), which renders the estimation of
36 and 68 cm calculated from the elastic design of the building (EC8), respectively, a
safe approach. Moreover, the base shear capacity of the building is approximately 50
MN for x direction and 40 MN for y direction, while the base shear design force is
approximately 24 MN.

. The storey displacements in the x and y directions for both sides of the building (x:
top and bottom of plan, y: left and right of plan), which demonstrate not only the
translational response, but also the rotational (Figure 5.73). In the same figure, the
derivation of the target displacement for inelastic static analysis (using the ADRS
method) is also shown. The differences between the dynamic and static nonlinear
approach regarding the displacement profiles are presented in Table 5.23. It is impor-
tant that the average difference regarding the response at the centre of mass is about
11%, while the average difference for the sides response (or rotational response) is
about 14%.
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Figure 5.72 Global P-§ comparison between static and dynamic analysis for the EC8#I 0.3 -x+y excitation.

5.10.3.5 Results: Local response

The local response results are shown for the corner column C13 (top-right corner of plan)
in order to investigate the biaxial nonlinear stress state of the section under a varying axial
load. Figure 5.74 shows the moment-chord rotation curves (static and dynamic) as well as
the maximum dynamic demand in comparison to the static demand calculated at the tar-
get displacement step of the inelastic static analysis. The large difference between moment
capacities for x and y directions (shown in Figure 5.74), even though the cross-section is
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Figure 5.73 Derivation of target displacement and displacement profiles for the EC8#2 x+0.3 -y excitation.
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Figure 5.74 Local M—r comparison between static and dynamic analysis for the EC8#2 x+ 0.3 -y excitation.

almost symmetrical, are justified if one takes into account the biaxial moment stress of the
column with different axial load at different time steps.

The results show an acceptable agreement between dynamic and static approach, consid-
ering the different variation of the column axial load between static and dynamic nonlinear
analysis. Furthermore, the nonlinear demands (column rotations) are well within the design
requirements of EC8.






Chapter 6

Capacity design - design action
effects — safety verifications

6.1 IMPACT OF CAPACITY DESIGN ON DESIGN ACTION EFFECTS

6.1.1 General

Earthquakes belong to the category of accidental actions, therefore:

e They are not combined with other accidental actions, and
e Earthquake loading is combined with gravity loads with partial safety factors for
actions equal to 1.0 (see Chapter 5.8.4).

According to the procedure described in detail in Chapters 3, 4 and 5, the action effects
are defined in a deterministic way, as if the loads were statistically reliable and the response
of the structure was in the elastic range. These two weak points in the calculation of the
action effects make necessary a more reliable approach to the problem, which would ensure
the existence of adequate strength and ductility in crucial regions of the structure, so that
premature local or general collapse is excluded.

Indeed, since it is impossible to predict with accuracy the characteristics of the seismic
motion due to an earthquake larger than the design earthquake, it is impossible to estimate
with accuracy the response of an R/C building to this earthquake. However, it is possible
to provide the structure with those features that will ensure the resistance shifting of the
building in displacement terms beyond life safety limits. In terms of ductility, energy dissipa-
tion, damage or failure pattern, this means that the sequence in the breakdown of the chain
of resistance of the structure will follow a predefined desirable hierarchy (Park and Paulay,
1975; Penelis and Kappos, 1997; Elnashai and Di Sarno, 2008; Fardis, 2009). In order to
ensure a certain sequence in the failure mechanism of the resistance chain, the resistance
of every link should be known. This knowledge should not be based on assumptions of
disputable reliability, but on quantified strength of the structural elements that will be sub-
jected to very large deformations (due to formation of plastic hinges) during a catastrophic
earthquake.

Although the nature of the design actions is probabilistic, the ability to have a semi-deter-
ministic allocation of strength and ductility in the structural members provides an effective
tool for ensuring a successful response and prevention of collapse during a catastrophic
earthquake.

Such a response may be achieved if the successive regions of energy dissipation are ratio-
nally chosen and secured through a proper design procedure, so that the predecided energy
dissipation mechanism would hold throughout the seismic action. This design concept is
included in a procedure called capacity design procedure.

277
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According to this procedure, the structural elements that are designated to dissipate the
seismic energy via reversal bending are reinforced accordingly, with a special concern for
avoiding brittle failure due to shear in regions out of the plastic hinges. In the same way, all
other members are provided with adequate strength reserves, so that it is ensured that the
chosen dissipating mechanism will be activated and preserved during a strong earthquake
without premature brittle failure of non-ductile regions or members.

This means that the action effects that have resulted from the analysis serve only as a
guide and must be properly modified in order to accommodate the capacity design of the
structure. It is obvious that this modification cannot be based solely on the knowledge and
ingenuity of the designer, and it should be formulated in a disciplined procedure with refer-
ence to the Code. It is also obvious that this modification of the seismic effects should also
be a function of the chosen ductility class.

The aforementioned concepts have been incorporated into all modern Codes for earth-
quake design and since the early 1980s in EC 8-(ENV).

6.1.2 Design criteria influencing the design action effects
From the design criteria for R/C buildings included in EC8-1/2004, only:

e [ocal resistance criteria
e Capacity design criteria

influence the determination of the design action effects. All the others refer to dimensioning
and detailing of the R/C structural members and will therefore be addressed in Chapters
8 through 10. The design criteria influencing the design action effects are the following, in
detail:

1. All critical regions of the structure must exhibit resistance adequately higher than action
effects, developed in these regions under the seismic design situation (e.g. minimum
reinforcement in tensile zones, minimum reinforcement in compressive zones, etc.)

2. Brittle or other undesirable failure modes, such as:

a. Shear failure of the structural members

b. Failure of beam—column joints

c. Yielding of foundations

d. Yielding of any other element intended to remain elastic (e.g. structural walls
beyond critical zones)

must be excluded. This can be ensured if the design action effects of purposely selected

regions are derived from equilibrium conditions when flexural plastic hinges with

their potential overstrengths have occurred in adjacent areas.

3. Extensive distribution of plastic hinges should be ensured, avoiding their concentra-
tion in any single storey (‘soft storey’ mechanism) and particularly at both ends of
a number of columns in the same storey. This can be achieved with sufficient reli-
ability, if it is ensured that plastic hinges develop only in beams and not on columns,
except for the unavoidable formation of plastic hinges at the base of the building.
(Figure 6.1).

The implementation of these criteria for the determination of the design action effects of
the various structural elements of a building is given below.
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Figure 6.1 Plastic mechanism of a frame system with strong beams — weak columns. (a) Generation of a soft
storey. The second order effects lead to an overturning of the formed inverted pendulum; (b)
pancake collapse pattern; (c) a frame system with strong columns — weak beams. This ensures
the existence of a strong vertical spine preventing collapse.

6.1.3 Capacity design procedure for beams

According to EC8-1/2004, CEB/MC-SD 185 (CEB 1985), ASCE 7-05, NEHRP 2003 and
SEAOC 1999, the design values of the bending moments of a beam for all ductility classes
are obtained from the analysis of the structure for the seismic loading combinations, as
described in detail in Subsection 5.8.4, without any modifications except for a possible
redistribution.

However, according to all relevant Codes, beams need an additional compression rein-
forcement at their support equal to at least 50% of the corresponding tension reinforcement
in order to ensure an adequate local ductility level (Subsection 8.2.5). Based on the capacity
design concept, these reinforcement bars are appropriately anchored in concrete, so that
they can operate as tension reinforcement in case of moment reversal due to an unexpected
severe earthquake. Therefore, the moment resistance envelope of the beams is considerably
improved at low cost (the cost of anchorages of the compression reinforcement) no matter
what the values are of the design action effects, which have been derived from the analysis
(Figure 6.2a).

This means that the beam, as it is designed, can carry much larger moment fluctuations
generated by an earthquake than the design action moments. However, in order to ensure
this behaviour, the structural element has to be protected from a premature shear fail-
ure, because it is well known that shear failure does not present a ductile mode (see also
Subsection 8.3.5). Therefore, the design shear for DCM and DCH R/C buildings should not
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Figure 6.2 Capacity design values of shear forces acting on beams; (a) resisting moment envelope; (b) equi-

librium conditions for the determination of shear forces.

be that resulting from the analysis, but the shear corresponding to the equilibrium of the
beam under the appropriate gravity load and a rational adverse combination of the actual

bending resistances of the cross-sections at the ends of the beam (Figure 6.2b):
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where Mg, Migr, Mgr, M{g are the actual resisting moments at the ends of the beam, account-
ing for the actual area of the reinforcing steel (all moments positive) and Yz, an amplification
factor due to materials overstrength but also taking into account the reduced probability that
all end moments exhaust simultaneously all strength reserves. This vz, factor counterbalances
the partial safety factor of steel that has been introduced for the fundamental combination (see
subsection 6.2.2), as well as for the seismic one, and covers the hardening effects as well. In the

absence of more reliable data, according to EC8-1/2004, Yz, may be taken as

¢ Ductility class medium: yrqy = 1.00

¢ Ductility class high: yp4 = 1.20

(6.2)
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Coefficients K, and k; have been introduced to respond to the case of strong beams and
weak columns. Indeed, in the case that the columns are strong and the beams weak, which
is the prevailing condition for earthquake-resistant R/C buildings, the sum of the resisting
design bending moments of the columns at the joints, taking into account their axial load
effects, is larger than the sum of the resisting design bending moments of the beams framing
into the joints, that is, EMy. > ZMy,. In this case, plastic hinges are formed at the beam ends.
Therefore, coefficient K is equal to 1.00,

k=1.00 (6.3)

since at the beam ends their resisting design bending moments may develop to their highest
value.

Conversely, in the case of strong beams and weak columns, the sum of the resisting design
bending moments of the beams framing the joints are larger than the sum of the resist-
ing design bending moments of the columns running to the joints, taking into account, of
course, their axial load effects, that is, ZMy, > ZM;.. In this case plastic hinges are likely
to form at column ends at the joints. Therefore, coefficient k must be less 1.00, because at
the beam ends their resisting design bending moments cannot develop their highest values,
as these are limited by the lower resisting moments of the adjacent columns. In this case, K
should have a reduced value equal to

_ ZMRC
K= < (6.4)

In this respect, according to EC8-1/2004, «k should be equal to (Figure 6.2b):

. XM,
K = mln(l, ZMRd) (6.5)

The sign of the ratio:

_ VASZ VBSZ
= or
VASl VBSl

(6.6)

has a considerable effect on the shear design of the beams, as will be explained in Chapter 8.
The above capacity design procedure, according to EC8-1, applies to DCM and DCH build-
ings. For DCL buildings the design values of the acting shear forces are obtained from the anal-
ysis of the structure for the seismic load combination, as described in detail in Subsection 5.8.4.

6.1.4 Capacity design of columns
6.1.4.1 General

The basic concept in the capacity design of frame or frame-equivalent dual systems is that
the failure mechanism must include plastic hinges only at the base of the columns, while
all other plastic hinges of the mechanism are distributed at the beams (Figure 6.1c). In this
context, a prevailing strong vertical spine is ensured in the building, which could potentially
protect the building against the formation of a ‘soft storey’ (inverted pendulum) and a col-
lapse in a pancake pattern in the case of a strong unexpected earthquake (Figure 6.1b,c;
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Chapter 11, Figure 11.44). Of course, this assumes that bending failure, which is dissipative,
precedes that of shear, which is brittle.

6.1.4.2 Bending

It has already been noted that the formation of plastic hinges in the columns during the
earthquake should be avoided so that the energy is dissipated by the beams only (Park,
1986). The reasons for this requirement, which are very clearly stated in EC8-1/2004 (see
Subsection 6.1.2), are the following:

1. Due to axial compression, columns have less available ductility than beams, as will be
clarified in Subsection 8.3.2. On the other hand, for the same displacement at the top
of the frame (Figure 6.3), that is, for the same global ductility expressed in terms of
displacements (see subsection 5.4.4), much larger plastic column rotations are required
than beam rotations. Indeed, in the case of plastic hinges at columns, the total required
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Figure 6.3 Failure mechanism of a frame: (a) Beam mechanism; (b) storey mechanism; (c) interpretation of
the vulnerability of a storey mechanism via V., — 6 — 0 diagram.
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plastic rotations are developed at the top and bottom of the columns of one storey (soft
storey), while in the case of plastic hinges, they develop at the beams and are spread to
all storeys of the frame (Figure 6.3). Therefore, for the same global ductility, a larger
local column ductility in rotations is required (Figure 6.3a) over local beam ductility.
Thus, while (Park and Paulay, 1975)

e':\l\éail < eélil\ll)ail (6.7a)
for the same §,,., (i.e., the same W)
, ) : )
required _ TUreq 5 required _ _ureq 6. 7b
oy w5 et = o (6.7b)

2. While beam failure exhibits extended cracking only in the tension zones, due to the
yielding of the reinforcement, column failure mode presents, in successive steps close
to one another, spalling of concrete, breaking of ties, crushing of concrete core and
buckling of the longitudinal rebars. This process leads to the creation of a collapse
mechanism due to the inability of the columns to carry the axial gravity loads after
their failure. Therefore, avoiding column failure is much more crucial for the overall
safety of the structure than avoiding beam failure in bending.

3. The formation of plastic hinges in the columns leads to significant inter-storey drifts, so
that the relevant second-order effects may lead to a premature collapse of the structure.

In order to decrease the probability of plastic hinge formation in the columns, frames or
frame-equivalent dual systems (see Subsection 5.4.4) must be designed to have ‘strong col-
umns and weak beams’ (Park, 1986; Paulay et al., 1990; Priestley and Calvi, 1991; Penelis
and Kappos, 1997). This concept is adopted in the requirements of EC8-1 and other relevant
Codes. They state that the sum of the resisting design moments of the columns at a joint,
taking into account the action of normal force, should be greater than the sum of the resist-
ing design moments of all beams framing the joint for each one of the two orthogonal direc-

tions of the building and for both positive of negative action of the seismic motion (Figure
6.4), that is,

M MR

My

Gl -

M My

Figure 6.4 Strong columns—weak beams.
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Factor 1.30 has been introduced in order to take into account the variability of the yield
stress f, of the reinforcement and the probability of strain-hardening effects (overstrength
factor).

Therefore, the capacity design is satisfied if the columns are designed for the following
moments:

Mgicp = aCDlMSI} (6.9)
Msyep = acpaMs,
where
o - o
M|+ Mg 610
M |
R Ve Ve

In the above relationships:

Mg is the action effects (bending moments) of the columns derived from the analysis for
the seismic combination.

M5 is the design resisting moments of the beam derived from the design of the beams,
which has already preceded column design.

EC8-1 allows a relaxation of the above capacity design criterion whenever the probabil-
ity of full reversal of beam end-moment is relatively low (wall-equivalent dual systems,
uncoupled wall systems). The following cases are also exempted from the requirements of
the above procedure:

¢ In single-storey R/C buildings and in the top storey of multi-storey buildings

¢ In one-quarter of the columns of each storey in plane R/C frames with four or more
columns

¢ In two-storey R/C buildings if the value of the normalised axial load v, at the bottom
storey does not exceed 0.3 in any column

In EC8-1/2004 it is clearly stated that the capacity design procedure for columns is imple-
mented in frame and frame-equivalent dual systems. No reference is made to these systems
in the case that they are ‘torsionally flexible’. It is the author’s opinion that the torsionally
flexible frame or frame-equivalent systems should also comply with the capacity design
procedure because of their additional vulnerability, which is attributable to the torsional
behaviour of the system.

Finally, for DCL buildings, the design bending moments of columns are determined from
analysis of the structure for the seismic load combination without any application of the
capacity design criterion.
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Figure 6.5 Values of the magnification factors 0., for a 10-storey, 4-column R/C frame.

The magnification factor acp, (Equations 6.9 and 6.10) takes rather high values. In the
example of Figure 6.5, where a plane frame has been analysed for gravity loads “+ seismic
actions, the values of a., for DC M range from 1.35 to 1.56.

6.1.4.3 Shear

According to the capacity design criterion, and following the rationale developed for beams
(subsection 6.1.3), shear forces are determined by considering the equilibrium of the column
under the actual resisting design moments at its ends (Figure 6.6):

KyMg + KgM
Viaen = Y=g 0 (6.11)

Cc

where M,z and My are the actual resisting moments at the ends of the column, taking into
account the axial existing forces and accounting for the actual area of the reinforcing steel
(all moments positive), and Yz, is an amplification factor due to the materials overstraining
but also taking into account the reduced probability that all end moments exhaust simulta-
neously all strength reserves. In the absence of more reliable data, according to EC8-1/2004,
Yrq may be taken as

Ductility class medium: yp4 = 1.10 (6.12)

Ductility class high: yg4 = 1.30
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Figure 6.6 Capacity design of shear forces acting on columns derived by equilibrium condition of the column
under shear forces and resisting moments Mg,.

Coefficients k, and x have been introduced to account for the case of strong columns
and weak beams. Indeed, in the case that the beams are strong and the columns weak, the
sum of the resisting design bending moments of the beams framing into the joints is larger
than the sum of the resisting design bending moments of the columns running to the joints,
taking into account their axial load effects, that is: XMy < XMy,. In this case (Figure 6.6),
plastic hinges are formed at column ends. Therefore, the coefficient k is equal to 1.0,

k=1.00 (6.13)

since at the column ends their resisting design bending moments may develop to their high-
est value.

Conversely, in the case of strong columns and weak beams, the sum of the resisting design
moments of the beams framing into the joints are smaller than the sum of the resisting design
bending moments of the columns running to the joints, taking into account, of course, their
axial load, that is, XMy, > >My,. In this case (Figure 6.6), plastic hinges are likely to form
at the beam ends at the joints. Therefore, the coefficient k¥ must be less than 1.00 because at
the column ends their resisting design bending moments cannot develop their highest values,
as these are limited by the lower resisting moments of the adjacent beams. In this case, «
should have a reduced value equal to

Mo g

K = <1. (6.14)
Z MRc
In this respect, according to EC8-1/2004, « should be equal to (Figure 6.6)
D My
K = min| ,=— (6.15)
2 MRC

Finally, for DCL, the design action shear forces are determined by the analysis of the struc-
ture for the seismic load combination without any application of the capacity design criterion.
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6.1.5 Capacity design procedure for slender ductile walls
6.1.5.1 General

The basic concept in the capacity design of wall or wall-equivalent dual systems is that the
failure mechanism must include plastic hinges only at the base of the walls and of the even-
tual columns of the system, while all other plastic hinges of the mechanism are distributed at
the beams. At the same time, bending failure must precede any shear failure, which is brittle,
and in this way it interrupts the dissipative procedure. Likewise, as in the case of a frame
or frame-equivalent dual system with strong columns and weak beams, a vertical spine is
formed for the building, which shifts its resistance in terms of displacements beyond the life
safety limits (see Subsection 6.1.4; Figure 6.7).

6.1.5.2 Bending

The moment diagrams of slender ductile (shear) walls (5, /I, > 2) under static seismic action
have the form of Figure 6.8. However, a dynamic response analysis results in moment dia-
grams with approximate linear variation (Paulay and Priestley, 1992). Thus, the design
moment diagram introduced by EC8-1 has the form of a trapezoid covering the saw-like
M-diagram (Paulay, 1986).

The introduction of this M-diagram ensures that the plastic hinge will be generated at the
base of the shear wall, while the rest of the wall will remain in elastic region during a strong
seismic motion. In this respect, the shear wall will have ductile behaviour so that it may be
considered synonymous with a ‘ductile wall’.

The value g, expresses the tension shift equal to (Figures 6.8 and 6.9):

a = zcot® = 0.9/, cot® (6.16)
For the usual case where
0 =450

W,

8, i
e TR RRRRRRRARARD

htot

Plastic hinge

\ Compressive zone

Tensile zone

Figure 6.7 Plastic mechanism of a wall-equivalent dual system designed according to capacity design require-
ments (plastic hinges at beam ends and at the base of the vertical elements).
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[
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Figure 6.8 Slender ductile wall moment diagram and the capacity design envelope.

Y

In addition to the above changes of moment diagrams of ductile walls, Code allows the
following redistributions in order to account for uncertainties in analysis and post-elastic
dynamic effects.

1. Redistribution of seismic action effects (bending moments, shear forces) up to 30% in
all types of ductile walls.

2. In coupled walls, the above redistribution of 30% should be redistributed from the
walls, which are under low compression to those which are under high compression.
Such redistribution alleviates the shear requirements, as will be seen in the next sec-
tion. At the same time, redistribution of seismic action effects between coupling beams
of different storeys up to 20% is allowed under the assumption that the axial force at
the base of the walls is not modified (see Subsection 9.3.2).

-/
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Figure 6.9 Tension T shift mechanism in slender ductile walls.
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6.1.5.3 Shear

As is well known, the available moment resistance M, at the base of a ductile wall is usually
larger than the moment demand Mpy. Therefore, according to the capacity design criterion,
design shear demand derived from the analysis must be magnified by a magnification factor
€ so that the above-defined possible moment increase, together with various uncertainties in
the analysis and post-elastic dynamic effects, is taken into account.

* DCM buildings
e For ductile walls, the magnification factor € may be taken as equal to:

e=1.50 (6.18)

e For ductile walls in dual systems, a modified design envelope of shear forces is
adopted (Figure 6.10). The design envelope of the shear forces along the height of

the wall is derived as follows:
— Forz<1/3 b,

Vo = 1.50V, (6.19)

- For1/3h,<z<h,
Vg4 at the top is equal to

1
Veg = 5 Vi (6.20)

Variation between z < 1/3 b, and z = b, must be considered linear (see Figure 6.10).

1/2 Vbase
d
Curve a: Shear force |.—S—
resulting from Top — —
the analysis /7
Curve b: Shear force ////
multiplied by 1.50 ///
to satisfy capacity // 2/3 I
design requirements . /j 4 "
Curve c: Capacity design S/ P
e / w
envelope for the / //
upper two-thirds S
of the height V4
7
b a 13
s
e Wall-base
L

- base ‘base -
Vsd =E. Vsd

Figure 6.10 Design envelope of the shear forces in the walls of a dual system: Curve a: Shear forces
resulting from the analysis. Curve b: Shear forces multiplied by 1.50 to satisfy capacity design
requirements. Curve c: Capacity design envelope for the upper 2/3 of the height.
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The notation of the above equations is given below:

V4, is the shear force along the height of the wall obtained from the analysis

V4 is the capacity design value

b, is the height of the ductile wall

z is the reference height measured from the base of the wall

The adoption by EC8-1/2004 of the above envelope of design shear forces for
ductile walls in dual systems accounts for the uncertainties of contribution of higher
modes. In addition, inelastic analyses performed so far (Eibl and Keintzel, 1988)
have shown that the resulting shears are much higher than the shears derived from
an elastic response analysis, due to changes of frame reactions on the walls in the
post-elastic range.
e DCH buildings

For this class of buildings, in the case of slender (b, /[, >2.0) ductile walls, the magni-
fication factor € may be estimated as follows:

172
_ Yid Mgy ’ S. (Tc) ’
q{( ) ““[se(m - 621

where
q is the behaviour factor used in the design.
My, is the design bending moment at the base of the wall.
My, is the design flexural resistance at the base of the wall.
Yra is the factor to account for overstrength due to the steel-hardenings recom-
mended value of 1.20.
T, is the fundamental period of vibration of the building in the direction of
consideration.
T. is the upper-limit period of the constant spectral acceleration branch (see
Subsection 3.4.3).
S. (T) is the ordinate of the elastic response spectrum.
In any case, the magnification factor € must be limited between

1.5<e<gqg (6.22)

It should be clarified that the design envelope of the shear forces along the height of
the wall in the case of a dual-wall system in DCH buildings has the same form as that
of DCM ones (Figure 6.10).

It is recommended that both design moments (M4, My,) in Equation 6.21 should be
calculated for the same design axial force. Otherwise, erroneous results are derived,
particularly in the case of coupled walls, where the axial force of gravity loads may
even change sign due to the coupled action under horizontal seismic loading (see
Subsection 9.3.2, and Paragraph 4.5.2.3, Fig. 4.22). The erroneous results mentioned
above tend to be smoothened if moment redistribution is implemented from the walls,
which are under low compression to those which are under high compression.

6.1.6 Capacity design procedure for squat walls

As was mentioned before, walls with an aspect ratio b, /[, < 2.0 are defined as ‘squat walls’.
Capacity design rules for bending and shear for Ductility Classes M and H are given below.
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6.1.6.1 DCH buildings

e In regard to flexure there is no need to modify the M-diagrams derived from the
analysis.
o The shear force V¢4 from the analysis should be increased as follows:

7 M ’ ’
1.50VEy < Vg = Yra (M:Jv}sd < qVig (6.23)

The definition and variable values are given in the paragraph above.

6.1.6.2 DCM buildings

e Referring to flexure, there is no need to modify the M-diagrams derived from the
analysis.
o The shear force V¢4 from the analysis should be increased as follows:

Vig = 1.50 Vg, (6.24)

6.1.7 Capacity design of large lightly reinforced walls

e In Chapters 4 and 9, detailed reference is made to this type of structural system and
to its structural behaviour, particularly to the procedure of energy dissipation through
wall uplifting from the soil or through opening and closing of horizontal cracks.

e The additional dynamic axial forces developed in large walls due to the dissipating
mechanisms described above should be taken as being +50% of the axial force of the
wall due to gravity loads, unless they are evaluated using a more precise calculation.
Therefore, while bending moments derived by the analysis are not modified, the cor-
responding axial forces must be modified as follows:

[Ngs = (1.0 £ 0.50)NY,

(6.25)

where
NY, is the axial force from the analysis corresponding to the design bending moment
Np, is the modified capacity design value.

In the case that the behaviour factor g of the wall does not exceed 2.0, that is, in the
case of an aspect ratio less than 1.0 or a torsionally flexible system, the effect of the
dynamic axial force may be neglected.

¢ In order to ensure that flexural failure precedes shear failure of the wall, the shear
force V{4 from the analysis must be increased at every storey in accordance with the
following expression:

+1
Vi = VE’qu (6.26)

where g is the behaviour factor of the building.
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e It should be noted here that, since the large lightly reinforced walls are characterised
as DCM structures, the maximum value of the g-factor can be g = 3.0. In this respect,
the magnification factor for Vi, takes a value equal to 2.0, that is, higher than the
magnification factor € imposed on DCM ductile walls.

6.1.8 Capacity design of foundation

It should be remembered here that the exclusive material for the foundation members (pads,
tie beams, foundation beams, rafts, piles) is reinforced concrete, no matter if the superstruc-
ture is an R/C, steel or composite structural system. It should also be noted from the begin-
ning that by the term ‘foundation’ reference is made to the structural components (pads, tie
beams, foundation beams, rafts, piles) and to the soil. These two components constitute a
composite system that might be used for energy dissipation in case of an earthquake (Figures
6.1 and 6.7). However, keeping in mind that the mechanical properties of soil are of limited
reliability, particularly in the inelastic range, it would not be reasonable for somebody to
rely upon a dissipative mechanism that might extend to the soil.

At the same time, the foundation is a part of the structure buried in the ground, and there-
fore it cannot be easily examined for eventual damage after an earthquake, and it is more
difficult to intervene for retrofitting.

Consequently, it is reasonable for the foundation, that is, structural members and soil, to
be kept in elastic range for the design seismic action, and therefore to be designed not for the
seismic effects resulting from the analysis for the seismic combination but for the resistance
of the vertical members of the superstructure at their joints with foundation members.

The above considerations have formulated the capacity design procedure for foundations
(structural members and soil) adopted by EC8-1/2004. This procedure is given below:

1. The action effects for the foundation elements shall be derived on the basis of capacity
design considerations, taking into account the development of possible overstrength.
Of course, this procedure must not result in values of action with an effect greater than
those resulting for g =1 (elastic behaviour).

2. If the action effects for the foundation have been determined using the value of the
behaviour factor g:

q=15

applicable to DCL structures, no capacity design considerations in accordance with (i)
are required. This might be a convenient simplification in computational procedure.
However, for individually founded vertical members or even for a common founda-
tion of all of them (e.g., a raft foundation) in the case of large building aspect ratios
(h,/1,), such a simplification, due to the decreased value of g, leads to big tensile
action effects at the perimeter or at the corner points of the foundation, or to over-
turning or even sliding instabilities of the whole building considered as a rigid body
(Figure 6.11). Therefore, this simplification should be used with much concern for its
consequences.

3. For foundations of individual walls or columns the capacity design procedure is con-
sidered to be satisfied if the design values of the action effects Ep, on the foundations
are derived as follows:

Epg = Epg + YraQEgg (6.27)
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Figure 6.11 Stability condition against overturning.
where
Yrq is the overstrength factor, taken as being equal to
Yra =1 forg <3
8 (6.28)
Yra = 1.2 for3.0<¢g

Ep ¢ is the action effect due to the non-seismic actions (gravity load effects) included

in the seismic combination,
E; is the action effect from the analysis of the design seismic action, and

Q is a magnification factor of the element 7 of the structure, which has the highest

influence on the effect E; under consideration.

4. For foundations of structural walls or columns of moment-resisting frames on indi-
vidual footings, Q is the minimum value of the ratio Mp4/My, in the two orthogonal
principal directions at the lowest cross-section where a plastic hinge can form in the
vertical element in the seismic design situation. It is self-evident that My, is defined
taking into account the axial force of the corresponding seismic combination that has

resulted M. So,

Q= min[(MRd,x/MEd,x); (MRd,y/MEd,y)] (6.29)

It should be remembered (see Chapter 5) that M, may have eight different values
for each orthogonal direction. So, the computation of 16 Q values for each individual
vertical member and therefore for each independent footing tends to be a tiresome

procedure.

5. For common foundations of more than one vertical element (foundation beams, rafts,
etc.), Q used in the expression (6.27) is derived from the vertical element with the larg-
est horizontal shear force in the design seismic situation or, alternatively, by introduc-

ing for yp,Q in (6.27) the value:

Yra€2 = 1.40 (6.30)

6. Under the above considerations, dimensioning and design of foundation members are
carried out according to EN1992-1-1:2004 and to the limited additional rules in use
for DCL buildings, since the procedure developed above ensures that the dissipative

zones of the building are limited only to the superstructure.
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Keeping in mind that the common foundations for almost all vertical elements are the
usual cases for earthquake-resistant buildings, it can easily be concluded that, accord-
ing to Equation 6.30, seismic actions for the foundation are increased by 40% in com-
parison to those for the superstructure of the building. At this point, Eurocode is very
conservative compared to USA codes (DSSC 2003, SEAOC 1999, Booth and Key, 2006),
which by contrast reduce the overturning moments at the base from the analysis by 10%
to 25% depending on the method in use for the elastic analysis, taking implicitly into
account the ability of the foundation soil to dissipate energy to a degree (cf. Figure 6.11).

Finally, it should be noted that EC8-1/2004 allows as an alternative the design action
effects for foundation elements to be derived on the basis of the analysis for the seismic
design situation without the capacity design consideration presented above. In this case
the design of these elements follows the corresponding rules for elements of the super-
structure, that is, the rules for DCM or DCH building. The reasoning behind the above
alternative approach is based on the assumption that plastic hinges might also be accept-
able in the foundation elements (tie beams, foundation beams, etc.; Figure 10b). However,
the above alternative refers only to the structural element of the foundation and not the
soil. The above alternative simplifies the analysis and design of common base foundations
and results in more cost-effective solutions.

All above considerations presented here in principle will be examined in detail in Chapter 10.

6.2 SAFETY VERIFICATIONS

6.2.1 General

As already mentioned in Subsection 3.5.3, in order to satisfy the fundamental requirements
of ‘no (local) collapse’ and ‘damage limitation’, three compliance criteria should be consid-
ered, namely:

e Ultimate limit state
e Damage limitation
e Specific measures

For buildings of importance classes other than IV (see Paragraph 3.4.3.2), the require-
ments of earthquake-resistant design may be considered satisfied if the total base shear due
to seismic action combination, calculated with a behaviour factor g = 1.5 (MCL), is less than
that due to other relevant combinations (e.g., wind combination) for which the building is
designed on the basis of a linear elastic analysis. This means that in regions of low seismic
hazard, where wind or other horizontal loading subject the structure to base shear higher
than that caused by the seismic actions (for g = 1.5), the design of the structure should be
carried out without taking into account the seismic actions. In seismic regions where the
preceding conditions are not fulfilled, the following verifications must be considered.

6.2.2 Ultimate limit state
Safety against (local) collapse is considered to be satisfied if the following conditions are met:
e Resistance condition

e Second-order effects
¢ Ductility condition
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Equilibrium condition

Resistance of horizontal diaphragms
Resistance of foundations

Seismic joint conditions

In the following sections the above conditions will be examined in detail.

6.2.2.1 Resistance condition

The resistance condition is satisfied if for every structural element the following relations

are fulfilled:

Ey < Ry

E, <, (6.31a-b)

where

E,, are the design action effects for the gravity combination (e.g., E(1.35G “+* 1.500),

E,, are the design action effects on the structural element for gravity loads and seismic
actions, also taking into consideration the capacity design rules on the seismic
action effects, and

R, is the corresponding design resistance of the same element. For the determination
of R, the Code for R/C structures is implemented (EC2-1-1/2004) unless addi-
tional rules are imposed by the Seismic Code in particular cases (see Chapters 8
through 10).

For the determination of Ry, the partial safety factor — v, for steel and vy, for concrete may
be taken from Eurocode EC2-1-1/2004 for the fundamental load combinations, that is,

v, = 1.15

(6.32a-b)
Y. = 1.50

The choice of the above values is based on the assumption that, due to the local ductil-
ity provisions, the ratio between the residual strength after the seismic degradation of
the R/C member and its initial strength is roughly equal to the ratio between v,, values
of accidental and fundamental load combinations. From the above consideration it can
be seen that in any case the partial material safety factors for seismic loading should not
be those introduced in EC2-1-1/2004 for accidental loading, although seismic action is
considered accidental. This must be attributed to the fact that an inelastic cyclic loading
results in degradation of the member resistance (see EN 1990/2002) and, therefore, such
a reduction of safety factors would be risky.

At the same time, the introduction of the safety factors of the fundamental load combina-
tion allows the same value for the design resistance R, to be used for the gravity combina-
tion and for the seismic design situation.

6.2.2.2 Second-order effects

Because of their inelastic response, most structural systems under the action of seismic
forces sustain large horizontal displacements, resulting in the creation of large secondary
effects (Luft, 1989; Wilson and Habibullah, 1987; Paulay et al., 1990).
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Figure 6.12 Second-order effect on a one-storey, two-column frame.

Consider the frame of Figure 6.12. When this frame for some external reason (an earth-
quake, in this case) is displaced by A, each of the two W/2 column loads can be analysed into
an axial force on the column with a value approximately W/2 and a horizontal one

AW
Al =97

Thus the floor is loaded additionally (second-order effect) by a horizontal force equal to

AH = 2W (6.33)

> >

In the case of a seismic action, the displacement A according to what has been explained
in the chapter about ductility for a fundamental period longer than T, (corner point C of the
acceleration spectrum) is equal to A, which results from the design seismic loading of the
Code multiplied by the behaviour factor g of the structure:

A=Ayq (6.34)

For simplicity’s sake, Eurocode EC8-1/2004 also allows the use of the above expression
in the case where T < T. (see subsection 6.2.3). Therefore, the additional shear force of the
storey due to the second-order effect is equal to

A
AV = Sy (6.35)

Eurocode EC8-1/2004 specifies the following procedure for the verification of the influ-
ence of second-order effects:

1. For:

_ AV — Ailq tl(.)t
0 = 5 = v < 0.10 (6.36)
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P-A effects need not be taken into account. In the above relation the various symbols
have the following meaning:

2. For

0, is the inter-storey drift sensitivity coefficient of each storey

W, is the total gravity load at and above the storey under consideration in the
seismic design situation

Al is the elastic displacement inter-storey drift (difference of displacements
between the top and the bottom of the storey under consideration) at the
centre of mass for design seismic loading

q is the behaviour factor of the building

Vi, is the total seismic storey shear

b is the inter-storey height

to

0.10 < @, < 0.20] (6.37)

the P-A effects must be taken into account. In this case an acceptable approximation
could be to increase the relevant seismic action effects by a factor equal to

1
= 6.38
9= g (6.38)

3. For
0.20 < 6, < 0.30] (6.39)

it is necessary for the P-A effects to be taken into account in analysis, otherwise the
stiffness of the system must be increased, and finally:

4. For

0.30 < g, (6.40)

the stiffness of the system must be increased, since EC8-1/2004 does not allow such
large inter-storey drift sensitivities.

In any case, it is reccommended that a high degree of lateral stiffness be provided for
the structural system so that at least second-order effects are prevented. This can be
easily achieved in R/C buildings, especially in case of dual structural systems.

Finally, it should be noted that P-A effect verifications should be carried out at the
beginning of the analysis and design, because at that moment decisions must be made
for the type of elastic analysis, that is, for the consideration of P-A effects or not, and
for the eventual increase of load effects (in the case that 0.10 <0 < 0.20). Therefore,
a preliminary static analysis for seismic loads is usually carried out (see Subsection
5.5.1) so that all the parameters in use in Equation 6.36 are defined in advance.

6.2.2.3 Global and local ductility condition

The ductility condition is satisfied by means of:

e Specific material-related requirements

¢ Maximum-minimum requirements for the reinforcement for flexure in critical regions
of the structural members

e Minimum reinforcement requirements for shear in critical regions
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Minimum reinforcement requirements for confinement of critical regions

Calculation of the required confinement reinforcement in critical regions of members of
major importance for the seismic resistance of the structure (columns-structural walls)
Appropriate reinforcement detailing

Application of capacity design procedure

The last requirement has already been examined in detail in the previous section. It is
obvious that it is taken into account for the determination of the load effects E 4, and there-
fore in the verification of resistance condition. All the other requirements are closely related
to the selected ductility class of the building (ductility demand; see Subsection 5.4.2).

These requirements will be presented and discussed in detail in Chapters 8 through 10 for
every type of structural component, together with all necessary experimental and analytical
evidence.

6.2.2.4 Equilibrium condition

Equilibrium condition refers to the stability of the building under the set of actions given
by the combination rules described in Subsection 5.8.4. It should be noted that the seismic
actions even for the equilibrium condition are introduced with their reduced values due to
the bebhaviour factor q of the building, but also taking into account the capacity design mag-
nification that has been introduced in subsection 6.1.8. This is a reasonable consequence
of the fact that due to the dissipative mechanisms generated in the critical regions of the
structure, satisfying the selected g-factor, the internal forces that develop in the structural
members cannot overcome their resistance, and therefore those of the elastic analysis carried
out for the design seismic actions multiplied by the capacity design magnification factors.
In equilibrium conditions, mainly the overturning and sliding of the building as a rigid
body is included. It is obvious that these types of verifications refer mainly to buildings with
large aspect ratios b /I, (total height to building/small dimension in plan), where overturn-
ing problems is critical. They also refer to buildings susceptible to sliding (see Chapter 10).

6.2.2.5 Resistance of horizontal diaphragms

The resistance of horizontal diaphragms refers to their ability to transmit with sufficient over-
strength the design seismic action effects to the various lateral load-resisting systems to which
they are connected. As already discussed in Chapters 4 and 5, R/C slab diaphragms without
re-entrant corners or discontinuities in plan present a high level of diaphragmatic resistance,
and therefore in this case safety verification is not needed. In the case, however, that a resis-
tance verification of the diaphragm has been decided, the forces or stresses obtained from the
analysis as acting on the diaphragm must be multiplied by an overstrength factor vy, greater
than 1.0. The recommended values by EC8-1/2004 for the relevant resistance verifications are:

e For brittle failure mode (shear)
va = 1.30 (6.41)
e For ductile failure mode

74 = 1.10 (6.42)

Design provisions for R/C diaphragms (analysis-dimensioning-detailing) will be given in
Section 9.7.



Capacity design — design action effects — safety verifications 299

6.2.2.6 Resistance of foundations

Action effects for foundation design taking into account capacity design rules have been
discussed in detail in subsection 6.1.8. Detailed analysis and design issues for foundations
will be discussed and presented in Chapter 10.

6.2.2.7 Seismic joint condition

Seismic joint condition is satisfied by means of joints between adjacent buildings or between
adjacent statically independent units of the same building. These joints must be wide enough
to protect them from earthquake-induced pounding.

For buildings that do not belong to the same property, the distance of the building from
the property line must be at least equal to the maximum horizontal displacement d
resulting from Equation 6.43 (see Subsection 6.2.3).

For adjacent independent units of the same building, the distance between them must not
be less than the square root of the sum of the squares (SRSS) of the maximum horizontal
displacements of the two units also 