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Preface

When I was approached by Taylor & Francis to write the new edition of Craig’s popular textbook, while 
I was honoured to be asked, I never realised how much time and effort would be required to meet the 
high standards set by the previous seven editions. Initially published in 1974, I felt that the time was 
right for a major update as the book approaches its fortieth year, though I have tried to maintain the 
clarity and depth of explanation which has been a core feature of previous editions.
	 All	chapters	have	been	updated,	several	extended,	and	new	chapters	added	to	reflect	the	demands	of	
today’s engineering students and courses. It is still intended primarily to serve the needs of the under-
graduate civil engineering student and act as a useful reference through the transition into engineering 
practice. However, inclusion of some more advanced topics extends the scope of the book, making it 
suitable to also accompany many post- graduate level courses.
 The key changes are as follows:

Separation of the material into two major sections●● :	the	first	deals	with	basic	concepts	and	theories	
in soil mechanics, and the determination of the mechanical properties necessary for geotechnical 
design, which forms the second part of the book.
Extensive electronic resources●● : including spreadsheet tools for advanced analysis, digital datasets 
to accompany worked examples and problems, solutions to end- of-chapter problems, weblinks, 
instructor resources and more, all available through the Companion Website.
New chapter on in- situ testing●● : focusing on the parameters that can be reliably determined using 
each test and interpretation of mechanical properties from digital data based on real sites (which is 
provided on the Companion Website).
New chapters on foundation behaviour and design●● : coverage of foundations is now split into three 
separate	sections	(shallow	foundations,	deep	foundations	and	advanced	topics),	for	increased	flexibil-
ity in course design.
Limit state design (to Eurocode 7)●● : The chapters on geotechnical design are discussed wholly 
within a modern generic limit state design framework, rather than the out- dated permissible stress 
approach. More extensive background is provided on Eurocode 7, which is used in the numerical 
examples	and	end-	of-chapter	problems,	to	aid	the	transition	from	university	to	the	design	office.
Extended case studies (online)●● : building on those in previous editions, but now including applica-
tion of the limit state design techniques in the book to these real- world problems, to start to build 
engineering judgement.
Inclusion of limit analysis techniques●● : With the increasing prevalence and popularity of advanced 
computer software based on these techniques, I believe it is essential for students to leave university 
with a basic understanding of the underlying theory to aid their future professional development. 
This also provides a more rigorous background to the origin of bearing capacity factors and limit 
pressures, missing from previous editions.
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Understand how soil deposits are formed and the basic composition and 
structure of soils at the level of the micro- fabric (Sections 1.1 and 1.2);

2 Describe (Sections 1.3 and 1.4) and classify (Section 1.5) soils based on their basic 
physical characteristics;

3 Determine the basic physical characteristics of a soil continuum (i.e. at the level 
of the macro- fabric, Section 1.6);

4 Specify compaction required to produce engineered fill materials with desired 
continuum properties for use in geotechnical constructions (Section 1.7).

Chapter 1

Basic characteristics of soils

1.1 The origin of soils

To the civil engineer, soil is any uncemented or weakly cemented accumulation of mineral particles 
formed by the weathering of rocks as part of the rock cycle (Figure 1.1), the void space between the par-
ticles containing water and/or air. Weak cementation can be due to carbonates or oxides precipitated 
between the particles, or due to organic matter. Subsequent deposition and compression of soils, com-
bined with cementation between particles, transforms soils into sedimentary rocks (a process known as 
lithification). If the products of weathering remain at their original location they constitute a residual 
soil. If the products are transported and deposited in a different location they constitute a transported 
soil, the agents of transportation being gravity, wind, water and glaciers. During transportation, the size 
and shape of particles can undergo change and the particles can be sorted into specific size ranges. Parti-
cle sizes in soils can vary from over 100 mm to less than 0.001 mm. In the UK, the size ranges are 
described as shown in Figure 1.2. In Figure 1.2, the terms ‘clay’, ‘silt’ etc. are used to describe only the 
sizes of particles between specified limits. However, the same terms are also used to describe particular 
types of soil, classified according to their mechanical behaviour (see Section 1.5).
 The type of transportation and subsequent deposition of soil particles has a strong influence on the 
distribution of particle sizes at a particular location. Some common depositional regimes are shown in 
Figure 1.3. In glacial regimes, soil material is eroded from underlying rock by the frictional and 
freeze–thaw action of glaciers. The material, which is typically very varied in particle size from clay to 
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Figure 1.2 Particle size ranges.

boulder- sized particles, is carried along at the base of the glacier and deposited as the ice melts; the 
resulting material is known as (glacial) till. Similar material is also deposited as a terminal moraine at 
the edge of the glacier. As the glacier melts, moraine is transported in the outwash; it is easier for 
smaller, lighter particles to be carried in suspension, leading to a gradation in particle size with distance 
from the glacier as shown in Figure 1.3(a). In warmer temperate climates the chief transporting action is 
water (i.e. rivers and seas), as shown in Figure 1.3(b). The deposited material is known as alluvium, the 
composition of which depends on the speed of water flow. Faster- flowing rivers can carry larger parti-
cles in suspension, resulting in alluvium, which is a mixture of sand and gravel- sized particles, while 
slower- flowing water will tend to carry only smaller particles. At estuarine locations where rivers meet 
the sea, material may be deposited as a shelf or delta. In arid (desert) environments (Figure 1.3(c)) wind 
is the key agent of transportation, eroding rock outcrops and forming a pediment (the desert floor) of 
fine wind- blown sediment (loess). Towards the coast, a playa of temporary evaporating lakes, leaving 
salt deposits, may also be formed. The large temperature differences between night and day additionally 
cause thermal weathering of rock outcrops, producing scree. These surface processes are geologically 
very recent, and are referred to as drift deposits on geological maps. Soil which has undergone signifi-
cant compression/consolidation following deposition is typically much older and is referred to as solid, 
alongside rocks, on geological maps.
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 The relative proportions of different- sized particles within a soil are described as its particle size dis-
tribution (PSD), and typical curves for materials in different depositional environments are shown in 
Figure 1.4. The method of determining the PSD of a deposit and its subsequent use in soil classification 
is described in Sections 1.4 and 1.5.
 At a given location, the subsurface materials will be a mixture of rocks and soils, stretching back 
many hundreds of millions of years in geological time. As a result, it is important to understand the full 
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Figure 1.3 Common depositional environments: (a) glacial, (b) fluvial, (c) desert.
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geological history of an area to understand the likely characteristics of the deposits that will be present at 
the surface, as the depositional regime may have changed significantly over geological time. As an 
example, the West Midlands in the UK was deltaic in the Carboniferous period (~395–345 million years 
ago), depositing organic material which subsequently became coal measures. In the subsequent Triassic 
period (280–225 million years ago), due to a change in sea level sandy materials were deposited which 
were subsequently lithified to become Bunter sandstone. Mountain building during this period on what is 
now the European continent caused the existing rock layers to become folded. It was subsequently 
flooded by the North Sea during the Cretaceous/Jurassic periods (225–136 million years ago), depositing 
fine particles and carbonate material (Lias clay and Oolitic limestone). The Ice Ages in the Pleistocene 
period (1.5–2 million years ago) subsequently led to glaciation over all but the southernmost part of the 
UK, eroding some of the recently deposited softer rocks and depositing glacial till. The subsequent 
melting of the glaciers created river valleys, which deposited alluvium above the till. The geological 
history would therefore suggest that the surficial soil conditions are likely to consist of alluvium overly-
ing till/clay overlying stronger rocks, as shown schematically in Figure 1.5. This example demonstrates 
the importance of engineering geology in understanding ground conditions. A thorough introduction to 
this topic can be found in Waltham (2002).

1.2 The nature of soils

The destructive process in the formation of soil from rock may be either physical or chemical. The phys-
ical process may be erosion by the action of wind, water or glaciers, or disintegration caused by cycles 
of freezing and thawing in cracks in the rock. The resultant soil particles retain the same mineralogical 
composition as that of the parent rock (a full description of this is beyond the scope of this text). Parti-
cles of this type are described as being of ‘bulky’ form, and their shape can be indicated by terms such 
as angular, rounded, flat and elongated. The particles occur in a wide range of sizes, from boulders, 
through gravels and sands, to the fine rock flour formed by the grinding action of glaciers. The structural 
arrangement of bulky particles (Figure 1.6) is described as single grain, each particle being in direct 

Glacial till

Alluvium

Limestone

Clay

Sandstone

Older rocks

Coal

Figure 1.5 Typical ground profile in the West Midlands, UK.
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contact with adjoining particles without there being any bond between them. The state of the particles 
can be described as dense, medium dense or loose, depending on how they are packed together (see 
Section 1.5).
 Chemical processes result in changes in the mineral form of the parent rock due to the action of water 
(especially if it contains traces of acid or alkali), oxygen and carbon dioxide. Chemical weathering 
results in the formation of groups of crystalline particles of colloidal size (<0.002 mm) known as clay 
minerals. The clay mineral kaolinite, for example, is formed by the breakdown of feldspar by the action 
of water and carbon dioxide. Most clay mineral particles are of ‘plate- like’ form, having a high specific 
surface (i.e. a high surface area to mass ratio), with the result that their structure is influenced signifi-
cantly by surface forces. Long ‘needle- shaped’ particles can also occur, but are comparatively rare.
 The basic structural units of most clay minerals are a silicon–oxygen tetrahedron and an aluminium–
hydroxyl octahedron, as illustrated in Figure 1.7(a). There are valency imbalances in both units, resulting 
in net negative charges. The basic units therefore do not exist in isolation, but combine to form sheet 
structures. The tetrahedral units combine by the sharing of oxygen ions to form a silica sheet. The octa-
hedral units combine through shared hydroxyl ions to form a gibbsite sheet. The silica sheet retains a net 
negative charge, but the gibbsite sheet is electrically neutral. Silicon and aluminium may be partially 
replaced by other elements, this being known as isomorphous substitution, resulting in further charge 
imbalance. The sheet structures are represented symbolically in Figure 1.7(b). Layer structures then form 
by the bonding of a silica sheet with either one or two gibbsite sheets. Clay mineral particles consist of 
stacks of these layers, with different forms of bonding between the layers.
 The surfaces of clay mineral particles carry residual negative charges, mainly as a result of the iso-
morphous substitution of silicon or aluminium by ions of lower valency but also due to disassociation of 

Figure 1.6 Single grain structure.
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hydroxyl ions. Unsatisfied charges due to ‘broken bonds’ at the edges of particles also occur. The nega-
tive charges result in cations present in the water in the void space being attracted to the particles. The 
cations are not held strongly and, if the nature of the water changes, can be replaced by other cations, a 
phenomenon referred to as base exchange.
 Cations are attracted to a clay mineral particle because of the negatively charged surface, but at the 
same time they tend to move away from each other because of their thermal energy. The net effect is that 
the cations form a dispersed layer adjacent to the particle, the cation concentration decreasing with 
increasing distance from the surface until the concentration becomes equal to that in the general mass of 
water in the void space of the soil as a whole. The term ‘double layer’ describes the negatively charged 
particle surface and the dispersed layer of cations. For a given particle, the thickness of the cation layer 
depends mainly on the valency and concentration of the cations: an increase in valency (due to cation 
exchange) or an increase in concentration will result in a decrease in layer thickness.
 Layers of water molecules are held around a clay mineral particle by hydrogen bonding and (because 
water molecules are dipolar) by attraction to the negatively charged surfaces. In addition, the exchange-
able cations attract water (i.e. they become hydrated). The particle is thus surrounded by a layer of 
adsorbed water. The water nearest to the particle is strongly held and appears to have a high viscosity, 
but the viscosity decreases with increasing distance from the particle surface to that of ‘free’ water at the 
boundary of the adsorbed layer. Adsorbed water molecules can move relatively freely parallel to the par-
ticle surface, but movement perpendicular to the surface is restricted.
 The structures of the principal clay minerals are represented in Figure 1.8. Kaolinite consists of a 
structure based on a single sheet of silica combined with a single sheet of gibbsite. There is very limited 
isomorphous substitution. The combined silica–gibbsite sheets are held together relatively strongly by 
hydrogen bonding. A kaolinite particle may consist of over 100 stacks. Illite has a basic structure con-
sisting of a sheet of gibbsite between and combined with two sheets of silica. In the silica sheet, there is 
partial substitution of silicon by aluminium. The combined sheets are linked together by relatively weak 
bonding due to non- exchangeable potassium ions held between them. Montmorillonite has the same 

Silicon

Oxygen

Silicon–oxygen tetrahedron Aluminium–hydroxyl octahedron

Gibbsite sheetSilica sheet

(a)

(b)

Aluminium

Hydroxyl

Figure 1.7 Clay minerals: basic units.
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basic structure as illite. In the gibbsite sheet there is partial substitution of aluminium by magnesium and 
iron, and in the silica sheet there is again partial substitution of silicon by aluminium. The space between 
the combined sheets is occupied by water molecules and exchangeable cations other than potassium, 
resulting in a very weak bond. Considerable swelling of montmorillonite (and therefore of any soil of 
which it is a part) can occur due to additional water being adsorbed between the combined sheets. This 
demonstrates that understanding the basic composition of a soil in terms of its mineralogy can provide 
clues as to the geotechnical problems which may subsequently be encountered.
 Forces of repulsion and attraction act between adjacent clay mineral particles. Repulsion occurs 
between the like charges of the double layers, the force of repulsion depending on the characteristics of 
the layers. An increase in cation valency or concentration will result in a decrease in repulsive force and 
vice versa. Attraction between particles is due to short- range van der Waals forces (electrical forces of 
attraction between neutral molecules), which are independent of the double- layer characteristics, that 
decrease rapidly with increasing distance between particles. The net inter- particle forces influence the 
structural form of clay mineral particles on deposition. If there is net repulsion the particles tend to 
assume a face- to-face orientation, this being referred to as a dispersed structure. If, on the other hand, 
there is net attraction the orientation of the particles tends to be edge- to-face or edge- to-edge, this being 
referred to as a flocculated structure. These structures, involving interaction between single clay mineral 
particles, are illustrated in Figures 1.9(a) and (b).
 In natural clays, which normally contain a significant proportion of larger, bulky particles, the struc-
tural arrangement can be extremely complex. Interaction between single clay mineral particles is rare, 
the tendency being for the formation of elementary aggregations of particles with a face- to-face orienta-
tion. In turn, these elementary aggregations combine to form larger assemblages, the structure of which 

H bond

H bond

(a) (b) (c)

K+

K+

H2O

H2O

Figure 1.8 Clay minerals: (a) kaolinite, (b) illite, and (c) montmorillonite.
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(b)

(c) (d) (e)

Figure 1.9  Clay structures: (a) dispersed, (b) flocculated, (c) bookhouse, 
(d) turbostratic, (e) example of a natural clay.
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is influenced by the depositional environment. Two possible forms of particle assemblage, known as the 
bookhouse and turbostratic structures, are illustrated in Figures 1.9(c) and (d). Assemblages can also 
occur in the form of connectors or a matrix between larger particles. An example of the structure of a 
natural clay, in diagrammatical form, is shown in Figure 1.9(e).
 If clay mineral particles are present they usually exert a considerable influence on the properties of a 
soil, an influence out of all proportion to their percentage by weight in the soil. Soils whose properties 
are influenced mainly by clay and silt size particles are commonly referred to as fine- grained (or fine) 
soils. Those whose properties are influenced mainly by sand and gravel size particles are referred to as 
coarse- grained (or coarse) soils.

1.3 Plasticity of fine- grained soils

Plasticity is an important characteristic in the case of fine- grained soils, the term ‘plasticity’ describing 
the ability of a soil to undergo irrecoverable deformation without cracking or crumbling. In general, 
depending on its water content (defined as the ratio of the mass of water in the soil to the mass of solid 
particles), a soil may exist in one of the liquid, plastic, semi- solid and solid states. If the water content of 
a soil initially in the liquid state is gradually reduced, the state will change from liquid through plastic 
and semi- solid, accompanied by gradually reducing volume, until the solid state is reached. The water 
contents at which the transitions between states occur differ from soil to soil. In the ground, most fine- 
grained soils exist in the plastic state. Plasticity is due to the presence of a significant content of clay 
mineral particles (or organic material) in the soil. The void space between such particles is generally 
very small in size with the result that water is held at negative pressure by capillary tension, allowing the 
soil to be deformed or moulded. Adsorption of water due to the surface forces on clay mineral particles 
may contribute to plastic behaviour. Any decrease in water content results in a decrease in cation layer 
thickness and an increase in the net attractive forces between particles.
 The upper and lower limits of the range of water content over which the soil exhibits plastic behavi-
our are defined as the liquid limit (wL) and the plastic limit (wP), respectively. Above the liquid limit, 
the soil flows like a liquid (slurry); below the plastic limit, the soil is brittle and crumbly. The water 
content range itself is defined as the plasticity index (IP), i.e.:

 (1.1)

However, the transitions between the different states are gradual, and the liquid and plastic limits must 
be defined arbitrarily. The natural water content (w) of a soil (adjusted to an equivalent water content of 
the fraction passing the 425-μm sieve) relative to the liquid and plastic limits can be represented by 
means of the liquidity index (IL), where

 (1.2)

The relationship between the different consistency limits is shown in Figure 1.10.
 The degree of plasticity of the clay- size fraction of a soil is expressed by the ratio of the plasticity 
index to the percentage of clay- size particles in the soil (the clay fraction): this ratio is called the activ-
ity. ‘Normal’ soils have an activity between 0.75 and 1.25, i.e. IP is approximately equal to the clay frac-
tion. Activity below 0.75 is considered inactive, while soils with activity above 1.25 are considered 
active. Soils of high activity have a greater change in volume when the water content is changed (i.e. 
greater swelling when wetted and greater shrinkage when drying). Soils of high activity (e.g. containing 
a significant amount of montmorillonite) can therefore be particularly damaging to geotechnical works. 
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Table 1.1 gives the activity of some common clay minerals, from which it can be seen that activity 
broadly correlates with the specific surface of the particles (i.e. surface area per unit mass), as this 
governs the amount of adsorbed water.
 The transition between the semi- solid and solid states occurs at the shrinkage limit, defined as the 
water content at which the volume of the soil reaches its lowest value as it dries out.
 The liquid and plastic limits are determined by means of arbitrary test procedures. In the UK, these 
are fully detailed in BS 1377, Part 2 (1990). In Europe CEN ISO/TS 17892–12 (2004) is the current 
standard, while in the United States ASTM D4318 (2010) is used. These standards all relate to the same 
basic tests which are described below.
 The soil sample is dried sufficiently to enable it to be crumbled and broken up, using a mortar and a 
rubber pestle, without crushing individual particles; only material passing a 425-μm sieve is typically 
used in the tests. The apparatus for the liquid limit test consists of a penetrometer (or ‘fall- cone’) fitted 
with a 30° cone of stainless steel, 35 mm long: the cone and the sliding shaft to which it is attached have 
a mass of 80 g. This is shown in Figure 1.11(a). The test soil is mixed with distilled water to form a thick 
homogeneous paste, and stored for 24 h. Some of the paste is then placed in a cylindrical metal cup, 
55 mm internal diameter by 40 mm deep, and levelled off at the rim of the cup to give a smooth surface. 
The cone is lowered so that it just touches the surface of the soil in the cup, the cone being locked in its 
support at this stage. The cone is then released for a period of 5 s, and its depth of penetration into the 
soil is measured. A little more of the soil paste is added to the cup and the test is repeated until a consist-
ent value of penetration has been obtained. (The average of two values within 0.5 mm or of three values 
within 1.0 mm is taken.) The entire test procedure is repeated at least four times, using the same soil 
sample but increasing the water content each time by adding distilled water. The penetration values 
should cover the range of approximately 15–25 mm, the tests proceeding from the drier to the wetter 
state of the soil. Cone penetration is plotted against water content, and the best straight line fitting the 
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Figure 1.10 Consistency limits for fine soils.

Table 1.1 Activity of some common clay minerals

Mineral group Specific surface (m2/g)1 Activity2

Kaolinite 10–20 0.3–0.5

Illite 65–100 0.5–1.3

Montmorillonite Up to 840 4–7

Notes: 1 After Mitchell and Soga (2005). 2 After Day (2001).
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plotted points is drawn. This is demonstrated in Example 1.1. The liquid limit is defined as the percent-
age water content (to the nearest integer) corresponding to a cone penetration of 20 mm. Determination 
of liquid limit may also be based on a single test (the one- point method), provided the cone penetration 
is between 15 and 25 mm.
 An alternative method for determining the liquid limit uses the Casagrande apparatus (Figure 1.11(b)), 
which is popular in the United States and other parts of the world (ASTM D4318). A soil paste is placed 
in a pivoting flat metal cup and divided by cutting a groove. A mechanism enables the cup to be lifted to 
a height of 10 mm and dropped onto a hard rubber base. The two halves of the soil gradually flow 
together as the cup is repeatedly dropped The water content of the soil in the cup is then determined; this 
is plotted against the logarithm of the number of blows, and the best straight line fitting the plotted points 
is drawn. For this test, the liquid limit is defined as the water content at which 25 blows are required to 
close the bottom of the groove. It should be noted that the Casagrande method is generally less reliable 
than the preferred penetrometer method, being more operator dependent and subjective.
 For the determination of the plastic limit, the test soil is mixed with distilled water until it becomes 
sufficiently plastic to be moulded into a ball. Part of the soil sample (approximately 2.5 g) is formed into 
a thread, approximately 6 mm in diameter, between the first finger and thumb of each hand. The thread 
is then placed on a glass plate and rolled with the tips of the fingers of one hand until its diameter is 
reduced to approximately 3 mm: the rolling pressure must be uniform throughout the test. The thread is 
then remoulded between the fingers (the water content being reduced by the heat of the fingers) and the 

Figure 1.11  Laboratory apparatus for determining liquid limit: (a) fall-cone, 
(b) Casagrande apparatus (images courtesy of Impact Test Equipment Ltd).

(a) (b)
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procedure is repeated until the thread of soil shears both longitudinally and transversely when it has been 
rolled to a diameter of 3 mm. The procedure is repeated using three more parts of the sample, and the 
percentage water content of all the crumbled soil is determined as a whole. This water content (to the 
nearest integer) is defined as the plastic limit of the soil. The entire test is repeated using four other sub- 
samples, and the average taken of the two values of plastic limit: the tests must be repeated if the two 
values differ by more than 0.5%. Due to the strongly subjective nature of this test, alternative methodol-
ogies have recently been proposed for determining wP, though these are not incorporated within current 
standards. Further information can be found in Barnes (2009) and Sivakumar et al. (2009).

1.4 Particle size analysis

Most soils consist of a graded mixture of particles from two or more size ranges. For example, clay is a 
type of soil possessing cohesion and plasticity which normally consists of particles in both the clay size 
and silt size ranges. Cohesion is the term used to describe the strength of a clay sample when it is uncon-
fined, being due to negative pressure in the water filling the void space, of very small size, between par-
ticles. This strength would be lost if the clay were immersed in a body of water. Cohesion may also be 
derived from cementation between soil particles. It should be appreciated that all clay- size particles are 
not necessarily clay mineral particles: the finest rock flour particles may be of clay size.
 The particle size analysis of a soil sample involves determining the percentage by mass of particles 
within the different size ranges. The particle size distribution of a coarse soil can be determined by the 
method of sieving. The soil sample is passed through a series of standard test sieves having successively 
smaller mesh sizes. The mass of soil retained in each sieve is determined, and the cumulative percentage 
by mass passing each sieve is calculated. If fine particles are present in the soil, the sample should be 
treated with a deflocculating agent (e.g. a 4% solution of sodium hexametaphosphate) and washed 
through the sieves.
 The particle size distribution (PSD) of a fine soil or the fine fraction of a coarse soil can be deter-
mined by the method of sedimentation. This method is based on Stokes’ law, which governs the veloc-
ity at which spherical particles settle in a suspension: the larger the particles are the greater is the settling 
velocity, and vice versa. The law does not apply to particles smaller than 0.0002 mm, the settlement of 
which is influenced by Brownian motion. The size of a particle is given as the diameter of a sphere 
which would settle at the same velocity as the particle. Initially, the soil sample is pretreated with hydro-
gen peroxide to remove any organic material. The sample is then made up as a suspension in distilled 
water to which a deflocculating agent has been added to ensure that all particles settle individually, and 
placed in a sedimentation tube. From Stokes’ law it is possible to calculate the time, t, for particles of a 
certain ‘size’, D (the equivalent settling diameter), to settle to a specified depth in the suspension. If, 
after the calculated time t, a sample of the suspension is drawn off with a pipette at the specified depth 
below the surface, the sample will contain only particles smaller than the size D at a concentration 
unchanged from that at the start of sedimentation. If pipette samples are taken at the specified depth at 
times corresponding to other chosen particle sizes, the particle size distribution can be determined from 
the masses of the residues. An alternative procedure to pipette sampling is the measurement of the spe-
cific gravity of the suspension by means of a special hydrometer, the specific gravity depending on the 
mass of soil particles in the suspension at the time of measurement. Full details of the determination of 
particle size distribution by these methods are given in BS 1377–2 (UK), CEN ISO/TS 17892–4 
(Europe) and ASTM D6913 (US). Modern optical techniques can also be used to determine the PSD of a 
coarse soil. Single Particle Optical Sizing (SPOS) works by drawing a stream of dry particles through 
the beam of a laser diode. As each individual particle passes through the beam it casts a shadow on a 
light sensor which is proportional to its size (and therefore volume). The optical sizer automatically 
 analyses the sensor output to determine the PSD by volume. Optical methods have been found to 
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 overestimate particle sizes compared to sieving (White, 2003), though advantages are that the results are 
repeatable and less operator dependent compared to sieving, and testing requires a much smaller volume 
of soil.
 The particle size distribution of a soil is presented as a curve on a semilogarithmic plot, the ordinates 
being the percentage by mass of particles smaller than the size given by the abscissa. The flatter the dis-
tribution curve, the larger the range of particle sizes in the soil; the steeper the curve, the smaller the size 
range. A coarse soil is described as well graded if there is no excess of particles in any size range and if 
no intermediate sizes are lacking. In general, a well- graded soil is represented by a smooth, concave dis-
tribution curve. A coarse soil is described as poorly graded (a) if a high proportion of the particles have 
sizes within narrow limits (a uniform soil), or (b) if particles of both large and small sizes are present but 
with a relatively low proportion of particles of intermediate size (a gap- graded or step- graded soil). Par-
ticle size is represented on a logarithmic scale so that two soils having the same degree of uniformity are 
represented by curves of the same shape regardless of their positions on the particle size distribution 
plot. Examples of particle size distribution curves appear in Figure 1.4. The particle size corresponding 
to any specified percentage value can be read from the particle size distribution curve. The size such that 
10% of the particles are smaller than that size is denoted by D10. Other sizes, such as D30 and D60, can be 
defined in a similar way. The size D10 is defined as the effective size, and can be used to estimate the 
permeability of the soil (see Chapter 2). The general slope and shape of the distribution curve can be 
described by means of the coefficient of uniformity (Cu) and the coefficient of curvature (Cz), defined 
as follows:

 (1.3)

 (1.4)

The higher the value of the coefficient of uniformity, the larger the range of particle sizes in the soil. A 
well- graded soil has a coefficient of curvature between 1 and 3. The sizes D15 and D85 are commonly 
used to select appropriate material for granular drains used to drain geotechnical works (see Chapter 2).

1.5 Soil description and classification

It is essential that a standard language should exist for the description of soils. A comprehensive 
description should include the characteristics of both the soil material and the in- situ soil mass. Mate-
rial characteristics can be determined from disturbed samples of the soil – i.e. samples having the same 
particle size distribution as the in- situ soil but in which the in- situ structure has not been preserved. The 
principal material characteristics are particle size distribution (or grading) and plasticity, from which 
the soil name can be deduced. Particle size distribution and plasticity properties can be determined 
either by standard laboratory tests (as described in Sections 1.3 and 1.4) or by simple visual and manual 
procedures. Secondary material characteristics are the colour of the soil and the shape, texture and com-
position of the particles. Mass characteristics should ideally be determined in the field, but in many 
cases they can be detected in undisturbed samples – i.e. samples in which the in- situ soil structure has 
been essentially preserved. A description of mass characteristics should include an assessment of in- 
situ compactive state (coarse- grained soils) or stiffness (fine- grained soils), and details of any bedding, 
discontinuities and weathering. The arrangement of minor geological details, referred to as the soil 
macro- fabric, should be carefully described, as this can influence the engineering behaviour of the in- 
situ soil to a considerable extent. Examples of macro- fabric features are thin layers of fine sand and silt 
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in clay, silt- filled fissures in clay, small lenses of clay in sand, organic inclusions, and root holes. The 
name of the geological formation, if definitely known, should be included in the description; in addi-
tion, the type of deposit may be stated (e.g. till, alluvium), as this can indicate, in a general way, the 
likely behaviour of the soil.
 It is important to distinguish between soil description and soil classification. Soil description includes 
details of both material and mass characteristics, and therefore it is unlikely that any two soils will have 
identical descriptions. In soil classification, on the other hand, a soil is allocated to one of a limited 
number of behavioural groups on the basis of material characteristics only. Soil classification is thus 
independent of the in- situ condition of the soil mass. If the soil is to be employed in its undisturbed con-
dition, for example to support a foundation, a full soil description will be adequate and the addition of 
the soil classification is discretionary. However, classification is particularly useful if the soil in question 
is to be used as a construction material when it will be remoulded – for example in an embankment. 
Engineers can also draw on past experience of the behaviour of soils of similar classification.

Rapid assessment procedures
Both soil description and classification require knowledge of grading and plasticity. This can be deter-
mined by the full laboratory procedure using standard tests, as described in Sections 1.3 and 1.4, in 
which values defining the particle size distribution and the liquid and plastic limits are obtained for the 
soil in question. Alternatively, grading and plasticity can be assessed using a rapid procedure which 
involves personal judgements based on the appearance and feel of the soil. The rapid procedure can be 
used in the field and in other situations where the use of the laboratory procedure is not possible or not 
justified. In the rapid procedure, the following indicators should be used.
 Particles of 0.06 mm, the lower size limit for coarse soils, are just visible to the naked eye, and feel 
harsh but not gritty when rubbed between the fingers; finer material feels smooth to the touch. The size 
boundary between sand and gravel is 2 mm, and this represents the largest size of particles which will 
hold together by capillary attraction when moist. A purely visual judgement must be made as to whether 
the sample is well graded or poorly graded, this being more difficult for sands than for gravels.
 If a predominantly coarse soil contains a significant proportion of fine material, it is important to 
know whether the fines are essentially plastic or non- plastic (i.e. whether they are predominantly clay or 
silt, respectively). This can be judged by the extent to which the soil exhibits cohesion and plasticity. A 
small quantity of the soil, with the largest particles removed, should be moulded together in the hands, 
adding water if necessary. Cohesion is indicated if the soil, at an appropriate water content, can be 
moulded into a relatively firm mass. Plasticity is indicated if the soil can be deformed without cracking 
or crumbling, i.e. without losing cohesion. If cohesion and plasticity are pronounced, then the fines are 
plastic. If cohesion and plasticity are absent or only weakly indicated, then the fines are essentially non- 
plastic.
 The plasticity of fine soils can be assessed by means of the toughness and dilatancy tests, described 
below. An assessment of dry strength may also be useful. Any coarse particles, if present, are first 
removed, and then a small sample of the soil is moulded in the hand to a consistency judged to be just 
above the plastic limit (i.e. just enough water to mould); water is added or the soil is allowed to dry as 
necessary. The procedures are then as follows.

Toughness test
A small piece of soil is rolled out into a thread on a flat surface or on the palm of the hand, moulded 
together, and rolled out again until it has dried sufficiently to break into lumps at a diameter of around 
3 mm. In this condition, inorganic clays of high liquid limit are fairly stiff and tough; those of low liquid 
limit are softer and crumble more easily. Inorganic silts produce a weak and often soft thread, which 
may be difficult to form and which readily breaks and crumbles.
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Dilatancy test
A pat of soil, with sufficient water added to make it soft but not sticky, is placed in the open (horizontal) 
palm of the hand. The side of the hand is then struck against the other hand several times. Dilatancy is 
indicated by the appearance of a shiny film of water on the surface of the pat; if the pat is then squeezed 
or pressed with the fingers, the surface becomes dull as the pat stiffens and eventually crumbles. These 
reactions are pronounced only for predominantly silt- size material and for very fine sands. Plastic clays 
give no reaction.

Dry strength test
A pat of soil about 6 mm thick is allowed to dry completely, either naturally or in an oven. The strength 
of the dry soil is then assessed by breaking and crumbling between the fingers. Inorganic clays have rela-
tively high dry strength; the greater the strength, the higher the liquid limit. Inorganic silts of low liquid 
limit have little or no dry strength, crumbling easily between the fingers.

Soil description details
A detailed guide to soil description as used in the UK is given in BS 5930 (1999), and the subsequent 
discussion is based on this standard. In Europe the standard is EN ISO 14688–1 (2002), while in the 
United States ASTM D2487 (2011) is used. The basic soil types are boulders, cobbles, gravel, sand, silt 
and clay, defined in terms of the particle size ranges shown in Figure 1.2; added to these are organic 
clay, silt or sand, and peat. These names are always written in capital letters in a soil description. Mix-
tures of the basic soil types are referred to as composite types.
 A soil is of basic type sand or gravel (these being termed coarse soils) if, after the removal of any 
cobbles or boulders, over 65% of the material is of sand and gravel sizes. A soil is of basic type silt or 
clay (termed fine soils) if, after the removal of any cobbles or boulders, over 35% of the material is of 
silt and clay sizes. However, these percentages should be considered as approximate guidelines, not 
forming a rigid boundary. Sand and gravel may each be subdivided into coarse, medium and fine frac-
tions as defined in Figure 1.2. The state of sand and gravel can be described as well graded, poorly 
graded, uniform or gap graded, as defined in Section 1.4. In the case of gravels, particle shape (angular, 
sub- angular, sub- rounded, rounded, flat, elongated) and surface texture (rough, smooth, polished) can be 
described if necessary. Particle composition can also be stated. Gravel particles are usually rock frag-
ments (e.g. sandstone, schist). Sand particles usually consist of individual mineral grains (e.g. quartz, 
feldspar). Fine soils should be described as either silt or clay: terms such as silty clay should not be used.
 Organic soils contain a significant proportion of dispersed vegetable matter, which usually produces a 
distinctive odour and often a dark brown, dark grey or bluish grey colour. Peats consist predominantly of 
plant remains, usually dark brown or black in colour and with a distinctive odour. If the plant remains are 
recognisable and retain some strength, the peat is described as fibrous. If the plant remains are recognisable 
but their strength has been lost, they are pseudo- fibrous. If recognisable plant remains are absent, the peat is 
described as amorphous. Organic content is measured by burning a sample of soil at a controlled temperature 
to determine the reduction in mass which corresponds to the organic content. Alternatively, the soil may be 
treated with hydrogen peroxide (H2O2), which also removes the organic content, resulting in a loss of mass.
 Composite types of coarse soil are named in Table 1.2, the predominant component being written in 
capital letters. Fine soils containing 35–65% coarse material are described as sandy and/or gravelly SILT 
(or CLAY). Deposits containing over 50% of boulders and cobbles are referred to as very coarse, and 
normally can be described only in excavations and exposures. Mixes of very coarse material with finer 
soils can be described by combining the descriptions of the two components – e.g. COBBLES with some 
FINER MATERIAL (sand); gravelly SAND with occasional BOULDERS.
 The state of compaction or stiffness of the in- situ soil can be assessed by means of the tests or indica-
tions detailed in Table 1.3.
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Table 1.2 Composite types of coarse soil

Slightly sandy GRAVEL Up to 5% sand

Sandy GRAVEL 5–20% sand

Very sandy GRAVEL Over 20% sand

SAND and GRAVEL About equal proportions

Very gravelly SAND Over 20% gravel

Gravelly SAND 5–20% gravel

Slightly gravelly SAND Up to 5% gravel

Slightly silty SAND (and/or GRAVEL) Up to 5% silt

Silty SAND (and/or GRAVEL) 5–20% silt

Very silty SAND (and/or GRAVEL) Over 20% silt

Slightly clayey SAND (and/or GRAVEL) Up to 5% clay

Clayey SAND (and/or GRAVEL) 5–20% clay

Very clayey SAND (and/or GRAVEL) Over 20% clay

Note: Terms such as ‘Slightly clayey gravelly SAND’ (having less than 5% clay and gravel) and ‘Silty sandy 

GRAVEL’ (having 5–20% silt and sand) can be used, based on the above proportions of secondary constituents.

Table 1.3 Compactive state and stiffness of soils

Soil group Term (relative density – Section 1.6) Field test or indication

Coarse soils Very loose (0–20%)

Loose (20–40%)

Medium dense (40–60%)

Dense (60–80%)

Very dense (80–100%)

Assessed on basis of N-value determined by 

means of Standard Penetration Test (SPT) – see 

Chapter 7

For definition of relative density, see Equation 

(1.23)

Slightly cemented Visual examination: pick removes soil in lumps 

which can be abraded

Fine soils Uncompact Easily moulded or crushed by the fingers

Compact Can be moulded or crushed by strong finger 

pressure

Very soft Finger can easily be pushed in up to 25 mm

Soft Finger can be pushed in up to 10 mm

Firm Thumb can make impression easily

Stiff Thumb can make slight indentation

Very stiff Thumb nail can make indentation

Hard Thumb nail can make surface scratch

Organic 

soils

Firm Fibres already pressed together

Spongy Very compressible and open structure

Plastic Can be moulded in the hand and smears fingers
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 Discontinuities such as fissures and shear planes, including their spacings, should be indicated. 
Bedding features, including their thickness, should be detailed. Alternating layers of varying soil types or 
with bands or lenses of other materials are described as interstratified. Layers of different soil types are 
described as interbedded or inter- laminated, their thickness being stated. Bedding surfaces that sepa-
rate easily are referred to as partings. If partings incorporate other material, this should be described.
 Some examples of soil description are as follows:

Dense, reddish- brown, sub- angular, well- graded SAND
Firm, grey, laminated CLAY with occasional silt partings 0.5–2.0 mm (Alluvium)
Dense, brown, well graded, very silty SAND and GRAVEL with some COBBLES (Till)
Stiff, brown, closely fissured CLAY (London Clay)
Spongy, dark brown, fibrous PEAT (Recent Deposits)

Soil classification systems
General classification systems, in which soils are placed into behavioural groups on the basis of grading 
and plasticity, have been used for many years. The feature of these systems is that each soil group is 
denoted by a letter symbol representing main and qualifying terms. The terms and letters used in the UK 
are detailed in Table 1.4. The boundary between coarse and fine soils is generally taken to be 35% fines 
(i.e. particles smaller than 0.06 mm). The liquid and plastic limits are used to classify fine soils, employ-
ing the plasticity chart shown in Figure 1.12. The axes of the plasticity chart are the plasticity index and 
liquid limit; therefore, the plasticity characteristics of a particular soil can be represented by a point on 
the chart. Classification letters are allotted to the soil according to the zone within which the point lies. 
The chart is divided into five ranges of liquid limit. The four ranges I, H, V and E can be combined as an 
upper range (U) if closer designation is not required, or if the rapid assessment procedure has been used 
to assess plasticity. The diagonal line on the chart, known as the A- line, should not be regarded as a rigid 
boundary between clay and silt for purposes of soil description, as opposed to classification. The A- line 
may be mathematically represented by

 (1.5)

The letter denoting the dominant size fraction is placed first in the group symbol. If a soil has a signific-
ant content of organic matter, the suffix O is added as the last letter of the group symbol. A group symbol 
may consist of two or more letters, for example:

SW – well- graded SAND
SCL – very clayey SAND (clay of low plasticity)
CIS – sandy CLAY of intermediate plasticity
MHSO – organic sandy SILT of high plasticity.

The name of the soil group should always be given, as above, in addition to the symbol, the extent of 
subdivision depending on the particular situation. If the rapid procedure has been used to assess grading 
and plasticity, the group symbol should be enclosed in brackets to indicate the lower degree of accuracy 
associated with this procedure.
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 The term FINE SOIL or FINES (F ) is used when it is not required, or not possible, to differentiate 
between SILT (M) and CLAY (C). SILT (M) plots below the A- line and CLAY (C) above the A- line on 
the plasticity chart, i.e. silts exhibit plastic properties over a lower range of water content than clays 
having the same liquid limit. SILT or CLAY is qualified as gravelly if more than 50% of the coarse frac-
tion is of gravel size, and as sandy if more than 50% of the coarse fraction is of sand size. The alternative 
term M- SOIL is introduced to describe material which, regardless of its particle size distribution, plots 
below the A- line on the plasticity chart: the use of this term avoids confusion with soils of predomi-
nantly silt size (but with a significant proportion of clay- size particles), which plot above the A- line. Fine 
soils containing significant amounts of organic matter usually have high to extremely high liquid limits, 
and plot below the A- line as organic silt. Peats usually have very high or extremely high liquid limits.
 Any cobbles or boulders (particles retained on a 63-mm sieve) are removed from the soil before the 
classification tests are carried out, but their percentages in the total sample should be determined or esti-
mated. Mixtures of soil and cobbles or boulders can be indicated by using the letters Cb (COBBLES) or 
B (BOULDERS) joined by a + sign to the group symbol for the soil, the dominant component being 
given first – for example:

GW + Cb – well- graded GRAVEL with COBBLES
B + CL – BOULDERS with CLAY of low plasticity.

A similar classification system, known as the Unified Soil Classification System (USCS), was developed 
in the United States (described in ASTM D2487), but with less detailed subdivisions. As the USCS 
method is popular in other parts of the world, alternative versions of Figure 1.12 and Table 1.4 are pro-
vided on the Companion Website.
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Figure 1.12 Plasticity chart: British system (BS 1377–2: 1990).
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Table 1.4 Descriptive terms for soil classification (BS 5930)

Main terms Qualifying terms

GRAVEL G Well graded W
SAND S Poorly graded P

Uniform Pu
Gap graded Pg

FINE SOIL, FINES F Of low plasticity (wL < 35) L
SILT (M-SOIL) M Of intermediate plasticity (wL 35–50) I
CLAY C Of high plasticity (wL 50–70) H

Of very high plasticity (wL 70–90) V
Of extremely high plasticity (wL > 90) E
Of upper plasticity range (wL > 35) U

PEAT Pt Organic (may be a suffix to any group) O

Example 1.1

The results of particle size analyses of four soils A, B, C and D are shown in Table 1.5. The 
results of limit tests on soil D are as follows:

TABLE A

Liquid limit:
Cone penetration (mm) 15.5 18.0 19.4 22.2 24.9
Water content (%) 39.3 40.8 42.1 44.6 45.6

Plastic limit:
Water content (%) 23.9 24.3

The fine fraction of soil C has a liquid limit of IL = 26 and a plasticity index of IP = 9.

a Determine the coefficients of uniformity and curvature for soils A, B and C.
b Allot group symbols, with main and qualifying terms to each soil.

Table 1.5 Example 1.1

Sieve Particle size* Percentage smaller

Soil A Soil B Soil C Soil D
63 mm 100 100
20 mm 64 76
6.3 mm 39 100 65
2 mm 24 98 59
600 mm 12 90 54
212 mm 5 9 47 100
63 mm 0 3 34 95

0.020 mm 23 69
0.006 mm 14 46
0.002 mm 7 31

Note: * From sedimentation test.
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Solution
The particle size distribution curves are plotted in Figure 1.13. For soils A, B and C, the sizes 
D10, D30 and D60 are read from the curves and the values of Cu and Cz are calculated:

TABLE B

Soil D10 D30 D60 CU CZ

A 0.47 3.5 16 34 1.6

B 0.23 0.30 0.41 1.8 0.95

C 0.003 0.042 2.4 800 0.25
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Figure 1.13 Particle size distribution curves (Example 1.1).

 For soil D the liquid limit is obtained from Figure 1.14, in which fall- cone penetration is 
plotted against water content. The percentage water content, to the nearest integer, corresponding 
to a penetration of 20 mm is the liquid limit, and is 42%. The plastic limit is the average of the 
two percentage water contents, again to the nearest integer, i.e. 24%. The plasticity index is the 
difference between the liquid and plastic limits, i.e. 18%.
 Soil A consists of 100% coarse material (76% gravel size; 24% sand size) and is classified as 
GW: well- graded, very sandy GRAVEL.
 Soil B consists of 97% coarse material (95% sand size; 2% gravel size) and 3% fines. It is 
classified as SPu: uniform, slightly silty, medium SAND.
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1.6 Phase relationships

It has been demonstrated in Sections 1.1–1.5 that the constituent particles of soil, their mineralogy and 
microstructure determine the classification of a soil into a certain behavioural type. At the scale of most 
engineering processes and constructions, however, it is necessary to describe the soil as a continuum. 
Soils can be of either two- phase or three- phase composition. In a completely dry soil there are two 
phases, namely the solid soil particles and pore air. A fully saturated soil is also two- phase, being com-
posed of solid soil particles and pore water. A partially saturated soil is three- phase, being composed of 
solid soil particles, pore water and pore air. The components of a soil can be represented by a phase 
diagram as shown in Figure 1.15(a), from which the following relationships are defined.
 The water content (w), or moisture content (m), is the ratio of the mass of water to the mass of solids 
in the soil, i.e.

 (1.6)

The water content is determined by weighing a sample of the soil and then drying the sample in an oven 
at a temperature of 105–110°C and re- weighing. Drying should continue until the differences between 
successive weighings at four- hourly intervals are not greater than 0.1% of the original mass of the 
sample. A drying period of 24 h is normally adequate for most soils.

 Soil C comprises 66% coarse material (41% gravel size; 25% sand size) and 34% fines 
(wL = 26, IP = 9, plotting in the CL zone on the plasticity chart). The classification is GCL: very 
clayey GRAVEL (clay of low plasticity). This is a till, a glacial deposit having a large range of 
particle sizes.
 Soil D contains 95% fine material: the liquid limit is 42 and the plasticity index is 18, plotting 
just above the A- line in the CI zone on the plasticity chart. The classification is thus CI: CLAY of 
intermediate plasticity.
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 The degree of saturation or saturation ratio (Sr) is the ratio of the volume of water to the total volume 
of void space, i.e.

 (1.7)

The saturation ratio can range between the limits of zero for a completely dry soil and one (or 100%) for 
a fully saturated soil.
 The void ratio (e) is the ratio of the volume of voids to the volume of solids, i.e.

 (1.8)

The porosity (n) is the ratio of the volume of voids to the total volume of the soil, i.e.

 (1.9)

As V = Vv + Vs, void ratio and porosity are interrelated as follows:

  (1.10)

 (1.11)

The specific volume (v) is the total volume of soil which contains a unit volume of solids, i.e.

 (1.12)

The air content or air voids (A) is the ratio of the volume of air to the total volume of the soil, i.e.

  (1.13)

The bulk density or mass density (ρ) of a soil is the ratio of the total mass to the total volume, i.e.

  (1.14)
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Figure 1.15 Phase diagrams.
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Convenient units for density are kg/m3 or Mg/m3. The density of water (1000 kg/m3 or 1.00 Mg/m3) is 
denoted by ρw.
 The specific gravity of the soil particles (Gs) is given by

 (1.15)

where ρs is the particle density.
 From the definition of void ratio, if the volume of solids is 1 unit then the volume of voids is e units. 
The mass of solids is then Gs ρw and, from the definition of water content, the mass of water is wGs ρw. 
The volume of water is thus wGs. These volumes and masses are represented in Figure 1.15(b). From 
this figure, the following relationships can then be obtained.
 The degree of saturation (definition in Equation 1.7) is

 (1.16)

The air content is the proportion of the total volume occupied by air, i.e.

  (1.17)

or, from Equations 1.11 and 1.16,

 (1.18)

From Equation 1.14, the bulk density of a soil is:

 (1.19)

or, from Equation 1.16,

 (1.20)

Equation 1.20 holds true for any soil. Two special cases that commonly occur, however, are when the 
soil is fully saturated with either water or air. For a fully saturated soil Sr = 1, giving:

 (1.21)

For a completely dry soil (Sr = 0):

  (1.22)

The unit weight or weight density (γ) of a soil is the ratio of the total weight (Mg) to the total volume, 
i.e.
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Multiplying Equations 1.19 and 1.20 by g then gives

  (1.19a)

 (1.20a)

where γw is the unit weight of water. Convenient units are kN/m3, the unit weight of water being  
9.81 kN/m3 (or 10.0 kN/m3 in the case of sea water).
 In the case of sands and gravels the relative density (ID) is used to express the relationship between 
the in- situ void ratio (e), or the void ratio of a sample, and the limiting values emax and emin representing 
the loosest and densest possible soil packing states respectively. The relative density is defined as

 (1.23)

Thus, the relative density of a soil in its densest possible state (e = emin) is 1 (or 100%) and in its loosest 
possible state (e = emax) is 0.
 The maximum density is determined by compacting a sample underwater in a mould, using a circular 
steel tamper attached to a vibrating hammer: a 1-l mould is used for sands and a 2.3-l mould for gravels. 
The soil from the mould is then dried in an oven, enabling the dry density to be determined. The 
minimum dry density can be determined by one of the following procedures. In the case of sands, a 1-l 
measuring cylinder is partially filled with a dry sample of mass 1000 g and the top of the cylinder closed 
with a rubber stopper. The minimum density is achieved by shaking and inverting the cylinder several 
times, the resulting volume being read from the graduations on the cylinder. In the case of gravels, and 
sandy gravels, a sample is poured from a height of about 0.5 m into a 2.3-l mould and the resulting dry 
density determined. Full details of the above tests are given in BS 1377, Part 4 (1990). Void ratio can be 
calculated from a value of dry density using Equation 1.22. However, the density index can be calculated 
directly from the maximum, minimum and in- situ values of dry density, avoiding the need to know the 
value of Gs (see Problem 1.5).

In its natural condition, a soil sample has a mass of 2290 g and a volume of 1.15 × 10–3 m3. After 
being completely dried in an oven, the mass of the sample is 2035 g. The value of Gs for the soil 
is 2.68. Determine the bulk density, unit weight, water content, void ratio, porosity, degree of 
saturation and air content.

Solution

 

Example 1.2



 

Development of a mechanical model for soil

26

1.7 Soil compaction

Compaction is the process of increasing the density of a soil by packing the particles closer together with 
a reduction in the volume of air; there is no significant change in the volume of water in the soil. In the 
construction of fills and embankments, loose soil is typically placed in layers ranging between 75 and 
450 mm in thickness, each layer being compacted to a specified standard by means of rollers, vibrators or 
rammers. In general, the higher the degree of compaction, the higher will be the shear strength and the 
lower will be the compressibility of the soil (see Chapters 4 and 5). An engineered fill is one in which 
the soil has been selected, placed and compacted to an appropriate specification with the object of 
achieving a particular engineering performance, generally based on past experience. The aim is to ensure 
that the resulting fill possesses properties that are adequate for the function of the fill. This is in contrast 
to non- engineered fills, which have been placed without regard to a subsequent engineering function.
 The degree of compaction of a soil is measured in terms of dry density, i.e. the mass of solids only 
per unit volume of soil. If the bulk density of the soil is ρ and the water content w, then from Equations 
1.19 and 1.22 it is apparent that the dry density is given by

 (1.24)

The dry density of a given soil after compaction depends on the water content and the energy supplied 
by the compaction equipment (referred to as the compactive effort).

Laboratory compaction
The compaction characteristics of a soil can be assessed by means of standard laboratory tests. The soil 
is compacted in a cylindrical mould using a standard compactive effort. In the Proctor test, the volume 

From Equation 1.19,
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of the mould is 1-l and the soil (with all particles larger than 20 mm removed) is compacted by a rammer 
consisting of a 2.5-kg mass falling freely through 300 mm: the soil is compacted in three equal layers, 
each layer receiving 27 blows with the rammer. In the modified AASHTO test, the mould is the same 
as is used in the above test but the rammer consists of a 4.5-kg mass falling 450 mm; the soil (with all 
particles larger than 20 mm removed) is compacted in five layers, each layer receiving 27 blows with the 
rammer. If the sample contains a limited proportion of particles up to 37.5 mm in size, a 2.3-1 mould 
should be used, each layer receiving 62 blows with either the 2.5- or 4.5-kg rammer. In the vibrating 
hammer test, the soil (with all particles larger than 37.5 mm removed) is compacted in three layers in a 
2.3-1 mould, using a circular tamper fitted in the vibrating hammer, each layer being compacted for a 
period of 60 s. These tests are detailed in BS1377–4 (UK), EC7–2 (Europe) and, in the US, ASTM D698, 
D1557 and D7382.
 After compaction using one of the three standard methods, the bulk density and water content of the 
soil are determined and the dry density is calculated. For a given soil the process is repeated at least five 
times, the water content of the sample being increased each time. Dry density is plotted against water 
content, and a curve of the form shown in Figure 1.16 is obtained. This curve shows that for a particular 
method of compaction (i.e. a given compactive effort) there is a particular value of water content, known 
as the optimum water content (wopt), at which a maximum value of dry density is obtained. At low 
values of water content, most soils tend to be stiff and are difficult to compact. As the water content is 
increased the soil becomes more workable, facilitating compaction and resulting in higher dry densities. 
At high water contents, however, the dry density decreases with increasing water content, an increasing 
proportion of the soil volume being occupied by water.
 If all the air in a soil could be expelled by compaction, the soil would be in a state of full saturation 
and the dry density would be the maximum possible value for the given water content. However, this 
degree of compaction is unattainable in practice. The maximum possible value of dry density is referred 
to as the ‘zero air voids’ dry density (ρd0) or the saturation dry density, and can be calculated from the 
expression:

 (1.25)
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Figure 1.16 Dry density–water content relationship.
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In general, the dry density after compaction at water content w to an air content A can be calculated from 
the following expression, derived from Equations 1.17 and 1.22:

 (1.26)

The calculated relationship between zero air voids dry density (A = 0) and water content (for Gs = 2.65) is 
shown in Figure 1.17; the curve is referred to as the zero air voids line or the saturation line. The exper-
imental dry density–water content curve for a particular compactive effort must lie completely to the left 
of the saturation line. The curves relating dry density at air contents of 5% and 10% with water content 
are also shown in Figure 1.17, the values of dry density being calculated from Equation 1.26. These 
curves enable the air content at any point on the experimental dry density–water content curve to be 
determined by inspection.
 For a particular soil, different dry density–water content curves are obtained for different compactive 
efforts. Curves representing the results of tests using the 2.5- and 4.5-kg rammers are shown in Figure 
1.17. The curve for the 4.5-kg test is situated above and to the left of the curve for the 2.5-kg test. Thus, 
a higher compactive effort results in a higher value of maximum dry density and a lower value of 
optimum water content; however, the values of air content at maximum dry density are approximately 
equal.
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 The dry density–water content curves for a range of soil types using the same compactive effort (the 
BS 2.5-kg rammer) are shown in Figure 1.18. In general, coarse soils can be compacted to higher dry 
densities than fine soils.

Field compaction
The results of laboratory compaction tests are not directly applicable to field compaction because the 
compactive efforts in the laboratory tests are different, and are applied in a different way, from those 
produced by field equipment. Further, the laboratory tests are carried out only on material smaller 
than either 20 or 37.5 mm. However, the maximum dry densities obtained in the laboratory using the 
2.5- and 4.5-kg rammers cover the range of dry density normally produced by field compaction 
equipment.
 A minimum number of passes must be made with the chosen compaction equipment to produce the 
required value of dry density. This number, which depends on the type and mass of the equipment and 
on the thickness of the soil layer, is usually within the range 3–12. Above a certain number of passes, no 
significant increase in dry density is obtained. In general, the thicker the soil layer, the heavier the equip-
ment required to produce an adequate degree of compaction.
 There are two approaches to the achievement of a satisfactory standard of compaction in the field, 
known as method compaction and end- product compaction. In method compaction, the type and mass 
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of equipment, the layer depth and the number of passes are specified. In the UK, these details are given, 
for the class of material in question, in the Specification for Highway Works (Highways Agency, 2008). 
In end- product compaction, the required dry density is specified: the dry density of the compacted fill 
must be equal to or greater than a stated percentage of the maximum dry density obtained in one of the 
standard laboratory compaction tests.
 Field density tests can be carried out, if considered necessary, to verify the standard of compaction in 
earthworks, dry density or air content being calculated from measured values of bulk density and water 
content. A number of methods of measuring bulk density in the field are detailed in BS 1377, Part 4 (1990).
 The types of compaction equipment commonly used in the field are described below, and their per-
formance over a range of standard soils is compared in Figure 1.19. Images of all types of plant for iden-
tification purposes may be found through the Companion Website.

Smooth- wheeled rollers
These consist of hollow steel drums, the mass of which can be increased by water or sand ballast. They 
are suitable for most types of soil except uniform sands and silty sands, provided a mixing or kneading 
action is not required. A smooth surface is produced on the compacted layer, encouraging the run- off of 
any rainfall but resulting in relatively poor bonding between successive layers; the fill as a whole will 
therefore tend to be laminated. Smooth- wheeled rollers, and the other types of roller described below, 
can be either towed or self- propelled.

Pneumatic- tyred rollers
This equipment is suitable for a wide range of coarse and fine soils, but not for uniformly graded mate-
rial. Wheels are mounted close together on two axles, the rear set overlapping the lines of the front set to 
ensure complete coverage of the soil surface. The tyres are relatively wide with a flat tread so that the 
soil is not displaced laterally. This type of roller is also available with a special axle which allows the 
wheels to wobble, thus preventing the bridging over of low spots. Pneumatic- tyred rollers impart a 
kneading action to the soil. The finished surface is relatively smooth, resulting in a low degree of 
bonding between layers. If good bonding is essential, the compacted surface must be scarified between 
layers. Increased compactive effort can be obtained by increasing the tyre inflation pressure or, less 
effectively, by adding additional weight (kentledge) to the body of the roller.

Sheepsfoot rollers
A sheepsfoot roller consists of hollow steel drums with numerous tapered or club- shaped feet project-
ing from their surfaces. The mass of the drums can be increased by ballasting. The arrangement of the 
feet can vary, but they are usually from 200 to 250 mm in length with an end area of 40–65 cm2. The 
feet thus impart a relatively high pressure over a small area. Initially, when the layer of soil is loose, 
the drums are in contact with the soil surface. Subsequently, as the projecting feet compact below the 
surface and the soil becomes sufficiently dense to support the high contact pressure, the drums rise 
above the soil. Sheepsfoot rollers are most suitable for fine soils, both plastic and non- plastic, espe-
cially at water contents dry of optimum. They are also suitable for coarse soils with more than 20% of 
fines. The action of the feet causes significant mixing of the soil, improving its degree of homogene-
ity, and will break up lumps of stiff material, making the roller particularly suitable for re- compacting 
excavated clays which tend to be placed in the form of large lumps or peds. Due to the penetration of 
the feet, excellent bonding is produced between successive soil layers – an important requirement for 
water- retaining earthworks. Tamping rollers are similar to sheepsfoot rollers but the feet have a larger 
end area, usually over 100 cm2, and the total area of the feet exceeds 15% of the surface area of the 
drums.
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Grid rollers
These rollers have a surface consisting of a network of steel bars forming a grid with square holes. 
Kentledge can be added to the body of the roller. Grid rollers provide high contact pressure but little 
kneading action, and are suitable for most coarse soils.

Vibratory rollers
These are smooth- wheeled rollers fitted with a power- driven vibration mechanism. They are used for 
most soil types, and are more efficient if the water content of the soil is slightly wet of optimum. They 
are particularly effective for coarse soils with little or no fines. The mass of the roller and the frequency 
of vibration must be matched to the soil type and layer thickness. The lower the speed of the roller, the 
fewer the number of passes required.

Vibrating plates
This equipment, which is suitable for most soil types, consists of a steel plate with upturned edges, or a 
curved plate, on which a vibrator is mounted. The unit, under manual guidance, propels itself slowly 
over the surface of the soil.

Power rammers
Manually controlled power rammers, generally petrol- driven, are used for the compaction of small areas 
where access is difficult or where the use of larger equipment would not be justified. They are also used 
extensively for the compaction of backfill in trenches. They do not operate effectively on uniformly 
graded soils.
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Figure 1.19(c)  Performance envelopes of various compaction methods for standard 
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 The changed mechanical properties of a compacted soil should be determined using appropriate labo-
ratory tests on samples taken from trial compactions in the field or from soil compacted in the laboratory 
(e.g. following the standard Proctor test) (see Chapters 4 and 5); alternatively in- situ tests may be con-
ducted on the finished earthworks (Chapter 7).

Moisture condition test
As an alternative to standard compaction tests, the moisture condition test is widely used in the UK. This 
test, originally developed by the Transport and Road Research Laboratory (now TRL), enables a rapid 
assessment to be made of the suitability of soils for use as fill materials (Parsons and Boden, 1979). The 
test does not involve the determination of water content, a cause of delay in obtaining the results of com-
paction tests due to the necessity of drying the soil. In principle, the test consists of determining the 
effort required to compact a soil sample (normally 1.5 kg) close to its maximum density. The soil is com-
pacted in a cylindrical mould, having an internal diameter of 10 mm, centred on the base plate of the 
apparatus. Compaction is imparted by a rammer having a diameter of 97 mm and a mass of 7 kg falling 
freely from a height of 250 mm. The fall of the rammer is controlled by an adjustable release mechanism 
and two vertical guide rods. The penetration of the rammer into the mould is measured by means of a 
scale on the side of the rammer. A fibre disc is placed on top of the soil to prevent extrusion between the 
rammer and the inside of the mould. Full details are given in BS 1377, Part 4 (1990).
 The penetration is measured at various stages of compaction. For a given number of rammer blows (n), 
the penetration is subtracted from the penetration at four times that number of blows (4n). The change in 
penetration between n and 4n blows is plotted against the logarithm (to base 10) of the lesser number of 
blows (n). A change in penetration of 5 mm is arbitrarily chosen to represent the condition beyond which 
no significant increase in density occurs. The moisture condition value (MCV) is defined as ten times the 
logarithm of the number of blows corresponding to a change in penetration of 5 mm on the above plot. An 
example of such a plot is shown in Figure 1.20. For a range of soil types, it has been shown that the rela-
tionship between water content and MCV is linear over a substantial range of water content. Details of the 
soil types for which the test is applicable can be found in Oliphant and Winter (1997).
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1 Soil is a particulate material formed of weathered rock. The particles may be single 
grains in a wide range of sizes (from boulders to silt), or clay minerals (colloidal in 
size). Soil is typically formed from a mixture of such particles, and the presence of 
clay minerals may significantly alter the mechanical properties of the soil.

2 Soils may be described and classified by their particle size distribution. Fine soils 
consisting of mainly small particles (e.g. clays and silts) typically exhibit plastic 
behaviour (e.g. cohesion) which may be defined by the plasticity and liquidity 
indices. Coarse grained soils generally do not exhibit plastic behaviour.

3 At the level of the macro- fabric, all soils may be idealised as a three- phase 
continuum, the phases being solid particles, water and air. The relative 
proportions of these phases are controlled by the closeness of particle packing, 
described by the voids ratio (e), water content (w) and saturation ratio (Sr).

4 In addition to being used in their in- situ state, soils may be used as a fill material in 
geotechnical constructions. Compaction of such soils increases shear strength and 
reduces compressibility, and is necessary to achieve optimal performance of the fill. 
Compaction may be quantified using the Proctor or moisture condition tests.

Summary

Problems

1.1 The results of particle size analyses and, where appropriate, limit tests on samples of four soils are 
given in Table 1.6. Allot group symbols and give main and qualifying terms appropriate for each 
soil.

1.2 A soil has a bulk density of 1.91 Mg/m3 and a water content of 9.5%. The value of Gs is 2.70. Calcu-
late the void ratio and degree of saturation of the soil. What would be the values of density and 
water content if the soil were fully saturated at the same void ratio?

Table 1.6 Problem 1.1

BS sieve Particle size Percentage smaller

Soil I Soil J Soil K Soil L

63 mm
20 mm 100
6.3 mm 94 100
2 mm 69 98
600 mm 32 88 100
212 mm 13 67 95 100
63 mm 2 37 73 99

0.020 mm 22 46 88
0.006 mm 11 25 71
0.002 mm 4 13 58

Liquid limit Non-plastic 32 78
Plastic limit 24 31
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1.3 Calculate the dry unit weight and the saturated unit weight of a soil having a void ratio of 0.70 and a 
value of Gs of 2.72. Calculate also the unit weight and water content at a degree of saturation of 
75%.

1.4 A soil specimen is 38 mm in diameter and 76 mm long, and in its natural condition weighs 168.0 g. 
When dried completely in an oven, the specimen weighs 130.5 g. The value of Gs is 2.73. What is 
the degree of saturation of the specimen?

1.5 The in- situ dry density of a sand is 1.72 Mg/m3. The maximum and minimum dry densities, deter-
mined by standard laboratory tests, are 1.81 and 1.54 Mg/m3, respectively. Determine the relative 
density of the sand.

1.6 Soil has been compacted in an embankment at a bulk density of 2.15 Mg/m3 and a water content of 12%. 
The value of Gs is 2.65. Calculate the dry density, void ratio, degree of saturation and air content. Would 
it be possible to compact the above soil at a water content of 13.5% to a dry density of 2.00 Mg/m3?

1.7 The following results were obtained from a standard compaction test on a soil:

TABLE C

Mass (g) 2010 2092 2114 2100 2055

Water content (%) 12.8 14.5 15.6 16.8 19.2

 The value of Gs is 2.67. Plot the dry density–water content curve, and give the optimum water 
content and maximum dry density. Plot also the curves of zero, 5% and 10% air content, and give 
the value of air content at maximum dry density. The volume of the mould is 1000 cm3.

1.8 Determine the moisture condition value for the soil whose moisture condition test data are given 
below:

TABLE D

Number of blows 1 2 3 4 6 8 12 16 24 32 64 96 128

Penetration (mm) 15.0 25.2 33.0 38.1 44.7 49.7 57.4 61.0 64.8 66.2 68.2 68.8 69.7
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Determine the permeability of soils using the results of both laboratory tests 
and in- situ tests conducted in the field (Sections 2.1 and 2.2);

2 Understand how groundwater flows for a wide range of ground conditions, and 
determine seepage quantities and pore pressures within the ground (Sections 
2.3–2.6);

3 Use computer- based tools for accurately and efficiently solving larger/more 
complex seepage problems (Section 2.7);

4 Assess seepage through and beneath earthen dams, and understand the 
design features/remedial methods which may be used to control this (Sections 
2.8–2.10).

Chapter 2

Seepage

2.1 Soil water

All soils are permeable materials, water being free to flow through the interconnected pores between the 
solid particles. It will be shown in Chapters 3–5 that the pressure of the pore water is one of the key 
parameters governing the strength and stiffness of soils. It is therefore vital that the pressure of the pore 
water is known both under static conditions and when pore water flow is occurring (this is known as 
seepage).
 The pressure of the pore water is measured relative to atmospheric pressure, and the level at which 
the pressure is atmospheric (i.e. zero) is defined as the water table (WT) or the phreatic surface. 
Below the water table the soil is assumed to be fully saturated, although it is likely that, due to the 
presence of small volumes of entrapped air, the degree of saturation will be marginally below 100%. 
The level of the water table changes according to climatic conditions, but the level can change also as 
a consequence of constructional operations. A perched water table can occur locally in an aquitard 
(in which water is contained by soil of low permeability, above the normal water table level) or an 
aquiclude (where the surrounding material is impermeable). An example of a perched water table is 
shown schematically in Figure 2.1. Artesian conditions can exist if an inclined soil layer of high per-
meability is confined locally by an overlying layer of low permeability; the pressure in the artesian 
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layer is governed not by the local water table level but by a higher water table level at a distant loca-
tion where the layer is unconfined.
 Below the water table the pore water may be static, the hydrostatic pressure depending on the depth 
below the water table, or may be seeping through the soil under an hydraulic gradient: this chapter is 
concerned with the second case. Bernoulli’s theorem applies to the pore water, but seepage velocities in 
soils are normally so small that velocity head can be neglected. Thus

 (2.1)

where h is the total head, u the pore water pressure, γw the unit weight of water (9.81 kN/m3) and z the 
elevation head above a chosen datum.
 Above the water table, soil can remain saturated, with the pore water being held at negative pressure 
by capillary tension; the smaller the size of the pores, the higher the water can rise above the water table. 
The maximum negative pressure which can be sustained by a soil can be estimated using

 (2.2)

where Ts is the surface tension of the pore fluid (= 7 × 10–5 kN/m for water at 10°C), e is the voids ratio 
and D is the pore size. As most soils are graded, D is often taken as that at which 10% of material passes 
on a particle size distribution chart (i.e. D10). The height of the suction zone above the water table may 
then be estimated by zs = uc/γw.
 The capillary rise tends to be irregular due to the random pore sizes occurring in a soil. The soil 
can be almost completely saturated in the lower part of the capillary zone, but in general the degree of 
saturation decreases with height. When water percolates through the soil from the surface towards the 
water table, some of this water can be held by surface tension around the points of contact between 
particles. The negative pressure of water held above the water table results in attractive forces 
between the particles: this attraction is referred to as soil suction, and is a function of pore size and 
water content.

Unsaturated soil

Fully saturated soil

Soil saturated by
capillary suction

Contained lens of high-
permeability material

(aquiclude)

Low-permeability
material

Water table

zS

Perched water table

Figure 2.1 Terminology used to describe groundwater conditions.
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2.2 Permeability and testing

In one dimension, water flows through a fully saturated soil in accordance with Darcy’s empirical law:

  (2.3)
or

 

where q is the volume of water flowing per unit time (also termed flow rate), A the cross- sectional area 
of soil corresponding to the flow q, k the coefficient of permeability (or hydraulic conductivity), i the 
hydraulic gradient and vd the discharge velocity. The units of the coefficient of permeability are those of 
velocity (m/s).
 The coefficient of permeability depends primarily on the average size of the pores, which in turn is 
related to the distribution of particle sizes, particle shape and soil structure. In general, the smaller the 
particles, the smaller is the average size of the pores and the lower is the coefficient of permeability. The 
presence of a small percentage of fines in a coarse- grained soil results in a value of k significantly lower 
than the value for the same soil without fines. For a given soil, the coefficient of permeability is a func-
tion of void ratio. As soils become denser (i.e. their unit weight goes up), void ratio reduces. Compres-
sion of soil will therefore alter its permeability (see Chapter 4). If a soil deposit is stratified (layered), 
the permeability for flow parallel to the direction of stratification is higher than that for flow perpendicu-
lar to the direction of stratification. A similar effect may be observed in soils with plate- like particles 
(e.g. clay) due to alignment of the plates along a single direction. The presence of fissures in a clay 
results in a much higher value of permeability compared with that of the unfissured material, as the fis-
sures are much larger in size than the pores of the intact material, creating preferential flow paths. This 
demonstrates the importance of soil fabric in understanding groundwater seepage.
 The coefficient of permeability also varies with temperature, upon which the viscosity of the water 
depends. If the value of k measured at 20°C is taken as 100%, then the values at 10 and 0°C are 77% and 
56%, respectively. The coefficient of permeability can also be represented by the equation:

 

where γw is the unit weight of water, ηw the viscosity of water and K (units m2) an absolute coefficient 
depending only on the characteristics of the soil skeleton.
 The values of k for different types of soil are typically within the ranges shown in Table 2.1. For 
sands, Hazen showed that the approximate value of k is given by

 (2.4)

where D10 is in mm.

Table 2.1 Coefficient of permeability (m/s)

1 10–1 10–2 10–3 10–4 10–5 10–6 10–7 10–8 10–9 10–10

Desiccated and fissured clays

Clean gravels Clean sands and sand – 

gravel mixtures 

Very fine sands, silts and 

clay-silt laminate

Unfissured clays and clay-

silts (>20% clay)
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 On the microscopic scale the water seeping through a soil follows a very tortuous path between the 
solid particles, but macroscopically the flow path (in one dimension) can be considered as a smooth line. 
The average velocity at which the water flows through the soil pores is obtained by dividing the volume 
of water flowing per unit time by the average area of voids (Av) on a cross- section normal to the macro-
scopic direction of flow: this velocity is called the seepage velocity (vs). Thus

 

The porosity of a soil is defined in terms of volume as described by Equation 1.9. However, on average, 
the porosity can also be expressed as

 

Hence

 

or

 (2.5)

Alternatively, Equation 2.5 may be expressed in terms of void ratio, rather than porosity, by substituting 
for n using Equation 1.11.

Determination of coefficient of permeability
Laboratory methods
The coefficient of permeability for coarse soils can be determined by means of the constant- head per-
meability test (Figure 2.2(a)). The soil specimen, at the appropriate density, is contained in a Perspex 
cylinder of cross- sectional area A and length l: the specimen rests on a coarse filter or a wire mesh. A 
steady vertical flow of water, under a constant total head, is maintained through the soil, and the volume 
of water flowing per unit time (q) is measured. Tappings from the side of the cylinder enable the hydrau-
lic gradient (i = h/l) to be measured. Then, from Darcy’s law:

 

A series of tests should be run, each at a different rate of flow. Prior to running the test, a vacuum is 
applied to the specimen to ensure that the degree of saturation under flow will be close to 100%. If a 
high degree of saturation is to be maintained, the water used in the test should be de- aired.
 For fine soils, the falling- head test (Figure 2.2(b)) should be used. In the case of fine soils undis-
turbed specimens are normally tested (see Chapter 6), and the containing cylinder in the test may be the 
sampling tube itself. The length of the specimen is l and the cross- sectional area A. A coarse filter is 
placed at each end of the specimen, and a standpipe of internal area a is connected to the top of the cyl-
inder. The water drains into a reservoir of constant level. The standpipe is filled with water, and a meas-
urement is made of the time (t1) for the water level (relative to the water level in the reservoir) to fall 
from h0 to h1. At any intermediate time t, the water level in the standpipe is given by h and its rate of 
change by –dh/dt. At time t, the difference in total head between the top and bottom of the specimen is h. 
Then, applying Darcy’s law:
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 (2.6)

Again, precautions must be taken to ensure that the degree of saturation remains close to 100%. A series 
of tests should be run using different values of h0 and h1 and/or standpipes of different diameters.
 The coefficient of permeability of fine soils can also be determined indirectly from the results of con-
solidation tests (see Chapter 4). Standards governing the implementation of laboratory tests for per-
meability include BS1377–5 (UK), CEN ISO 17892–11 (Europe) and ASTM D5084 (US).
 The reliability of laboratory methods depends on the extent to which the test specimens are represent-
ative of the soil mass as a whole. More reliable results can generally be obtained by the in- situ methods 
described below.

Constant level

Constant level

Reservoir
q

(a) (b)

Area A

h
h0

h1

l lArea A

Area a

Standpipe

Figure 2.2 Laboratory permeability tests: (a) constant head, and (b) falling head. 
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Well pumping test
This method is most suitable for use in homogeneous coarse soil strata. The procedure involves continu-
ous pumping at a constant rate from a well, normally at least 300 mm in diameter, which penetrates to 
the bottom of the stratum under test. A screen or filter is placed in the bottom of the well to prevent 
ingress of soil particles. Perforated casing is normally required to support the sides of the well. Steady 
seepage is established, radially towards the well, resulting in the water table being drawn down to form a 
cone of depression. Water levels are observed in a number of boreholes spaced on radial lines at various 
distances from the well. An unconfined stratum of uniform thickness with a (relatively) impermeable 
lower boundary is shown in Figure 2.3(a), the water table being below the upper surface of the stratum. 
A confined layer between two impermeable strata is shown in Figure 2.3(b), the original water table 
being within the overlying stratum. Frequent recordings are made of the water levels in the boreholes, 
usually by means of an electrical dipper. The test enables the average coefficient of permeability of the 
soil mass below the cone of depression to be determined.
 Analysis is based on the assumption that the hydraulic gradient at any distance r from the centre of 
the well is constant with depth and is equal to the slope of the water table, i.e.

 

where h is the height of the water table at radius r. This is known as the Dupuit assumption, and is reas-
onably accurate except at points close to the well.
 In the case of an unconfined stratum (Figure 2.3(a)), consider two boreholes located on a radial line at 
distances r1 and r2 from the centre of the well, the respective water levels relative to the bottom of the 
stratum being h1 and h2. At distance r from the well, the area through which seepage takes place is 2πrh, 
where r and h are variables. Then, applying Darcy’s law:

 

  (2.7)

For a confined stratum of thickness H (Figure 2.3(b)) the area through which seepage takes place is 
2πrH, where r is variable and H is constant. Then

 (2.8)
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Borehole tests
The general principle is that water is either introduced into or pumped out of a borehole which termi-
nates within the stratum in question, the procedures being referred to as inflow and outflow tests, respec-
tively. A hydraulic gradient is thus established, causing seepage either into or out of the soil mass 
surrounding the borehole, and the rate of flow is measured. In a constant- head test, the water level above 
the water table is maintained throughout at a given level (Figure 2.4(a)). In a falling- head test, the water 
level is allowed to fall or rise from its initial position and the time taken for the level to change between 
two values is recorded (Figure 2.4(b)). The tests indicate the permeability of the soil within a radius of 
only 1–2 m from the centre of the borehole. Careful boring is essential to avoid disturbance in the soil 
structure.
 A problem in such tests is that clogging of the soil face at the bottom of the borehole tends to occur due 
to the deposition of sediment from the water. To alleviate the problem the borehole may be extended below 
the bottom of the casing, as shown in Figure 2.4(c), increasing the area through which seepage takes place. 
The extension may be uncased in stiff fine soils, or supported by perforated casing in coarse soils.
 Expressions for the coefficient of permeability depend on whether the stratum is unconfined or con-
fined, the position of the bottom of the casing within the stratum, and details of the drainage face in the 
soil. If the soil is anisotropic with respect to permeability and if the borehole extends below the bottom 
of the casing (Figure 2.4(c)), then the horizontal permeability tends to be measured. If, on the other hand, 
the casing penetrates below soil level in the bottom of the borehole (Figure 2.4(d)), then vertical 

Observation
boreholesq

Well
WT

WT

H

(a)

(b) q

r2

r2

r1

r1

h1

h1

h2

h2

Figure 2.3 Well pumping tests: (a) unconfined stratum, and (b) confined stratum. 
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permeability tends to be measured. General formulae can be written, with the above details being repre-
sented by an intake factor (Fi).
 For a constant- head test:

 

For a falling- head test:

  (2.9)

where k is the coefficient of permeability, q the rate of flow, hc the constant head, h1 the variable head at 
time t1, h2 the variable head at time t2, and A the cross- sectional area of casing or standpipe. Values of 
intake factor were originally published by Hvorslev (1951), and are also given in Cedergren (1989).
 For the case shown in Figure 2.4(b)

 

where R is the radius of the inner radius of the casing, while for Figure 2.4(c)

 

and for Figure 2.4(d)

 

The coefficient of permeability for a coarse soil can also be obtained from in- situ measurements of 
seepage velocity, using Equation 2.5. The method involves excavating uncased boreholes or trial pits at 
two points A and B (Figure 2.4(e)), seepage taking place from A towards B. The hydraulic gradient is 
given by the difference in the steady- state water levels in the boreholes divided by the distance AB. Dye 
or any other suitable tracer is inserted into borehole A, and the time taken for the dye to appear in bore-
hole B is measured. The seepage velocity is then the distance AB divided by this time. The porosity of 
the soil can be determined from density tests. Then

 

 Further information on the implementation of in- situ permeability tests may be found in Clayton et al. 
(1995).

2.3 Seepage theory

The general case of seepage in two dimensions will now be considered. Initially it will be assumed that 
the soil is homogeneous and isotropic with respect to permeability, the coefficient of permeability being 
k. In the x–z plane, Darcy’s law can be written in the generalised form:

 (2.10a)
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 (2.10b)

with the total head h decreasing in the directions of vx and vz.
 An element of fully saturated soil having dimensions dx, dy and dz in the x, y and z directions, respec-
tively, with flow taking place in the x–z plane only, is shown in Figure 2.5. The components of discharge 
velocity of water entering the element are vx and vz, and the rates of change of discharge velocity in the x and 
z directions are ∂vx/∂x and ∂vz/∂z, respectively. The volume of water entering the element per unit time is

 

and the volume of water leaving per unit time is

 

q

hc

h2

WT

WT

L

L

Seepage

WT

A

B

(a) (b)

(d) (e)

(c)

h

i = h
AB

h1

Figure 2.4  Borehole tests: (a) constant- head, (b) variable- head, (c) extension of 
borehole to prevent clogging, (d) measurement of vertical permeability in 
anisotropic soil, and (e) measurement of in- situ seepage. 
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If the element is undergoing no volume change and if water is assumed to be incompressible, the differ-
ence between the volume of water entering the element per unit time and the volume leaving must be 
zero. Therefore

 (2.11)

 Equation 2.11 is the equation of continuity in two dimensions. If, however, the volume of the element 
is undergoing change, the equation of continuity becomes

 (2.12)

where dV/dt is the volume change per unit time.
 Consider, now, the function φ(x, z), called the potential function, such that

 (2.13a)

 (2.13b)

From Equations 2.11 and 2.13 it is apparent that

 (2.14)

i.e. the function φ(x, z) satisfies the Laplace equation.
 Integrating Equation 2.13:

 

where C is a constant. Thus, if the function φ(x, z) is given a constant value, equal to φ1 (say), it will rep-
resent a curve along which the value of total head (h1) is constant. If the function φ(x, z) is given a series 
of constant values, φ1, φ2, φ3 etc., a family of curves is specified along each of which the total head is a 
constant value (but a different value for each curve). Such curves are called equipotentials.

dx

dz

vz

vx

z

x

Figure 2.5 Seepage through a soil element.
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 A second function ψ(x, z), called the flow function, is now introduced, such that

 (2.15a)

  (2.15b)

It can be shown that this function also satisfies the Laplace equation.
 The total differential of the function ψ(x, z) is

If the function ψ(x, z) is given a constant value ψ1 then dψ = 0 and

  (2.16)

Thus, the tangent at any point on the curve represented by
 

specifies the direction of the resultant discharge velocity at that point: the curve therefore represents the 
flow path. If the function ψ(x, z) is given a series of constant values, ψ1, ψ2, ψ3 etc., a second family of 
curves is specified, each representing a flow path. These curves are called flow lines.
 Referring to Figure 2.6, the flow per unit time between two flow lines for which the values of the flow 
function are ψ1 and ψ2 is given by

 

Thus, the flow through the ‘channel’ between the two flow lines is constant.
 The total differential of the function φ (x, z) is

 

If φ(x, z) is constant then dφ = 0 and

  (2.17)

Comparing Equations 2.16 and 2.17, it is apparent that the flow lines and the equipotentials intersect 
each other at right angles.
 Consider, now, two flow lines ψ1 and (ψ1 + Δψ) separated by the distance ∆n. The flow lines are inter-
sected orthogonally by two equipotentials φ1 and (φ1 + Δφ) separated by the distance ∆s, as shown in 
Figure 2.7. The directions s and n are inclined at angle α to the x and z axes, respectively. At point A the 
discharge velocity (in direction s) is vs; the components of vs in the x and z directions, respectively, are
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Now

 

and

 

Thus
 

or approximately

  (2.18)

–dx
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Figure 2.6 Seepage between two flow lines.
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Figure 2.7 Flow lines and equipotentials.
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2.4 Flow nets

In principle, for the solution of a practical seepage problem the functions φ(x, z) and ψ(x, z) must be 
found for the relevant boundary conditions. The solution is represented by a family of flow lines and 
a family of equipotentials, constituting what is referred to as a flow net. Computer software based on 
either the finite difference or finite element methods is widely available for the solution of seepage 
problems. Williams et al. (1993) described how solutions can be obtained using the finite difference 
form of the Laplace equation by means of a spreadsheet. This method will be described in Section 
2.7, with electronic resources available on the Companion Website to accompany the material 
discussed in the remainder of this chapter. Relatively simple problems can be solved by the trial- and-
error sketching of the flow net, the general form of which can be deduced from consideration of the 
boundary conditions. Flow net sketching leads to a greater understanding of seepage principles. 
However, for problems in which the geometry becomes complex and there are zones of different 
permeability throughout the flow region, use of the finite difference method is usually necessary.
 The fundamental condition to be satisfied in a flow net is that every intersection between a flow 
line and an equipotential must be at right angles. In addition, it is convenient to construct the flow net 
such that Δψ has the same value between any two adjacent flow lines and Δφ has the same value 
between any two adjacent equipotentials. It is also convenient to make Δs = Δn in Equation 2.18, i.e. 
the flow lines and equipotentials form curvilinear squares throughout the flow net. Then, for any 
curvilinear square

 

Now, Δψ = Δq and Δφ = kΔh, therefore:

  (2.19)

For the entire flow net, h is the difference in total head between the first and last equipotentials, Nd the 
number of equipotential drops, each representing the same total head loss ∆h, and Nf the number of flow 
channels, each carrying the same flow ∆q. Then,

  (2.20)

and

 

Hence, from Equation 2.19

  (2.21)

Equation 2.21 gives the total volume of water flowing per unit time (per unit dimension in the 
y- direction) and is a function of the ratio Nf/Nd.
 Between two adjacent equipotentials the hydraulic gradient is given by

  (2.22)
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Example of a flow net
As an illustration, the flow net for the problem detailed in Figure 2.8(a) will be considered. The figure 
shows a line of sheet piling driven 6.00 m into a stratum of soil 8.60 m thick, underlain by an imper-
meable stratum. On one side of the piling the depth of water is 4.50 m; on the other side the depth of 
water (reduced by pumping) is 0.50 m. The soil has a permeability of 1.5 × 10–5 m/s.
 The first step is to consider the boundary conditions of the flow region (Figure 2.8(b)). At every point 
on the boundary AB the total head is constant, so AB is an equipotential; similarly, CD is an equipoten-
tial. The datum to which total head is referred may be chosen to be at any level, but in seepage problems it 
is convenient to select the downstream water level as datum. Then, the total head on equipotential CD is 
zero after Equation 2.1 (pressure head 0.50 m; elevation head –0.50 m) and the total head on equipotential 
AB is 4.00 m (pressure head 4.50 m; elevation head –0.50 m). From point B, water must flow down the 
upstream face BE of the piling, round the tip E and up the downstream face EC. Water from point F must 
flow along the impermeable surface FG. Thus, BEC and FG are flow lines. The other flow lines must lie 
between the extremes of BEC and FG, and the other equipotentials must lie between AB and CD. As the 
flow region is symmetric on either side of the sheet piling, when flowline BEC reaches point E, halfway 
between AB and CD (i.e. at the toe of the sheet piling), the total head must be half way between the 
values along AB and CD. This principle also applies to flowline FG, such that a third vertical equipoten-
tial can be drawn from point E, as shown in Figure 2.8(b).
 The number of equipotential drops should then be selected. Any number may be selected, however it is 
convenient to use a value of Nd which divides precisely into the total change in head through the flow 
region. In this example Nd = 8 is chosen so that each equipotential will represent a drop in head of 0.5 m. 
The choice of Nd has a direct influence on the value of Nf. As Nd is increased, the equipotentials get closer 
together such that, to get a ‘square’ flow net, the flow channels will also have to be closer together (i.e. 
more flow lines will need to be plotted). This will lead to a finer net with greater detail in the distribution 
of seepage pressures; however, the total flow quantity will be unchanged. Figure 2.8(c) shows the flow net 
for Nd = 8 and Nf = 3. These parameters for this particular example give a ‘square’ flow net and a whole 
number of flow channels. This should be formed by trial and error: a first attempt should be made and the 
positions of the flow lines and equipotentials (and even Nf and Nd) should then be adjusted as necessary 
until a satisfactory flow net is achieved. A satisfactory flow net should satisfy the following conditions:

All intersections between flow lines and equipotentials should be at 90°.●●

The curvilinear squares must be square – in Figure 2.8(c), the ‘square- ness’ of the flow net has been ●●

checked by inscribing a circle within each square. The flow net is acceptable if the circle just touches 
the edges of the curvilinear square (i.e. there are no rectangular elements).

Due to the symmetry within the flow region, the equipotentials and flow lines may be drawn in half of 
the problem and then reflected about the line of symmetry (i.e. the sheet piling). In constructing a flownet 
it is a mistake to draw too many flow lines; typically, three to five flow channels are sufficient, depend-
ing on the geometry of the problem and the value of Nd which is most convenient.
 In the flow net in Figure 2.8(c) the number of flow channels is three and the number of equipotential 
drops is eight; thus the ratio Nf/Nd is 0.375. The loss in total head between any two adjacent equipotentials is

 

The total volume of water flowing under the piling per unit time per unit length of piling is given by
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A piezometer tube is shown at a point P on the equipotential with total head h = 1.00 m, i.e. the water 
level in the tube is 1.00 m above the datum. The point P is at a distance zP = 6 m below the datum, i.e. the 
elevation head is –zP. The pore water pressure at P can then be calculated from Bernoulli’s theorem:

 

The hydraulic gradient across any square in the flow net involves measuring the average dimension of 
the square (Equation 2.22). The highest hydraulic gradient (and hence the highest seepage velocity) 
occurs across the smallest square, and vice versa. The dimension Δs has been estimated by measuring 
the diameter of the circles in Figure 2.8(c). The hydraulic gradients across each square are shown using a 
quiver plot in Figure 2.8(d) in which the length of the arrows is proportional to the magnitude of the 
hydraulic gradient.
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Figure 2.8  Flow net construction: (a) section, (b) boundary conditions, (c) final flow 
net including a check of the ‘square- ness’ of the curvilinear squares, and 
(d) hydraulic gradients inferred from flow net.
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Example 2.1

A river bed consists of a layer of sand 8.25 m thick overlying impermeable rock; the depth of 
water is 2.50 m. A long cofferdam 5.50 m wide is formed by driving two lines of sheet piling to a 
depth of 6.00 m below the level of the river bed, and excavation to a depth of 2.00 m below bed 
level is carried out within the cofferdam. The water level within the cofferdam is kept at excava-
tion level by pumping. If the flow of water into the cofferdam is 0.25 m3/h per unit length, what is 
the coefficient of permeability of the sand? What is the hydraulic gradient immediately below the 
excavated surface?

Datum

(b)

∆s = 0.9 m

0 1 2 3 4 5 10 m

Datum

Sheet
piling

Plane of
symmetry

2.50 m

(a)

2.00 m

6.00 m

2.25 m

5.50 m

Figure 2.9 Example 2.1.
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Solution
The section and boundary conditions appear in Figure 2.9(a) and the flow net is shown in Figure 
2.9(b). In the flow net there are six flow channels (three per side) and ten equipotential drops. The 
total head loss is 4.50 m. The coefficient of permeability is given by

 

 

The distance (∆s) between the last two equipotentials is measured as 0.9 m. The required hydrau-
lic gradient is given by

Example 2.2

The section through a dam spillway is shown in Figure 2.10. Determine the quantity of seepage 
under the dam and plot the distributions of uplift pressure on the base of the dam, and the net dis-
tribution of water pressure on the cut- off wall at the upstream end of the spillway. The coefficient 
of permeability of the foundation soil is 2.5 × 10–5 m/s.

Solution
The flow net is shown in Figure 2.10. The downstream water level (ground surface) is selected as 
datum. Between the upstream and downstream equipotentials the total head loss is 5.00 m. In the 
flow net there are three flow channels and ten equipotential drops. The seepage is given by

 

 

This inflow rate is per metre length of the cofferdam. The pore water pressures acting on the base of 
the spillway are calculated at the points of intersection of the equipotentials with the base of the spill-
way. The total head at each point is obtained from the flow net, and the elevation head from the 
section. The calculations are shown in Table 2.2, and the pressure diagram is plotted in Figure 2.10.
 The water pressures acting on the cut- off wall are calculated on both the back (hb) and front 
(hf  ) of the wall at the points of intersection of the equipotentials with the wall. The net pressure 
acting on the back face of the wall is therefore
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The calculations are shown in Table 2.3, and the pressure diagram is plotted in Figure 2.10. The 
levels (z) of points 5–8 in Table 2.3 were found by scaling from the diagram.

Table 2.2 Example 2.2

Point h(m) z(m) h – z(m) u = γw(h – z) (kPa)

1 0.50 –0.80 1.30 12.8
2 1.00 –0.80 1.80 17.7
3 1.50 –1.40 2.90 28.4
4 2.00 –1.40 3.40 33.4
5 2.30 –1.40 3.70 36.3

Table 2.3 Example 2.2 (contd.)

Level z(m) hb(m) ub/γw(m) hf(m) uf/γw(m) ub – uf (kPa)

5 –1.40 5.00 6.40 2.28 3.68 26.7
6 –3.07 4.50 7.57 2.37 5.44 20.9
7 –5.20 4.00 9.20 2.50 7.70 14.7
8 –6.00 3.50 9.50 3.00 9.00 4.9
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Figure 2.10 Example 2.2.
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2.5 Anisotropic soil conditions

It will now be assumed that the soil, although homogeneous, is anisotropic with respect to permeability. 
Most natural soil deposits are anisotropic, with the coefficient of permeability having a maximum value 
in the direction of stratification and a minimum value in the direction normal to that of stratification; 
these directions are denoted by x and z, respectively, i.e.

In this case, the generalised form of Darcy’s law is

 (2.23a)

  (2.23b)

Also, in any direction s, inclined at angle α to the x direction, the coefficient of permeability is defined 
by the equation

 

Now

 

i.e.

 

The components of discharge velocity are also related as follows:

 

Hence

 

or

  (2.24)

The directional variation of permeability is thus described by Equation 2.24, which represents the ellipse 
shown in Figure 2.11.
 Given the generalised form of Darcy’s law (Equation 2.23), the equation of continuity (2.11) can be 
written:

 (2.25)
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or

 

Substituting

  (2.26)

the equation of continuity becomes

 (2.27)

which is the equation of continuity for an isotropic soil in an xt–z plane.
 Thus, Equation 2.26 defines a scale factor which can be applied in the x direction to transform a given 
anisotropic flow region into a fictitious isotropic flow region in which the Laplace equation is valid. 
Once the flow net (representing the solution of the Laplace equation) has been drawn for the transformed 
section, the flow net for the natural section can be obtained by applying the inverse of the scaling factor. 
Essential data, however, can normally be obtained from the transformed section. The necessary transfor-
mation could also be made in the z direction.
 The value of coefficient of permeability applying to the transformed section, referred to as the equiva-
lent isotropic coefficient, is

  (2.28)

A formal proof of Equation 2.28 has been given by Vreedenburgh (1936). The validity of Equation 2.28 
can be demonstrated by considering an elemental flow net field through which flow is in the x direction. 
The flow net field is drawn to the transformed and natural scales in Figure 2.12, the transformation being 
in the x direction. The discharge velocity vx can be expressed in terms of either k′ (transformed section) 
or kx (natural section), i.e.

 

α

z

s

x

kz

k s

kx

Figure 2.11 Permeability ellipse.
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where

 

Thus

 

2.6 Non- homogeneous soil conditions

Two isotropic soil layers of thicknesses H1 and H2 are shown in Figure 2.13, the respective coefficients 
of permeability being k1 and k2; the boundary between the layers is horizontal. (If the layers are aniso-
tropic, k1 and k2 represent the equivalent isotropic coefficients for the layers.) The two layers can be 
approximated as a single homogeneous anisotropic layer of thickness (H1 + H2) in which the coefficients 
in the directions parallel and normal to that of stratification are  

_
 k x and   

_
 k z, respectively.

 For one- dimensional seepage in the horizontal direction, the equipotentials in each layer are vertical. 
If h1 and h2 represent total head at any point in the respective layers, then for a common point on the 
boundary h1 = h2. Therefore, any vertical line through the two layers represents a common equipotential. 
Thus, the hydraulic gradients in the two layers, and in the equivalent single layer, are equal; the equal 
hydraulic gradients are denoted by ix. The total horizontal flow per unit time is then given by

 (2.29)

z

vx

Transformed scale Natural scale x

∆z

∆xt

vx∆z

∆x

xt

Figure 2.12 Elemental flow net field.

z

xH2 k2

H1 k1

Figure 2.13 Non- homogeneous soil conditions.
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For one- dimensional seepage in the vertical direction, the discharge velocities in each layer, and in the 
equivalent single layer, must be equal if the requirement of continuity is to be satisfied. Thus

 

where  
_
 i z is the average hydraulic gradient over the depth (H1 + H2). Therefore

 

Now the loss in total head over the depth (H1 + H2) is equal to the sum of the losses in total head in the 
individual layers, i.e.

 (2.30)

Similar expressions for  
_
 k x and  

_
 k z apply in the case of any number of soil layers. It can be shown that  

_
 k x 

must always be greater than  
_
 k z, i.e. seepage can occur more readily in the direction parallel to stratifica-

tion than in the direction perpendicular to stratification.

2.7 Numerical solution using the Finite Difference Method

Although flow net sketches are useful for estimating seepage- induced pore pressures and volumetric flow 
rates for simple problems, a great deal of practice is required to produce reliable results. As an alterna-
tive, spreadsheets (which are almost universally available to practising engineers) may be used to deter-
mine the seepage pressures more rapidly and reliably. A spreadsheet- based tool for solving a wide range 
of problems may be found on the Companion Website which accompanies the material in this chapter. 
Spreadsheets analyse seepage problems by solving Laplace’s equation using the Finite Difference 
Method (FDM). The problem is first discretised into a mesh of regularly- spaced nodes representing the 
soil in the problem. If steady- state seepage is occurring through a given region of soil with isotopic per-
meability k, the total head at a general node within the soil is the average of the values of head at the four 
connecting nodes, as shown in Figure 2.14:

 (2.31)

Modified forms of Equation 2.31 can be derived for impervious boundaries and for determining the 
values of head either side of thin impermeable inclusions such as sheet piling. The analysis technique 
may additionally be used to study anisotropic soils at the transformed scale for soil of permeability k′ 
as defined at the end of Section 2.5. It is also possible to modify Equation 2.31 to model nodes at 
the boundary between two soil layers of different isotropic permeabilities (k1, k2) as discussed in 
Section 2.6.
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 The Companion Website contains a spreadsheet analysis tool (Seepage_CSM8.xls) that can be used 
for the solution of a wide range of seepage problems. Each cell is used to represent a node, with the 
value of the cell equal to the total head, h0 for that node. A library of equations for h0 for a range of dif-
ferent boundary conditions is included within this spreadsheet, which may be copied as necessary to 
build up a complete and detailed model of a wide range of problems. A more detailed description of the 
boundary conditions which may be used and their formulation are given in the User’s Manual, which 
may also be found on the Companion Website. After the formulae have been copied in for the relevant 
nodes, the values of head are entered on the recharge and discharge boundaries and the calculations are 
then conducted iteratively until further iterations give a negligible change in the head distribution. This 
iterative process is entirely automated within the spreadsheet. On a modern computer, this should take a 
matter of seconds for the problems addressed in this chapter. The use of this spreadsheet will be demon-
strated in the following example, which utilises all of the boundary conditions included in the spread-
sheet.

h1

h1h0
h0

h3

h2
h2

h4
h4

h0h3

Figure 2.14 Determination of head at an FDM node.

Example 2.3

A deep excavation is to be made next to an existing masonry tunnel carrying underground railway 
lines, as shown in Figure 2.15. The surrounding soil is layered, with isotropic permeabilities as 
shown in the figure. Calculate the pore water pressure distribution around the tunnel, and find 
also the flow- rate of water into the excavation.

Solution
Given the geometry shown in Figure 2.15, a grid spacing of 1 m is chosen in the horizontal and 
vertical directions, giving the nodal layout shown in the figure. The appropriate formulae are then 
entered in the cells representing each node, as shown in the User’s Manual on the Companion 
Website. The datum is set at the level of the excavation. The resulting total head distribution is 
shown in Figure 2.15, and by applying Equation 2.1 the pore water pressure distribution around 
the tunnel can be plotted.
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 The flow rate of water into the excavation can be found by considering the flow between the eight 
adjacent nodes on the discharge boundary. Considering the nodes next to the sheet pile wall, the 
change in head between the last two nodes Δh = 0.47. This is repeated along the discharge boundary, 
and the average Δh between each set of nodes is computed. Adapting Equation 2.19, and noting that 
the soil on the discharge boundary has permeability k1, the flow rate is then given by:
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Figure 2.15 Example 2.3.
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2.8 Transfer condition
Consideration is now given to the condition which must be satisfied when seepage takes place diagonally 
across the boundary between two isotropic soils 1 and 2 having coefficients of permeability k1 and k2, 
respectively. The direction of seepage approaching a point B on the boundary ABC is at angle α1 to the 
normal at B, as shown in Figure 2.16; the discharge velocity approaching B is v1. The components of v1 
along the boundary and normal to the boundary are v1s and v1n respectively. The direction of seepage 
leaving point B is at angle α2 to the normal, as shown; the discharge velocity leaving B is v2. The com-
ponents of v2 are v2s and v2n.
 For soils 1 and 2 respectively

 

At the common point B, h1 = h2; therefore

Differentiating with respect to s, the direction along the boundary:

 

i.e.

 

For continuity of flow across the boundary the normal components of discharge velocity must be equal, i.e.
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Figure 2.16 Transfer condition.
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Therefore

 

Hence it follows that

  (2.32)

Equation 2.32 specifies the change in direction of the flow line passing through point B. This equation 
must be satisfied on the boundary by every flow line crossing the boundary.
 Equation 2.18 can be written as

 

i.e.

 

If ∆q and ∆h are each to have the same values on both sides of the boundary, then

and it is clear that curvilinear squares are possible only in one soil. If

 

then

 (2.33)

If the permeability ratio is less than 1/10, it is unlikely that the part of the flow net in the soil of higher 
permeability needs to be considered.

2.9 Seepage through embankment dams

This problem is an example of unconfined seepage, one boundary of the flow region being a phreatic 
surface on which the pressure is atmospheric. In section, the phreatic surface constitutes the top flow line 
and its position must be estimated before the flow net can be drawn.
 Consider the case of a homogeneous isotropic embankment dam on an impermeable foundation, as 
shown in Figure 2.17. The impermeable boundary BA is a flow line, and CD is the required top flow 
line. At every point on the upstream slope BC the total head is constant (u/γw and z varying from point to 
point but their sum remaining constant); therefore, BC is an equipotential. If the downstream water level 
is taken as datum, then the total head on equipotential BC is equal to h, the difference between the 
upstream and downstream water levels. The discharge surface AD, for the case shown in Figure 2.17 
only, is the equipotential for zero total head. At every point on the top flow line the pressure is zero 
(atmospheric), so total head is equal to elevation head and there must be equal vertical intervals ∆z 
between the points of intersection between successive equipotentials and the top flow line.
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 A suitable filter must always be constructed at the discharge surface in an embankment dam. The 
function of the filter is to keep the seepage entirely within the dam; water seeping out onto the down-
stream slope would result in the gradual erosion of the slope. The consequences of such erosion can be 
severe. In 1976, a leak was noticed close to one of the abutments of the Teton Dam in Idaho, USA. 
Seepage was subsequently observed through the downstream face. Within two hours of this occurring 
the dam failed catastrophically, causing extensive flooding, as shown in Figure 2.18. The direct and indi-
rect costs of this failure were estimated at close to $1 billion. A horizontal under- filter is shown in Figure 
2.17. Other possible forms of filter are illustrated in Figures 2.22(a) and (b); in these two cases the dis-
charge surface AD is neither a flow line nor an equipotential since there are components of discharge 
velocity both normal and tangential to AD.
 The boundary conditions of the flow region ABCD in Figure 2.17 can be written as follows:
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Figure 2.17 Homogeneous embankment dam section.

Figure 2.18  Failure of the Teton Dam, 1976 (photo courtesy of the Bureau of 
Reclamation). 
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The conformal transformation r = w2

Complex variable theory can be used to obtain a solution to the embankment dam problem. Let the 
complex number w = φ + iψ be an analytic function of r = x + iz. Consider the function

 

Thus

 

Equating real and imaginary parts:

  (2.34)

 (2.35)

Equations 2.34 and 2.35 govern the transformation of points between the r and w planes.
 Consider the transformation of the straight lines ψ = n, where n = 0, 1, 2, 3 (Figure 2.19(a)). From 
Equation 2.35

 

and Equation 2.34 becomes

  (2.36)

Equation 2.36 represents a family of confocal parabolas. For positive values of z the parabolas for the 
specified values of n are plotted in Figure 2.19(b).
 Consider also the transformation of the straight lines φ = m, where m = 0, 1, 2, . . ., 6 (Figure 2.19(a)). 
From Equation 2.35

 

and Equation 2.34 becomes

 (2.37)

 Equation 2.37 represents a family of confocal parabolas conjugate with the parabolas represented by 
Equation 2.36. For positive values of z the parabolas for the specified values of m are plotted in Figure 
2.19(b). The two families of parabolas satisfy the requirements of a flow net.

Application to embankment dam sections
The flow region in the w plane satisfying the boundary conditions for the section (Figure 2.17) is shown 
in Figure 2.20(a). In this case, the transformation function
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will be used, where C is a constant. Equations 2.34 and 2.35 then become

 

The equation of the top flow line can be derived by substituting the conditions

  

Thus

 

Hence

 (2.38)

The curve represented by Equation 2.38 is referred to as Kozeny’s basic parabola and is shown in Figure 
2.20(b), the origin and focus both being at A.
 When z = 0, the value of x is given by

 (2.39)

where 2x0 is the directrix distance of the basic parabola. When x = 0, the value of z is given by

 

Substituting Equation 2.39 in Equation 2.38 yields

  (2.40)
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Figure 2.19 Conformal transformation r = w 2: (a) w plane, and (b) r plane.
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The basic parabola can be drawn using Equation 2.40, provided the coordinates of one point on the 
parabola are known initially.
 An inconsistency arises due to the fact that the conformal transformation of the straight line φ = –kh 
(representing the upstream equipotential) is a parabola, whereas the upstream equipotential in the 
embankment dam section is the upstream slope. Based on an extensive study of the problem, Casagrande 
(1940) recommended that the initial point of the basic parabola should be taken at G (Figure 2.21) where 
GC = 0.3HC. The coordinates of point G, substituted in Equation 2.40, enable the value of x0 to be deter-
mined; the basic parabola can then be plotted. The top flow line must intersect the upstream slope at 
right angles; a correction CJ must therefore be made (using personal judgement) to the basic parabola. 
The flow net can then be completed as shown in Figure 2.21.
 If the discharge surface AD is not horizontal, as in the cases shown in Figure 2.22, a further correc-
tion KD to the basic parabola is required. The angle β is used to describe the direction of the discharge 
surface relative to AB. The correction can be made with the aid of values of the ratio MD/MA = Δa/a, 
given by Casagrande for the range of values of β (Table 2.4).
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Figure 2.20 Transformation for embankment dam section: (a) w plane, and (b) r plane.
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Figure 2.21 Flow net for embankment dam section.
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Figure 2.22 Downstream correction to basic parabola.

Table 2.4  Downstream correction to basic parabola. Reproduced from A. Casagrande 
(1940) ‘Seepage through dams’, in Contributions to Soil Mechanics 
1925–1940, by permission of the Boston Society of Civil Engineers

β 30° 60° 90° 120° 150° 180°
∆a/a (0.36) 0.32 0.26 0.18 0.10 0

Example 2.4

A homogeneous anisotropic embankment dam section is detailed in Figure 2.23(a), the coeffi-
cients of permeability in the x and z directions being 4.5 × 10–8 and 1.6 × 10–8 m/s, respectively. 
Construct the flow net and determine the quantity of seepage through the dam. What is the pore 
water pressure at point P?
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1 1
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Figure 2.23 Example 2.4.
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Solution
The scale factor for transformation in the x direction is

 

The equivalent isotropic permeability is

 

The section is drawn to the transformed scale in Figure 2.23(b). The focus of the basic parabola is 
at point A. The basic parabola passes through point G such that

 

i.e. the coordinates of G are 

 

Substituting these coordinates in Equation 2.40:

 

Hence

 

Using Equation 2.40, the coordinates of a number of points on the basic parabola are now calcu-
lated:

TABLE E

x 1.90 0 –5.00 –10.00 –20.00 –30.00

z 0 3.80 7.24 9.51 12.90 15.57

 The basic parabola is plotted in Figure 2.23(b). The upstream correction is made (JC) and the 
flow net completed, ensuring that there are equal vertical intervals between the points of intersec-
tion of successive equipotentials with the top flow line. In the flow net there are four flow chan-
nels and 18 equipotential drops. Hence, the quantity of seepage (per unit length) is
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Seepage control in embankment dams
The design of an embankment dam section and, where possible, the choice of soils are aimed at 
reducing or eliminating the detrimental effects of seeping water. Where high hydraulic gradients exist 
there is a possibility that the seeping water may cause internal erosion within the dam, especially if 
the soil is poorly compacted. Erosion can work its way back into the embankment, creating voids in 
the form of channels or ‘pipes’, and thus impairing the stability of the dam. This form of erosion is 
referred to as piping.
 A section with a central core of low permeability, aimed at reducing the volume of seepage, is 
shown in Figure 2.24(a). Practically all the total head is lost in the core, and if the core is narrow, 
high hydraulic gradients will result. There is a particular danger of erosion at the boundary between 
the core and the adjacent soil (of higher permeability) under a high exit gradient from the core. Pro-
tection against this danger can be given by means of a ‘chimney’ drain (Figure 2.24(a)) at the down-
stream boundary of the core. The drain, designed as a filter (see Section 2.10) to provide a barrier to 
soil particles from the core, also serves as an interceptor, keeping the downstream slope in an unsatu-
rated state.
 Most embankment dam sections are non- homogeneous owing to zones of different soil types, 
making the construction of the flow net more difficult. The basic parabola construction for the top 
flow line applies only to homogeneous sections, but the condition that there must be equal vertical 
distances between the points of intersection of equipotentials with the top flow line applies equally to 
a non- homogeneous section. The transfer condition (Equation 2.32) must be satisfied at all zone 
boundaries. In the case of a section with a central core of low permeability, the application of Equa-
tion 2.32 means that the lower the permeability ratio, the lower the position of the top flow line in the 
downstream zone (in the absence of a chimney drain).
 If the foundation soil is more permeable than the dam, the control of underseepage is essential. 
Underseepage can be virtually eliminated by means of an ‘impermeable’ cut- off such as a grout 
curtain (Figure 2.24(b)). Another form of cut- off is the concrete diaphragm wall (see Section 11.10). 
Any measure designed to lengthen the seepage path, such as an impermeable upstream blanket 
(Figure 2.24(c)), will result in a partial reduction in underseepage.
 An excellent treatment of seepage control is given by Cedergren (1989).

The quantity of seepage can also be determined from Equation 2.39 (without the necessity of 
drawing the flow net):

 

To determine the pore water pressure at P, Level AD is first selected as datum. An equipotential 
RS is drawn through point P (transformed position). By inspection, the total head at P is 15.60 m. 
At P the elevation head is 5.50 m, so the pressure head is 10.10 m and the pore water pressure is

 

Alternatively, the pressure head at P is given directly by the vertical distance of P below the point 
of intersection (R) of equipotential RS with the top flow line.
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Figure 2.24  (a) Central core and chimney drain, (b) grout curtain, and (c) impermeable 
upstream blanket.

Example 2.5

Consider the concrete dam spillway from Example 2.2 (Figure 2.10). Determine the effect of the 
length of the cut- off wall on the reduction in seepage flow beneath the spillway. Determine also 
the reduction in seepage flow due to an impermeable upstream blanket of length Lb, and compare 
the efficacy of the two methods of seepage control.
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Figure 2.25 Example 2.5.
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2.10 Filter design

Filters used to control seepage must satisfy certain fundamental requirements. The pores must be small 
enough to prevent particles from being carried in from the adjacent soil. The permeability must simulta-
neously be high enough to ensure the free drainage of water entering the filter. The capacity of a filter 
should be such that it does not become fully saturated. In the case of an embankment dam, a filter placed 
downstream from the core should be capable of controlling and sealing any leak which develops through 
the core as a result of internal erosion. The filter must also remain stable under the abnormally high 
hydraulic gradient which is liable to develop adjacent to such a leak.
 Based on extensive laboratory tests by Sherard et al. (1984a, 1984b) and on design experience, it has 
been shown that filter performance can be related to the size D15 obtained from the particle size distribution 
curve of the filter material. Average pore size, which is largely governed by the smaller particles in the 
filter, is well represented by D15. A filter of uniform grading will trap all particles larger than around 
0.11D15; particles smaller than this size will be carried through the filter in suspension in the seeping water. 
The characteristics of the adjacent soil, in respect of its retention by the filter, can be represented by the size 
D85 for that soil. The following criterion has been recommended for satisfactory filter performance:

 (2.41)

where (D15)f and (D85)s refer to the filter and the adjacent (upstream) soil, respectively. However, in the 
case of filters for fine soils the following limit is recommended for the filter material:

Solution
The seepage flow can be determined using the spreadsheet tool on the Companion Website. Repeat-
ing the calculations for different lengths, Lw, of cut- off wall (Figure 2.25(a)) and separately for differ-
ent lengths of impermeable blanket, Lb, as shown in Figure 2.25(b), the results shown in the figure 
can be determined. By comparing the two methods, it can be seen that for thin layers such as in this 
problem, cut- off walls are generally more effective at reducing seepage and typically require a lower 
volume of material (and therefore lower cost) to achieve the same reduction in seepage flow.
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Figure 2.25 cont.
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Care must be taken to avoid segregation of the component particles of the filter during construction.
 To ensure that the permeability of the filter is high enough to allow free drainage, it is recommended 
that

  (2.42)

Graded filters comprising two (or more) layers with different gradings can also be used, the finer layer 
being on the upstream side. The above criterion (Equation 2.41) would also be applied to the component 
layers of the filter.

1 The permeability of soil is strongly affected by the size of the voids. As a result, 
the permeability of fine soils may be many orders of magnitude smaller than 
those for coarse soils. Falling head tests are commonly used to measure 
permeability in fine soils, and constant head tests are used for coarse soils. These 
may be conducted in the laboratory on undisturbed samples removed from the 
ground (see Chapter 6) or in- situ.

2 Groundwater will flow wherever a hydraulic gradient exists. For flow in two- 
dimensions, a flow net may be used to determine the distribution of total head, 
pore pressure and seepage quantity. This technique can also account for soils 
which are layered or anisotropic in permeability, both of which parameters 
significantly affect seepage.

3 Complex or large seepage problems, for which flow net sketching would prove 
impractical, can be accurately and efficiently solved using the finite difference 
method. A spreadsheet implementation of this method is available on the 
Companion Website.

4 Seepage through earth dams is more complex as it is unconfined. The conformal 
transformation provides a straightforward and efficient method for determining 
flow quantities and developing the flow net for such a case. Seepage through 
and beneath earth dams, which may affect their stability, may be controlled 
using a range of techniques, including a low permeability core, cut- off walls, or 
impermeable blankets. The efficacy of these methods may be determined using 
the techniques outlined in the chapter.

Summary

Problems

2.1 In a falling- head permeability test the initial head of 1.00 m dropped to 0.35 m in 3 h, the diameter of 
the standpipe being 5 mm. The soil specimen was 200 mm long by 100 mm in diameter. Calculate 
the coefficient of permeability of the soil.

2.2 The section through part of a cofferdam is shown in Figure 2.26, the coefficient of permeability of 
the soil being 2.0 × 10–6 m/s. Draw the flow net and determine the quantity of seepage.

2.3 The section through a long cofferdam is shown in Figure 2.27, the coefficient of permeability of the 
soil being 4.0 × 10–7 m/s. Draw the flow net and determine the quantity of seepage entering the 
cofferdam.
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2.4 The section through a sheet pile wall along a tidal estuary is given in Figure 2.28. At low tide the 
depth of water in front of the wall is 4.00 m; the water table behind the wall lags 2.50 m behind tidal 
level. Plot the net distribution of water pressure on the piling.

2.5 Details of an excavation adjacent to a canal are shown in Figure 2.29. Determine the quantity of 
seepage into the excavation if the coefficient of permeability is 4.5 × 10–5 m/s.

2.6 The dam shown in section in Figure 2.30 is located on anisotropic soil. The coefficients of perme-
ability in the x and z directions are 5.0 × 10–7 and 1.8 × 10–7 m/s, respectively. Determine the quantity 
of seepage under the dam.

2.7 Determine the quantity of seepage under the dam shown in section in Figure 2.31. Both layers of 
soil are isotropic, the coefficients of permeability of the upper and lower layers being 2.0 × 10–6 and 
1.6 × 10–5 m/s, respectively.

2.8 An embankment dam is shown in section in Figure 2.32, the coefficients of permeability in the hori-
zontal and vertical directions being 7.5 × 10–6 and 2.7 × 10–6 m/s, respectively. Construct the top flow 
line and determine the quantity of seepage through the dam.
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Figure 2.26 Problem 2.2.
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Figure 2.27 Problem 2.3.
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Understand how total stress, pore water pressure and effective stress are related 
and the importance of effective stress in soil mechanics (Sections 3.1, 3.2 and 
3.4);

2 Determine the effective stress state within the ground, both under hydrostatic 
conditions and when seepage is occurring (Sections 3.3 and 3.6);

3 Describe the phenomenon of liquefaction, and determine the hydraulic 
conditions within the groundwater under which liquefaction will occur 
(Section 3.7).

Chapter 3

Effective stress

3.1 Introduction

A soil can be visualised as a skeleton of solid particles enclosing continuous voids which contain water 
and/or air. For the range of stresses usually encountered in practice, the individual solid particles and 
water can be considered incompressible; air, on the other hand, is highly compressible. The volume of 
the soil skeleton as a whole can change due to rearrangement of the soil particles into new positions, 
mainly by rolling and sliding, with a corresponding change in the forces acting between particles. The 
actual compressibility of the soil skeleton will depend on the structural arrangement of the solid parti-
cles, i.e. the void ratio, e. In a fully saturated soil, since water is considered to be incompressible, a 
reduction in volume is possible only if some of the water can escape from the voids. In a dry or a par-
tially saturated soil a reduction in volume is always possible, due to compression of the air in the voids, 
provided there is scope for particle rearrangement (i.e. the soil is not already in its densest possible state, 
e > emin).
 Shear stress can be resisted only by the skeleton of solid particles, by means of reaction forces devel-
oped at the interparticle contacts. Normal stress may similarly be resisted by the soil skeleton through an 
increase in the interparticle forces. If the soil is fully saturated, the water filling the voids can also with-
stand normal stress by an increase in pore water pressure.
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3.2 The principle of effective stress

The importance of the forces transmitted through the soil skeleton from particle to particle was recog-
nised by Terzaghi (1943), who presented his Principle of Effective Stress, an intuitive relationship 
based on experimental data. The principle applies only to fully saturated soils, and relates the following 
three stresses:

1 the total normal stress (σ) on a plane within the soil mass, being the force per unit area transmitted 
in a normal direction across the plane, imagining the soil to be a solid (single- phase) material;

2 the pore water pressure (u), being the pressure of the water filling the void space between the solid 
particles;

3 the effective normal stress (σ′) on the plane, representing the stress transmitted through the soil 
skeleton only (i.e. due to interparticle forces).

The relationship is:

   (3.1)

The principle can be represented by the following physical model. Consider a ‘plane’ XX in a fully 
saturated soil, passing through points of interparticle contact only, as shown in Figure 3.1. The wavy 
plane XX is really indistinguishable from a true plane on the mass scale due to the relatively small 
size of individual soil particles. A normal force P applied over an area A may be resisted partly by 
interparticle forces and partly by the pressure in the pore water. The interparticle forces are very 
random in both magnitude and direction throughout the soil mass, but at every point of contact on the 
wavy plane may be split into components normal and tangential to the direction of the true plane to 
which XX approximates; the normal and tangential components are N′ and T, respectively. Then, the 
effective normal stress is approximated as the sum of all the components N′ within the area A, divided 
by the area A, i.e.

  (3.2)

The total normal stress is given by

  (3.3)

If point contact is assumed between the particles, the pore water pressure will act on the plane over the 
entire area A. Then, for equilibrium in the direction normal to XX

 

or

 

i.e.

 

The pore water pressure which acts equally in every direction will act on the entire surface of any particle, 
but is assumed not to change the volume of the particle (i.e. the soil particles themselves are incompres-
sible); also, the pore water pressure does not cause particles to be pressed together. The error involved in 
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assuming point contact between particles is negligible in soils, the actual contact area a normally being 
between 1% and 3% of the cross- sectional area A. It should be understood that σ′ does not represent the true 
contact stress between two particles, which would be the random but very much higher stress N′/a.

Effective vertical stress due to self- weight of soil
Consider a soil mass having a horizontal surface and with the water table at surface level. The total verti-
cal stress (i.e. the total normal stress on a horizontal plane) σv at depth z is equal to the weight of all 
material (solids + water) per unit area above that depth, i.e.

 

The pore water pressure at any depth will be hydrostatic since the void space between the solid particles 
is continuous, so at depth z

 

Hence, from Equation 3.1 the effective vertical stress at depth z in this case will be
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Figure 3.1 Interpretation of effective stress.
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Example 3.1

A layer of saturated clay 4 m thick is overlain by sand 5 m deep, the water table being 3 m 
below the surface, as shown in Figure 3.2. The saturated unit weights of the clay and sand 
are 19 and 20 kN/m3, respectively; above the water table the (dry) unit weight of the sand is 
17 kN/m3. Plot the values of total vertical stress and effective vertical stress against depth. If 
sand to a height of 1 m above the water table is saturated with capillary water, how are the 
above stresses affected?
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0 50 100
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150

σσ '

Figure 3.2 Example 3.1.

Solution
The total vertical stress is the weight of all material (solids + water) per unit area above the depth 
in question. Pore water pressure is the hydrostatic pressure corresponding to the depth below the 
water table. The effective vertical stress is the difference between the total vertical stress and the 
pore water pressure at the same depth. The stresses need only be calculated at depths where there 
is a change in unit weight (Table 3.1).

Table 3.1 Example 3.1

Depth (m) σv (kPa) u (kPa) σ′v = σv – u (kPa)

3 3 × 17 = 51.0 0 51.0

5 (3 × 17) + (2 × 20) = 91.0 2 × 9.81 = 19.6 71.4

9 (3 × 17) + (2 × 20) + (4 × 19) = 167.0 6 × 9.81 = 58.9 108.1
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3.3 Numerical solution using the Finite Difference Method

The calculation of the effective stress profile within the ground (i.e. variation with depth) under hydro-
static groundwater conditions is amenable to analysis using spreadsheets. In this way, the repeated calcu-
lations required to define the total stress pore pressure and effective stress over a fine depth scale can be 
automated for rapid analysis.
 The soil body in question is divided into thin slices, i.e. a one- dimensional finite difference grid. The 
total stress due to each slice is then calculated as the product of its thickness and saturated or dry unit 
weight as appropriate. The total stress at any depth is then found as the sum of the total stress increments 
due to each of the slices above that depth. By subdividing the problem in this way, it is straightforward 
to tackle even problems with many layers of different soils. Because the pore fluid is continuous through 
the interconnected pore structure, the pore water pressure at any depth can be found from the depth 
below the water table (hydrostatic distribution), suitably modified to account for artesian or seepage- 
induced pressure (see Chapter 2) as necessary. The effective stress at any depth is then found by a simple 
application of Equation 3.1.
 A spreadsheet tool for undertaking such analysis, Stress_CSM8.xls, may be found on the Companion 
Website. This is able to address a wide range of problems including up to ten layers of soil with different 
unit weights, a variable water table (either below or above the ground surface), surcharge loading at the 
ground surface, and confined layers under artesian fluid pressure (see Section 2.1).

3.4 Response of effective stress to a change in total stress

As an illustration of how effective stress responds to a change in total stress, consider the case of a fully 
saturated soil subject to an increase in total vertical stress Δσ and in which the lateral strain is zero, 
volume change being entirely due to deformation of the soil in the vertical direction. This condition may 
be assumed in practice when there is a change in total vertical stress over an area which is large com-
pared with the thickness of the soil layer in question.
 It is assumed initially that the pore water pressure is constant at a value governed by a constant posi-
tion of the water table. This initial value is called the static pore water pressure (us). When the total 
vertical stress is increased, the solid particles immediately try to take up new positions closer together. 
However, if water is incompressible and the soil is laterally confined, no such particle rearrangement, 
and therefore no increase in the interparticle forces, is possible unless some of the pore water can escape. 
Since it takes time for the pore water to escape by seepage, the pore water pressure is increased above 
the static value immediately after the increase in total stress takes place. The component of pore water 

 In all cases the stresses would normally be rounded off to the nearest whole number. The 
stresses are plotted against depth in Figure 3.2.
 From Section 2.1, the water table is the level at which pore water pressure is atmospheric (i.e. 
u = 0). Above the water table, water is held under negative pressure and, even if the soil is satu-
rated above the water table, does not contribute to hydrostatic pressure below the water table. The 
only effect of the 1-m capillary rise, therefore, is to increase the total unit weight of the sand 
between 2 and 3 m depth from 17 to 20 kN/m3, an increase of 3 kN/m3. Both total and effective 
vertical stresses below 3 m depth are therefore increased by the constant amount 3 × 1 = 3.0 kPa, 
pore water pressures being unchanged.
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pressure above the static value is known as the excess pore water pressure (ue). This increase in pore 
water pressure will be equal to the increase in total vertical stress, i.e. the increase in total vertical stress 
is carried initially entirely by the pore water (ue = Δσ). Note that if the lateral strain were not zero, some 
degree of particle rearrangement would be possible, resulting in an immediate increase in effective verti-
cal stress, and the increase in pore water pressure would be less than the increase in total vertical stress 
by Terzaghi’s Principle.
 The increase in pore water pressure causes a hydraulic pressure gradient, resulting in transient flow of 
pore water (i.e. seepage, see Chapter 2) towards a free- draining boundary of the soil layer. This flow or 
drainage will continue until the pore water pressure again becomes equal to the value governed by the 
position of the water table, i.e. until it returns to its static value. It is possible, however, that the position 
of the water table will have changed during the time necessary for drainage to take place, so that the 
datum against which excess pore water pressure is measured will have changed. In such cases, the excess 
pore water pressure should be expressed with reference to the static value governed by the new water 
table position. At any time during drainage, the overall pore water pressure (u) is equal to the sum of the 
static and excess components, i.e.

  (3.4)

The reduction of excess pore water pressure as drainage takes place is described as dissipation, and 
when this has been completed (i.e. when ue = 0 and u = us) the soil is said to be in the drained condition. 
Prior to dissipation, with the excess pore water pressure at its initial value, the soil is said to be in the 
undrained condition. It should be noted that the term ‘drained’ does not mean that all of the water has 
flowed out of the soil pores; it means that there is no stress- induced (excess) pressure in the pore water. 
The soil remains fully saturated throughout the process of dissipation.
 As drainage of pore water takes place the solid particles become free to take up new positions, with a 
resulting increase in the interparticle forces. In other words, as the excess pore water pressure dissipates, 
the effective vertical stress increases, accompanied by a corresponding reduction in volume. When dissi-
pation of excess pore water pressure is complete, the increment of total vertical stress will be carried 
entirely by the soil skeleton. The time taken for drainage to be completed depends on the permeability of 
the soil. In soils of low permeability, drainage will be slow; in soils of high permeability, drainage will 
be rapid. The whole process is referred to as consolidation. With deformation taking place in one direc-
tion only (vertical as described here), consolidation is described as one- dimensional. This process will be 
described in greater detail in Chapter 4.
 When a soil is subject to a reduction in total normal stress the scope for volume increase is 
limited, because particle rearrangement due to total stress increase is largely irreversible. As a result 
of increase in the interparticle forces there will be small elastic strains (normally ignored) in the solid 
particles, especially around the contact areas, and if clay mineral particles are present in the soil they 
may experience bending. In addition, the adsorbed water surrounding clay mineral particles will 
experience recoverable compression due to increases in interparticle forces, especially if there is 
face- to-face orientation of the particles. When a decrease in total normal stress takes place in a soil 
there will thus be a tendency for the soil skeleton to expand to a limited extent, especially so in soils 
containing an appreciable proportion of clay mineral particles. As a result, the pore water pressure 
will initially be reduced and the excess pore water pressure will be negative. The pore water pressure 
will gradually increase to the static value, flow taking place into the soil, accompanied by a corre-
sponding reduction in effective normal stress and increase in volume. This process is known as 
swelling.
 Under seepage (as opposed to static) conditions, the excess pore water pressure due to a change in 
total stress is the value above or below the steady- state seepage pore water pressure (uss), which is 
determined, at the point in question, from the appropriate flow net (see Chapter 2).
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Consolidation analogy
The mechanics of the one- dimensional consolidation process can be represented by means of a 
simple analogy. Figure 3.3(a) shows a spring inside a cylinder filled with water, and a piston, fitted 
with a valve, on top of the spring. It is assumed that there can be no leakage between the piston and 
the cylinder, and no friction. The spring represents the compressible soil skeleton, the water in the 
cylinder the pore water, and the bore diameter of the valve the permeability of the soil. The cylinder 
itself simulates the condition of no lateral strain in the soil.
 Suppose a load is now placed on the piston with the valve closed, as in Figure 3.3(b). Assuming 
water to be incompressible, the piston will not move as long as the valve is closed, with the result 
that no load can be transmitted to the spring; the load will be carried by the water, the increase in 
pressure in the water being equal to the load divided by the piston area. This situation with the valve 
closed corresponds to the undrained condition in the soil.
 If the valve is now opened, water will be forced out through the valve at a rate governed by the 
bore diameter. This will allow the piston to move and the spring to be compressed as load is gradu-
ally transferred to it. This situation is shown in Figure 3.3(c). At any time, the increase in load on the 
spring will be directly proportional to the reduction in pressure in the water. Eventually, as shown in 
Figure 3.3(d), all the load will be carried by the spring and the piston will come to rest, this corre-
sponding to the drained condition in the soil. At any time, the load carried by the spring represents 
the effective normal stress in the soil, the pressure of the water in the cylinder represents the pore 
water pressure, and the load on the piston represents the total normal stress. The movement of the 
piston represents the change in volume of the soil, and is governed by the compressibility of the 
spring (the equivalent of the compressibility of the soil skeleton, see Chapter 4). The piston and 
spring analogy represents only an element of soil, since the stress conditions vary from point to point 
throughout a soil mass.

(a) (b) (c) (d)

Figure 3.3 Consolidation analogy.
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A 5-m depth of sand overlies a 6-m thick layer of clay, the water table being at the surface; the 
permeability of the clay is very low. The saturated unit weight of the sand is 19 kN/m3 and that of 
the clay is 20 kN/m3. A 4-m depth of fill material of unit weight 20 kN/m3 is placed on the surface 
over an extensive area. Determine the effective vertical stress at the centre of the clay layer (a) 
immediately after the fill has been placed, assuming this to take place rapidly, and (b) many years 
after the fill has been placed.

Solution
The soil profile is shown in Figure 3.4. Since the fill covers an extensive area, it can be assumed 
that the condition of zero lateral strain applies. As the permeability of the clay is very low, dissi-
pation of excess pore water pressure will be very slow; immediately after the rapid placement of 
the fill, no appreciable dissipation will have taken place. The initial stresses and pore water pres-
sure at the centre of the clay layer are

 

Many years after placement of the fill, dissipation of excess pore water pressure should be essen-
tially complete such that the increment of total stress from the fill is entirely carried by the soil 
skeleton (effective stress). The effective vertical stress at the centre of the clay layer is then

Immediately after the fill has been placed, the total vertical stress at the centre of the clay 
increases by 80 kPa due to the weight of the fill. Since the clay is saturated and there is no lateral 
strain, there will be a corresponding increase in pore water pressure of ue = 80 kPa (the initial 
excess pore water pressure). The static pore water pressure was calculated previously as 
us = 78 kPa. Immediately after placement, the pore water pressure therefore increases from 78 to 
158 kPa, and then during subsequent consolidation gradually decreases again to 78 kPa, accom-
panied by the gradual increase of effective vertical stress from 77 to 157 kPa.

Example 3.2

Sand

WT

Fill

0

5m

8

11

Clay

Figure 3.4 Example 3.2.
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3.5 Effective stress in partially saturated soils

In the case of partially saturated soils, part of the void space is occupied by water and part by air. The 
pore water pressure (uw) must always be less than the pore air pressure (ua) due to surface tension. Unless 
the degree of saturation is close to unity, the pore air will form continuous channels through the soil and 
the pore water will be concentrated in the regions around the interparticle contacts. The boundaries 
between pore water and pore air will be in the form of menisci whose radii will depend on the size of the 
pore spaces within the soil. Part of any wavy plane through the soil will therefore pass part through 
water, and part through air.
 Bishop (1959) proposed the following effective stress equation for partially saturated soils:

  (3.5)

where χ is a parameter, to be determined experimentally, related primarily to the degree of saturation of 
the soil. The term (σ′ – ua) is also described as the net stress, while (ua – uw) is a measure of the suction in 
the soil.
 Vanapalli and Fredlund (2000) conducted a series of laboratory triaxial tests (this test is described in 
Chapter 5) on five different soils, and found that

 (3.6)

where κ is a fitting parameter that is predominantly a function of plasticity index (IP) as shown in Figure 
3.5. Note that for non- plastic (coarse) soils, κ = 1. For a fully saturated soil (Sr = 1), χ = 1; and for a com-
pletely dry soil (Sr = 0), χ = 0. Equation 3.5 thus reduces to Equation 3.1 when Sr = 1. The value of χ is 
also influenced, to a lesser extent, by the soil structure and the way the particular degree of saturation 
was brought about.
 A physical model may be considered in which the parameter χ is interpreted as the average proportion 
of any cross- section which passes through water. Then, across a given section of gross area A (Figure 
3.6), total force is given by the equation

  (3.7)

which leads to Equation 3.5.
 If the degree of saturation of the soil is close to unity, it is likely that the pore air will exist in the form 
of bubbles within the pore water and it is possible to draw a wavy plane through pore water only. The 
soil can then be considered as a fully saturated soil, but with the pore water having some degree of com-
pressibility due to the presence of the air bubbles. This is reasonable for most common applications in 
temperate climates (such as the UK). Equation 3.1 may then represent effective stress with sufficient 
accuracy for most practical purposes. A notable application where it is of greater importance to under-
stand the behaviour of partially saturated soil is the stability of slopes under seasonal groundwater 
changes.

3.6 Influence of seepage on effective stress

When water is seeping through the pores of a soil, total head is dissipated as viscous friction producing a 
frictional drag, acting in the direction of flow, on the solid particles. A transfer of energy thus takes place 
from the water to the solid particles, and the force corresponding to this energy transfer is called seepage 
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force. Seepage force acts on the particles of a soil in addition to gravitational force, and the combination 
of the forces on a soil mass due to gravity and seeping water is called the resultant body force. It is the 
resultant body force that governs the effective normal stress on a plane within a soil mass through which 
seepage is taking place.
 Consider a point in a soil mass where the direction of seepage is at angle θ below the horizontal. A 
square element ABCD of dimension L (unit dimension normal to the page) is centred at the above point 
with sides parallel and normal to the direction of seepage, as shown in Figure 3.7(a) – i.e. the square 
element can be considered as a flow net element (curvilinear square). Let the drop in total head between 
the sides AD and BC be Δh. Consider the pore water pressures on the boundaries of the element, taking 
the value of pore water pressure at point A as uA. The difference in pore water pressure between A and D 
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Figure 3.5  Relationship of fitting parameter κ to soil plasticity (re-plotted after 
Vanapalli and Fredlund, 2000).
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Figure 3.6 Partially saturated soil.
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is due only to the difference in elevation head between A and D, the total head being the same at A and 
D. However, the difference in pore water pressure between A and either B or C is due to the difference 
in elevation head and the difference in total head between A and either B or C. If the total head at A is hA 
and the elevation head at the same point is zA, applying Equation 2.1 gives:

 

 

 

 

The following pressure differences can now be established:

 

 

These values are plotted in Figure 3.7(b), giving the distribution diagrams of net pressure across the 
element in directions parallel and normal to the direction of flow as shown.
 Therefore, the force on BC due to pore water pressure acting on the boundaries of the element, called 
the boundary water force, is given by

 

or
 

and the boundary water force on CD by

 

If there were no seepage, i.e. if the pore water were static, the value of Δh would be zero, the forces on 
BC and CD would be γwL2sin θ and γwL2cos θ, respectively, and their resultant would be γwL2 acting in 
the vertical direction. The force Δh γwL represents the only difference between the static and seepage 
cases and is therefore the seepage force (J), acting in the direction of flow (in this case normal to BC).
 Now, the average hydraulic gradient across the element is given by

 

hence,

 

or
 (3.8)

where V is the volume of the soil element.
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 The seepage pressure (j) is defined as the seepage force per unit volume, i.e.

  (3.9)

It should be noted that j (and hence J) depends only on the value of the hydraulic gradient.
 All the forces, both gravitational and forces due to seeping water, acting on the element ABCD, may 
be represented in the vector diagram shown in Figure 3.7(c). The magnitude of the forces shown are 
summarised below.

Total weight of the element = γsat L2 = vector ab
Boundary water force on CD = γw L2cos θ = vector bd
Boundary water force on BC = γw L2sin θ – Δhγw L = vector de
Resultant body force = vector ea

The resultant body force can be obtained as the vector summation of ab + bd + de, as shown in Figure 
3.7(c). The seepage force J = ΔhγwL is represented by the dashed line in Figure 3.7(c), i.e. vector ce. Con-
sidering the triangle cbd:

 

 

Applying the cosine rule to triangle ace, and recognising that angle ace = 90 + θ degrees, it can be shown 
that the magnitude of the resultant body force (length of |ea|) is given by:

 (3.10)
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Figure 3.7  Forces under seepage conditions (reproduced after D.W. Taylor (1948) 
Fundamentals of Soil Mechanics, © John Wiley & Sons Inc., by permission).
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This resultant body force acts at an angle to the vertical described by angle bae. Applying the sine rule to 
triangle ace gives:

 (3.11)

Only the resultant body force contributes to effective stress. A component of seepage force acting verti-
cally upwards will therefore reduce a vertical effective stress component from the static value. A compo-
nent of seepage force acting vertically downwards will increase a vertical effective stress component 
from the static value.

3.7 Liquefaction

Seepage- induced liquefaction
Consider the special case of seepage vertically upwards (θ  = –90°). The vector ce in Figure 3.7(c) would 
then be vertically upwards, and if the hydraulic gradient were high enough the resultant body force 
would be zero. The value of hydraulic gradient corresponding to zero resultant body force is called the 
critical hydraulic gradient (icr). Substituting |ea| = 0 and θ  = –90° into Equation 3.10 gives

 

Therefore

 (3.12)

The ratio γ′/γw, and hence the critical hydraulic gradient, is approximately 1.0 for most soils.
 When the hydraulic gradient is icr, the effective normal stress on any plane will be zero, gravitational 
forces having been cancelled out by upward seepage forces. In the case of sands, the contact forces 
between particles will be zero and the soil will have no strength. The soil is then said to be liquefied, and 
if the critical gradient is exceeded the surface will appear to be ‘boiling’ as the particles are moved 
around in the upward flow of water. It should be realised that ‘quicksand’ is not a special type of soil, 
but simply sand through which there is an upward flow of water under a hydraulic gradient equal to or 
exceeding icr. In the case of clays, liquefaction may not necessarily result when the hydraulic gradient 
reaches the critical value given by Equation 3.12.

Conditions adjacent to sheet piling
High upward hydraulic gradients may be experienced in the soil adjacent to the downstream face of a sheet 
pile wall. Figure 3.8 shows part of the flow net for seepage under a sheet pile wall, the embedded length on 
the downstream side being d. A mass of soil adjacent to the piling may become unstable and be unable to 
support the wall. Model tests have shown that failure is likely to occur within a soil mass of approximate 
dimensions d × d/2 in section (ABCD in Figure 3.8). Failure first shows in the form of a rise or heave at the 
surface, associated with an expansion of the soil which results in an increase in permeability. This in turn 
leads to increased flow, surface ‘boiling’ in the case of sands, and complete failure of the wall.
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 The variation of total head on the lower boundary CD of the soil mass can be obtained from the flow 
net equipotentials, or directly from the results of analysis using the FDM, such as the spreadsheet ana-
lysis tool described in Chapter 2. For the purpose of analysis, however, it is usually sufficient to deter-
mine the average total head hm by inspection. The total head on the upper boundary AB is zero. The 
average hydraulic gradient is given by

 

Since failure due to heaving may be expected when the hydraulic gradient becomes icr, the factor of 
safety (F ) against heaving may be expressed as

 (3.13)

In the case of sands, a factor of safety can also be obtained with respect to ‘boiling’ at the surface. The 
exit hydraulic gradient (ie) can be determined by measuring the dimension Δs of the flow net field AEFG 
adjacent to the piling:
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Figure 3.8  Upward seepage adjacent to sheet piling: (a) determination of parameters 
from flow net, (b) force diagram, and (c) use of a filter to suppress heave.
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where Δh is the drop in total head between equipotentials GF and AE. Then, the factor of safety is

  (3.14)

There is unlikely to be any appreciable difference between the values of F given by Equations 3.13 and 
3.14.
 The sheet pile wall problem shown in Figure 3.8 can also be used to illustrate the graphical method 
for determining seepage forces outlined in Section 3.6:

Total weight of mass ABCD = vector ab =   1 __ 
2
   γsat d2

Average total head on CD = hm

Elevation head on CD = –d
Average pore water pressure on CD = (hm + d )γw

Boundary water force on CD = vector bd =   d __ 
2
   (hm + d ) γw

Boundary water force on BC = vector de = 0 (as seepage is vertically upwards).

Resultant body force of ABCD = ab – bd – de

 

The resultant body force will be zero, leading to heave, when

 

The factor of safety can then be expressed as

 

If the factor of safety against heave is considered inadequate, the embedded length d may be increased or 
a surcharge load in the form of a filter may be placed on the surface AB, the filter being designed to 
prevent entry of soil particles, following the recommendations of Section 2.10. Such a filter is shown in 
Figure 3.8(c). If the effective weight of the filter per unit area is w′, then the factor of safety becomes
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Example 3.3

The flow net for seepage under a sheet pile wall is shown in Figure 3.9(a), the saturated unit weight 
of the soil being 20 kN/m3. Determine the values of effective vertical stress at points A and B.

C

E

D G
BA

F
1.00 m

8.00 m

11.00 m

A

θ ∆z

∆s

C

Direction
of seepage

4.00 m

6.00 m

4.00 m 4.00 m

Figure 3.9 Examples 3.3 and 3.4.

Solution
First, consider the column of saturated soil of unit area between A and the soil surface at C. The total 
weight of the column is 11γsat (220 kN). Due to the change in level of the equipotentials across the 
column, the boundary water forces on the sides of the column will not be equal, although in this case 
the difference will be small. There is thus a net horizontal boundary water force on the column. 
However, as the effective vertical stress is to be calculated, only the vertical component of the result-
ant body force is required and the net horizontal boundary water force need not be considered. The 
vertical component of the boundary water force on the top surface of the column is due only to 
the depth of water above C, and is 4γw (39 kN). The boundary water force on the bottom surface 
of the column must be determined; in this example the FDM spreadsheet described in Section 2.7 is 
used as the required values of total head can be directly read from the spreadsheet, though this may 
equally be determined from a hand- drawn flow net. The calculated total head distribution may be 
found in Seepage_CSM8.xls on the Companion Website.

Total head at A, hA = 5.2 m
Elevation head at A, zhA = –7.0 m
Pore water pressure at A, uA = γw(hA – zA) = 9.81(5.2 + 7.0)  = 120 kPa
i.e. boundary water force on bottom surface = 120 kN
Net vertical boundary water force = 120 – 39 = 81 kN
Total weight of the column = 220 kN
Vertical component of resultant body force = 220 – 81 = 139 kN
i.e. effective vertical stress at A = 139 kPa.
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It should be realised that the same result would be obtained by the direct application of the effec-
tive stress equation, the total vertical stress at A being the weight of saturated soil and water, per 
unit area, above A. Thus

 

The only difference in concept is that the boundary water force per unit area on top of the column 
of saturated soil AC contributes to the total vertical stress at A. Similarly at B

Example 3.4
Using the flow net in Figure 3.9(a), determine the factor of safety against failure by heaving adja-
cent to the downstream face of the piling. The saturated unit weight of the soil is 20 kN/m3.

Solution
The stability of the soil mass DEFG in Figure 3.9(a), 6 m by 3 m in section, will be analysed. By 
inspection of the flow net or from Seepage_CSM8.xls on the Companion Website, the average 
value of total head on the base DG is given by

 

The average hydraulic gradient between DG and the soil surface EF is

 

Critical hydraulic gradient,  

Factor of safety,  

Example 3.4
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Dynamic/seismic liquefaction
In the previous examples, seepage- induced or static liquefaction of soil has been discussed – that is to 
say, situations where the effective stress within the soil is reduced to zero as a result of high pore water 
pressures due to seepage. Pore water pressure may also be increased due to dynamic loading of soil. As 
soil is sheared cyclically it has a tendency to contract, reducing the void ratio e. If this shearing and 
resulting contraction happens rapidly, then there may not be sufficient time for the pore water to escape 
from the voids, such that the reduction in volume will lead to an increase in pore water pressure due to 
the incompressibility of water.
 Consider a uniform layer of fully saturated soil with the water table at the surface. The total stress at 
any depth z within the soil is

 

The soil will liquefy at this depth when the effective stress becomes zero. By Terzaghi’s Principle (Equa-
tion 3.1) this will occur when u = σv. From Equation 3.4, the pore water pressure u is made up of two 
components: hydrostatic pressure us (present initially before the soil is loaded) and an excess component 
ue (which is induced by the dynamic load). Therefore, the critical excess pore water pressure at the onset 
of liquefaction (ueL) is given by

 

  (3.15)

i.e. for soil to liquefy, the excess pore water pressure must be equal to the initial effective stress in the 
ground (prior to application of the dynamic load). Furthermore, considering a datum at the surface of the 
soil, from Equation 2.1

 

This demonstrates that there will be a positive hydraulic gradient h/z between the soil at depth z and the 
surface (i.e. vertically upwards), when liquefaction has been achieved. This is the same as the critical 
hydraulic gradient defined by Equation 3.12 for seepage- induced liquefaction.
 Excess pore water pressure rise due to volumetric contraction may be induced by vibrating loads 
from direct sources on or in the soil, or may be induced due to cyclic ground motion during an earth-
quake. An example of the former case is a shallow foundation for a piece of machinery such as a 
power station turbine. In this case, the cyclic straining (and therefore volumetric contraction and 
induced excess pore pressure) in the soil will generally decrease with distance from the source. From 
Equation 3.15, it can be seen that the amount of excess pore water pressure required to initiate lique-
faction increases with depth. As a result, any liquefaction will be concentrated towards the surface of 
the ground, close to the source.
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 In the case of an earthquake, ground motion is induced as a result of powerful stress waves which are 
transmitted from within the Earth’s crust (i.e. far beneath the soil). As a result, liquefaction may extend 
to much greater depths. Combining Equations 3.12 and 3.15

  (3.16)

The soil towards the surface is often at a lower density (higher e) than the soil beneath. Combined with the 
shallow depth z, it is clear that, under earthquake shaking, liquefaction will start at the ground surface and 
move downwards as shaking continues, requiring larger excess pore water pressures at depth to liquefy the 
deeper layers. It is also clear from Equation 3.16 that looser soils at high e will require lower excess pore 
water pressures to cause liquefaction. Soils with high voids ratio also have a higher potential for densifica-
tion when shaken (towards emin, the densest possible state), so loose soils are particularly vulnerable to liq-
uefaction. Indeed, strong earthquakes may fully liquefy layers of loose soil many metres thick.
 It will be demonstrated in Chapter 5 that the shear strength of a soil (which resists applied loads 
due to foundations and other geotechnical constructions) is proportional to the effective stresses within 
the ground. It is therefore clear that the occurrence of liquefaction (σ′v = 0) can lead to significant 
damage to structures – an example, observed during the 1964 Niigata earthquake in Japan, is shown in 
Figure 3.10.

Figure 3.10 Foundation failure due to liquefaction, 1964 Niigata earthquake, Japan.
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1 Total stress is used to define the applied stresses on an element of soil (both due 
to external applied loads and due to self weight). Soils support total stresses 
through a combination of effective stress due to interparticle contact and pore 
water pressure in the voids. This is known as Terzaghi’s Principle (Equation 3.1).

2 Under hydrostatic conditions, the effective stress state at any depth within the 
ground can be found from knowledge of the unit weight of the soil layers and 
the location of the water table. If seepage is occurring, a flow net or finite 
difference mesh can be used to determine the pore water pressures at any point 
within the ground, with effective stress subsequently being found using 
Terzaghi’s Principle.

3 A consequence of Terzaghi’s Principle is that if there is significant excess pore 
water pressure developed in the ground, the soil skeleton may become 
unloaded (zero effective stress). This condition is known as liquefaction and may 
occur due to seepage, or due to dynamic external loads which cause the soil to 
contract rapidly. Seepage- induced liquefaction can lead to uplift or boiling of 
soil along the downstream face of a sheet piled excavation, and subsequent 
failure of the excavation.

Summary

Problems

3.1 A river is 2 m deep. The river bed consists of a depth of sand of saturated unit weight 20 kN/m3. 
What is the effective vertical stress 5 m below the top of the sand?

3.2 The North Sea is 200 m deep. The sea bed consists of a depth of sand of saturated unit weight 
20 kN/m3. What is the effective vertical stress 5 m below the top of the sand? Compare your answer 
to the value found in 3.1 – how does the water level above the ground surface affect the stresses 
within the ground?

3.3 A layer of clay 4 m thick lies between two layers of sand each 4 m thick, the top of the upper layer 
of sand being ground level. The water table is 2 m below ground level but the lower layer of sand is 
under artesian pressure, the piezometric surface being 4 m above ground level. The saturated unit 
weight of the clay is 20 kN/m3 and that of the sand 19 kN/m3; above the water table the unit weight 
of the sand is 16.5 kN/m3. Calculate the effective vertical stresses at the top and bottom of the clay 
layer.

3.4 In a deposit of fine sand the water table is 3.5 m below the surface, but sand to a height of 1.0 m 
above the water table is saturated by capillary water; above this height the sand may be assumed to 
be dry. The saturated and dry unit weights, respectively, are 20 and 16 kN/m3. Calculate the effec-
tive vertical stress in the sand 8 m below the surface.

3.5 A layer of sand extends from ground level to a depth of 9 m and overlies a layer of clay, of very low 
permeability, 6 m thick. The water table is 6 m below the surface of the sand. The saturated unit 
weight of the sand is 19 kN/m3 and that of the clay 20 kN/m3; the unit weight of the sand above the 
water table is 16 kN/m3. Over a short period of time the water table rises by 3 m, and is expected to 
remain permanently at this new level. Determine the effective vertical stress at depths of 8 and 12 m 
below ground level (a) immediately after the rise of the water table, and (b) several years after the 
rise of the water table.
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3.6 An element of soil with sides horizontal and vertical measures 1 m in each direction. Water is 
seeping through the element in a direction inclined upwards at 30° above the horizontal under a 
hydraulic gradient of 0.35. The saturated unit weight of the soil is 21 kN/m3. Draw a force diagram 
to scale showing the following: total and effective weights, resultant boundary water force, seepage 
force. What is the magnitude and direction of the resultant body force?

3.7 For the seepage situations shown in Figure 3.11, determine the effective normal stress on plane XX 
in each case, (a) by considering pore water pressure and (b) by considering seepage pressure. The 
saturated unit weight of the soil is 20 kN/m3.

3.8 The section through a long cofferdam is shown in Figure 2.27, the saturated unit weight of the soil 
being 20 kN/m3. Determine the factor of safety against ‘boiling’ at the surface AB, and the values of 
effective vertical stress at C and D.

3.9 The section through part of a cofferdam is shown in Figure 2.26, the saturated unit weight of the soil 
being 19.5 kN/m3. Determine the factor of safety against heave failure in the excavation adjacent to 
the sheet piling. What depth of filter (unit weight 21 kN/m3) would be required to ensure a factor of 
safety of 3.0?

XX

(1)

2 m

2 mSoil Soil

2 m

1 m

(2)

Figure 3.11 Problem 3.7.
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Understand the behaviour of soil during consolidation (drainage of pore water 
pressure), and determine the mechanical properties which characterise this 
behaviour from laboratory testing (Sections 4.1–4.2 and 4.6–4.7);

2 Calculate ground settlements as a function of time due to consolidation both 
analytically and using computer- based tools for more complex problems 
(Sections 4.3–4.5 and 4.8–4.9);

3 Design a remedial scheme of vertical drains to speed- up consolidation and meet 
specified performance criteria (Section 4.10).

Chapter 4

Consolidation

4.1 Introduction

As explained in Chapter 3, consolidation is the gradual reduction in volume of a fully saturated soil of 
low permeability due to change of effective stress. This may be as a result of drainage of some of the 
pore water, the process continuing until the excess pore water pressure set up by an increase in total 
stress has completely dissipated; consolidation may also occur due to a reduction in pore water pressure, 
e.g. from groundwater pumping or well abstraction (see Example 4.5). The simplest case is that of one- 
dimensional consolidation, in which the stress increment is applied in one direction only (usually verti-
cal) with a condition of zero lateral strain being implicit. The process of swelling, the reverse of 
consolidation, is the gradual increase in volume of a soil under negative excess pore water pressure.
 Consolidation settlement is the vertical displacement of the soil surface corresponding to the volume 
change at any stage of the consolidation process. Consolidation settlement will result, for example, if a 
structure (imposing additional total stress) is built over a layer of saturated clay, or if the water table is 
lowered permanently in a stratum overlying a clay layer. On the other hand, if an excavation (reduction in 
total stress) is made in a saturated clay, heave (upward displacement) will result in the bottom of the 
excavation due to swelling of the clay. In cases in which significant lateral strain takes place there will be 
an immediate settlement due to deformation of the soil under undrained conditions, in addition to consoli-
dation settlement. The determination of immediate settlement will be discussed further in Chapter 8. This 
chapter is concerned with the prediction of both the magnitude and the rate of consolidation settlement 
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under one- dimensional conditions (i.e. where the soil deforms only in the vertical direction). This is 
extended to the case when the soil can strain laterally (such as beneath a foundation) in Section 8.7.
 The progress of consolidation in- situ can be monitored by installing piezometers to record the change 
in pore water pressure with time (these are described in Chapter 6). The magnitude of settlement can be 
measured by recording the levels of suitable reference points on a structure or in the ground: precise lev-
elling is essential, working from a benchmark which is not subject to even the slightest settlement. Every 
opportunity should be taken of obtaining settlement data in the field, as it is only through such measure-
ments that the adequacy of theoretical methods can be assessed.

4.2 The oedometer test
The characteristics of a soil during one- dimensional consolidation or swelling can be determined by means 
of the oedometer test. Figure 4.1 shows diagrammatically a cross- section through an oedometer. The test 
specimen is in the form of a disc of soil, held inside a metal ring and lying between two porous stones. The 
upper porous stone, which can move inside the ring with a small clearance, is fixed below a metal loading 
cap through which pressure can be applied to the specimen. The whole assembly sits in an open cell of 
water to which the pore water in the specimen has free access. The ring confining the specimen may be 
either fixed (clamped to the body of the cell) or floating (being free to move vertically); the inside of the 
ring should have a smooth polished surface to reduce side friction. The confining ring imposes a condition 
of zero lateral strain on the specimen. The compression of the specimen under pressure is measured by 
means of a dial gauge or electronic displacement transducer operating on the loading cap.
 The test procedure has been standardised in CEN ISO/TS17892–5 (Europe) and ASTM D2435 (US), 
though BS 1377, Part 5 remains current in the UK, which specifies that the oedometer shall be of the fixed 
ring type. The initial pressure (total stress) applied will depend on the type of soil; following this, a sequence 
of pressures is applied to the specimen, each being double the previous value. Each pressure is normally 
maintained for a period of 24 h (in exceptional cases a period of 48 h may be required), compression read-
ings being observed at suitable intervals during this period. At the end of the increment period, when the 
excess pore water pressure has completely dissipated, the applied total stress equals the effective vertical 

Load Porous stones

WaterConfining ringSpecimen

(a) (b)

Figure 4.1  The oedometer: (a) test apparatus, (b) test arrangement (image courtesy 
of Impact Test Equipment Ltd.).
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stress in the specimen. The results are presented by plotting the thickness (or percentage change in thick-
ness) of the specimen or the void ratio at the end of each increment period against the corresponding effec-
tive stress. The effective stress may be plotted to either a natural or a logarithmic scale, though the latter is 
normally adopted due to the reduction in volume change in a given increment as total stress increases. If 
desired, the expansion of the specimen can additionally be measured under successive decreases in applied 
pressure to observe the swelling behaviour. However, even if the swelling characteristics of the soil are not 
required, the expansion of the specimen due to the removal of the final pressure should be measured.
 Eurocode 7, Part 2 recommends that a minimum of two tests are conducted in a given soil stratum; 
this value should be doubled if there is considerable discrepancy in the measured compressibility, espe-
cially if there is little or no previous experience relating to the soil in question.
 The void ratio at the end of each increment period can be calculated from the displacement readings 
and either the water content or the dry weight of the specimen at the end of the test. Referring to the 
phase diagram in Figure 4.2, the two methods of calculation are as follows:

1 Water content measured at end of test = w1

Void ratio at end of test = e1 = w1Gs (assuming Sr = 100%)  
Thickness of specimen at start of test = H0
Change in thickness during test = ΔH
Void ratio at start of test = e0 = e1 + Δe where

  (4.1)

 In the same way Δe can be calculated up to the end of any increment period.
2 Dry weight measured at end of test = Ms (i.e. mass of solids)

Thickness at end of any increment period = H1
Area of specimen = A
Equivalent thickness of solids = Hs = Ms/AGsρw
Void ratio,

  (4.2)

Test sample dimensions: Volume:

1

∆e∆H

e0

H0
H1

Hs

e1Water

Solids

Figure 4.2 Phase diagram. 
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Stress history
The relationship between void ratio and effective stress depends on the stress history of the soil. If the 
present effective stress is the maximum to which the soil has ever been subjected, the clay is said to be 
normally consolidated. If, on the other hand, the effective stress at some time in the past has been 
greater than the present value, the soil is said to be overconsolidated. The maximum value of effective 
stress in the past divided by the present value is defined as the overconsolidation ratio (OCR). A nor-
mally consolidated soil thus has an overconsolidation ratio of unity; an overconsolidated soil has an 
overconsolidation ratio greater than unity. The overconsolidation ratio can never be less than one.
 Most soils will initially be formed by sedimentation of particles, which leads to gradual consolidation 
under increasing self- weight. Under these conditions, the effective stresses within the soil will be con-
stantly increasing as deposition continues, and the soil will therefore be normally consolidated. Seabed 
or riverbed soils are common examples of soils which are naturally in a normally consolidated state (or 
close to it). Overconsolidation is usually the result of geological factors – for example, the erosion of 
overburden (due to glacier motion, wind, wave or ocean currents), the melting of ice sheets (and there-
fore reduction in stress) after glaciation, or permanent rise of the water table. Overconsolidation may 
also occur due to man- made processes: for example, the demolition of an old structure to redevelop the 
land will remove the total stresses that were applied by the building’s foundations causing heave, such 
that, for the redevelopment, the soil will initially be overconsolidated.

Compressibility characteristics
Typical plots of void ratio (e) after consolidation against effective stress (σ′) for a saturated soil are shown 
in Figure 4.3, the plots showing an initial compression followed by unloading and recompression. The 
shapes of the curves are related to the stress history of the soil. The e–log σ′ relationship for a normally 
consolidated soil is linear (or nearly so), and is called the virgin (one- dimensional) compression line 
(1DCL). During compression along this line, permanent (irreversible) changes in soil structure continu-
ously take place and the soil does not revert to the original structure during expansion. If a soil is overcon-
solidated, its state will be represented by a point on the expansion or recompression parts of the e–log σ′ 
plot. The changes in soil structure along this line are almost wholly recoverable as shown in Figure 4.3. 

e

Recompression

Expansion

log σ′σ′

Virgin
compression

1 DCL (Slope Cc) 

Unload–reload line
(Slope Ce)

e

Figure 4.3 Void ratio–effective stress relationship.
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The recompression curve ultimately rejoins the virgin compression line: further compression then occurs 
along the virgin line. The plots show that a soil in the overconsolidated state will be much less compressible 
than that in a normally consolidated state.
 The compressibility of the soil can be quantified by one of the following coefficients.

1 The coefficient of volume compressibility (mv), defined as the volume change per unit volume per 
unit increase in effective stress (i.e. ratio of volumetric strain to applied stress). The units of mv are 
the inverse of stiffness (m2/MN). The volume change may be expressed in terms of either void ratio 
or specimen thickness. If, for an increase in effective stress from σ′0 to σ′1, the void ratio decreases 
from e0 to e1, then

  (4.3)

  (4.4)

 The value of mv for a particular soil is not constant but depends on the stress range over which it is 
calculated, as this parameter appears in the denominator of Equations 4.3 and 4.4. Most test standards 
specify a single value of the coefficient mv calculated for a stress increment of 100 kN/m2 in excess of 
the in- situ vertical effective stress of the soil sample at the depth it was sampled from (also termed 
the effective overburden pressure), although the coefficient may also be calculated, if required, for 
any other stress range, selected to represent the expected stress changes due to a particular 
geotechnical construction.

2 The constrained modulus (also called one- dimensional elastic modulus) E′oed is the reciprocal of mv 
(i.e. having units of stiffness, MN/m2 = MPa) where:

 (4.5)

3 The compression index (Cc) is the slope of the 1DCL, which is a straight line on the e–log σ′ plot, 
and is dimensionless. For any two points on the linear portion of the plot

 (4.6)

 The expansion part of the e–log σ′ plot can be approximated to a straight line, the slope of which is 
referred to as the expansion index Ce (also called swell- back index). The expansion index is usually 
many times less than the compression index (as indicated in Figure 4.3).

It should be noted that although Cc and Ce represent negative gradients on the e–log σ′ plot, their value is 
always given as positive (i.e. they represent the magnitude of the gradients).

Preconsolidation pressure
Casagrande (1936) proposed an empirical construction to obtain, from the e–log σ′ curve for an overconsoli-
dated soil, the maximum effective vertical stress that has acted on the soil in the past, referred to as the pre-
consolidation pressure (σ′max). This parameter may be used to determine the in- situ OCR for the soil tested:

 (4.7)
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where σ′v0 is the in- situ vertical effective stress of the soil sample at the depth it was sampled from (effec-
tive overburden pressure), which may be calculated using the methods outlined in Chapter 3.
 Figure 4.4 shows a typical e–log σ′ curve for a specimen of soil which is initially overconsolidated. 
The initial curve (AB) and subsequent transition to a linear compression (BC) indicates that the soil is 
undergoing recompression in the oedometer, having at some stage in its history undergone swelling. 
Swelling of the soil in- situ may, for example, have been due to melting of ice sheets, erosion of overbur-
den, or a rise in water table level. The construction for estimating the preconsolidation pressure consists 
of the following steps:

1 Produce back the straight- line part (BC) of the curve;
2 Determine the point (D) of maximum curvature on the recompression part (AB) of the curve;
3 Draw a horizontal line through D;
4 Draw the tangent to the curve at D and bisect the angle between the tangent and the horizontal 

through D;
5 The vertical through the point of intersection of the bisector and CB produced gives the approximate 

value of the preconsolidation pressure.

Whenever possible, the preconsolidation pressure for an overconsolidated clay should not be exceeded in 
construction. Compression will not usually be great if the effective vertical stress remains below σ′max, as the 
soil will be always on the unload–reload part of the compression curve. Only if σ′max is exceeded will com-
pression be large. This is the key principle behind preloading, which is a technique used to reduce the com-
pressibility of soils to make them more suitable for use in foundations; this is discussed in Section 4.11.

In- situ e–log σ′ curve
Due to the effects of sampling (see Chapter 6) and test preparation, the specimen in an oedometer test 
will be slightly disturbed. It has been shown that an increase in the degree of specimen disturbance 

A

e

D

B

log σ′
σ′ max

C

Figure 4.4 Determination of preconsolidation pressure.
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results in a slight decrease in the slope of the virgin compression line. It can therefore be expected that 
the slope of the line representing virgin compression of the in- situ soil will be slightly greater than the 
slope of the virgin line obtained in a laboratory test.
 No appreciable error will be involved in taking the in- situ void ratio as being equal to the void ratio 
(e0) at the start of the laboratory test. Schmertmann (1953) pointed out that the laboratory virgin line may 
be expected to intersect the in- situ virgin line at a void ratio of approximately 0.42 times the initial void 
ratio. Thus the in- situ virgin line can be taken as the line EF in Figure 4.5 where the coordinates of E are 
log σ′max and e0, and F is the point on the laboratory virgin line at a void ratio of 0.42e0.
 In the case of overconsolidated clays, the in- situ condition is represented by the point (G) having coordi-
nates σ′0 and e0, where σ′max is the present effective overburden pressure. The in- situ recompression curve can 
be approximated to the straight line GH parallel to the mean slope of the laboratory recompression curve.

e

G E

H

F

log σ′σ′maxσ′0

Oedometer

In situ

e0

0.42e0

Figure 4.5 In- situ e–log σ ′ curve. 

Example 4.1

The following compression readings were obtained in an oedometer test on a specimen of satu-
rated clay (Gs = 2.73):

TABLE F

Pressure (kPa) 0 54 107 214 429 858 1716 3432 0

Dial gauge after 24 h (mm) 5.000 4.747 4.493 4.108 3.449 2.608 1.676 0.737 1.480

 The initial thickness of the specimen was 19.0 mm, and at the end of the test the water content 
was 19.8%. Plot the e–log σ′ curve and determine the preconsolidation pressure. Determine the 
values of mv for the stress increments 100–200 and 1000–1500 kPa. What is the value of Cc for 
the latter increment?
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Solution

 

Now

 

i.e.

 

In general, the relationship between Δe and ΔH is given by

i.e. Δe = 0.0996 ΔH, and can be used to obtain the void ratio at the end of each increment period 
(see Table 4.1). The e–log σ′ curve using these values is shown in Figure 4.6. Using Casagrande’s 
construction, the value of the preconsolidation pressure is 325 kPa.

Table 4.1 Example 4.1

Pressure (kPa) ∆H (mm) ∆e e

0 0 0 0.891

54 0.253 0.025 0.866

107 0.507 0.050 0.841

214 0.892 0.089 0.802

429 1.551 0.154 0.737

858 2.392 0.238 0.653

1716 3.324 0.331 0.560

3432 4.263 0.424 0.467

0 3.520 0.350 0.541

 

For σ′0 = 100 kPa and σ′1 = 200 kPa

e0 = 0.845 and e1 = 0.808
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4.3 Consolidation settlement

In order to estimate one- dimensional consolidation settlement, the value of either the coefficient of 
volume compressibility or the compression index is required. Consider a layer of saturated soil of thick-
ness H. Due to construction, the total vertical stress in an elemental layer of thickness dz at depth z is 
increased by a surcharge pressure Δσ (Figure 4.7). It is assumed that the condition of zero lateral strain 

0.90

0.80

0.70

0.60

0.50

0.40
10 100 1000

σ′ (kPa)
32

5

e

10 000

Figure 4.6 Example 4.1.

and therefore

 

For σ′0 = 1000 kPa and σ′1 = 1500 kPa

e0 = 0.632 and e1 = 0.577

and therefore

 

and

Note that Cc will be the same for any stress range on the linear part of the e–log σ′ curve; mv will 
vary according to the stress range, even for ranges on the linear part of the curve.
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applies within the soil layer. This is an appropriate assumption if the surcharge is applied over a wide 
area. After the completion of consolidation, an equal increase Δσ′ in effective vertical stress will have 
taken place corresponding to a stress increase from σ′0 to σ′1 and a reduction in void ratio from e0 to e1 on 
the e–σ′ curve. The reduction in volume per unit volume of soil can be written in terms of void ratio:

 

Since the lateral strain is zero, the reduction in volume per unit volume is equal to the reduction in thick-
ness per unit thickness, i.e. the settlement per unit depth. Therefore, by proportion, the settlement of the 
layer of thickness dz will be given by

 

where soed = consolidation settlement (one dimensional).
 The settlement of the layer of thickness H is given by integrating the incremental change dsoed over 
the height of the layer

  (4.8)

If mv and Δσ′ are constant with depth, then

 (4.9)

Substituting Equation 4.3 for mv, Equation 4.9 may also be written as

   (4.10)

or, in the case of a normally consolidated soil, by substituting Equation 4.6, Equation 4.9 is rewritten as

 (4.11)

In order to take into account the variation of mv and/or Δσ′ with depth (i.e. non- uniform soil), the graphi-
cal procedure shown in Figure 4.8 can be used to determine soed. The variations of initial effective verti-
cal stress (σ′0) and effective vertical stress increment (Δσ′) over the depth of the layer are represented in 
Figure 4.8(a); the variation of mv is represented in Figure 4.8(b). The curve in Figure 4.8(c) represents 
the variation with depth of the dimensionless product mvΔσ′, and the area under this curve is the settle-
ment of the layer. Alternatively, the layer can be divided into a suitable number of sub- layers and the 
product mvΔσ′ evaluated at the centre of each sub- layer: each product mvΔσ′ is then multiplied by the 
appropriate sub- layer thickness to give the sub- layer settlement. The settlement of the whole layer is 
equal to the sum of the sub- layer settlements. The sub- layer technique may also be used to analyse 
layered soil profiles where the soil layers have very different compressional characteristics.
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e0

e1

1σ′0σ′

∆σ

∆σ′

H

z

dz

soed

Figure 4.7 Consolidation settlement.

(a)

H

mv mv∆σ′∆σ′0σ′

Area =  soed

(b) (c)

Figure 4.8 Consolidation settlement: graphical procedure.

Example 4.2

A long embankment 30 m wide is to be built on layered ground as shown in Figure 4.9. The 
net vertical pressure applied by the embankment (assumed to be uniformly distributed) is 
90 kPa. The soil profile and stress distribution beneath the centre of the embankment are as 
shown in Figure 4.9 (the methods used to determine such a distribution are outlined in Section 
8.5). The value of mv for the upper clay is 0.35 m2/MN, and for the lower clay mv = 0.13 m2/
MN. The permeabilities of the clays are 10–10 m/s and 10–11 m/s for the upper and lower 
soils respectively. Determine the final settlement under the centre of the embankment due to 
consolidation.
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4.4 Degree of consolidation

For an element of soil at a particular depth z in a layer of soil, the progress of the consolidation process 
under a particular total stress increment can be expressed in terms of void ratio as follows:

 

where Uv is defined as the degree of consolidation, at a particular instant of time, at depth z (0 ≤ Uv ≤ 1); 
e0 = void ratio before the start of consolidation; e1 = void ratio at the end of consolidation and e = void 
ratio, at the time in question, during consolidation. A value of Uv = 0 means that consolidation has not yet 
begun (i.e. e = e0); Uv = 1 implies that consolidation is complete (i.e. e = e1)

90 kPa

15 m

3 m 10.5 m

Sand

0
50 100

∆σ v (kpa)

5
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m
)
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77

82Upper
clay
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Figure 4.9 Example 4.2.

Solution
The clay layers are thin relative to the width of the applied surcharge from the embankment, 
therefore it can be assumed that consolidation is approximately one- dimensional. Considering the 
stresses shown in Figure 4.9, it will be sufficiently accurate to treat each clay layer as a single 
sub- layer. For one- dimensional consolidation Δσ′ = Δσ, with the stress increments at the middle of 
each layer indicated in Figure 4.9. Equation 4.9 is then applied to determine the settlement of 
each of the layers, with H being the layer thickness (= 3 m), and these are combined to give the 
total consolidation settlement. The calculations are shown in Table 4.2.

Table 4.2 Example 4.2

Sublayer z (m) ∆σ′ (kPa) mv (m2/MN) H (m) soed (mm)

1 (Upper clay) 10.5 82 0.35 3  86.1

2 (Lower clay) 13.5 77 0.13 3  30.0

116.1
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 If the e–σ′ curve is assumed to be linear over the stress range in question, as shown in Figure 4.10, the 
degree of consolidation can be expressed in terms of σ′:

 

 Suppose that the total vertical stress in the soil at the depth z is increased from σ0 to σ1 and there is no 
lateral strain. With reference to Figure 4.11, immediately after the increase takes place, although the total 
stress has increased to σ1, the effective vertical stress will still be σ′0 (undrained conditions); only after 
the completion of consolidation will the effective stress become σ′1 (drained conditions). During consoli-
dation, the increase in effective vertical stress is numerically equal to the decrease in excess pore water 
pressure. If σ′ and ue are, respectively, the values of effective stress and excess pore water pressure at 
any time during the consolidation process and if ui is the initial excess pore water pressure (i.e. the value 
immediately after the increase in total stress), then, referring to Figure 4.10:

 

The degree of consolidation can then be expressed as

 (4.12)

Point during
consolidation

e0

e1

ue

ui

0σ′ 1σ′σ′

e

Figure 4.10 Assumed linear e–σ ′ relationship.
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Application of total stress increment

Time

Time

Point in Figure 4.10

Time

Time

0

1

Uv

u0 + ∆σ

ui = ∆σ
u0

σ′0

σ′1

σ0

σ1

σ

σ′

∆σ

u
t = 0

Figure 4.11 Consolidation under an increase in total stress ∆σ.
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4.5 Terzaghi’s theory of one- dimensional consolidation

Terzaghi (1943) developed an analytical model for determining the degree of consolidation within soil at 
any time, t. The assumptions made in the theory are:

1 The soil is homogeneous.
2 The soil is fully saturated.
3 The solid particles and water are incompressible.
4 Compression and flow are one- dimensional (vertical).
5 Strains are small.
6 Darcy’s law is valid at all hydraulic gradients.
7 The coefficient of permeability and the coefficient of volume compressibility remain constant 

throughout the process.
8 There is a unique relationship, independent of time, between void ratio and effective stress.

Regarding assumption 6, there is evidence of deviation from Darcy’s law at low hydraulic gradients. 
Regarding assumption 7, the coefficient of permeability decreases as the void ratio decreases during con-
solidation (Al- Tabbaa and Wood, 1987). The coefficient of volume compressibility also decreases during 
consolidation since the e–σ′ relationship is non- linear. However, for small stress increments assumption 
7 is reasonable. The main limitations of Terzaghi’s theory (apart from its one- dimensional nature) arise 
from assumption 8. Experimental results show that the relationship between void ratio and effective 
stress is not independent of time.
 The theory relates the following three quantities.

1 the excess pore water pressure (ue);
2 the depth (z) below the top of the soil layer;
3 the time (t) from the instantaneous application of a total stress increment.

Consider an element having dimensions dx, dy and dz within a soil layer of thickness 2d, as shown in 
Figure 4.12. An increment of total vertical stress Δσ is applied to the element.

2d

dz

z

dx.dy

Figure 4.12 Element within a consolidating layer of soil.
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 The flow velocity through the element is given by Darcy’s law as

 

Since at a fixed position z any change in total head (h) is due only to a change in pore water pressure:

 

The condition of continuity (Equation 2.12) can therefore be expressed as

 (4.13)

The rate of volume change can be expressed in terms of mv:

 

The total stress increment is gradually transferred to the soil skeleton, increasing effective stress, as the 
excess pore water pressure decreases. Hence the rate of volume change can be expressed as

  (4.14)

Combining Equations 4.13 and 4.14,

 

or

  (4.15)

This is the differential equation of consolidation, in which

  (4.16)

cv being defined as the coefficient of consolidation, with a suitable unit being m2/year. Since k and mv 
are assumed as constants (assumption 7), cv is constant during consolidation.

Solution of the consolidation equation
The total stress increment is assumed to be applied instantaneously, as in Figure 4.11. At zero time, 
therefore, the increment will be carried entirely by the pore water, i.e. the initial value of excess pore 
water pressure (ui) is equal to Δσ and the initial condition is

 

The upper and lower boundaries of the soil layer are assumed to be free- draining, the permeability of the 
soil adjacent to each boundary being very high compared to that of the soil. Water therefore drains from 



 

Consolidation

117

the centre of the soil element to the upper and lower boundaries simultaneously so that the drainage path 
length is d if the soil is of thickness 2d. Thus the boundary conditions at any time after the application of 
Δσ are

 

The solution for the excess pore water pressure at depth z after time t from Equation 4.15 is

  (4.17)

where ui = initial excess pore water pressure, in general a function of z. For the particular case in which ui 
is constant throughout the clay layer:

  (4.18)

When n is even, (1 – cos nπ) = 0, and when n is odd, (1 – cos nπ) = 2. Only odd values of n are therefore 
relevant, and it is convenient to make the substitutions

 

and

 

It is also convenient to substitute

   (4.19)

a dimensionless number called the time factor. Equation 4.18 then becomes

  (4.20)

The progress of consolidation can be shown by plotting a series of curves of ue against z for different 
values of t. Such curves are called isochrones, and their form will depend on the initial distribution 
of excess pore water pressure and the drainage conditions at the boundaries of the soil layer. A layer 
for which both the upper and lower boundaries are free- draining is described as an open layer 
(sometimes called double drainage); a layer for which only one boundary is free- draining is a half- 
closed layer (sometimes called single drainage). Examples of isochrones are shown in Figure 4.13. 
In part (a) of the figure the initial distribution of ui is constant and for an open layer of thickness 2d 
the isochrones are symmetrical about the centre line. The upper half of this diagram also represents 
the case of a half- closed layer of thickness d. The slope of an isochrone at any depth gives the 
hydraulic gradient and also indicates the direction of flow. In parts (b) and (c) of the figure, with a 
triangular distribution of ui, the direction of flow changes over certain parts of the layer. In part (c) 
the lower boundary is impermeable, and for a time swelling takes place in the lower part of the 
layer.
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Figure 4.13 Isochrones.
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 The degree of consolidation at depth z and time t can be obtained by substituting the value of ue 
(Equation 4.20) in Equation 4.12, giving

  (4.21)

In practical problems it is the average degree of consolidation (Uv) over the depth of the layer as a whole 
that is of interest, the consolidation settlement at time t being given by the product of Uv and the final 
settlement. The average degree of consolidation at time t for constant ui is given by

  (4.22)

The relationship between Uv and Tv given by Equation 4.22 is represented by curve 1 in Figure 4.14. 
Equation 4.22 can be represented almost exactly by the following empirical equations:

  (4.23)

If ui is not constant, the average degree of consolidation is given by

  (4.24)

where

 

and

 

(For a half- closed layer, the limits of integration are 0 and d in the above equations.)
 The initial variation of excess pore water pressure in a clay layer can usually be approximated in 
practice to a linear distribution. Curves 1, 2 and 3 in Figure 4.14 represent the solution of the consolida-
tion equation for the cases shown in Figure 4.15, where

iii Represents the initial conditions ui in the oedometer test, and also the field case where the height of 
the water table has been changed (water table raised = positive ui; water table lowered = negative ui);

iii Represents virgin (normal) consolidation;
iii Represents approximately the field condition when a surface loading is applied (e.g. placement of 

surcharge or construction of foundation).
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d

Figure 4.15 Initial variations of excess pore water pressure.
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Figure 4.14 Relationships between average degree of consolidation and time factor.
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4.6 Determination of coefficient of consolidation

In order to apply consolidation theory in practice, it is necessary to determine the value of the coefficient 
of consolidation for use in either Equation 4.23 or Figure 4.14. The value of cv for a particular pressure 
increment in the oedometer test can be determined by comparing the characteristics of the experimental 
and theoretical consolidation curves, the procedure being referred to as curve- fitting. The characteristics 
of the curves are brought out clearly if time is plotted to a square root or a logarithmic scale. It should be 
noted that once the value of cv has been determined, the coefficient of permeability can be calculated 
from Equation 4.16, the oedometer test being a useful method for obtaining the permeability of fine- 
grained soils.

The log time method (due to Casagrande)
The forms of the experimental and theoretical curves are shown in Figure 4.16. The experimental curve 
is obtained by plotting the dial gauge readings in the oedometer test against the time in minutes, plotted 
on a logarithmic axis. The theoretical curve (inset) is given as the plot of the average degree of consoli-
dation against the logarithm of the time factor. The theoretical curve consists of three parts: an initial 
curve which approximates closely to a parabolic relationship, a part which is linear and a final curve to 
which the horizontal axis is an asymptote at Uv = 1.0 (or 100%). In the experimental curve, the point cor-
responding to Uv = 0 can be determined by using the fact that the initial part of the curve represents an 
approximately parabolic relationship between compression and time. Two points on the curve are 
selected (A and B in Figure 4.16) for which the values of t are in the ratio of 1:4, and the vertical dis-
tance between them, ζ, is measured. In Figure 4.16, point A is shown at one minute and point B at four 
minutes. An equal distance of ζ above point A fixes the dial gauge reading (as) corresponding to Uv = 0. 
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Figure 4.16 The log time method.
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As a check, the procedure should be repeated using different pairs of points. The point corresponding to 
Uv = 0 will not generally correspond to the point (a0) representing the initial dial gauge reading, the dif-
ference being due mainly to the compression of small quantities of air in the soil, the degree of saturation 
being marginally below 100%: this compression is called initial compression. The final part of the 
experimental curve is linear but not horizontal, and the point (a100) corresponding to Uv = 100% is taken 
as the intersection of the two linear parts of the curve. The compression between the as and a100 points is 
called primary consolidation, and represents that part of the process accounted for by Terzaghi’s 
theory. Beyond the point of intersection, compression of the soil continues at a very slow rate for an 
indefinite period of time and is called secondary compression (see Section 4.7). The point af in Figure 
4.16 represents the final dial gauge reading before a subsequent total stress increment is applied.
 The point corresponding to Uv = 50% can be located midway between the as and a100 points, and the 
corresponding time t50 obtained. The value of Tv corresponding to Uv = 50% is 0.196 (Equation 4.22 or 
Figure 4.14, curve 1), and the coefficient of consolidation is given by

  (4.25)

the value of d being taken as half the average thickness of the specimen for the particular pressure incre-
ment, due to the two- way drainage in the oedometer cell (to the top and bottom). If the average tempera-
ture of the soil in- situ is known and differs from the average test temperature, a correction should be 
applied to the value of cv, correction factors being given in test standards (see Section 4.2).

The root time method (due to Taylor)
Figure 4.17 shows the forms of the experimental and theoretical curves, the dial gauge readings being 
plotted against the square root of time in minutes and the average degree of consolidation against the 
square root of time factor respectively. The theoretical curve is linear up to approximately 60% consoli-
dation, and at 90% consolidation the abscissa (AC) is 1.15 times the abscissa (AB) of the extrapolation 
of the linear part of the curve. This characteristic is used to determine the point on the experimental 
curve corresponding to Uv = 90%.
 The experimental curve usually consists of a short curved section representing initial compression, a 
linear part and a second curve. The point (D) corresponding to Uv = 0 is obtained by extrapolating the 
linear part of the curve to the ordinate at zero time. A straight line (DE) is then drawn having abscissae 
1.15 times the corresponding abscissae on the linear part of the experimental curve. The intersection of 
the line DE with the experimental curve locates the point (a90) corresponding to Uv = 90% and the corre-
sponding value  √

__
 t90   can be obtained. The value of Tv corresponding to Uv = 90% is 0.848 (Equation 4.22 

or Figure 4.14, curve 1), and the coefficient of consolidation is given by

  (4.25)

If required, the point (a100) on the experimental curve corresponding to Uv = 100%, the limit of primary 
consolidation, can be obtained by proportion. As in the log time plot, the curve extends beyond the 100% 
point into the secondary compression range. The root time method requires compression readings cover-
ing a much shorter period of time compared with the log time method, which requires the accurate defi-
nition of the second linear part of the curve well into the secondary compression range. On the other 
hand, a straight- line portion is not always obtained on the root time plot, and in such cases the log time 
method should be used.
 Other methods of determining cv have been proposed by Naylor and Doran (1948), Scott (1961) and 
Cour (1971).
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Compression ratios
The relative magnitudes of the initial compression, the compression due to primary consolidation and 
the secondary compression can be expressed by the following ratios (refer to Figures 4.16 and 4.17).

  (4.27)

 (4.28)

  (4.29)

 (4.30)
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Figure 4.17 The root time method.
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In- situ value of cv

Settlement observations have indicated that the rates of settlement of full- scale structures are generally 
much greater than those predicted using values of cv obtained from oedometer tests on small specimens 
(e.g. 75 mm diameter × 20 mm thick). Rowe (1968) has shown that such discrepancies are due to the 
influence of the soil macro- fabric on drainage behaviour. Features such as laminations, layers of silt and 
fine sand, silt- filled fissures, organic inclusions and root- holes, if they reach a major permeable stratum, 
have the effect of increasing the overall permeability of the soil mass. In general, the macro- fabric of a 
field soil is not represented accurately in a small oedometer specimen, and the permeability of such a 
specimen will be lower than the mass permeability in the field.
 In cases where fabric effects are significant, more realistic values of cv can be obtained by means of 
the hydraulic oedometer developed by Rowe and Barden (1966) and manufactured for a range of speci-
men sizes. Specimens 250 mm in diameter by 100 mm in thick are considered large enough to represent 
the natural macro- fabric of most clays: values of cv obtained from tests on specimens of this size have 
been shown to be consistent with observed settlement rates.
 Details of a hydraulic oedometer are shown in Figure 4.18. Vertical pressure is applied to the speci-
men by means of water pressure acting across a convoluted rubber jack. The system used to apply the 
pressure must be capable of compensating for pressure changes due to leakage and specimen volume 
change. Compression of the specimen is measured by means of a central spindle passing through a 
sealed housing in the top plate of the oedometer. Drainage from the specimen can be either vertical or 
radial, and pore water pressure can be measured during the test The apparatus can also be used for flow 
tests, from which the coefficient of permeability can be determined directly (see Section 2.2).
 Piezometers installed into the ground (see Chapter 6) can be used for the in- situ determination of cv, 
but the method requires the use of three- dimensional consolidation theory. The most satisfactory proce-
dure is to maintain a constant head at the piezometer tip (above or below the ambient pore water pressure 
in the soil) and measure the rate of flow into or out of the system. If the rate of flow is measured at 
various times, the value of cv (and of the coefficient of permeability k) can be deduced. Details have been 
given by Gibson (1966, 1970) and Wilkinson (1968).
 Another method of determining cv is to combine laboratory values of mv (which from experience are 
known to be more reliable than laboratory values of cv) with in- situ measurements of k, using Equation 4.16.

Spindle

Drainage

Porous plate

Specimen

Pore water
pressure

Rubber
jack

Constant
pressure
supply

Figure 4.18 Hydraulic oedometer.
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Example 4.3

The following compression readings were taken during an oedometer test on a saturated clay 
specimen (Gs = 2.73) when the applied pressure was increased from 214 to 429 kPa:

TABLE G

Time (min) 0   1 _ 4    1 _ 2  1   2  1 _ 4  4 9 16 25
Gauge (mm) 5.00  4.67 4.62 4.53 4.41 4.28 4.01 3.75 3.49
Time (min) 36 49 64 81 100 200 400 1440
Gauge (mm) 3.28 3.15 3.06 3.00 2.96 2.84 2.76 2.61

After 1440 min, the thickness of the specimen was 13.60 mm and the water content was 35.9%. 
Determine the coefficient of consolidation from both the log time and the root time methods and the 
values of the three compression ratios. Determine also the value of the coefficient of permeability.

Solution
Total change in thickness during increment = 5.00 – 2.61 = 2.39 mm

Average thickness during increment = 13.60 + 
 
= 14.80 mm

Length of drainage path d =   = 7.40 mm

From the log time plot (data shown in Figure 4.16),

 

From the root time plot (data shown in Figure 4.17)  √
__

 t90   = 7.30, and therefore
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In order to determine the permeability, the value of mv must be calculated.

 

Now

 

i.e.

 

Therefore

 

Now

 

Coefficient of permeability:

4.7 Secondary compression

In the Terzaghi theory, it is implied by assumption 8 that a change in void ratio is due entirely to a change in 
effective stress brought about by the dissipation of excess pore water pressure, with permeability alone gov-
erning the time dependency of the process. However, experimental results show that compression does not 
cease when the excess pore water pressure has dissipated to zero but continues at a gradually decreasing rate 
under constant effective stress (see Figure 4.16). Secondary compression is thought to be due to the gradual 
readjustment of fine- grained particles into a more stable configuration following the structural disturbance 
caused by the decrease in void ratio, especially if the soil is laterally confined. An additional factor is the 
gradual lateral displacements which take place in thick layers subjected to shear stresses. The rate of second-
ary compression is thought to be controlled by the highly viscous film of adsorbed water surrounding clay 
mineral particles in the soil. A very slow viscous flow of adsorbed water takes place from the zones of film 
contact, allowing the solid particles to move closer together. The viscosity of the film increases as the 
particles move closer, resulting in a decrease in the rate of compression of the soil. It is presumed that 
primary consolidation and secondary compression proceed simultaneously from the time of loading.
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 The rate of secondary compression in the oedometer test can be defined by the slope (Cα) of the final 
part of the compression–log time curve (Figure 4.16). Mitchell and Soga (2005) collated data on Cα for a 
range of natural soils, normalising the data by Cc. These data are summarised in Table 4.3, from which it 
can be seen that the secondary compression is typically between 1% and 10% of the primary compres-
sion, depending on soil type.
 The magnitude of secondary compression occurring over a given time is generally greater in nor-
mally consolidated clays than in overconsolidated clays. In overconsolidated clays strains are mainly 
elastic, but in normally consolidated clays significant plastic strains occur. For certain highly plastic 
clays and organic clays, the secondary compression part of the compression–log time curve may com-
pletely mask the primary consolidation part. For a particular soil the magnitude of secondary com-
pression over a given time, as a percentage of the total compression, increases as the ratio of pressure 
increment to initial pressure decreases; the magnitude of secondary compression also increases as the 
thickness of the oedometer specimen decreases and as temperature increases. Thus, the secondary 
compression characteristics of an oedometer specimen cannot normally be extrapolated to the full- 
scale situation.
 In a small number of normally consolidated clays it has been found that secondary compression 
forms the greater part of the total compression under applied pressure. Bjerrum (1967) showed that 
such clays have gradually developed a reserve resistance against further compression as a result of the 
considerable decrease in void ratio which has occurred, under constant effective stress, over the hun-
dreds or thousands of years since deposition. These clays, although normally consolidated, exhibit a 
quasi- preconsolidation pressure. It has been shown that, provided any additional applied pressure is 
less than approximately 50% of the difference between the quasi- preconsolidation pressure and the 
effective overburden pressure, the resultant settlement will be relatively small.

4.8 Numerical solution using the Finite Difference Method

The one- dimensional consolidation equation can be solved numerically by the method of finite differ-
ences. The method has the advantage that any pattern of initial excess pore water pressure can be 
adopted, and it is possible to consider problems in which the load is applied gradually over a period of 
time. The errors associated with the method are negligible, and the solution is easily programmed for the 
computer. A spreadsheet tool, Consolidation_CSM8.xls, which implements the FDM for solution of con-
solidation problems, as outlined in this section, is provided on the Companion Website.
 The method is based on a depth–time grid (or mesh) as shown in Figure 4.19. This differs from the 
FDM described in Chapter 2, where the two- dimensional geometry meant that only the steady- state pore 
water pressures could be determined straightforwardly. Due to the simpler one- dimensional nature of the 
consolidation process, the second dimension of the finite difference grid can be used to determine the 
evolution of pore water pressure with time.

Table 4.3  Secondary compression characteristics of natural soils (after Mitchell and 
Soga, 2005)

Soil type Cα/Cc

Sands (low fines content) 0.01–0.03

Clays and silts 0.03–0.08

Organic soils 0.05–0.10
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 The depth of the consolidating soil layer is divided into m equal parts of thickness Δz, and any speci-
fied period of time is divided into n equal intervals Δt. Any point on the grid can be identified by the 
subscripts i and j, the depth position of the point being denoted by i (0 ≤ i ≤ m) and the elapsed time by j 
(0 ≤ j ≤ n). The value of excess pore water pressure at any depth after any time is therefore denoted by ui,j. 
(In this section the subscript e is dropped from the symbol for excess pore water pressure, i.e. u repre-
sents ue as defined in Section 3.4). The following finite difference approximations can be derived from 
Taylor’s theorem:

 

Substituting these values in Equation 4.15 yields the finite difference approximation of the one- 
dimensional consolidation equation:

  (4.31)

It is convenient to write

  (4.32)

this term being called the operator of Equation 4.31. It has been shown that for convergence the value of 
the operator must not exceed 1/2. The errors due to neglecting higher- order derivatives in Taylor’s 
theorem are reduced to a minimum when the value of the operator is 1/6.

Time increasing

ui–1,j

ui+1,j

ui,j+1ui,j

Depth
increasing

∆t = t
n

∆z = Hm

Figure 4.19 One- dimensional depth- time Finite Difference mesh.
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 It is usual to specify the number of equal parts m into which the depth of the layer is to be divided, 
and as the value of β is limited a restriction is thus placed on the value of Δt. For any specified period of 
time t in the case of an open layer:

  (4.33)

In the case of a half- closed layer the denominator becomes (mΔz)2 and

  (4.34)

A value of n must therefore be chosen such that the value of β in Equation 4.33 or 4.34 does not exceed 1/2.
 Equation 4.31 does not apply to points on an impermeable boundary. There can be no flow across an 
impermeable boundary, a condition represented by the equation:

 

which can be represented by the finite difference approximation:

 

the impermeable boundary being at a depth position denoted by subscript i, i.e.

 

For all points on an impermeable boundary, Equation 4.31 therefore becomes

 (4.35)

The degree of consolidation at any time t can be obtained by determining the areas under the initial iso-
chrone and the isochrone at time t as in Equation 4.24. An implementation of this methodology may be 
found within Consolidation_CSM8.xls on the Companion Website.

Example 4.4

A half- closed clay layer (free- draining at the upper boundary) is 10 m thick and the value of cv is 
7.9 m2/year. The initial distribution of excess pore water pressure is as follows:

TABLE H

Depth (m)  0  2  4  6  8 10

Pressure (kPa) 60 54 41 29 19 15

 Obtain the values of excess pore water pressure after consolidation has been in progress for 
1 year.
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Solution
The layer is half- closed, and therefore d = 10 m. For t = 1 year,

 

Table 4.4 Example 4.4

i j

0 1 2 3 4 5 6 7 8 9 10

0 0 0 0 0 0 0 0 0 0 0 0

1 54.0 40.6 32.6 27.3 23.5 20.7 18.5 16.7 15.3 14.1 13.1

2 41.0 41.2 38.7 35.7 32.9 30.4 28.2 26.3 24.6 23.2 21.9

3 29.0 29.4 29.9 30.0 29.6 29.0 28.3 27.5 26.7 26.0 25.3

4 19.0 20.2 21.3 22.4 23.3 24.0 24.5 24.9 25.1 25.2 25.2

5 15.0 16.6 18.0 19.4 20.6 21.7 22.6 23.4 24.0 24.4 24.7

 The layer is divided into five equal parts, i.e. m = 5. Now

 

Therefore

 

(This makes the actual value of Tv = 0.080 and t = 1.01 years.) The value of n will be taken as 10 
(i.e. Δt = 1/10 year), making β = 0.2. The finite difference equation then becomes

 

but on the impermeable boundary:

 

On the permeable boundary, u = 0 for all values of t, assuming the initial pressure of 60 kPa 
instantaneously becomes zero.
 The calculations are set out in Table 4.4. The use of the spreadsheet analysis tool Consolida-
tion_CSM8.xls to analyse this example, and the other worked examples in this chapter, may be 
found on the Companion Website.
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4.9 Correction for construction period

In practice, structural loads are applied to the soil not instantaneously but over a period of time. Initially 
there is usually a reduction in net load due to excavation, resulting in swelling: settlement will not begin 
until the applied load exceeds the weight of the excavated soil. Terzaghi (1943) proposed an empirical 
method of correcting the instantaneous time–settlement curve to allow for the construction period.
 The net load (P′) is the gross load less the weight of soil excavated, and the effective construction 
period (tc) is measured from the time when P′ is zero. It is assumed that the net load is applied uniformly 
over the time tc (Figure 4.20) and that the degree of consolidation at time tc is the same as if the load P′ 
had been acting as a constant load for the period 1/2tc. Thus the settlement at any time during the con-
struction period is equal to that occurring for instantaneous loading at half that time; however, since the 
load then acting is not the total load, the value of settlement so obtained must be reduced in the propor-
tion of that load to the total load. This procedure is shown graphically in Figure 4.20.
 For the period subsequent to the completion of construction, the settlement curve will be the instanta-
neous curve offset by half the effective construction period. Thus at any time after the end of construc-
tion, the corrected time corresponding to any value of settlement is equal to the time from the start of 
loading less half the effective construction period. After a long period of time, the magnitude of settle-
ment is not appreciably affected by the construction time.
 Alternatively, a numerical solution (Section 4.8) can be used, successive increments of excess pore 
water pressure being applied over the construction period.
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Figure 4.20 Correction for construction period.
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Example 4.5

A layer of clay 8 m thick lies between two layers of sand as shown in Figure 4.21. The upper sand 
layer extends from ground level to a depth of 4 m, the water table being at a depth of 2 m. The 
lower sand layer is under artesian pressure, the piezometric level being 6 m above ground level. 
For the clay, mv = 0.94 m2/MN and cv = 1.4 m2/year. As a result of pumping from the artesian layer, 
the piezometric level falls by 3 m over a period of two years. Draw the time–settlement curve due 
to consolidation of the clay for a period of five years from the start of pumping.

Sand
WT

∆σ′ = 3γ w

(1)

3 m

6 m

2 m
4 m

8 m

(2)

Sand

Clay

Figure 4.21 Example 4.5.

Solution
In this case, consolidation is due only to the change in pore water pressure at the lower boundary of 
the clay: there is no change in total vertical stress. The effective vertical stress remains unchanged at 
the top of the clay layer, but will be increased by 3γw at the bottom of the layer due to the decrease in 
pore water pressure in the adjacent artesian layer. The distribution of Δσ′ is shown in Figure 4.21. 
The problem is one- dimensional, since the increase in effective vertical stress is the same over the 
entire area in question. In calculating the consolidation settlement, it is necessary to consider only 
the value of Δσ′ at the centre of the layer. Note that in order to obtain the value of mv it would have 
been necessary to calculate the initial and final values of effective vertical stress in the clay.
 At the centre of the clay layer, Δσ′ = 1.5γw = 14.7 kPa. The final consolidation settlement is 
given by
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The clay layer is open and two- way drainage can occur due to the high permeability of the sand 
above and below the clay: therefore d = 4 m. For t = 5 years,

 

From curve 1 of Figure 4.14, the corresponding value of Uv is 0.73. To obtain the time–settlement 
relationship, a series of values of Uv is selected up to 0.73 and the corresponding times calculated 
from the time factor equation (4.19): the corresponding values of consolidation settlement (sc) are 
given by the product of Uv and soed (see Table 4.5). The plot of sc against t gives the ‘instantane-
ous’ curve. Terzaghi’s method of correction for the two- year period over which pumping takes 
place is then carried out as shown in Figure 4.22.

Table 4.5 Example 4.5

Uv Tv t (years) sc (mm)

0.10 0.008 0.09 11
0.20 0.031 0.35 22
0.30 0.070 0.79 33
0.40 0.126 1.42 44
0.50 0.196 2.21 55
0.60 0.285 3.22 66
0.73 0.437 5.00 80
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Figure 4.22 Example 4.5 (contd).
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Example 4.6

An 8 m depth of sand overlies a 6 m layer of clay, below which is an impermeable stratum (Figure 
4.23); the water table is 2 m below the surface of the sand. Over a period of one year, a 3-m depth 
of fill (unit weight 20 kN/m3) is to be placed on the surface over an extensive area. The saturated 
unit weight of the sand is 19 kN/m3 and that of the clay is 20 kN/m3; above the water table the unit 
weight of the sand is 17 kN/m3. For the clay, the relationship between void ratio and effective 
stress (units kPa) can be represented by the equation

 

and the coefficient of consolidation is 1.26 m2/year.

a Calculate the final settlement of the area due to consolidation of the clay and the settlement 
after a period of three years from the start of fill placement.

b If a very thin layer of sand, freely draining, existed 1.5 m above the bottom of the clay layer 
(Figure 4.23(b)), what would be the values of the final and three- year settlements?

Fill

Sand

WT

Clay

d = 6 m
d = 2.25 m(1)

(2)1.5 m

4.5 m

d = 1.5 m

Impermeable

(a) (b)

2 m

8 m

6 m

Figure 4.23 Example 4.6.

Solution
a Since the fill covers a wide area, the problem can be considered to be one- dimensional. The 

consolidation settlement will be calculated in terms of Cc, considering the clay layer as a 
whole, and therefore the initial and final values of effective vertical stress at the centre of the 
clay layer are required.
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 The final settlement is calculated from Equation 4.11:

 

 In the calculation of the degree of consolidation three years after the start of fill placement, 
the corrected value of time to allow for the one- year filling period is

 

 The layer is half- closed, and therefore d = 6 m. Then

 

 From curve 1 of Figure 4.14, Uv = 0.335. Settlement after three years:

 

b The final settlement will still be 182 mm (ignoring the thickness of the drainage layer); only 
the rate of settlement will be affected. From the point of view of drainage there is now an 
open layer of thickness 4.5 m (d = 2.25 m) above a half- closed layer of thickness 1.5 m 
(d = 1.5 m): these layers are numbered 1 and 2, respectively.

 By proportion

 
 and

 
 Now for each layer, sc = Uvsoed, which is proportional to Uv H. Hence if  

__
 U   is the overall degree 

of consolidation for the two layers combined:

 

 Hence  
__

 U   = 0.86 and the 3-year settlement is
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4.10 Vertical drains

The slow rate of consolidation in saturated clays of low permeability may be accelerated by means of 
vertical drains which shorten the drainage path within the clay. Consolidation is then due mainly to hori-
zontal radial drainage, resulting in the faster dissipation of excess pore water pressure and consequently 
more rapid settlement; vertical drainage becomes of minor importance. In theory the final magnitude of 
consolidation settlement is the same, only the rate of settlement being affected.
 In the case of an embankment constructed over a highly compressible clay layer (Figure 4.24), verti-
cal drains installed in the clay would enable the embankment to be brought into service much sooner. A 
degree of consolidation of the order of 80% would be desirable at the end of construction, to keep in- 
service settlements to an acceptable level. Any advantages, of course, must be set against the additional 
cost of the installation.
 The traditional method of installing vertical drains was by driving boreholes through the clay layer 
and backfilling with a suitably graded sand, typical diameters being 200–400 mm to depths of over 30 m. 
Prefabricated drains are now generally used, and tend to be more economic than backfilled drains for a 
given area of treatment. One type of drain (often referred to as a ‘sandwick’) consists of a filter stock-
ing, usually of woven polypropylene, filled with sand. Compressed air is used to ensure that the stocking 
is completely filled with sand. This type of drain, a typical diameter being 65 mm, is very flexible and is 
generally unaffected by lateral soil displacement, the possibility of necking being virtually eliminated. 
The drains are installed either by insertion into pre- bored holes or, more commonly, by placing them 
inside a mandrel or casing which is then driven or vibrated into the ground.
 Another type of prefabricated drain is the band drain, consisting of a flat plastic core indented with 
drainage channels, surrounded by a layer of filter fabric. The fabric must have sufficient strength to 
prevent it from being squeezed into the channels, and the mesh size must be small enough to prevent the 
passage of soil particles which could clog the channels. Typical dimensions of a band drain are 
100 × 4 mm, and in design the equivalent diameter is assumed to be the perimeter divided by π. Band 
drains are installed by placing them inside a steel mandrel which is either pushed, driven or vibrated into 
the ground. An anchor is attached to the lower end of the drain to keep it in position as the mandrel is 
withdrawn. The anchor also prevents soil from entering the mandrel during installation.

Vertical
drains

Embankment

Horizontal
drainage layer

Figure 4.24 Vertical drains.
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 Drains are normally installed in either a square or a triangular pattern. As the object is to reduce the 
length of the drainage path, the spacing of the drains is the most important design consideration. The 
spacing must obviously be less than the thickness of the clay layer for the consolidation rate to be 
improved; there is therefore no point in using vertical drains in relatively thin layers. It is essential for a 
successful design that the coefficients of consolidation in both the horizontal and the vertical directions 
(ch and cv, respectively) are known as accurately as possible. In particular, the accuracy of ch is the most 
crucial factor in design, being more important than the effect of simplifying assumptions in the theory 
used. The ratio ch/cv is normally between 1 and 2; the higher the ratio, the more advantageous a drain 
installation will be. A design complication in the case of large- diameter sand drains is that the column 
of sand tends to act as a weak pile (see Chapter 9), reducing the vertical stress increment imposed on 
the clay layer by an unknown degree, resulting in lower excess pore water pressure and therefore 
reduced consolidation settlement. This effect is minimal in the case of prefabricated drains because of 
their flex ibility.
 Vertical drains may not be effective in overconsolidated clays if the vertical stress after consolidation 
remains less than the preconsolidation pressure. Indeed, disturbance of overconsolidated clay during 
drain installation might even result in increased final consolidation settlement. It should be realised that 
the rate of secondary compression cannot be controlled by vertical drains.
 In polar coordinates, the three- dimensional form of the consolidation equation, with different soil 
properties in the horizontal and vertical directions, is

  (4.36)

The vertical prismatic blocks of soil which are drained by and surround each drain are replaced by cylin-
drical blocks, of radius R, having the same cross- sectional area (Figure 4.25). The solution to Equation 
4.36 can be written in two parts:

 

and

 

S
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Figure 4.25 Cylindrical blocks.
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Figure 4.26  Relationships between average degree of consolidation and time factor 
for radial drainage. 

where Uv = average degree of consolidation due to vertical drainage only; Ur = average degree of consoli-
dation due to horizontal (radial) drainage only;

  (4.37)

 (4.38)

 The expression for Tr confirms the fact that the closer the spacing of the drains, the quicker consolidation 
due to radial drainage proceeds. The solution of the consolidation equation for radial drainage only may be 
found in Barron (1948); a simplified version which is appropriate for design is given by Hansbo (1981) as

 (4.39)

where

  (4.40)

In Equation 4.40, n = R/rd, R is the radius of the equivalent cylindrical block and rd the radius of the 
drain. The consolidation curves given by Equation 4.39 for various values of n are plotted in Figure 4.26. 
Some vertical drainage will continue to occur even if vertical drains have been installed and it can also 
be shown that

  (4.41)

where U is the average degree of consolidation under combined vertical and radial drainage.
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Installation effects
The values of the soil properties for the soil immediately surrounding the drains may be significantly 
reduced due to remoulding during installation, especially if boring is used, an effect known as smear. 
The smear effect can be taken into account either by assuming a reduced value of ch or by using a 
reduced drain diameter in Equations 4.39–4.41. Alternatively, if the extent and permeability (ks) of the 
smeared material are known or can be estimated, the expression for μ in Equation 4.40 can be modified 
after Hansbo (1979) as follows:

  (4.42)

Example 4.7

An embankment is to be constructed over a layer of clay 10 m thick, with an impermeable lower 
boundary. Construction of the embankment will increase the total vertical stress in the clay layer 
by 65 kPa. For the clay, cv = 4.7 m2/year, ch = 7.9 m2/year and mv = 0.25 m2/MN. The design require-
ment is that all but 25 mm of the settlement due to consolidation of the clay layer will have taken 
place after 6 months. Determine the spacing, in a square pattern, of 400-mm diameter sand drains 
to achieve the above requirement.

Solution

 

For t = 6 months,

 

For vertical drainage only, the layer is half- closed, and therefore d = 10 m.

 

From curve 1 of Figure 4.14, or using the spreadsheet tool on the Companion Website Uv = 0.17.
 For radial drainage the diameter of the sand drains is 0.4 m, i.e. rd = 0.2 m.
 Radius of cylindrical block:

 

 

i.e.
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4.11 Pre- loading

If construction is to be undertaken on very compressible ground (i.e. soil with high mv), it is likely that the 
consolidation settlements which will occur will be too large to be tolerable by the construction. If the com-
pressible material is close to the surface and of limited depth, one solution would be to excavate the material 
and replace it with properly compacted fill (see Section 1.7). If the compressible material is of significant 
thickness, this may prove prohibitively expensive. An alternative solution in such a case would be to pre- 
load the ground for an appropriate period by applying a surcharge, normally in the form of a temporary 
embankment, and allowing most of the settlement to take place before the final construction is built.

Now (1 – U)  =  (1 – Uv)(1 – Ur), and therefore

 

The value of n for Ur = 0.82 may then be found by evaluating Ur at different values of n using 
Equations 4.39 and 4.40 and interpolating the value of n at which Ur = 0.82. Alternatively a simple 
‘Goal seek’ or optimisation routine in a standard spreadsheet may be used to solve the equations 
iteratively. For the first of these methods, Figure 4.27 plots the value of Ur against n, from which 
it may be seen that n = 9. It should be noted that this process is greatly shortened by the use of a 
spreadsheet to perform the calculations. Therefore

 

Spacing of drains in a square pattern is given by
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Figure 4.27 Example 4.7.
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 An example for a normally consolidated soil is shown in Figure 4.28. In Figure 4.28(a), a founda-
tion, applying a pressure of qf is built without applying any pre- load; consolidation will proceed 
along the virgin compression line and the settlement will be large. In Figure 4.28(b) a pre- load is first 
applied by constructing a temporary embankment, applying a pressure qp, which induces significant 
volumetric change (and hence settlement) along the virgin compression line. Once consolidation is 
complete, the pre- load is removed and the soil swells along an unload–reload line. The foundation is 
then built and, provided the pressure applied is less than the pre- load pressure (qf < qp), the soil will 
remain on the unload–reload line and the settlement in this phase (which the foundation sees) will be 
small.
 The pre- load may have to be applied in increments to avoid undrained shear failure of the support-
ing soil (see Chapters 5 and 8). As consolidation proceeds, the shear strength of the soil increases, 
allowing further load increments to be applied. The rate of dissipation of excess pore water pressure 
can be monitored by installing piezometers (Chapter 6), thus providing a means of controlling the 
rate of loading. It should be appreciated that differential settlement will occur if non- uniform soil 
conditions exist and the ground surface may need re- levelling at the end of the pre- loading period. 
One of the principal disadvantages of pre- loading is the need to wait for consolidation to be complete 
under the pre- load before construction can begin on the foundation. One solution to this is to 
combine pre- loading with vertical drains (Section 4.10) to speed up the pre- load stage.
 The principle of pre- loading can also be applied to accelerate the settlement of embankments by sur-
charging with an additional depth of fill. At the end of an appropriate period, surcharge is removed down 
to the final (formation) level.

1. Construct
    foundation:

3. Construct
    foundation:

qf

qf
qf

qp
(a) (b)

log σ ′ log σ ′

e e

∆e

∆e

1. Construct
    footing

3. Construct
    footing

qp

qf

1. Pre-load:

1. Pre-load:

1DCL

2. Remove:

2. Remove:

Figure 4.28  Application of pre- loading: (a) foundation construction on highly 
compressible soil, (b) foundation constructed following pre- loading.
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1 Due to the finite permeability of soils, changes in applied (total) stress or 
fluctuations in groundwater level do not immediately lead to corresponding 
increments in effective stress. Under such conditions, the volume of the soil will 
change with time. Dissipation of positive excess pore pressures (due to loading 
or lowering of the water table) leads to compression which is largely 
irrecoverable. Dissipation of negative excess pore pressures (unloading or raising 
of the water table) leads to swelling which is recoverable and of much lower 
magnitude than initial compression. The compression behaviour is quantified 
mathematically by the virgin compression and unload/re- load lines in e–logσ′ 
space. The compressibility (mv), coefficient of consolidation (cv) and (indirectly) 
the permeability (k) may be determined within the oedometer.

2 The final amount of settlement due to one- dimensional consolidation can be 
straightforwardly determined using the compressibility (mv) and the known 
changes in total stress or pore pressure conditions induced by construction 
processes. A more detailed description of settlement (or heave) with time may 
be found either analytically or using the Finite Difference Method. A 
spreadsheet implementation of this method is available on the Companion 
Website.

3 For soils of low permeability (e.g. fine- grained soils) it may be necessary in 
construction to speed up the process of consolidation. This may be achieved by 
adding vertical drains. An appropriate drain specification and layout can be 
determined using standard solutions for radial pore water drainage to meet a 
specified level of performance (e.g. Ur % consolidation by time t).

Summary

Problems

4.1 In an oedometer test on a specimen of saturated clay (Gs = 2.72), the applied pressure was increased 
from 107 to 214 kPa and the following compression readings recorded:

TABLE I

Time (min) 0   1 _ 4    1 _ 2  1 2  1 _ 4  4 6  1 _ 4  9 16

Gauge (mm) 7.82 7.42 7.32 7.21 6.99 6.78 6.61 6.49 6.37

Time (min) 25 36 49 64 81 100 300 1440

Gauge (mm) 6.29 6.24 6.21 6.18 6.16 6.15 6.10 6.02

 After 1440 min, the thickness of the specimen was 15.30 mm and the water content was 23.2%. 
Determine the values of the coefficient of consolidation and the compression ratios from (a) the root 
time plot and (b) the log time plot. Determine also the values of the coefficient of volume 
compressibility and the coefficient of permeability.

4.2 In an oedometer test, a specimen of saturated clay 19 mm thick reaches 50% consolidation in 20 min. 
How long would it take a layer of this clay 5 m thick to reach the same degree of consolidation 
under the same stress and drainage conditions? How long would it take the layer to reach 30% 
consolidation?
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4.3 The following results were obtained from an oedometer test on a specimen of saturated clay:

TABLE J

Pressure (kPa) 27 54 107 214 429 214 107 54

Void ratio  1.243  1.217   1.144   1.068   0.994   1.001   1.012  1.024

 A layer of this clay 8 m thick lies below a 4 m depth of sand, the water table being at the 
surface. The saturated unit weight for both soils is 19 kN/m3. A 4-m depth of fill of unit weight 
21 kN/m3 is placed on the sand over an extensive area. Determine the final settlement due to 
consolidation of the clay. If the fill were to be removed some time after the completion of 
consolidation, what heave would eventually take place due to swelling of the clay?

4.4 Assuming the fill in Problem 4.3 is dumped very rapidly, what would be the value of excess pore 
water pressure at the centre of the clay layer after a period of three years? The layer is open and the 
value of cv is 2.4 m2/year.

4.5 A 10-m depth of sand overlies an 8-m layer of clay, below which is a further depth of sand. For the 
clay, mv = 0.83 m2/MN and cv = 4.4 m2/year. The water table is at surface level but is to be lowered 
permanently by 4 m, the initial lowering taking place over a period of 40 weeks. Calculate the final 
settlement due to consolidation of the clay, assuming no change in the weight of the sand, and the 
settlement two years after the start of lowering.

4.6 An open clay layer is 6 m thick, the value of cv being 1.0 m2/year. The initial distribution of excess 
pore water pressure varies linearly from 60 kPa at the top of the layer to zero at the bottom. Using 
the finite difference approximation of the one- dimensional consolidation equation, plot the iso-
chrone after consolidation has been in progress for a period of three years, and from the isochrone 
determine the average degree of consolidation in the layer.

4.7 A half- closed clay layer is 8 m thick and it can be assumed that cv = ch. Vertical sand drains 300 mm in 
diameter, spaced at 3 m centres in a square pattern, are to be used to increase the rate of consolidation 
of the clay under the increased vertical stress due to the construction of an embankment. Without sand 
drains, the degree of consolidation at the time the embankment is due to come into use has been calcu-
lated as 25%. What degree of consolidation would be reached with the sand drains at the same time?

4.8 A layer of saturated clay is 10 m thick, the lower boundary being impermeable; an embankment is to 
be constructed above the clay. Determine the time required for 90% consolidation of the clay layer. 
If 300-mm diameter sand drains at 4 m centres in a square pattern were installed in the clay, in what 
time would the same overall degree of consolidation be reached? The coefficients of consolidation 
in the vertical and horizontal directions, respectively, are 9.6 and 14.0 m2/year.
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Understand how soil may be modelled as a continuum, and how its mechanical 
behaviour (strength and stiffness) may be adequately described using elastic and 
plastic material (constitutive) models (Section 5.1–5.3);

2 Understand the method of operation of standard laboratory testing apparatus 
and derive strength and stiffness properties of soil from these tests for use in 
subsequent geotechnical analyses (Section 5.4);

3 Appreciate the different strength characteristics of coarse and fine- grained soils 
and derive material parameters to model these (Sections 5.5–5.6 and Section 
5.8);

4 Understand the critical state concept and its important role in coupling strength 
and volumetric behaviour in soil (Section 5.7);

5 Use simple empirical correlations to estimate strength properties of soil based 
on the results of index tests (see Chapter 1) and appreciate how these may be 
used to support the results from laboratory tests (Section 5.9).

Chapter 5

Soil behaviour in shear

5.1 An introduction to continuum mechanics

This chapter is concerned with the resistance of soil to failure in shear, a knowledge of which is required 
in the analysis of the stability of soil masses and, therefore, for the design of geotechnical structures. 
Many problems can be treated by analysis in two dimensions, i.e. where only the stresses and displace-
ments in a single plane need to be considered. This simplification will be used initially in this chapter 
while the framework for the constitutive behaviour of soil is described.
 An element of soil in the field will typically by subjected to total normal stresses in the vertical (z) 
and horizontal (x) directions due to the self- weight of the soil and any applied external loading (e.g. from 
a foundation). The latter may also induce an applied shear stress which additionally acts on the element. 
The total normal stresses and shear stresses in the x- and z- directions on an element of soil are shown in 
Figure 5.1(a), the stresses being positive in magnitude as shown; the stresses vary across the element. 
The rates of change of the normal stresses in the x- and z- directions are ∂σx/∂x and ∂σz/∂z respectively; 
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the rates of change of the shear stresses are ∂τxz/∂x and ∂τxz/∂z. Every such element within a soil mass 
must be in static equilibrium. By equating moments about the centre point of the element, and neglecting 
higher- order differentials, it is apparent that τxz = τzx. By equating forces in the x- and z- directions the fol-
lowing equations are obtained:

  (5.1a)

 (5.1b)

These are the equations of equilibrium in two dimensions in terms of total stresses; for dry soils, the 
body force (or unit weight) γ = γdry, while for saturated soil, γ = γsat. Equation 5.1 can also be written in 
terms of effective stress. From Terzaghi’s Principle (Equation 3.1) the effective body forces will be 0 
and γ′ = γ – γw in the x- and z- directions respectively. Furthermore, if seepage is taking place with hydrau-
lic gradients of ix and iz in the x- and z- directions, then there will be additional body forces due to 
seepage (see Section 3.6) of ixγw and izγw in the x- and z- directions, i.e.:

  (5.2a)

  (5.2b)

The effective stress components are shown in Figure 5.1(b).
 Due to the applied loading, points within the soil mass will be displaced relative to the axes and to one 
another, as shown in Figure 5.2. If the components of displacement in the x- and z- directions are denoted 
by u and w, respectively, then the normal strains in these directions (εx and εz, respectively) are given by
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Figure 5.1  Two- dimensional state of stress in an element of soil: (a) total stresses, (b) 
effective stresses.
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and the shear strain by

 

However, these strains are not independent; they must be compatible with each other if the soil mass as a 
whole is to remain continuous. This requirement leads to the following relationship, known as the equa-
tion of compatibility in two dimensions:

 (5.3)

 The rigorous solution of a particular problem requires that the equations of equilibrium and compati-
bility are satisfied for the given boundary conditions (i.e. applied loads and known displacement condi-
tions) at all points within a soil mass; an appropriate stress–strain relationship is also required to link the 
two equations. Equations 5.1–5.3, being independent of material properties, can be applied to soil with 
any stress–strain relationship (also termed a constitutive model). In general, soils are non- homogeneous, 
exhibit anisotropy (i.e. have different values of a given property in different directions) and have non- 
linear stress–strain relationships which are dependent on stress history (see Section 4.2) and the particu-
lar stress path followed. This can make solution difficult.
 In analysis therefore, an appropriate idealisation of the stress–strain relationship is employed to sim-
plify computation. One such idealisation is shown by the dotted lines in Figure 5.3(a), linearly elastic 
behaviour (i.e. Hooke’s Law) being assumed between O and Y′ (the assumed yield point) followed by 
unrestricted plastic strain (or flow) Y′P at constant stress. This idealisation, which is shown separately in 
Figure 5.3(b), is known as the elastic–perfectly plastic model of material behaviour. If only the col-
lapse condition (soil failure) in a practical problem is of interest, then the elastic phase can be omitted 
and the rigid–perfectly plastic model, shown in Figure 5.3(c), may be used. A third idealisation is the 
elastic–strain hardening plastic model, shown in Figure 5.3(d), in which plastic strain beyond the yield 
point necessitates further stress increase, i.e. the soil hardens or strengthens as it strains. If unloading and 
reloading were to take place subsequent to yielding in the strain hardening model, as shown by the dotted 
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Figure 5.2  Two- dimensional induced state of strain in an element of soil, due to 
stresses shown in Figure 5.1.
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line Y″U in Figure 5.3(d), there would be a new yield point Y″ at a stress level higher than that at the 
first yield point Y′. An increase in yield stress is a characteristic of strain hardening. No such increase 
takes place in the case of perfectly plastic (i.e. non- hardening) behaviour, the stress at Y″ being equal to 
that at Y′ as shown in Figures 5.3(b) and (c). A further idealisation is the elastic–strain softening plastic 
model, represented by OY′P′in Figure 5.3(d), in which the plastic strain beyond the yield point is accom-
panied by stress decrease or softening of the material.
 In plasticity theory (Hill, 1950; Calladine, 2000) the characteristics of yielding, hardening and flow 
are considered; these are described by a yield function, a hardening law and a flow rule, respectively. 
The yield function is written in terms of stress components or principal stresses, and defines the yield 
point as a function of current effective stresses and stress history. The Mohr–Coulomb criterion, which 
will be described later in Section 5.3, is one possible (simple) yield function if perfectly plastic behav-
iour is assumed. The hardening law represents the relationship between the increase in yield stress and 
the corresponding plastic strain components, i.e. defining the gradient of Y′P or Y′P′ in Figure 5.3(d). 
The flow rule specifies the relative (i.e. not absolute) magnitudes of the plastic strain components during 
yielding under a particular state of stress. The remainder of this book will consider simple elastic–per-
fectly plastic material models for soil, as shown in Figure 5.3(b), in which elastic behaviour is isotropic 
(Section 5.2) and plastic behaviour is defined by the Mohr–Coulomb criterion (Section 5.3).
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5.2 Simple models of soil elasticity

Linear elasticity
The initial region of soil behaviour, prior to plastic collapse (yield) of the soil, may be modeled using an 
elastic constitutive model. The simplest model is (isotropic) linear elasticity in which shear strain is 
directly proportional to the applied shear stress. Such a model is shown by the initial parts of the stress–
strain relationships in Figure 5.3(a, b, d), in which the relationship is a straight line, the gradient of which 
is the shear modulus, G, i.e.

  (5.4)

For a general 2-D element of soil, as shown in Figures 5.1 and 5.2, loading may not just be due to an 
applied shear stress τxz, but also by normal stress components σx and σz. For a linearly elastic constitutive 
model, the relationship between stress and strain is given by Hooke’s Law, in which

 (5.5a)

  (5.5b)

where E is the Young’s Modulus (= normal stress/normal strain) and ν is the Poisson’s ratio of the soil. 
While the soil remains elastic, determination of the soil response (strain) to applied stresses requires 
knowledge only of the elastic properties of the soil, defined by G, E and ν. For an isotropically elastic 
material (i.e. uniform behaviour in all directions), it can further be shown that the three elastic material 
constants are related by

 (5.6)

It is therefore only necessary to know any two of the elastic properties; the third can always be found 
using Equation 5.6. It is preferable in soil mechanics to use ν and G as the two properties. From Equa-
tion 5.4 it can be seen that the behaviour of soil under pure shear is independent of the normal stresses 
and therefore is not influenced by the pore water (water cannot carry shearing stresses). G may therefore 
be measured for soil which is either fully drained (e.g. after consolidation is completed) or under an 
undrained condition (before consolidation has begun), with both values being the same. E, on the other 
hand, is dependent on the normal stresses in the soil (Equation 5.5), and therefore is influenced by pore 
water. To determine response under immediate and long- term loading it would be necessary to know 
two values of E, but only one of G.
 Poisson’s ratio, which is defined as the ratio of strains in the two perpendicular directions under 
uniaxial loading (ν = εx/εz under applied loads σ′z, σ′x = 0), is also dependent on the drainage conditions. 
For fully or partially drained conditions, ν < 0.5, and is normally between 0.2 and 0.4 for most soils under 
fully drained conditions. Under undrained conditions, the soil is incompressible (no pore- water drainage 
has yet occurred). The volumetric strain of an element of linearly elastic material under normal stresses 
σx and σz is given by

 

where V is the volume of the soil element. Therefore, for undrained conditions ΔV/V = 0 (no change in 
volume), hence ν = νu = 0.5. This is true for all soils provided conditions are completely undrained.
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 For given applied stress components σx, σz and τxz, the resulting strains may be found by solving Equa-
tions 5.4 and 5.5 simultaneously. Alternatively, the equations may be written in matrix form

  (5.7)

The elastic constants G, E and ν can further be related to the constrained modulus (E′oed) described in 
Section 4.2. In the oedometer test, soil strains in the z- direction under drained conditions, but the lateral 
strains are zero. From the 3-D version of Equation 5.7 which will be introduced later (Equation 5.29), 
the zero lateral strain condition gives:

 

where E′ and ν′ are the Young’s modulus and Poisson’s ratio for fully drained conditions. Then, from the 
definition of E′oed (Equations 4.3 and 4.5):

 (5.8)

Substituting Equation 5.6

  (5.9)

Therefore, the results of oedometer tests can be used to define the shear modulus.

Non- linear elasticity
In reality, the shear modulus of soil is not a material constant, but is a highly non- linear function of shear 
strain and effective confining stress, as shown in Figure 5.4(a). At very small values of strain, the shear 
modulus is a maximum (defined as G0). The value of G0 is independent of strain, but increases with 
increasing effective stress. As a result, G0 generally increases with depth within soil masses. If the shear 
modulus is normalised by G0 to remove the stress dependence, a single non- linear curve of G/G0 versus 
shear strain is obtained (Figure 5.4(b)). Atkinson (2000) has suggested that this relationship may be 
approximated by Equation 5.10:

 (5.10)

where γ is the shear strain, γ0 defines the maximum strain at which the small- strain stiffness G0 is still 
applicable (typically around 0.001% strain), γp defines the strain at which the soil becomes plastic 
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 (typically around 1% strain) and B defines the shape of the curve between G/G0 = 0 and 1, typically being 
between 0.1–0.5 depending on the soil type. This relationship is shown in Figure 5.4(b).
 For most common geotechnical structures, the operative levels of strain will mean that the shear 
modulus G < G0. Common strain ranges are shown in Figure 5.4(c), and these may be used to estimate an 
appropriate linearised value of G for a given problem from the non- linear relationship. The full non- 
linear G–γ relationship may be determined by:

1 undertaking triaxial testing (described later in Section 5.4) on modern machines with small- strain 
sample measurements; this equipment is now available in most soil testing laboratories;

2 determining the value of G0 using seismic wave techniques (either in a triaxial cell using specialist 
bender elements, or in- situ as described in Chapters 6 and 7) and combining this with a normalised 
G/G0 versus γ relationship (e.g. Equation 5.10; see Atkinson, 2000 for further details).

Of these methods, the second is usually the cheapest and quickest to implement in practice. In principle, 
the value of G can also be estimated from the curve relating principal stress difference and axial strain in 
an undrained triaxial test (this will be described in Section 5.4). Without small- strain sample measure-
ments, however, the data are only likely to be available for γ > 0.1% (see Figure 5.4(d)). Because of the 
effects of sampling disturbance (see Chapter 6), it can be preferable to determine G (or E) from the 
results of in- situ rather than laboratory tests.
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5.3 Simple models of soil plasticity

Soil as a frictional material
The use of elastic models alone (as described previously) implies that the soil is infinitely strong. If at a 
point on any plane within a soil mass the shear stress becomes equal to the shear strength of the soil, 
then failure will occur at that point. Coulomb originally proposed that the limiting strength of soils was 
frictional, imagining that if slip (plastic failure) occurred along any plane within an element of closely 
packed particles (soil), then the slip plane would be rough due to all of the individual particle- to-particle 
contacts. Friction is commonly described by:

 

where T is the limiting frictional force, N is the normal force acting perpendicular to the slip plane and μ 
is the coefficient of friction. This is shown in Figure 5.5(a). In an element of soil, it is more useful to use 
shear stress and normal stress instead of T and N

 

where tan φ is equivalent to the coefficient of friction, which is an intrinsic material property related to 
the roughness of the shear plane (i.e. the shape, size and angularity of the soil particles). The frictional 
relationship in terms of stresses is shown in Figure 5.5(b).
 While Coulomb’s frictional model represented loosely packed particle arrangements well, if the parti-
cles are arranged in a dense packing then additional initial interlocking between the particles can cause 
the frictional resistance τf to be higher than that predicted considering friction alone. If the normal stress 
is increased, it can become high enough that the contact forces between the individual particles cause 
particle breakage, which reduces the degree of interlocking and makes slip easier. At high normal 
stresses, therefore, the interlocking effect disappears and the material behaviour becomes purely fric-
tional again. This is also shown in Figure 5.5(b).
 In accordance with the principle that shear stress in a soil can be resisted only by the skeleton of solid 
particles and not the pore water, the shear strength (τf ) of a soil at a point on a particular plane is nor-
mally expressed as a function of effective normal stress (σ′) rather than total stress.
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Figure 5.5  (a) Frictional strength along a plane of slip, (b) strength of an assembly of 
particles along a plane of slip.
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The Mohr–Coulomb model
As described in Section 5.1, the state of stress in an element of soil is defined in terms of the normal and 
shear stresses applied to the boundaries of the soil element. States of stress in two dimensions can be 
represented on a plot of shear stress (τ) against effective normal stress (σ′). The stress state for a 2-D 
element of soil can be represented either by a pair of points with coordinates (σ′z, τzx) and (σ′x, τxz), or by a 
Mohr circle defined by the effective principal stresses σ′1 and σ′3, as shown in Figure 5.6. The stress 
points at either end of a diameter through a Mohr circle at an angle of 2θ to the horizontal represent the 
stress conditions on a plane at an angle of θ to the minor principal stress. The circle therefore represents 
the stress states on all possible planes within the soil element. The principal stress components alone are 
enough to fully describe the position and size of the Mohr circle and so are often used to describe the 
stress state, as it reduces the number of stress variables from three (σ′x, σ′z, τzx) to two (σ′1, σ′3). When the 
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element of soil reaches failure, the circle will just touch the failure envelope, at a single point. The 
failure envelope is defined by the frictional model described above; however, it can be difficult to deal 
with the non- linear part of the envelope associated with interlocking, so that it is common practice to 
approximate the failure envelope by a straight line described by:

  (5.11)

where c′ and φ′ are shear strength parameters referred to as the cohesion intercept and the angle of 
shearing resistance, respectively. Failure will thus occur at any point in the soil where a critical combi-
nation of shear stress and effective normal stress develops. It should be appreciated that c′ and φ′ are 
simply mathematical constants defining a linear relationship between shear strength and effective normal 
stress. Shearing resistance is developed mechanically due to inter- particle contact forces and friction, as 
described above; therefore, if effective normal stress is zero then shearing resistance must also be zero 
(unless there is cementation or some other bonding between the particles) and the value of c′ would be 
zero. This point is crucial to the interpretation of shear strength parameters (described in Section 5.4).
 A state of stress represented by a stress point that plots above the failure envelope, or by a Mohr 
circle, part of which lies above the envelope, is impossible.
 With reference to the general case with c′ > 0 shown in Figure 5.6, the relationship between the shear 
strength parameters and the effective principal stresses at failure at a particular point can be deduced, 
compressive stress being taken as positive. The coordinates of the tangent point are τf and σ′f where

  (5.12)

   (5.13)

and θ is the theoretical angle between the minor principal plane and the plane of failure. It is apparent 
that 2θ  = 90° + φ′, such that

  (5.14)

Now

 
Therefore

  (5.15a)

or

  (5.15b)

Equation 5.15 is referred to as the Mohr–Coulomb failure criterion, defining the relationship between 
principal stresses at failure for given material properties c′ and φ′.
 For a given state of stress it is apparent that, because σ′1 = σ1 – u and σ′3 = σ3 – u, the Mohr circles for total 
and effective stresses have the same diameter but their centres are separated by the corresponding pore water 
pressure u, as shown in Figure 5.7. Similarly, total and effective stress points are separated by the value of u.
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Effect of drainage conditions on shear strength
The shear strength of a soil under undrained conditions is different from that under drained conditions. 
The failure envelope is defined in terms of effective stresses by φ′ and c′, and so is the same irrespective 
of whether the soil is under drained or undrained conditions; the difference is that under a given set of 
applied total stresses, in undrained loading excess pore pressures are generated which change the effec-
tive stresses within the soil (under drained conditions excess pore pressures are zero as consolidation is 
complete). Therefore, two identical samples of soil which are subjected to the same changes in total 
stress but under different drainage conditions will have different internal effective stresses and therefore 
different strengths according to the Mohr–Coulomb criterion. Rather than have to determine the pore 
pressures and effective stresses under undrained conditions, the undrained strength can be expressed in 
terms of total stress. The failure envelope will still be linear, but will have a different gradient and inter-
cept; a Mohr–Coulomb model can therefore still be used, but the shear strength parameters are different 
and denoted by cu and φu (= 0, see Section 5.6), with the subscripts denoting undrained behaviour. The 
drained strength is expressed directly in terms of the effective stress parameters c′ and φ′ described pre-
viously.
 When using these strength parameters to subsequently analyse geotechnical constructions in practice, 
the principal consideration is the rate at which the changes in total stress (due to construction operations) 
are applied in relation to the rate of dissipation of excess pore water pressure (consolidation), which in 
turn is related to the permeability of the soil as described in Chapter 4. In fine- grained soils of low per-
meability (e.g. clay, silt), loading in the short term (e.g. of the order of weeks or less) will be undrained, 
while in the long- term, conditions will be drained. In coarse grained soils (e.g. sand, gravel) both short 
and long- term loading will result in drained conditions due to the higher permeability, allowing consoli-
dation to take place rapidly. Under dynamic loading (e.g. earthquakes), loading may be fast enough to 
generate an undrained response in coarse- grained material. ‘Short- term’ is taken to be synonymous with 
‘during construction’, while ‘long- term’ usually relates to the design life of the construction (usually 
many tens of years).
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Figure 5.7 Mohr circles for total and effective stresses.
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5.4 Laboratory shear tests

The shear stiffness (G) and strength parameters (c′, φ′, cu) for a particular soil can be determined by 
means of laboratory tests on specimens taken from representative samples of the in- situ soil. Great care 
and judgement are required in the sampling operation and in the storage and handling of samples prior to 
testing, especially in the case of undisturbed samples where the object is to preserve the in- situ struc-
ture and water content of the soil. In the case of clays, test specimens may be obtained from tube or 
block samples, the latter normally being subjected to the least disturbance. Swelling of a clay specimen 
will occur due to the release of the in- situ total stresses. Sampling techniques are described in more 
detail in Chapter 6.

The direct shear test
Test procedures are detailed in BS 1377, Parts 8 (UK), CEN ISO/TS 17892–10 (Europe) and ASTM 
D3080 (US). The specimen, of cross- sectional area A, is confined in a metal box (known as the shear-
box or direct shear apparatus) of square or circular cross- section split horizontally at mid- height, a 
small clearance being maintained between the two halves of the box. At failure within an element of 
soil under principal stresses σ′1 and σ′3, a slip plane will form within the element at an angle θ as 
shown in Figure 5.6. The shearbox is designed to represent the stress conditions along this slip plane. 
Porous plates are placed below and on top of the specimen if it is fully or partially saturated to allow 
free drainage: if the specimen is dry, solid metal plates may be used. The essential features of the 
apparatus are shown in Figure 5.8. In Figure 5.8(a), a vertical force (N) is applied to the specimen 
through a loading plate, under which the sample is allowed to consolidate. Shear displacement is then 
gradually applied on a horizontal plane by causing the two halves of the box to move relative to each 
other, the shear force required (T) being measured together with the corresponding shear displace-
ment (Δl). The induced shear stress within the sample on the slip plane is equal to that required to 
shear the two halves of the box. Suggested rates of shearing for fully drained conditions to be 
achieved are approximately 1 mm/min for sand, 0.01 mm/min for silt and 0.001 mm/min for clay 
(Bolton, 1991). Normally, the change in thickness (Δh) of the specimen is also measured. If the initial 
thickness of the specimen is h0, then the shear strain (γ) can be approximated by Δl/h0 and the volu-
metric strain (εv) by Δh/h0.

Interpretation of direct shear test data
A number of specimens of the soil are tested, each under a different vertical force, and the value of shear 
stress at failure (τf = T/A) is plotted against the normal effective stress (σ′f = N/A) for each test. The Mohr–
Coulomb shear strength parameters c′ and φ′ are then obtained from the straight line which best fits the 
plotted points. The shear stress throughout the test may also be plotted against the shear strain; the gradi-
ent of the initial part of the curve before failure (peak shear stress) gives a crude approximation of the 
shear modulus G.
 The test suffers from several disadvantages, the main one being that drainage conditions cannot be 
controlled. As pore water pressure cannot be measured, only the total normal stress can be determined, 
although this is equal to the effective normal stress if the pore water pressure is zero (i.e. by shearing 
slowly enough to achieve drained conditions). Only an approximation to the state of pure shear defined 
in Figure 5.2 is produced in the specimen and shear stress on the failure plane is not uniform, failure 
occurring progressively from the edges towards the centre of the specimen. Furthermore, the cross- 
sectional area of the sample under the shear and vertical loads does not remain constant throughout the 
test. The advantages of the test are its simplicity and, in the case of coarse- grained soils, the ease of 
specimen preparation.
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The triaxial test
The triaxial apparatus is the most widely used laboratory device for measuring soil behaviour in shear, 
and is suitable for all types of soil. The test has the advantages that drainage conditions can be control-
led, enabling saturated soils of low permeability to be consolidated, if required, as part of the test proced-
ure, and pore water pressure measurements can be made. A cylindrical specimen, generally having a 
length/diameter ratio of 2, is used in the test; this sits within a chamber of pressurised water. The sample 
is stressed axially by a loading ram and radially by the confining fluid pressure under conditions of axial 
symmetry in the manner shown in Figure 5.9. The most common test, triaxial compression, involves 
applying shear to the soil by holding the confining pressure constant and applying compressive axial 
load through the loading ram.
 The main features of the apparatus are also shown in Figure 5.9. The circular base has a central ped-
estal on which the specimen is placed, there being access through the pedestal for drainage and for the 
measurement of pore water pressure. A Perspex cylinder, sealed between a ring and the circular cell top, 
forms the body of the cell. The cell top has a central bush through which the loading ram passes. The 
cylinder and cell top clamp onto the base, a seal being made by means of an O- ring.
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Figure 5.8  Direct shear apparatus: (a) schematic, (b) standard direct shear apparatus 
(image courtesy of Impact Test Equipment Ltd.).
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Figure 5.9  The triaxial apparatus: (a) schematic, (b) a standard triaxial cell (image 
courtesy of Impact Test Equipment Ltd.).
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 The specimen is placed on either a porous or a solid disc on the pedestal of the apparatus. Typical 
specimen diameters (in the UK) are 38 and 100 mm. A loading cap is placed on top of the specimen, and 
the specimen is then sealed in a rubber membrane, O- rings under tension being used to seal the mem-
brane to the pedestal and the loading cap to make these connections watertight. In the case of sands, the 
specimen must be prepared in a rubber membrane inside a rigid former which fits around the pedestal. A 
small negative pressure is applied to the pore water to maintain the stability of the specimen while the 
former is removed prior to the application of the all- round confining pressure. A connection may also be 
made through the loading cap to the top of the specimen, a flexible plastic tube leading from the loading 
cap to the base of the cell; this connection is normally used for the application of back pressure (as 
described later in this section). Both the top of the loading cap and the lower end of the loading ram have 
coned seatings, the load being transmitted through a steel ball. The specimen is subjected to an all- round 
fluid pressure in the cell, consolidation is allowed to take place, if appropriate, and then the axial stress is 
gradually increased by the application of compressive load through the ram until failure of the specimen 
takes place, usually on a diagonal plane through the sample (see Figure 5.6). The load is measured by 
means of a load ring or by a load transducer fitted to the loading ram either inside or outside the cell. The 
system for applying the all- round pressure must be capable of compensating for pressure changes due to 
cell leakage or specimen volume change.
 Prior to triaxial compression, sample consolidation may be permitted under equal increments of total 
stress normal to the end and circumferential surfaces of the specimen, i.e. by increasing the confining 
fluid pressure within the triaxial cell. Lateral strain in the specimen is not equal to zero during consolida-
tion under these conditions (unlike in the oedometer test, as described in Section 4.2). This is known as 
isotropic consolidation. Dissipation of excess pore water pressure takes place due to drainage through 
the porous disc at the bottom (or top, or both) of the specimen. The drainage connection leads to an 
external volume gauge, enabling the volume of water expelled from the specimen to be measured. Filter 
paper drains, in contact with the end porous disc, are sometimes placed around the circumference of the 
specimen; both vertical and radial drainage then take place and the rate of dissipation of excess pore 
water pressure is increased to reduce test time for this stage.
 The pore water pressure within a triaxial specimen can usually be measured, enabling the results to be 
expressed in terms of effective stresses within the sample, rather than just the known applied total 
stresses; conditions of no flow either out of or into the specimen must be maintained, otherwise the 
correct pressure will be modified. Pore water pressure is normally measured by means of an electronic 
pressure transducer.
 If the specimen is partially saturated, a fine porous ceramic disc must be sealed into the pedestal of 
the cell if the correct pore water pressure is to be measured. Depending on the pore size of the ceramic, 
only pore water can flow through the disc, provided the difference between the pore air and pore water 
pressures is below a certain value, known as the air entry value of the disc. Under undrained conditions 
the ceramic disc will remain fully saturated with water, provided the air entry value is high enough, 
enabling the correct pore water pressure to be measured. The use of a coarse porous disc, as normally 
used for a fully saturated soil, would result in the measurement of the pore air pressure in a partially 
saturated soil.

Test limitations and corrections
The average cross- sectional area (A) of the specimen does not remain constant throughout the test, and 
this must be taken into account when interpreting stress data from the axial ram load measurements. If 
the original cross- sectional area of the specimen is A0, the original length is l0 and the original volume is 
V0, then, if the volume of the specimen decreases during the test,

  (5.16)
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where εv is the volumetric strain (ΔV/V0) and εa is the axial strain (Δl/l0). If the volume of the specimen 
increases during a drained test, the sign of ΔV will change and the numerator in Equation 5.16 becomes 
(1 + εv). If required, the radial strain (εr) could be obtained from the equation

 (5.17)

In addition, the strain conditions in the specimen are not uniform due to frictional restraint produced by 
the loading cap and pedestal disc; this results in dead zones at each end of the specimen, which becomes 
barrel- shaped as the test proceeds. Non- uniform deformation of the specimen can be largely eliminated 
by lubrication of the end surfaces. It has been shown, however, that non- uniform deformation has no sig-
nificant effect on the measured strength of the soil, provided the length/diameter ratio of the specimen is 
not less than 2. The compliance of the rubber membrane must also be accounted for.

Interpretation of triaxial test data: strength
Triaxial data may be presented in the form of Mohr circles at failure; it is more straightforward, however, 
to present it in terms of stress invariants, such that a given set of effective stress conditions can be repre-
sented by a single point instead of a circle. Under 2-D stress conditions, the state of stress represented in 
Figure 5.6 could also be defined by the radius and centre of the Mohr circle. The radius is usually 
denoted by t = ½(σ′1 – σ′3), with the centre point denoted by s′ = ½(σ′1 – σ′3). These quantities (t and s′) also 
represent the maximum shear stress within the element and the average principal effective stress, respec-
tively. The stress state could also be expressed in terms of total stress. It should be noted that

 

i.e. parameter t, much like shear stress τ is independent of u. This parameter is known as the deviatoric 
stress invariant for 2-D stress conditions, and is analogous to shear stress τ acting on a shear plane 
(alternatively, τ may be thought of as the deviatoric stress invariant in direct shear). Parameter s′ is also 
known as the mean stress invariant, and is analogous to the normal effective stress acting on a shear 
plane (i.e. causing volumetric change but no shear). Substituting Terzaghi’s Principle into the definition 
of s′, it is apparent that

 

or, re- written, s′ = s – u, i.e. Terzaghi’s Principle rewritten in terms of the 2-D stress invariants.
 The stress conditions and Mohr circle for a 3-D element of soil under a general distribution of stresses 
is shown in Figure 5.10. Unlike 2-D conditions when there are three unique stress components (σ′x, σ′z, 
τzx), in 3-D there are six stress components (σ′x, σ′y, σ′z, τxy, τyz, τzx). These can, however, be reduced to a 
set of three principal stresses, σ′1, σ′2 and σ′3. As before, σ′1 and σ′3 are the major (largest) and minor 
(smallest) principal stresses; σ′2 is known as the intermediate principal stress. For the general case 
where the three principal stress components are different (σ′1 > σ′2 > σ′3, also described as true triaxial 
conditions), a set of three Mohr circles can be drawn as shown in Figure 5.10.
 As, in the case of 2-D stress conditions, it was possible to describe the stress state in terms of a mean 
and deviatoric invariant (s′ and t respectively), so it is possible in 3-D conditions. To distinguish between 
2-D and 3-D cases, the triaxial mean invariant is denoted p′ (effective stress) or p (total stress), and the 
deviatoric invariant by q. As before, the mean stress invariant causes only volumetric change (does not 
induce shear), and is the average of the three principal stress components:

  (5.18)
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Equation 5.18 may also be written in terms of total stresses. Similarly, q, as the deviatoric invariant, 
induces shearing within the sample and is independent of the pore fluid pressure, u:

  (5.19)

A full derivation of Equation 5.19 may be found in Atkinson and Bransby (1978). In the triaxial cell, the 
stress conditions are simpler than the general case shown in Figure 5.10. During a standard compression 
test, σ1 = σa, and due to the axial symmetry, σ2 = σ3 = σr, so that Equations 5.18 and 5.19 reduce to:

  (5.20)

 (5.21)
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Figure 5.10 Mohr circles for triaxial stress conditions.
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The confining fluid pressure within the cell (σr) is the minor principal stress in the standard triaxial com-
pression test. The sum of the confining pressure and the applied axial stress from the loading ram is the 
major principal stress (σa), on the basis that there are no shear stresses applied to the surfaces of the 
specimen. The applied axial stress component from the loading ram is thus equal to the deviatoric stress 
q, also referred to as the principal stress difference. As the intermediate principal stress is equal to the 
minor principal stress, the stress conditions at failure can be represented by a single Mohr circle, as 
shown in Figure 5.6 with σ′1 = σ′a and σ′3 = σ′r. If a number of specimens are tested, each under a different 
value of confining pressure, the failure envelope can be drawn and the shear strength parameters for the 
soil determined.
 Because of the axial symmetry in the triaxial test, both 2-D and 3-D invariants are in common usage, 
with stress points represented by s′,t or p′,q respectively. The parameters defining the strength of the soil 
(φ′ and c′) are not affected by the invariants used; however, the interpretation of the data to find these 
properties does vary with the set of invariants used. Figure 5.11 shows the Mohr–Coulomb failure enve-
lope for an element of soil plotted in terms of direct shear (σ′, τ), 2-D (s′, t) and 3-D/triaxial (p′, q) stress 
invariants. Under direct shear conditions, it has already been described in Section 5.3 that the gradient of 
the failure envelope τ/σ′ is equal to the tangent of the angle of shearing resistance and the intercept is 
equal to c′ (Figure 5.11(a)). For 2-D conditions, Equation 5.15a gives:

  (5.22)

Therefore, if the points of ultimate failure in triaxial tests are plotted in terms of s′ and t, a straight- line 
failure envelope will be obtained – the gradient of this line is equal to the sine of the angle of shearing 
resistance and the intercept = c′cos φ′ (Figure 5.11(b)). Under triaxial conditions with σ2 = σ3, from the 
definitions of p′ and q (Equations 5.20 and 5.21) it is clear that:

  (5.23)

and

  (5.24)

The gradient of the failure envelope in triaxial conditions is described by the parameter M = q/p′, (Figure 
5.11(c)) so that from Equation 5.15a:

  (5.25)

Equation 5.25 represents a straight line when plotted in terms of p′ and q with a gradient given by

  (5.26)
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Equations 5.25 and 5.26 apply only to triaxial compression, where σa > σr. For samples under triaxial 
extension, σr > σa, the cell pressure becomes the major principal stress. This does not affect Equation 
5.23, but Equation 5.24 becomes

  (5.27)

giving:

  (5.28)

As the friction angle of the soil must be the same whether it is measured in triaxial compression or 
extension, this implies that different values of M will be observed in compression and extension.

Interpretation of triaxial test data: stiffness
Triaxial test data can also be used to determine the stiffness properties (principally the shear modulus, 
G) of a soil. Assuming that the soil is isotropically linear elastic, for 3-D stress conditions Equation 5.7 
can be extended to give:

 
 (5.29)
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This may alternatively be simplified in terms of principal stresses and strains to give:

  (5.30)

The deviatoric shear strain εs within a triaxial cell (i.e. the strain induced by the application of the devia-
toric stress, q, also known as the triaxial shear strain) is given by:

 (5.31)

Substituting for ε1 and ε3 from Equation 5.30 and using Equation 5.6, Equation 5.31 reduces to:

  (5.32)

This implies that on a plot of q versus εs (i.e. deviatoric stress versus deviatoric strain), the value of the gradi-
ent of the curve prior to failure is equal to three times the shear modulus. Generally, in order to determine εs 
within a triaxial test, it is necessary to measure both the axial strain εa (= ε1 for triaxial compression) and the 
radial strain εr (= ε3). While the former is routinely measured, direct measurement of the latter parameter 
requires sophisticated sensors to be attached directly to the sample, though the volume change during drained 
shearing may also be used to infer εr using Equation 5.17. If, however, the test is conducted under undrained 
conditions, then there will be no volume change (εv = 0) and hence from Equation 5.17:

 (5.33)

From Equation 5.31 it is then clear that for undrained conditions, εs = εa. A plot of q versus εa for an 
un drained test will thus have a gradient equal to 3G. Undrained triaxial testing is therefore extremely 
useful for determining shear modulus, using measurements which can be made on even the most basic 
triaxial cells. As G is independent of the drainage conditions within the soil, the value obtained applies 
equally well for subsequent analysis of the soil under drained loadings. In addition to reducing instru-
mentation requirements, undrained testing is also much faster than drained testing, particularly for satu-
rated clays of low permeability.
 If drained triaxial tests are conducted in which volume change is permitted, radial strain measure-
ments should be made such that G can be determined from a plot of q versus εs. Under these test condi-
tions the drained Poisson’s ratio (ν′) can also be determined, being:

  (5.34)

Under undrained conditions it is not necessary to measure Poisson’s ratio (νu), as, comparing Equations 
5.33 and 5.34, it is clear that νu = 0.5 for there to be no volume change.

Testing under back pressure
Testing under back pressure involves raising the pore water pressure within the sample artificially by 
connecting a source of constant fluid pressure through a porous disc to one end of a triaxial specimen. In 
a drained test this connection remains open throughout the test, drainage taking place against the back 
pressure; the back pressure is then the datum for excess pore water pressure measurement. In a 
consolidated- undrained test (described later) the connection to the back pressure source is closed at the 
end of the consolidation stage, before the application of the principal stress difference is commenced.
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 The object of applying a back pressure is to ensure full saturation of the specimen or to simulate in- 
situ pore water pressure conditions. During sampling, the degree of saturation of a fine- grained soil may 
fall below 100% owing to swelling on the release of in- situ stresses. Compacted specimens will also 
have a degree of saturation below 100%. In both cases, a back pressure is applied which is high enough 
to drive the pore air into solution in the pore water.
 It is essential to ensure that the back pressure does not by itself change the effective stresses in the 
specimen. It is necessary, therefore, to raise the cell pressure simultaneously with the application of the 
back pressure and by an equal increment. Consider an element of soil, of volume V and porosity n, in 
equilibrium under total principal stresses σ1, σ2 and σ3, as shown in Figure 5.12, the pore pressure being 
u0. The element is subjected to equal increases in confining pressure Δσ3 in each direction i.e. an iso-
tropic increase in stress, accompanied by an increase Δu3 in pore pressure.

The increase in effective stress in each direction = Δσ3 – Δu3

Reduction in volume of the soil skeleton = CsV(Δσ3 – Δu3)

where Cs is the compressibility of the soil skeleton under an isotropic effective stress increment.

Reduction in volume of the pore space = CvnVΔu3

where Cv is the compressibility of pore fluid under an isotropic pressure increment.
 If the soil particles are assumed to be incompressible and if no drainage of pore fluid takes place, then 
the reduction in volume of the soil skeleton must equal the reduction in volume of the pore space, i.e.

 

Therefore,

 

Writing 1/[1 + n(Cv / Cs)]  = B, defined as a pore pressure coefficient,

  (5.35)

 In fully saturated soils the compressibility of the pore fluid (water only) is considered negligible com-
pared with that of the soil skeleton, and therefore Cv/Cs → 0 and B → 1. In partially saturated soils the 
compressibility of the pore fluid is high due to the presence of pore air, and therefore Cv/Cs > 0 and B < 1. 
The variation of B with degree of saturation for a particular soil is shown in Figure 5.13.
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σ1 + ∆σ3
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Figure 5.12 Soil element under isotropic stress increment.
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 The value of B can be measured in the triaxial apparatus (Skempton, 1954). A specimen is set up 
under any value of all- round pressure and the pore water pressure measured. Under undrained conditions 
the all- round pressure is then increased (or reduced) by an amount Δσ3 and the change in pore water 
pressure (Δu) from the initial value is measured, enabling the value of B to be calculated from Equation 
5.35. A specimen is normally considered to be saturated if the pore pressure coefficient B has a value of 
at least 0.95.

Types of triaxial test
Many variations of test procedure are possible with the triaxial apparatus, but the three principal types of 
test are as follows:

1 Unconsolidated–Undrained (UU). The specimen is subjected to a specified confining pressure and 
then the principal stress difference is applied immediately, with no drainage/consolidation being 
permitted at any stage of the test. The test procedure is standardised in BS1377, Part 7 (UK), CEN 
ISO/TS 17892–8 (Europe) and ASTM D2850 (US).

2 Consolidated–Undrained (CU). Drainage of the specimen is permitted under a specified confining 
pressure until consolidation is complete; the principal stress difference is then applied with no further 
drainage being permitted. Pore water pressure measurements may be made during the undrained part 
of the test to determine strength parameters in terms of effective stresses. The consolidation phase is 
isotropic in most standard testing, denoted by CIU. Modern computer- controlled triaxial machines 
(also known as stress path cells) use hydraulic pressure control units to control the cell (confining) 
pressure, back pressure and ram load (axial stress) independently (Figure 5.14). Such an apparatus 
can therefore apply a ‘no- lateral strain’ condition where stresses are anisotropic, mimicking the one- 
dimensional compression that occurs in an oedometer test. These tests are often denoted by CAU (the 
‘A’ standing for anisotropic). The test procedure is standardised in BS1377, Part 8 (UK), CEN ISO/
TS 17892–9 (Europe) and ASTM D4767 (US).

3 Consolidated–Drained (CD). Drainage of the specimen is permitted under a specified confining 
pressure until consolidation is complete; with drainage still being permitted, the principal stress 
difference is then applied at a rate slow enough to ensure that the excess pore water pressure is main-
tained at zero. The test procedure is standardised in BS1377, Part 8 (UK), CEN ISO/TS 17892–9 
(Europe) and ASTM D7181 (US).
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Figure 5.13 Typical relationship between B and degree of saturation.
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The use of these test procedures for determining the strength and stiffness properties of both coarse and 
fine grained soils will be discussed in the following sections (5.5 and 5.6).

Other tests
Although direct shear and triaxial tests are the most commonly used laboratory tests for quantifying the 
constitutive behaviour of soil, there are other tests which are used routinely. An unconfined compres-
sion test is essentially a triaxial test in which the confining pressure σ3 = 0. The reported result from such 
a test is the unconfined compressive strength (UCS), which is the major principal (axial) stress at 
failure (which, because σ′3 = 0, is also the deviatoric stress at failure). As with the triaxial test, a Mohr 
circle may be plotted for the test as shown in Figure 5.15; however, as only one test is conducted it is not 

Figure 5.14 Stress path triaxial cell (image courtesy of GDS Instruments).
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Figure 5.15 Unconfined compression test interpretation.
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possible to define the Mohr–Coulomb shear strength envelope without conducting further triaxial tests. 
The test is not suitable for cohesionless soils (c′ ≈ 0), which would fail immediately without the applica-
tion of confining pressure. It is usually used with fine- grained soils, and is particularly popular for testing 
rock.
 A laboratory vane is sometimes used in fine- grained soils for measuring the undrained shear strength 
parameter cu. It is much quicker and simpler for this purpose than conducting a UU triaxial test. It is not 
discussed further in this chapter, as its principle of operation is similar to the field vane, which is 
described in detail in Section 7.3.
 The simple shear apparatus (SSA) is an alternative to the direct shear apparatus (DSA) described 
earlier in this section. Rather than using a split shear box, the side walls of the simple shear apparatus are 
usually formed of either plates which can rotate, or a series of laminations which can move relative to 
each other or are flexible, such arrangements allowing rotation of the sides of the sample which imposes 
a state of pure simple shear as defined in Figures 5.1 and 5.2. Analysis of the test data is identical to the 
DSA, although the approximations and assumptions made for the conditions within the DSA are truer 
for the SSA. While the SSA is better for testing soil, it cannot conduct interface shear tests and is there-
fore not as versatile or popular as the DSA.

5.5 Shear strength of coarse- grained soils

The shear strength characteristics of coarse- grained soils such as sands and gravels can be determined 
from the results of either direct shear tests or drained triaxial tests, only the drained strength of such soils 
normally being relevant in practice. The characteristics of dry and saturated sands or gravels are the 
same, provided there is zero excess pore water pressure generated in the case of saturated soils, as 
strength and stiffness are dependent on effective stress. Typical curves relating shear stress and shear 
strain for initially dense and loose sand specimens in direct shear tests are shown in Figure 5.16(a). 
Similar curves are obtained relating principal stress difference and axial strain in drained triaxial com-
pression tests.
 In dense deposits (high relative density, ID, see Chapter 1) there is a considerable degree of interlock-
ing between particles. Before shear failure can take place, this interlocking must be overcome in addition 
to the frictional resistance at the points of inter- granular contact. In general, the degree of interlocking is 
greatest in the case of very dense, well- graded soils consisting of angular particles. The characteristic 
stress–strain curve for initially dense sand shows a peak stress at a relatively low strain, and thereafter, 
as interlocking is progressively overcome, the stress decreases with increasing strain. The reduction in 
the degree of interlocking produces an increase in the volume of the specimen during shearing as charac-
terised by the relationship between volumetric strain and shear strain in the direct shear test, shown in 
Figure 5.16(c). In the drained triaxial test, a similar relationship would be obtained between volumetric 
strain and axial strain. The change in volume is also shown in terms of void ratio (e) in Figure 5.16(d). 
Eventually the specimen becomes loose enough to allow particles to move over and around their neigh-
bours without any further net volume change, and the shear stress reduces to an ultimate value. However, 
in the triaxial test non- uniform deformation of the specimen becomes excessive as strain is progressively 
increased, and it is unlikely that the ultimate value of principal stress difference can be reached.
 The term dilatancy is used to describe the increase in volume of a dense coarse- grained soil during 
shearing, and the rate of dilation can be represented by the gradient dεv/dγ, the maximum rate corre-
sponding to the peak stress (Figure 5.16(c)). The angle of dilation (ψ) is defined as tan–1(dεv/dγ). The 
concept of dilatancy can be illustrated in the context of the direct shear test by considering the shearing 
of dense and loosely packed spheres (idealised soil particles) as shown in Figure 5.17. During shearing 
of a dense soil (Figure 5.17(a)), the macroscopic shear plane is horizontal but sliding between individual 
particles takes place on numerous microscopic planes inclined at various angles above the horizontal, as 
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the particles move up and over their neighbours. The angle of dilation represents an average value of 
these angles for the specimen as a whole. The loading plate of the apparatus is thus forced upwards, 
work being done against the normal stress on the shear plane. For a dense soil, the maximum (or peak) 
angle of shearing resistance (φ′max) determined from peak stresses (Figure 5.16(b)) is significantly greater 
than the true angle of friction (φμ) between the surfaces of individual particles, the difference represent-
ing the work required to overcome interlocking and rearrange the particles.
 In the case of initially loose soil (Figure 5.17(b)), there is no significant particle interlocking to be 
overcome and the shear stress increases gradually to an ultimate value without a prior peak, accompa-
nied by a decrease in volume. The ultimate values of shear stress and void ratio for dense and loose 
specimens of the same soil under the same values of normal stress in the direct shear test are essentially 
equal, as indicated in Figures 5.16(a) and (d). The ultimate resistance occurs when there is no further 
change in volume or shear stress (Figures 5.16(a) and (c)), which is known as the critical state. Stresses 
at the critical state define a straight line (Mohr–Coulomb) failure envelope intersecting the origin, known 
as the critical state line (CSL), the slope of which is tan φcv′ (Figure 5.16(b)). The corresponding angle 
of shearing resistance at critical state (also called the critical state angle of shearing resistance) is 
usually denoted φ′cv or φ′crit. The difference between φ′μ and φcv′ represents the work required to rearrange 
the particles. The friction angles φ′cv and φ′max are related to ψ after the relationship given by Bolton 
(1986):

  (5.36)

Equation 5.36 applies for conditions of plane strain within soil, such as those induced within the DSA or 
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SSA. Under triaxial conditions, the final term becomes approximately 0.5ψ.
 It can be difficult to determine the value of the parameter φ′cv from laboratory tests because of the rela-
tively high strain required to reach the critical state. In general, the critical state is identified by extrapo-
lation of the stress–strain curve to the point of constant stress, which should also correspond to the point 
of zero rate of dilation (dεv/dγ = 0) on the volumetric strain–shear strain curve.
 An alternative method of representing the results from laboratory shear tests is to plot the stress ratio 
(τ/σ′ in direct shear) against shear strain. Plots of stress ratio against shear strain representing tests on 
three specimens of sand in a direct shear test, each having the same initial void ratio, are shown in Figure 
5.18(a), the values of effective normal stress (σ′) being different in each test. The plots are labelled A, B 
and C, the effective normal stress being lowest in test A and highest in test C. Corresponding plots of 
void ratio against shear strain are also shown in Figure 5.18(b). Such results indicate that both the 
maximum stress ratio and the ultimate (or critical) void ratio decrease with increasing effective normal 
stress. Thus, dilation is suppressed by increasing mean stress (normal stress σ′ in direct shear). This is 
descried in greater detail by Bolton (1986). The ultimate values of stress ratio (= tan φcv′), however, are 
the same. From Figure 5.18(a) it is apparent that the difference between peak and ultimate stress 
decreases with increasing effective normal stress; therefore, if the maximum shear stress is plotted 
against effective normal stress for each individual test, the plotted points will lie on an envelope which is 
slightly curved, as shown in Figure 5.18(c). Figure 5.18(c) also shows the stress paths for each of the 
three specimens leading up to failure. For any type of shear test, two stress paths may be plotted: the 
total stress path (TSP) plots the variation of σ and τ through the test; the effective stress path (ESP) 
plots the variation of σ′ and τ. If both stress paths are plotted on the same axis, the horizontal distance 
between the two paths at a given value of τ (i.e. σ – σ′) represents the pore water pressure in the sample 
from Terzaghi’s Principle (Equation 3.1). In direct shear tests, the pore water pressure is approximately 
zero such that the TSP and ESP lie on the same line, as shown in Figure 5.18(c). Remembering that it is 
the effective (not total) stresses that govern soil shear strength (Equation 5.11), failure occurs when the 
ESP reaches the failure envelope.
 The value of φ′max for each test can then be represented by a secant parameter: in the shearbox test, 
φ′max = tan–1(τmax/σ′). The value of φ′max decreases with increasing effective normal stress until it 
becomes equal to φ′cv. The reduction in the difference between peak and ultimate shear stress with 
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increasing normal stress is mainly due to the corresponding decrease in ultimate void ratio. The lower 
the ultimate void ratio, the less scope there is for dilation. In addition, at high stress levels some frac-
turing or crushing of particles may occur, with the consequence that there will be less particle inter-
locking to be overcome. Crushing thus causes the suppression of dilatancy and contributes to the 
reduced value of φ′max.
 In the absence of any cementation or bonding between particles, the curved peak failure envelopes for 
coarse- grained soils would show zero shear strength at zero normal effective stress. Mathematical repre-
sentations of the curved envelopes may be expressed in terms of power laws, i.e. of the form τf = AγB. 
These are not compatible with many standard analyses for geotechnical structures which require soil 
strength to be defined in terms of a straight line (Mohr–Coulomb model). It is common, therefore, in 
practice to fit a straight line to the peak failure points to define the peak strength in terms of an angle of 
shearing resistance φ′ and a cohesion intercept c′. It should be noted that the parameter c′ is only a math-
ematical line- fitting constant used to model the peak states, and should not be used to imply that the soil 
has shear strength at zero normal effective stress. This parameter is therefore also commonly referred to 
as the apparent cohesion of the soil. In soils which do have natural cementation/bonding, the cohesion 
intercept will represent the combined effects of any apparent cohesion and the true cohesion due to the 
interparticle bonding.
 Once soil has been sheared to the critical state (ultimate conditions), the effects of any true or appar-
ent cohesion are destroyed. This is important when selecting strength properties for use in design, parti-
cularly where soil has been tested under its in- situ condition (where line- fitting may suggest c′ > 0), then 
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sheared during excavation and subsequently placed to support a foundation or used to backfill behind a 
retaining structure. In such circumstances the excavation/placement imposes large shear strains within 
the soil such that critical state conditions (with c′ = 0) should be assumed in design.
 Figure 5.19 shows the behaviour of soils A, B and C as would be observed in a drained triaxial test. 
The main differences compared to the behaviour in direct shear (Figure 5.18) lie in the stress paths and 
failure envelope shown in Figure 5.19(c). In standard triaxial compression, radial stress is held constant 
(Δσr = 0) while axial stress is increased (by Δσa). From Equations 5.20 and 5.21, this gives Δp = Δσa/3 and 
Δq = Δσa. The gradient of the TSP is therefore Δq/Δp = 3. In a drained test there is no change in pore 
water pressure, so the ESP is parallel to the TSP. If the sample is dry, the TSP and ESP lie along the 
same line; if the sample is saturated and a back pressure of u0 applied, the TSP and ESP are parallel, 
maintaining a constant horizontal separation of u0 throughout the test, as shown in Figure 5.19(c). As 
before, failure occurs when the ESP meets the failure envelope. The value of φ′max for each test is deter-
mined by finding M (= q/p′) at failure and using Equation 5.26, with the resulting value of φ′ = φ′max.
 In practice, the routine laboratory testing of sands is difficult because of the problem of obtaining 
undisturbed specimens and setting them up, still undisturbed, in the test apparatus. If required, tests can 
be undertaken on specimens reconstituted in the apparatus at appropriate densities, but the in- situ struc-
ture is then unlikely to be reproduced.
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Figure 5.19 Determination of peak strengths from drained triaxial test data.
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Example 5.1

The results shown in Figure 5.20 were obtained from direct shear tests on reconstituted speci-
mens of sand taken from loose and dense deposits and compacted to the in- situ density in each 
case. The raw data from the tests and the use of a spreadsheet to process the test data may be 
found on the Companion Website. Plot the failure envelopes of each sand for both peak and ulti-
mate states, and hence determine the critical state friction angle φ′cv.
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Solution
The values of shear stress at peak and ultimate states are read from the curves in Figure 5.20 and are 
plotted against the corresponding values of normal stress, as shown in Figure 5.21. The failure 
en velope is the line having the best fit to the plotted points; for ultimate conditions a straight line 
through the origin is appropriate (CSL). From the gradients of the failure envelopes, φ′cv = 33.4° for the 
dense sand and 32.6° for the loose sand. These are within 1° of each other, and confirm that the crit-
ical state friction angle is an intrinsic soil property which is independent of state (i.e. density). The 
loose sand does not exhibit peak behaviour, while the peak failure envelope for the dense sand may be 
characterised by c′ = 15.4 kPa and φ′ = 38.0° (tangent value) or by secant values as given in Table 5.1.
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Liquefaction
Liquefaction is a phenomenon in which loose saturated sand loses a large percentage of its shear strength 
due to high excess pore water pressures, and develops characteristics similar to those of a liquid. It is 
usually induced by cyclic loading over a very short period of time (usually seconds), resulting in 
un drained conditions in the sand. Cyclic loading may be caused, for example, by vibrations from 
machinery and, more seriously, by earthquakes.
 Loose sand tends to compact under cyclic loading. The decrease in volume causes an increase in pore 
water pressure which cannot dissipate under undrained conditions. Indeed, there may be a cumulative 
increase in pore water pressure under successive cycles of loading. If the pore water pressure becomes 
equal to the maximum total stress component, normally the overburden pressure, σv, the value of effec-
tive stress will be zero by Terzaghi’s Principle, as described in Section 3.7 – i.e. interparticle forces will 
be zero, and the sand will exist in a liquid state with negligible shear strength. Even if the effective stress 
does not fall to zero, the reduction in shear strength may be sufficient to cause failure.
 Liquefaction may develop at any depth in a sand deposit where a critical combination of in- situ 
density and cyclic deformation occurs. The higher the void ratio of the sand and the lower the confining 
pressure, the more readily liquefaction will occur. The larger the strains produced by the cyclic loading, 
the lower the number of cycles required for liquefaction.
 Liquefaction may also be induced under static conditions where pore pressures are increased as a result 
of seepage. The techniques described in Chapter 2 and Section 3.7 may be used to determine the pore water 
pressures and, by Terzaghi’s Principle, the effective stresses in the soil for a given seepage event. The shear 
strength at these low effective stresses is then approximated by the Mohr–Coulomb criterion.

5.6 Shear strength of saturated fine- grained soils

Isotropic consolidation
If a saturated clay specimen is allowed to consolidate in the triaxial apparatus under a sequence of equal 
confining cell pressures (σ3), sufficient time being allowed between successive increments to ensure that 
consolidation is complete, the relationship between void ratio and effective stress can be obtained. This 
is similar to an oedometer test, though triaxial data are conventionally expressed in terms of specific 
volume (v) rather than void ratio (e). Consolidation in the triaxial apparatus under equal cell pressure is 
referred to as isotropic consolidation. Under these conditions, σa = σr = σ3, such that p = p′ = σ3, from Equa-
tion 5.20 and q = 0. As the deviatoric stress is zero, there is no shear induced in the specimen (εs = 0), 
though volumetric strain (εv) does occur under the inreasing p′. Unlike one- dimensional (anisotropic) 
consolidation (discussed in Chapter 4), the soil element will strain both axially and radially by equal 
amounts (Equation 5.31).

Table 5.1 Example 5.1

Normal stress (kPa) Secant friction angle (º)

 50 46.8

100 43.7

181 40.8
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 The relationship between void ratio and effective stress during isotropic consolidation depends on the 
stress history of the clay, defined by the overconsolidation ratio (Equation 4.6), as described in Section 
4.2. Overconsolidation is usually the result of geological factors, as described in Chapter 4; overconsoli-
dation can also be due to higher stresses previously applied to a specimen in the triaxial apparatus.
 One- dimensional and isotropic consolidation characteristics are compared in Figure 5.22. The key 
difference between the two relationships is the use of the triaxial mean stress invariant p′ for isotropic 
conditions and the one- dimensional normal stress σ′ for 1-D consolidation. This has an effect on the gra-
dients of the virgin compression line (here defined as the isotropic compression line, ICL) and the 
unload–reload lines, denoted by λ and κ respectively, which are different to the values of Cc and Ce. It 
should be realised that a state represented by a point to the right of the ICL is impossible.
 As a result of the similarity between the two processes, it is possible to use values of λ and κ deter-
mined from the consolidation stage of a triaxial test to directly estimate the 1-D compression relationship 
as Cc ≈ 2.3λ and Ce ≈ 2.3κ.

Strength in terms of effective stress
The strength of a fine- grained soil in terms of effective stress, i.e. for drained or long- term loading, can 
be determined by either the consolidated–undrained triaxial test with pore water pressure measurement, 
or the drained triaxial test. In a drained test, the stress path concept can be used to determine the failure 
envelope as described earlier for sands, by determining where the ESP reaches its peak and ultimate 
(critical state) values, and using these to determine φ′max and φ′cv respectively. However, because of the 
low permeability of most fine- grained soils, drained tests are rarely used for such materials because con-
solidated undrained (CU) tests can provide the same information in less time as consolidation does not 
need to occur during the shearing phase. The undrained shearing stage of the CU test must, however, be 
run at a rate of strain slow enough to allow equalisation of pore water pressure throughout the specimen, 
this rate being a function of the permeability of the clay.
 The key principle in using undrained tests (CU) to determine drained properties is that the ultimate 
state will always occur when the ESP reaches the critical state line. Unlike in the drained test, significant 
excess pore pressures will develop in an undrained test, resulting in divergence of the TSP and ESP. 
Therefore, in order to determine the ESP for undrained conditions from the known TSP applied to the 
sample, pore water pressure in the specimen must be measured.
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Figure 5.22 Consolidation characteristics: (a) one- dimensional, (b) isotropic.
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 Typical test results for specimens of normally consolidated and overconsolidated clays are shown in 
Figure 5.23. In CU tests, axial stress and pore water pressure are plotted against axial strain. For nor-
mally consolidated clays, axial stress reaches an ultimate value at relatively large strain, accompanied by 
an increase in pore water pressure to a steady value. For overconsolidated clays, axial stress increases to 
a peak value and then decreases with subsequent increase in strain. However, it is not usually possible to 
reach the ultimate stress due to excessive specimen deformation. Pore water pressure increases initially 
and then decreases; the higher the overconsolidation ratio, the greater the decrease. Pore water pressure 
may become negative in the case of heavily overconsolidated clays, as shown by the dotted line in Figure 
5.23(b).
 In drained tests, axial stress and volume change are plotted against axial strain. For normally consoli-
dated clays, an ultimate value of stress is again reached at relatively high strain. A decrease in volume 
takes place during shearing, and the clay hardens. For overconsolidated clays, a peak value of axial stress 
is reached at relatively low strain. Subsequently, axial stress decreases with increasing strain but, again, 
it is not usually possible to reach the ultimate stress in the triaxial apparatus. After an initial decrease, the 
volume of an overconsolidated clay increases prior to and after peak stress and the clay softens. For 
overconsolidated clays, the decrease from peak stress towards the ultimate value becomes less pro-
nounced as the overconsolidation ratio decreases.
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Figure 5.23 Typical results from consolidated–undrained and drained triaxial tests.
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 Failure envelopes for normally consolidated and overconsolidated clays are of the forms shown in 
Figure 5.24. This figure also shows typical stress paths for samples of soil which are initially consoli-
dated isotropically to the same initial mean stress p′c; the overconsolidated sample is then partially 
unloaded isotropically prior to shearing to induce overconsolidation. For a normally consolidated or 
lightly overconsolidated clay with negligible cementation (Figure 5.24(a)), the failure envelope should 
pass through the origin (i.e. c′ ≈ 0). The envelope for a heavily overconsolidated clay is likely to 
exhibit curvature over the stress range up to approximately p′c/2 (Figure 5.24(b)). The corresponding 
Mohr–Coulomb failure envelopes in terms of σ′ and τ for use in subsequent geotechnical analyses are 
shown in Figure 5.24(c). The gradient of the straight part of the failure envelope is approximately 
tan φ′cv. The value of φ′cv can be found from the gradient of the critical state line M using Equation 
5.26. If the critical state value of φ′cv is required for a heavily overconsolidated clay, then, if possible, 
tests should be performed at stress levels that are high enough to define the critical state envelope, i.e. 
specimens should be consolidated at all- round pressures in excess of the preconsolidation value. Alter-
natively, an estimated value of φ′cv can be obtained from tests on normally consolidated specimens 
reconsolidated from a slurry.

q

(a)

ESP

ESP

TSP

TSP

tanφ′cv

Overconsolidated
clay (OC)

Normally consolidated
clay (NC)

CSL CSL

M

M1

1

1

p′

q

2

(b)

p′p′cp′ < p′c
(OC)

p′c

τ

(c) σ ′

p′c

Figure 5.24  Failure envelopes and stress paths in triaxial tests for: (a) normally 
consolidated (NC) clays, (b) overconsolidated (OC) clays, (c) corresponding 
Mohr–Coulomb failure envelope.
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The results shown in Table 5.2 were obtained for peak failure in a series of consolidated–undrained 
triaxial tests, with pore water pressure measurement, on specimens of a saturated clay. Determine 
the values of the effective stress strength parameters defining the peak failure envelope.

Table 5.2 Example 5.2

All-round pressure (kPa) Principal stress difference (kPa) Pore water pressure (kPa)

150 192  80
300 341 154
450 472 222

Solution
Values of effective principal stresses σ′3 and σ′1 at failure are calculated by subtracting pore water 
pressure at failure from the total principal stresses as shown in Table 5.3 (all stresses in kPa). The 
Mohr circles in terms of effective stress are drawn in Figure 5.25. In this case, the failure 
envelope is slightly curved and a different value of the secant parameter φ′ applies to each circle. 
For circle (a) the value of φ′ is the slope of the line OA, i.e. 35°. For circles (b) and (c) the values 
are 33° (OB) and 31° (OC), respectively.

Table 5.3 Example 5.2 (contd.)

σ3(kPa) σ1(kPa) σ′3(kPa) σ′1(kPa)

150 342  70 262

300 641 146 487

450 922 228 700
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Figure 5.25 Example 5.2.

 Tangent parameters can be obtained by approximating the curved envelope to a straight line over 
the stress range relevant to the problem. In Figure 5.25 a linear approximation has been drawn for 
the range of effective normal stress 200–300 kPa, giving parameters c′ = 20 kPa and φ′ = 29°.

Example 5.2
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Undrained strength
In principle, the unconsolidated–undrained (UU) triaxial test enables the undrained strength of a fine- 
grained soil in its in- situ condition to be determined, the void ratio of the specimen at the start of the test 
being unchanged from the in- situ value at the depth of sampling. In practice, however, the effects of 
sampling and preparation result in a small increase in void ratio, particularly due to swelling when the 
in- situ stresses are removed. Experimental evidence (e.g. Duncan and Seed, 1966) has shown that the in- 
situ undrained strength of saturated clays is significantly anisotropic, the strength depending on the direc-
tion of the major principal stress relative to the in- situ orientation of the specimen. Thus, undrained 
strength is not a unique parameter, unlike the critical state angle of shearing resistance.
 When a specimen of saturated fine- grained soil is placed on the pedestal of the triaxial cell the initial 
pore water pressure is negative due to capillary tension, total stresses being zero and effective stresses 
positive. After the application of confining pressure the effective stresses in the specimen remain 
unchanged because, for a fully saturated soil under undrained conditions, any increase in all- round pres-
sure results in an equal increase in pore water pressure (see Figure 4.11). Assuming all specimens to 
have the same void ratio and composition, a number of UU tests, each at a different value of confining 
pressure, should result, therefore, in equal values of principal stress difference at failure. The results are 
expressed in terms of total stress as shown in Figure 5.26, the failure envelope being horizontal, i.e. 
φu = 0, and the shear strength is given by τf = cu, where cu is the undrained shear strength. Undrained 
strength may also be determined without the use of Mohr circles; the principal stress difference at failure 
(qf ) is the diameter of the Mohr circle, while τf is its radius, therefore, in an undrained triaxial test:

 (5.37)

It should be noted that if the values of pore water pressure at failure were measured in the series of tests, 
then in principle only one effective stress circle, shown dotted in Figure 5.26, would be obtained. The 
circle representing an unconfined compression test (i.e. with a cell pressure of zero) would lie to the left 
of the effective stress circle in Figure 5.26 because of negative pore water pressure (suction) in the speci-
men. The unconfined strength of a soil is due to a combination of friction and pore water suction.
 If the best common tangent to the Mohr circles obtained from a series of UU tests is not horizontal, 
then the inference is that there has been a reduction in void ratio during each test due to the presence of 
air in the voids – i.e. the specimen had not been fully saturated at the outset. It should never be inferred 
that φu > 0. It could also be that an initially saturated specimen has partially dried prior to testing, or has 
been repaired. Another reason could be the entrapment of air between the specimen and the membrane.
 In the case of fissured clays the failure envelope at low values of confining pressure is curved, as 
shown in Figure 5.26. This is because the fissures open to some extent on sampling, resulting in a lower 
strength, and only when the confining pressure becomes high enough to close the fissures again does the 
strength become constant. Therefore, the unconfined compression test is not appropriate in the case of 
fissured clays. The size of a fissured clay specimen must also be large enough to represent the mass 
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φu = 0
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σ

τ
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Figure 5.26 Unconsolidated–undrained triaxial test results for saturated clay.
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structure, i.e. to contain fissures representative of those in- situ, otherwise the measured strength will be 
greater than the in- situ strength. Large specimens are also required for clays exhibiting other features of 
macro- fabric. Curvature of the undrained failure envelope at low values of confining pressure may also 
be exhibited in heavily overconsolidated clays due to relatively high negative pore water pressure at 
failure causing cavitation (pore air coming out of solution in the pore water).
 The results of unconsolidated–undrained tests are usually presented as a plot of cu against the corre-
sponding depth from which the specimen originated. Considerable scatter can be expected on such a plot 
as the result of sampling disturbance and macro- fabric features (if present). For normally consolidated 
fine- grained soils, the undrained strength will generally increase linearly with increasing effective verti-
cal stress σ′v (i.e. with depth if the water table is at the surface). If the water table is below the surface of 
the clay the undrained strength between the surface and the water table will be significantly higher than 
that immediately below the water table, due to drying.
 The consolidated–undrained (CU) triaxial test can be used to determine the undrained strength of the 
clay after the void ratio has been changed from the initial value by consolidation. If this is undertaken, it 
should be realised that clays in- situ have generally been consolidated under conditions of zero lateral 
strain, the effective vertical and horizontal stresses being unequal – i.e. the clay has been consolidated 
one- dimensionally (see Chapter 4). A stress release then occurs on sampling. In the standard CU triaxial 
test the specimen is consolidated again, though usually under isotropic conditions, to the value of the 
effective vertical stress in- situ. Isotropic consolidation in the triaxial test under a pressure equal to the in- 
situ effective vertical stress results in a void ratio lower than the in- situ (one- dimensional) value, and 
therefore an undrained strength higher than the (actual) in- situ value.
 The unconsolidated–undrained test and the undrained part of the consolidated–undrained test can be 
carried out rapidly (provided no pore water pressure measurements are to be made), failure normally 
being produced within a period of 10–15 minutes. However, a slight decrease in strength can be expected 
if the time to failure is significantly increased, and there is evidence that this decrease is more pro-
nounced the greater the plasticity index of the clay. Each test should be continued until the maximum 
value of principal stress difference has been passed or until an axial strain of 20% has been attained.

Sensitivity
Some fine- grained soils are very sensitive to remoulding, suffering considerable loss of strength due to 
their natural structure being damaged or destroyed. The sensitivity of a soil is defined as the ratio of the 
undrained strength in the undisturbed state to the undrained strength, at the same water content, in the 
remoulded state, and is denoted by St. Remoulding for test purposes is normally brought about by the 
process of kneading. The sensitivity of most clays is between 1 and 4. Clays with sensitivities between 4 
and 8 are referred to as sensitive, and those with sensitivities between 8 and 16 as extrasensitive. Quick 
clays are those having sensitivities greater than 16; the sensitivities of some quick clays may be of the 
order of 100. Typical values of St are given in Section 5.9 (Figure 5.37).
 Sensitivity can have important implications for geotechnical structures and soil masses. In 1978, a land-
slide occurred in a deposit of quick clay at Rissa in Norway. Spoil from excavation works was deposited on 
the gentle slope forming the shore of Lake Botnen. This soil already had a significant in- situ shear stress 
applied due to the ground slope, and the additional load caused the undisturbed undrained shear strength to 
be exceeded, resulting in a small slide. As the soil strained, it remoulded itself, breaking down its natural 
structure and reducing the amount of shear stress which it could carry. The surplus was transferred to the 
adjacent undisturbed soil, which then exceeded its undisturbed undrained shear strength. This process con-
tinued progressively until, after a period of 45 minutes, 5–6 million cubic metres of soil had flowed out into 
the lake, at some points reaching a flow velocity of 30–40 km/h, destroying seven farms and five homes 
(Figure 5.27). It is fortunate that the slide occurred beneath a sparsely populated rural area. Further infor-
mation regarding the Rissa landslide can be found on the Companion Website.



 

Soil behaviour in shear

181

Figure 5.27  Damage observed following the Rissa quick clay flow- slide  
(photo: Norwegian Geotechnical Institute – NGI).

The results shown in Figure 5.28 were obtained at failure in a series of UU triaxial tests on speci-
mens taken from the same approximate depth within a layer of soft saturated clay. The raw data 
from the tests and the use of a spreadsheet to interpret the test data may be found on the 
Companion Website. Determine the undrained shear strength at this depth within the soil.
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Figure 5.28 Example 5.3.

Solution
The maximum value of q (= qf ) is read from Figure 5.28 for each test, and Equation 5.37 used to 
determine cu for each sample. As the samples are all from the same depth but tested at different 
confining pressures, cu should theoretically be the same for all samples, so an average is taken as 
cu = 16.3 kPa.

Example 5.3
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Example 5.4

The results shown in Table 5.4 were obtained at failure in a series of triaxial tests on specimens 
of a saturated clay initially 38 mm in diameter by 76 mm long. Determine the values of the shear 
strength parameters with respect to (a) total stress and (b) effective stress.

Table 5.4 Example 5.4

Type of test Confining 

pressure (kPa)

Axial load 

(N)

Axial deformation 

(mm)

Volume change 

(ml)

(a) Undrained (UU) 200  222  9.83 –

400  215 10.06 –

600  226 10.28 –

(b) Drained (D) 200  403 10.81 6.6

400  848 12.26 8.2

600 1265 14.17 9.5

Solution
The principal stress difference at failure in each test is obtained by dividing the axial load by the 
cross- sectional area of the specimen at failure (Table 5.5). The corrected cross- sectional area is 
calculated from Equation 5.16. There is, of course, no volume change during an undrained test on 
a saturated clay. The initial values of length, area and volume for each specimen are:

 

The Mohr circles at failure and the corresponding failure envelopes for both series of tests are 
shown in Figure 5.29. In both cases the failure envelope is the line nearest to a common tangent 
to the Mohr circles. The total stress parameters, representing the undrained strength of the clay, 
are

 

Table 5.5 Example 5.4 (contd.)

σ3 (kPa) ∆l/l0 ∆V/V0 Area (mm2) σ1 – σ3 (kPa) σ1 (kPa)

(a) 200 0.129 – 1304 170 370

400 0.132 – 1309 164 564

600 0.135 – 1312 172 772

(b) 200 0.142 0.077 1222 330 530

400 0.161 0.095 1225 691 1091

600 0.186 0.110 1240 1020 1620
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5.7 The critical state framework

The critical state concept, originally presented by Roscoe et al. (1958), represents an idealisation of the 
observed patterns of behaviour of saturated clays under applied principal stresses. However, the critical 
state concept applies to all soils, both coarse- (as described in Section 5.5) and fine- grained. The concept 
relates the effective stresses and the corresponding specific volume (v = 1 + e) of a clay during shearing 
under drained or undrained conditions, thus unifying the characteristics of shear strength and deforma-
tion (volumetric change). It was demonstrated that a characteristic surface exists which limits all pos-
sible states of the clay, and that all effective stress paths reach or approach a line on that surface when 
yielding occurs at constant volume under constant effective stress. This line represents the critical states 
of the soil, and links p′, q and v at these states. The model was originally derived based on observations 
of behaviour from triaxial tests, and in this section the critical state concept will be ‘rediscovered’ in a 
similar way by considering the triaxial behaviour that has previously been discussed in this chapter.

Volumetric behaviour during undrained shear
The behaviour of a saturated fine- grained soil during undrained shearing in the triaxial cell is first consid-
ered, as presented in Figure 5.23. As the pore pressure within the sample change during undrained shearing, 
the ESP cannot be determined only from the TSP as for the drained test (Figure 5.19(c)). However, during 
undrained shearing it is known that there must be no change in volume (Δv = 0), so use can be made of the 
volumetric behaviour shown in Figure 5.22(b). As q is independent of u, any excess pore water pressure 
generated during undrained shearing must result from a change in mean stress (Δp′), i.e. ue = Δp′. The nor-
mally consolidated and overconsolidated clays from Figure 5.23 are plotted in Figure 5.30(a), assuming that 
the samples are all consolidated under the same cell pressure prior to undrained shearing. The normally 
consolidated (NC) clay has an initial state on the ICL and shows a large positive ultimate value of ue at criti-
cal state (ultimate strength), corresponding to a reduction in p′. The lightly overconsolidated (LOC) clay has 
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Figure 5.29 Example 5.4.

 The effective stress parameters, representing the drained strength of the clay, are
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a higher initial volume, having swelled a little, with its initial state lying on the unload–reload line. At criti-
cal state, the excess pore water pressure is lower than the NC clay, so the change in p′ is less. The heavily 
overconsolidated (HOC) clay starts at a higher initial volume, having swelled more than the LOC sample. 
The sample exhibits negative excess pore water pressure at critical state, i.e. an increase in p′ due to shear-
ing. It will be seen from Figure 5.30(a) that the points representing the critical states of the three samples all 
lie on a line parallel to the ICL and slightly below it. This is the critical state line (CSL) that has been 
described earlier, but represented in v–p′ space, and represents the specific volume of the soil at critical 
state, i.e. when q is at its ultimate value. This line is a projection of the set of critical states of a soil in the 
v–p′ plane, just as the critical state line on the q–p′ plane (q = Mp′, Figure 5.11(c)) is a projection of the same 
set of critical states in terms of the stress parameters q and p′.

Volumetric behaviour during drained shear
Considering the behaviour of the coarse- grained soil under triaxial compression described in Figure 5.19, 
the volumetric behaviour is plotted in Figure 5.30(b). Samples A and B both exhibit dilation (increase in 
v) due to shearing; as the confining stress increases, the amount of dilation reduces. As the confining 
stress is increased still further (sample C), compression occurs in place of dilation. Again, the final points 
at critical state lie on a straight line (the CSL) parallel to the ICL; however, the CSL for this coarse- 
grained soil will have different numerical values of the intercept and gradient compared to the fine- 
grained soil considered in Figure 5.30(a), the CSL being an intrinsic soil property.
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Figure 5.30  Volumetric behaviour of soils during (a) undrained tests, (b) drained tests.
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Defining the critical state line
Figure 5.31 shows the CSL plotted in three dimensions, along with the projections in the q–p′ and v–p′ 
planes. The projection in the q–p′ plane is a straight line with gradient M. As described previously in 
both this and the previous chapters, it is common to plot v–p′ data with a logarithmic axis for the mean 
stress p′. The CSL in this plane is defined by

 (5.38)

where Γ is the value of v on the critical state line at p′ = 1 kPa and is an intrinsic soil property; λ is the 
gradient of the ICL as defined previously. In order to use the critical state framework, it is also necessary 
to know the initial state of the soil, which depends on its stress history; in a triaxial test this is usually 
governed by previous consolidation and swelling under isotropic conditions, prior to shearing. The equa-
tion of the normal consolidation line (ICL) is

 (5.39)

where N is the value of v at p′ = 1 kPa. The swelling and recompression (unload–reload) relationships can 
be approximated to a single straight line of slope –κ, represented by the equation

 (5.40)
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Figure 5.31  Position of the Critical State Line (CSL) in p′– q –v space. The effective 
stress path in an undrained triaxial test is also shown.
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where vk is the value of v at p′ = 1 kPa, and will depend on the preconsolidation pressure (i.e. it is not a mat-
erial constant). The initial volume prior to shearing (v0) can alternatively be defined by a single equation:

 (5.41)

In order to use the critical state framework to predict the strength of soil, it is therefore necessary to 
define five constants: N, λ, κ, Γ, M. These will allow for the determination of the initial state and the CSL 
in both the q–p′ and v–ln(p′) planes. These parameters may theoretically all be determined from a single 
CU test, though, typically, multiple tests will be carried out at different values of p′c.

Example 5.5

The data shown in Figure 5.32 were obtained from a series of CU triaxial compression tests on a 
soft saturated clay in a modern computer- controlled stress- path cell. The samples were isotropi-
cally consolidated to confining pressures of 250, 500 and 750 kPa prior to undrained shearing. 
Determine the critical state parameters N, λ, Γ and M. The raw data from these tests and their 
interpretation using a spreadsheet is provided on the Companion Website.
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Figure 5.32 Example 5.5.

Solution
The values of p′, q and v at the end of both the consolidation stage (1) and the undrained shearing 
stage (2) are read from the figures and summarised in Table 5.6. Assuming that all of the consoli-
dation pressures are high enough to exceed any pre- existing preconsolidation stress, at the end of 
consolidation the samples should all lie on the ICL. By plotting v1 versus p′1, N and λ may be 
found by fitting a straight line as shown in Figure 5.33, the intercept being N = 1.886 and the gra-
dient λ = 0.054. If the points at the end of shearing (p′2, v2) are plotted in a similar way, the straight 
line fit lies almost exactly parallel to the ICL – this is the CSL (assuming that the strain induced 
in the shearing stage has been sufficient to reach the critical state in each case). The intercept is 
Γ = 1.867 and the gradient λ = 0.057. To find M, the points (p′2, q2) at the end of shearing (critical 
state) are plotted as shown in Figure 5.33. The best- fit straight line goes through the origin with 
gradient M = 0.88.
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Table 5.6 Example 5.5

Confining pressure, σ3 (kPa) After consolidation: After shearing:

p′1 q1 v1 p′2 q2 v2

250 250 0 1.588 125 121 1.588

500 500 0 1.556 250 225 1.556

750 750 0 1.528 340 292 1.528
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Figure 5.33  Example 5.5 – determination of critical state parameters from 
line- fitting.

Example 5.6

Estimate the values of principal stress difference and void ratio at failure in undrained and drained 
triaxial tests on specimens of the clay described in Example 5.5, isotropically consolidated under 
a confining pressure of 300 kPa. What would be the expected value of φ′cv?

Solution
After normal consolidation to p′c = 300 kPa the sample will be on the ICL with specific volume 
(v0) given by

 

In an undrained test the volume change is zero, and therefore the specific volume at critical state 
(vcs) will also be 1.58, i.e. the corresponding void ratio will be ecs(U) = 0.58.
 Assuming failure to take place on the critical state line,
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5.8 Residual strength

In the drained triaxial test, most clays would eventually show a decrease in shear strength with increasing 
strain after the peak strength has been reached. However, in the triaxial test there is a limit to the strain 
which can be applied to the specimen. The most satisfactory method of investigating the shear strength of 
clays at large strains is by means of the ring shear apparatus (Bishop et al., 1971; Bromhead, 1979), an 
annular direct shear apparatus. The annular specimen (Figure 5.34(a)) is sheared, under a given normal 
stress, on a horizontal plane by the rotation of one half of the apparatus relative to the other; there is no 
restriction to the magnitude of shear displacement between the two halves of the specimen. The rate of rota-
tion must be slow enough to ensure that the specimen remains in a drained condition. Shear stress, which is 
calculated from the applied torque, is plotted against shear displacement as shown in Figure 5.34(b).

and the value of p′f can be obtained from Equation 5.38. Therefore

 

For a drained test the slope of the stress path on a q–p′ plot is 3, i.e.

 

Therefore,

 
Then

 

Therefore, ecs(D) = 0.54 and
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 The shear strength falls below the peak value, and the clay in a narrow zone adjacent to the failure 
plane will soften and reach the critical state. However, because of non- uniform strain in the specimen, 
the exact point on the curve corresponding to the critical state is uncertain. With continuing shear dis-
placement the shear strength continues to decrease, below the critical state value, and eventually reaches 
a residual value at a relatively large displacement. If the soil contains a relatively high proportion of 
plate- like particles, a reorientation of these particles parallel to the failure plane will occur (in the narrow 
zone adjacent to the failure plane) as the strength decreases towards the residual value. However, reori-
entation may not occur if the plate- like particles exhibit high interparticle friction. In this case, and in the 
case of soils containing a relatively high proportion of bulky particles, rolling and translation of particles 
takes place as the residual strength is approached. It should be appreciated that the critical state concept 
envisages continuous deformation of the specimen as a whole, whereas in the residual condition there is 
preferred orientation or translation of particles in a narrow shear zone. The original soil structure in this 
narrow shear zone is completely destroyed as a result of particle reorientation. A remoulded specimen 
can therefore be used in the ring shear apparatus if only the residual strength (and not the peak strength) 
is required.
 The results from a series of tests, under a range of values of normal stress, enable the failure envelope 
for both peak and residual strength to be obtained, the residual strength parameters in terms of effective 
stress being denoted c′r and φ′r. Residual strength data from ring shear testing for a large range of soils 
have been published (e.g. Lupini et al., 1981; Mesri and Cepeda- Diaz, 1986; Tiwari and Marui, 2005), 
which indicate that the value of c′r can be taken to be zero. Thus, the residual strength can be expressed 
as

  (5.42)

Typical values of φ′r are given in Section 5.9 (Figure 5.39).

5.9 Estimating strength parameters from index tests

In order to obtain reliable values of soil strength parameters from triaxial and shear box testing, undis-
turbed samples of soil are required. Methods of sampling are discussed in Section 6.3. No sample will be 
fully undisturbed, and obtaining high quality samples is almost always difficult and often expensive. As 
a result, the principle strength properties of soils (φ′cv, cu, St, φ′r) are here correlated to the basic index 
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Figure 5.34 (a) Ring shear test, and (b) residual strength.
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properties described in Chapter 1 (IP and IL for fine- grained soils and emax and emin for coarse- grained 
soils). These simple tests can be undertaken using disturbed samples. The spoil generated from drilling a 
borehole provides essentially a continuous disturbed sample for testing so a large amount of information 
describing the strength of the ground can be gathered without performing detailed laboratory or field 
testing. The use of correlations can therefore be very useful during the preliminary stages of a Ground 
Investigation (GI). Ground investigation can also be cheaper/more efficient using mainly disturbed 
samples, supplemented by fewer undisturbed samples to verify the properties.
 It should be noted that the use of any of the approximate correlations presented here should be 
regarded as estimates only; they should be used to support, and never replace, laboratory tests on undis-
turbed samples, particularly when a given strength property is critical to the design or analysis of a given 
geotechnical construction. They are most useful for checking the results of laboratory tests, for increas-
ing the amount of data from which the determination of strength properties is made and for estimating 
parameters before the results of laboratory tests are known (e.g. for feasibility studies and when planning 
a ground investigation).

Critical state angle of shearing resistance (φ′cv)
Figure 5.35(a) shows data of φ′cv for 65 coarse- grained soils determined from shearbox and triaxial 
testing collected by Bolton (1986), Miura et al. (1998) and Hanna (2001). The data are correlated against 
emax – emin. This correlation is appropriate as both emax and emin are independent of the soil state/density 
(defined by void ratio e), just as φ′cv is an intrinsic property and independent of e. A correlation line, rep-
resenting a best fit to the data is also shown in Figure 5.35(a), which suggests that φ′cv increases as the 
potential for volumetric change (emax – emin) increases. The large scatter in the data may be attributed to 
the influence of particle shape (angularity), which is only partially captured by emax – emin, and grain 
roughness (which is a function of the parent material(s) from which the soil was produced).
 Figure 5.35(b) shows data of φ′cv for 32 undisturbed and 32 remoulded fine- grained soils from triaxial 
testing collected by Kenney (1959), Parry (1960) and Zhu and Yin (2000). The data are correlated 
against plasticity index (IP) which is also independent of the current soil state (defined by the current 
water content w). A correlation line, representing a best fit to the undisturbed data is also shown in 
Figure 5.35(b), which suggests that φ′cv reduces as the plasticity index increases. This may be attributed 
to the increase in clay fraction (i.e. fine platy particles) as IP increases, with these particles tending to 
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have lower friction than the larger particles within the soil matrix The scatter in the data may be attrib-
uted to the minerality of these clay- sized particles – as outlined in Chapter 1, the main clay minerals 
(kaolinite, smectite, illite, montmorillonite) have very different particle shapes, specific surface and fric-
tional properties. The equation of the line is given by:

 (5.43)

Undrained shear strength and sensitivity (cu, St)
As described in Section 5.6, the undrained strength of a fine- grained soil is not an intrinsic material prop-
erty, but is dependent on the state of the soil (as defined by w) and the stress level. The undrained shear 
strength should therefore be correlated to a state- dependent index parameter, namely liquidity index IL. 
Figure 5.36 shows data of cu plotted against IL for 62 remoulded fine- grained soils collected by Skemp-
ton and Northey (1953), Parry (1960), Leroueil et al. (1983) and Jardine et al. (1984). At the liquid limit, 
cur ≈ 1.7 kPa. The undrained shear strength at the plastic limit is defined as 100 times that at the liquid 
limit, which suggests that the relationship between cu (in kPa) and IL should be of the form

  (5.44)

It should be noted that the undrained strength in Equation 5.44 is that appropriate to the soil in a 
remoulded (fully disturbed) state. Sensitive clays may therefore exhibit much higher apparent undrained 
strengths in their undisturbed condition than would be predicted by Equation 5.44.
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 Figure 5.37 shows data for 49 sensitive clays collated from Skempton and Northey (1953), Bjerrum 
(1954) and Bjerrum and Simons (1960), in which sensitivity is also correlated to IL. The data suggest a 
linear correlation described by:

  (5.45)

 A correlation for the undisturbed (in- situ) undrained shear strength may also be estimated from the 
definition of sensitivity as the ratio of undisturbed to remoulded strength (i.e. by combining Equations 
5.44 and 5.45):

  (5.46)

To demonstrate how useful Equations 5.44–5.46 can be, Figure 5.38 shows examples of two real soil 
profiles. In Figure 5.38(a), the soil is a heavily overconsolidated insensitive clay (Gault clay, near Cam-
bridge). Applying Equation 5.45, it can be seen that St ≈ 1.0 everywhere, such that Equations 5.44 and 
5.46 give almost identical values (solid markers). This is compared with the results of UU triaxial tests 
which measure the undisturbed undrained shear strength. It will be seen that although there is significant 
scatter (in both datasets), both the magnitude and variation with depth is captured well using the approxi-
mate correlations. Figure 5.38(b) shows data for a normally consolidated clay with St ≈ 5 (Bothkennar 
clay, near Edinburgh). For sensitive clay such as this, the undisturbed strength is likely to be much 
higher than the remoulded strength, and it will be seen that the predictions of Equations 5.44 and 5.46 
are different. To validate these predictions, Field Vane Testing (FVT), which is further described in 
Section 7.3, was used as this can obtain both the undisturbed and remoulded strengths (and therefore 
also the sensitivity) in soft fine- grained soils. It can be seen from Figure 5.38(b) that the correlations pre-
sented here do reasonably predict the values measured by the more reliable in- situ testing.
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Residual friction angle (φ′r )
As noted in Section 5.8, the residual strength of a soil reduces with an increasing proportion of platy particles 
(e.g. clays) and is therefore correlated with clay fraction and plasticity index. Figure 5.39 shows data of φ′r 
determined from ring shear tests plotted against IP for 89 clays and tills and 23 shales, collected by Lupini et 
al. (1981), Mesri and Cepeda- Diaz (1986) and Tiwari and Marui (2005). As observed for φ′cv (Figure 
5.35(b)), there is considerable scatter around the correlation line which may be attributed to the different 
characteristics of the clay minerals present within these soils. The data appears to follow a power law where:

  (5.47)

with φ′r given in degrees.
 In most conventional geotechnical applications, the strains are normally small enough that residual 
conditions will never be reached. Residual strength is particularly important in the study of slope stabil-
ity, however, where historical slip may have been of sufficient magnitude to align the particles along the 
slip plane (slope stability is discussed further in Chapter 12). Under these conditions, a slip which is 
reactivated (e.g. due to reduction of effective stress on the shear plane due to an increase in the water 
table (rain) or seepage) will be at residual conditions and φ′r is the most appropriate measure of strength 
to use in analysis. As an example of the use of this correlation, Figure 5.39 also shows a series of data 
points for a range of slopes around the UK with historical slips, as reported by Skempton (1985). It will 
be seen that using IP alone, the predicted values of φ′r are within 2° of the values measured by large direct 
shear tests on the slip surfaces in the field.
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1 Knowledge of the strength and stiffness of soil (its constitutive behaviour) is 
fundamental for assessing the stability and performance of geotechnical 
constructions. It relates ground stresses (which are in equilibrium with the 
applied loads) to ground strains (giving compatible deformations). The 
constitutive behaviour of soil is highly non- linear and dependent on the level of 
confining stress, but for most practical problems, it can be modelled/idealised 
using isotropic linear elasticity coupled with Mohr–Coulomb (stress dependent) 
plasticity.

2 The strength and stiffness of soil may be directly measured in the laboratory by 
direct shear tests, triaxial tests or residual (ring) shear tests (amongst others). 
The method of operation, set- up and strengths/weaknesses of each test have 
been described. These tests may be used to derive strength properties for the 
Mohr–Coulomb model (c and φ) and the shear stiffness of the soil (G). Digital 
examplars provided on the Companion Website have demonstrated how digital 
data from modern computerised test apparatus may be efficiently processed.

3 For most common rates of loading or geotechnical processes, coarse- grained 
soils will behave in a drained way. The peak shear strength of such soils is 
governed by dilatancy (volumetric change) which is density (state) dependent. 
This behaviour may be modeled by secant peak friction angles or using a 
linearised Mohr–Coulomb model (τ = c ′t + σ ′ tan φ ′). If such soils are sheared to 
large enough strains, volume change will cease and the soil will reach a critical 
state (ultimate strength). Soil properties may typically be obtained from drained 
direct shear or drained triaxial tests. Fine- grained soils will behave in a similar 
way if they are allowed to drain (i.e. for slow processes or long- term conditions). 
If loaded rapidly, they will respond in an undrained way, and the strength is 
defined in terms of total, rather than effective stresses using the Mohr–Coulomb 
model (τ = cu). Drained and undrained strength properties and the shear modulus 
G (which is independent of drainage conditions) are typically quantified using 
triaxial tests (CD, CU, UU) in such soils. At very large strains, the strength of fine- 
grained soils may reduce below the critical state value to a residual value 
defined by a friction angle φ′r, which may be measured using a ring shear 
apparatus.

4 With increasing strain with any drainage conditions, all saturated soils will move 
towards a critical state where they achieve their ultimate shear strength. The 
Critical State Line defines the critical states for any initial state of the soil, and is 
therefore an intrinsic soil property. By linking volume change to shear strength, 
the critical state concept shows that drained and undrained strength both 
represent the effective stress path arriving at the critical state line (for the two 
extreme amounts of drainage).

5 Simple index tests (described in Chapter 1) may be used with empirical 
correlations to estimate values of a range of strength properties (φ′cv, cu and φ′r). 
Such data can be useful when high quality laboratory test data are unavailable 
and for providing additional data to support the results of such tests. While 
useful, empirical correlations should never be used to replace a comprehensive 
programme of laboratory testing.

Summary
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Problems

5.1 What is the shear strength in terms of effective stress on a plane within a saturated soil mass at a 
point where the total normal stress is 295 kPa and the pore water pressure 120 kPa? The strength 
parameters of the soil for the appropriate stress range are φ′ = 30° and c′ = 12 kPa.

5.2 Three separate direct shear tests are carried out on identical samples of dry sand. The shearbox is 
60 × 60 mm in plan. The hanger loads, peak forces and ultimate forces measured during the tests are 
summarised below:

TABLE K

Test Hanger load (N) Peak shear force (N) Ultimate shear force (N)

1 180 162 108

2 360 297 216

3 540 423 324

 Determine the Mohr coulomb parameters (φ′, c′) for modeling the peak strength of the soil, the 
critical state angle of shearing resistance, and the dilation angles in the three tests.

5.3 A series of drained triaxial tests with zero back pressure were carried out on specimens of a sand 
prepared at the same porosity, and the following results were obtained at failure.

TABLE L

Confining pressure (kPa) 100 200   400   800

Principal stress difference (kPa) 452 908 1810 3624

 Determine the value of the angle of shearing resistance φ′.
5.4 In a series of unconsolidated–undrained (UU) triaxial tests on specimens of a fully saturated clay, 

the following results were obtained at failure. Determine the values of the shear strength parameters 
cu and φu.

TABLE M

Confining pressure (kPa) 200 400 600

Principal stress difference (kPa) 222 218 220

5.5 The results below were obtained at failure in a series of consolidated–undrained (CU) triaxial tests, 
with pore water pressure measurement, on specimens of a fully saturated clay. Determine the values 
of the shear strength parameters c′ and φ′. If a specimen of the same soil were consolidated under an 
all- round pressure of 250 kPa and the principal stress difference applied with the all- round pressure 
changed to 350 kPa, what would be the expected value of principal stress difference at failure?

TABLE N

σ3 (kPa) 150 300 450 600

σ1 – σ3 (kPa) 103 202 305 410

u (kPa)  82 169 252 331
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5.6 A consolidated–undrained (CU) triaxial test on a specimen of saturated clay was carried out under 
an all- round pressure of 600 kPa. Consolidation took place against a back pressure of 200 kPa. The 
following results were recorded during the test:
TABLE O

σ1 – σ3 (kPa)   0  80 158 214 279 319

u (kPa) 200 229 277 318 388 433

 Draw the stress paths (total and effective). If the clay has reached its critical state at the end of the 
test, estimate the critical state friction angle.

5.7 The following results were obtained at failure in a series of consolidated- drained (CD) triaxial tests 
on fully saturated clay specimens originally 38 mm in diameter by 76 mm long, with a back pressure 
of zero. Determine the secant value of φ′ for each test and the values of tangent parameters c′ and φ′ 
for the stress range 300–500 kPa.
TABLE P

All-round pressure (kPa) 200  400  600

Axial compression (mm)   7.22    8.36    9.41

Axial load (N) 565 1015 1321

Volume change (ml)   5.25    7.40    9.30

5.8 In a triaxial test, a soil specimen is allowed to consolidate fully under an all- round pressure of 
200 kPa. Under undrained conditions the all- round pressure is increased to 350 kPa, the pore water 
pressure then being measured as 144 kPa. Axial load is then applied under undrained conditions 
until failure takes place, the following results being obtained.
TABLE Q

Axial strain (%)   0   2   4   6   8  10

Principal stress difference (kPa)   0 201 252 275 282 283

Pore water pressure (kPa) 144 211 228 222 212 209

 Determine the value of the pore pressure coefficient B and determine whether the test can be 
considered as saturated. Plot the stress–strain (q–εs) curve for the test, and hence determine the shear 
modulus (stiffness) of the soil at each stage of loading. Draw also the stress paths (total and 
effective) for the test and estimate the critical state friction angle.
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Specify a basic site investigation strategy to identify soil deposits and determine 
the depth, thickness and areal extent of such deposits within the ground;

2 Understand the applications and limitations of a wide range of methods 
available for profiling the ground, and interpret their findings (Sections 6.2, 
6.5–6.7);

3 Appreciate the effects of sampling on the quality of soil samples taken for 
laboratory testing, and the implications of these effects for the interpretation of 
such test data (Section 6.3).

Chapter 6

Ground investigation

6.1 Introduction

An adequate ground investigation is an essential preliminary to the execution of a civil engineering 
project. Sufficient information must be obtained to enable a safe and economic design to be made and to 
avoid any difficulties during construction. The principal objects of the investigation are: (1) to determine 
the sequence, thicknesses and lateral extent of the soil strata and, where appropriate, the level of bedrock; 
(2) to obtain representative samples of the soils (and rock) for identification and classification, and, if 
necessary, for use in laboratory tests to determine relevant soil parameters; (3) to identify the ground
water conditions. The investigation may also include the performance of in- situ tests to assess appropri
ate soil characteristics. In situ testing will be discussed in Chapter 7. Additional considerations arise if it 
is suspected that the ground may be contaminated. The results of a ground investigation should provide 
adequate information, for example, to enable the most suitable type of foundation for a proposed struc
ture to be selected, and to indicate if special problems are likely to arise during construction.
 Before any ground investigation work is started on site, a desk study should be conducted. This 
involves collating available relevant information about the site to assist in planning the subsequent field
work. A study of geological maps and memoirs, if available, should give an indication of the probable 
soil conditions of the site in question. If the site is extensive and if no existing information is available, 
the use of aerial photographs, topographical maps or satellite imagery can be useful in identifying exist
ing features of geological significance. Existing borehole or other site investigation data may have been 
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collected for previous uses of the site; in the UK, for example, the National Geological Records Centre 
may be a useful source of such information. Links to online sources of desk study materials are provided 
on the Companion Website. Particular care must be taken for sites that have been used previously where 
additional ground hazards may exist, including buried foundations, services, mine workings etc. Such 
previous uses may be obtained by examining historical mapping data.
 Before the start of fieldwork an inspection of the site and the surrounding area should be made on 
foot. River banks, existing excavations, quarries and road or railway cuttings, for example, can yield 
valu able information regarding the nature of the strata and groundwater conditions; existing structures 
should be examined for signs of settlement damage. Previous experience of conditions in the area may 
have been obtained by adjacent owners or local authorities. Consideration of all of the information 
obtained in the desk study enables the most suitable type of investigation to be selected, and allows the 
fieldwork to be targeted to best characterise the site. This will ultimately result in a more effective site 
investigation.
 The actual investigation procedure depends on the nature of the strata and the type of project, but 
will normally involve the excavation of boreholes or trial pits. The number and location of boreholes, 
trial pits and CPT soundings (Section 6.5) should be planned to enable the basic geological structure 
of the site to be determined and significant irregularities in the subsurface conditions to be detected. 
Approximate guidance on the spacing of these investigation points is given in Table 6.1. The greater 
the degree of variability of the ground conditions, the greater the number of boreholes or pits required. 
The locations should be offset from areas on which it is known that foundations are to be sited. A pre
liminary investigation on a modest scale may be carried out to obtain the general characteristics of the 
strata, followed by a more extensive and carefully planned investigation including sampling and in situ 
testing.
 It is essential that the investigation is taken to an adequate depth. This depth depends on the type and 
size of the project, but must include all strata liable to be significantly affected by the structure and its 
construction. The investigation must extend below all strata which might have inadequate shear strength 
for the support of foundations, or which would give rise to significant settlement. If the use of deep foun
dations (Chapter 9) is anticipated the investigation will thus have to extend to a considerable depth below 
the surface. If rock is encountered, it should be penetrated by at least 3 m in more than one location to 
confirm that bedrock (and not a large boulder) has been reached, unless geological knowledge indicates 
otherwise. The investigation may have to be taken to depths greater than normal in areas of old mine 
workings or other underground cavities. Boreholes and trial pits should be backfilled after use. Backfill
ing with compacted soil may be adequate in many cases, but if the groundwater conditions are altered by 
a borehole and the resultant flow could produce adverse effects then it is necessary to use a cement 
based grout to seal the hole.

Table 6.1  Guidance on spacing of ground investigation points (Eurocode 7, Part 2: 2007)

Type of construction Spacing of investigation points

High-rise and industrial structures Grid pattern, at spacing of 15–40 m

Large-area structures Grid pattern, spacing ≤ 60 m

Linear structures (e.g. roads, railways, retaining 

walls etc.)

Along route, at spacing of 20–200 m

Special structures (e.g. bridges, chimneys/stacks, 

machine foundations)

2–6 investigation points per foundation

Dams and weirs 25– to 75-m spacing, along relevant sections
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 The cost of an investigation depends on the location and extent of the site, the nature of the strata and 
the type of project under consideration. In general, the larger the project, and the less critical the ground 
conditions are to the design and construction of the project, the lower the cost of the ground investiga
tion as a percentage of the total cost. The cost of a ground investigation is generally within the range 
0.1–2% of the project cost. To reduce the scope of an investigation for financial reasons alone is never 
justified. Chapman (2008) provides an interesting example of this, considering the development of a six 
storey office building in central London with a construction cost of £30 million. It is demonstrated that 
in halving the cost of site investigation (from £45 000 to £22 500), poorer foundation design due to less 
available ground information carries a cost of around £210 000; If project completion is delayed by more 
than one month due to unforeseen ground conditions (this happens in approximately 20% of projects), 
the associated cost could exceed £800 000 in lost building rents and re design. Clients’ costs are there
fore very vulnerable to the unexpected. The aim of a good ground investigation should be to ensure that 
unforeseen ground conditions do not increase this vulnerability.

6.2 Methods of intrusive investigation

Trial pits
The excavation of trial pits is a simple and reliable method of investigation, but is limited to a maximum 
depth of 4–5 m. The soil is generally removed by means of the back shovel of a mechanical excavator. 
Before any person enters the pit, the sides must always be supported unless they are sloped at a safe 
angle or are stepped; the excavated soil should be placed at least 1 m from the edge of the pit (see Section 
12.2 for a discussion of stability of trial pits and trenches). If the pit is to extend below the water table, 
some form of dewatering is necessary in the more permeable soils, resulting in increased costs. The use 
of trial pits enables the in situ soil conditions to be examined visually, and thus the boundaries between 
strata and the nature of any macro fabric can be accurately determined. It is relatively easy to obtain dis
turbed or undisturbed soil samples: in fine grained soils block samples can be cut by hand from the sides 
or bottom of the pit, and tube samples can be obtained below the bottom of the pit. Trial pits are suitable 
for investigations in all types of soil, including those containing cobbles or boulders.

Shafts and headings
Deep pits or shafts are usually advanced by hand excavation, the sides being supported by timbering. 
Headings or adits are excavated laterally from the bottom of shafts or from the surface into hillsides, 
both the sides and roof being supported. It is unlikely that shafts or headings would be excavated below 
the water table. Shafts and headings are very costly, and their use would be justified only in investiga
tions for very large structures, such as dams, if the ground conditions could not be ascertained adequately 
by other means.

Percussion boring
The boring rig (Figure 6.1) consists of a derrick, a power unit, and a winch carrying a light steel cable 
which passes through a pulley on top of the derrick. Most rigs are fitted with road wheels, and when 
folded down can be towed behind a vehicle. Various boring tools can be attached to the cable. The bore
hole is advanced by the percussive action of the tool which is alternately raised and dropped (usually 
over a distance of 1–2 m) by means of the winch unit. The two most widely used tools are the shell 
(Figure 6.1(b)) and the clay cutter (Figure 6.1(c)). If necessary, a heavy steel element called a sinker bar 
can be fitted immediately above the tool to increase the impact energy.
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 The shell, which is used in sands and other coarse grained soils, is a heavy steel tube fitted with a flap 
or clack valve at the lower end. Below the water table, the percussive action of the shell loosens the soil 
and produces a slurry in the borehole. Above the water table, a slurry is produced by introducing water 
into the borehole. The slurry passes through the clack valve during the downward movement of the shell 
and is retained by the valve during the upward movement. When full, the shell is raised to the surface to 
be emptied. In cohesionless soils (e.g. sands and gravels), the borehole must be cased to prevent col
lapse. The casing, which consists of lengths of steel tubing screwed together, is lowered into the bore
hole and will normally slide down under its own weight; however, if necessary, installation of the casing 
can be aided by driving. On completion of the investigation the casing is recovered by means of 
the winch or by the use of jacks: excessive driving during installation may make recovery of the casing 
difficult.
 The clay cutter, which is used in fine grained soils (e.g. clays, silts and tills), is an open steel tube 
with a cutting shoe and a retaining ring at the lower end; the tool is used in a dry borehole. The percus
sive action of the tool cuts a plug of soil which eventually fractures near its base due to the presence of 
the retaining ring. The ring also ensures that the soil is retained inside the cutter when it is raised to the 
surface to be emptied.
 Small boulders, cobbles and hard strata can be broken up by means of a chisel, aided by the addi
tional weight of a sinker bar if necessary.
 Borehole diameters can range from 150 to 300 mm. The maximum borehole depth is generally 
between 50 and 60 m. Percussion boring can be employed in most types of soil, including those contain
ing cobbles and boulders. However, there is generally some disturbance of the soil below the bottom of 
the borehole, from which samples are taken, and it is extremely difficult to detect thin soil layers and 
minor geological features with this method. The rig is extremely versatile, and can normally be fitted 
with a hydraulic power unit and attachments for mechanical augering, rotary core drilling and in situ 
testing (Chapter 7).

Cable

Derrick

Casing

(a) (b) (c) (d)

Sheaf

Road
wheels
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unit

Power
unit

Figure 6.1 (a) Percussion boring rig, (b) shell, (c) clay cutter, and (d) chisel.
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Mechanical augers
Power operated augers are generally mounted on vehicles or in the form of attachments to the derrick 
used for percussion boring. The power required to rotate the auger depends on the type and size of the 
auger itself, and the type of soil to be penetrated. Downward pressure on the auger can be applied 
hydraulically, mechanically or by dead weight. The types of tool generally used are the flight auger and 
the bucket auger. The diameter of a flight auger is usually between 75 and 300 mm, although diameters 
as large as 1 m are available; the diameter of a bucket auger can range from 300 mm to 2 m. However, 
the larger sizes are used principally for excavating shafts for bored piles. Augers are used mainly in soils 
in which the borehole requires no support and remains dry, i.e. mainly in stiffer, overconsolidated clays. 
The use of casing would be inconvenient because of the necessity of removing the auger before driving 
the casing; however, it is possible to use bentonite slurry to support the sides of unstable holes (Section 
12.2). The presence of cobbles or boulders creates difficulties with the smaller sized augers.
 Short flight augers (Figure 6.2(a)) consist of a helix of limited length, with cutters below the helix. 
The auger is attached to a steel shaft, known as a kelly bar, which passes through the rotary head of the 
rig. The auger is advanced until it is full of soil, then it is raised to the surface where the soil is ejected 
by rotating the auger in the reverse direction. Clearly, the shorter the helix, the more often the auger 
must be raised and lowered for a given borehole depth. The depth of the hole is limited by the length of 
the kelly bar.
 Continuous flight augers (Figure 6.2(b)) consist of rods with a helix covering the entire length. The 
soil rises to the surface along the helix, obviating the necessity for withdrawal; additional lengths of 
auger are added as the hole is advanced. Borehole depths up to 50 m are possible with continuous flight 
augers, but there is a possibility that different soil types may become mixed as they rise to the surface, 
and it may be difficult to determine the depths at which changes of strata occur.

(a) (b) (c) (d)

Figure 6.2  (a) Short- flight auger, (b) continuous- flight auger, (c) bucket auger, and 
(d) Iwan (hand) auger.
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 Continuous fight augers with hollow stems are also used. When boring is in progress, the hollow stem 
is closed at the lower end by a plug fitted to a rod running inside the stem. Additional lengths of auger 
(and internal rod) are again added as the hole is advanced. At any depth the rod and plug may be with
drawn from the hollow stem to allow undisturbed samples to be taken, a sample tube mounted on rods 
being lowered down the stem and driven into the soil below the auger. If bedrock is reached, drilling can 
also take place through the hollow stem. The internal diameter of the stem can range from 75 to 150 mm. 
As the auger performs the function of a casing it can be used in permeable soils (e.g. sands) below the 
water table, although difficulty may be experienced with soil being forced upwards into the stem by 
hydrostatic pressure; this can be avoided by filling the stem with water up to water table level.
 Bucket augers (Figure 6.2(c)) consist of a steel cylinder, open at the top but fitted with a base plate on 
which cutters are mounted, adjacent to slots in the plate: the auger is attached to a kelly bar. When the 
auger is rotated and pressed downwards, the soil removed by the cutters passes through the slots into the 
bucket. When the bucket is full, it is raised to the surface to be emptied by releasing the hinged base 
plate.
 Augered holes of 1m diameter and larger can be used for the examination of the soil strata in situ, by 
lowering a remote CCTV camera into the borehole.

Hand and portable augers
Hand augers can be used to excavate boreholes to depths of around 5 m using a set of extension rods. 
The auger is rotated and pressed down into the soil by means of a T handle on the upper rod. The two 
common types are the Iwan or post hole auger (Figure 6.2(d)), with diameters up to 200 mm, and the 
small helical auger, with diameters of about 50 mm. Hand augers are generally used only if the sides of 
the hole require no support and if particles of coarse gravel size and above are absent. The auger must be 
withdrawn at frequent intervals for the removal of soil. Undisturbed samples can be obtained by driving 
small diameter tubes below the bottom of the borehole.
 Small portable power augers, generally transported and operated by two persons, are suitable for 
boring to depths of 10–15 m; the hole diameter may range from 75 to 300 mm. The borehole may be 
cased if necessary, and therefore the auger can be used in most soil types provided the larger particle 
sizes are absent.

Wash boring
In this method, water is pumped through a string of hollow boring rods and is released under pressure 
through narrow holes in a chisel attached to the lower end of the rods (Figure 6.3). The soil is loosened 
and broken up by the water jets and the up anddown movement of the chisel. There is also provision for 
the manual rotation of the chisel by means of a tiller attached to the boring rods above the surface. The 
soil particles are washed to the surface between the rods and the side of the borehole, and are allowed to 
settle out in a sump. The rig consists of a derrick with a power unit, a winch and a water pump. The 
winch carries a light steel cable which passes through the sheaf of the derrick and is attached to the top 
of the boring rods. The string of rods is raised and dropped by means of the winch unit, producing the 
chopping action of the chisel. The borehole is generally cased, but the method can be used in uncased 
holes. Drilling fluid may be used as an alternative to water in the method, eliminating the need for 
casing.
 Wash boring can be used in most types of soil, but progress becomes slow if particles of coarse 
gravel size and larger are present. The accurate identification of soil types is difficult, due to particles 
being broken up by the chisel and to mixing as the material is washed to the surface; in addition, segre
gation of particles takes place as they settle out in the sump. However, a change in the feel of the boring 
tool can sometimes be detected, and there may be a change in the colour of the water rising to the 



 

Ground investigation

207

surface, when the boundaries between different strata are reached. The method is unacceptable as a 
means of obtaining soil samples. It is used only as a means of advancing a borehole to enable tube 
samples to be taken or in situ tests to be carried out below the bottom of the hole. An advantage of the 
method is that the soil immediately below the hole remains relatively undisturbed.

Rotary drilling
Although primarily intended for investigations in rock, the method is also used in soils. The drilling tool, 
which is attached to the lower end of a string of hollow drilling rods (Figure 6.4), may be either a cutting 
bit or a coring bit; the coring bit is fixed to the lower end of a core barrel, which in turn is carried by the 
drilling rods. Water or drilling fluid is pumped down the hollow rods and passes under pressure through 
narrow holes in the bit or barrel; this is the same principle as used in wash boring. The drilling fluid 
cools and lubricates the drilling tool, and carries the loose debris to the surface between the rods and the 
side of the hole. The fluid also provides some support to the sides of the hole if no casing is used.
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(to winch)

Swivel
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Figure 6.3 Wash boring.
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Figure 6.4 Rotary drilling.
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 The rig consists of a derrick, power unit, winch, pump and a drill head to apply high speed rotary 
drive and downward thrust to the drilling rods. A rotary head attachment can be supplied as an accessory 
to a percussion boring rig.
 There are two forms of rotary drilling: open hole drilling and core drilling. Open hole drilling, which 
is generally used in soils and weak rock, uses a cutting bit to break down all the material within the 
diameter of the hole. Open hole drilling can thus be used only as a means of advancing the hole; the 
drilling rods can then be removed to allow tube samples to be taken or in situ tests to be carried out. In 
core drilling, which is used in rocks and hard clays, the diamond or tungsten carbide bit cuts an annular 
hole in the material and an intact core enters the barrel, to be removed as a sample. However, the natural 
water content of the material is liable to be increased due to contact with the drilling fluid. Typical core 
diameters are 41, 54 and 76 mm, but can range up to 165 mm.
 The advantage of rotary drilling in soils is that progress is much faster than with other investigation 
methods and disturbance of the soil below the borehole is slight. The method is not suitable if the soil 
contains a high percentage of gravel sized (or larger) particles, as they tend to rotate beneath the bit and 
are not broken up.

Groundwater observations
An important part of any ground investigation is the determination of water table level and of any arte
sian pressure in particular strata. The variation of level or pore water pressure over a given period of 
time may also require determination. Groundwater observations are of particular importance if deep 
excavations are to be carried out.
 Water table level can be determined by measuring the depth to the water surface in a borehole. Water 
levels in boreholes may take a considerable time to stabilise; this time, known as the response time, 
depends on the permeability of the soil. Measurements, therefore, should be taken at regular intervals 
until the water level becomes constant. It is preferable that the level should be determined as soon as the 
borehole has reached water table level. If the borehole is further advanced it may penetrate a stratum 
under artesian pressure (Section 2.1), resulting in the water level in the hole being above water table 
level. It is important that a stratum of low permeability below a perched water table (Section 2.1) should 
not be penetrated before the water level has been established. If a perched water table exists, the bore
hole must be cased in order that the main water table level is correctly determined; if the perched aquifer 
is not sealed, the water level in the borehole will be above the main water table level.
 When it is required to determine the pore water pressure in a particular stratum, a piezometer should 
be used. A piezometer consists of an element filled with de aired water and incorporating a porous tip 
which provides continuity between the pore water in the soil and the water within the element. The 
element is connected to a pressure measuring system. A high air entry ceramic tip is essential for the 
measurement of pore water pressure in partially saturated soils (e.g. compacted fills), the air entry value 
being the pressure difference at which air would bubble through a saturated filter. Therefore the air entry 
value must exceed the difference between the pore air and pore water pressures, otherwise pore air pres
sure will be recorded. A coarse porous tip can only be used if it is known that the soil is fully saturated. 
If the pore water pressure is different from the pressure of the water in the measuring system, a flow of 
water into or out of the element will take place. This, in turn, results in a change in pressure adjacent to 
the tip, and consequent seepage of pore water towards or away from the tip. Measurement involves bal
ancing the pressure in the measuring system with the pore water pressure in the vicinity of the tip. 
However the response time taken for the pressures to equalise depends on the permeability of the soil 
and the flexibility of the measuring system. The response time of a piezometer should be as short as pos
sible. Factors governing flexibility are the volume change required to actuate the measuring device, the 
expansion of the connections, and the presence of entrapped air. A de airing unit forms an essential part 
of the equipment: efficient de airing during installation is essential if errors in pressure measurement are 
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to be avoided. To achieve a rapid response time in soils of low permeability the measuring system must 
be as stiff as possible, requiring the use of a closed hydraulic system in which virtually no flow of water 
is required to operate the measuring device.
 The simplest type is the open standpipe piezometer (Figure 6.5), which is used in a cased borehole 
and is suitable if the soil is fully saturated and the permeability is relatively high. The water level is nor
mally determined by means of an electrical dipper, a probe with two conductors on the end of a measur
ing tape; the battery operated circuit closes, triggering an indicator, when the conductors come into 
contact with the water. The standpipe is normally a plastic tube of 50mm diameter or smaller, the lower 
end of which is either perforated or fitted with a porous element. A relatively large volume of water must 
pass through the porous element to change the standpipe level, therefore a short response time will only 
be obtained in soils of relatively high permeability. Sand or fine gravel is packed around the lower end, 
and the standpipe is sealed in the borehole with clay (generally by the use of bentonite pellets) immedi
ately above the level at which pore pressure is to be measured. The remainder of the borehole is back
filled with sand except near the surface, where a second seal is placed to prevent the inflow of surface 
water. The top of the standpipe is fitted with a cap, again to prevent ingress of water. Open standpipe 
piezometers which can be pushed or driven into the ground have also been developed. Piezometers may 
also be used to collect water samples for further chemical analysis in the laboratory on sites which may 
be contaminated (Section 6.8).

Sand

Porous tube

Plastic tube

Casing

Seal
(bentonite)

Backfill
or grout

Figure 6.5 Open standpipe piezometer.
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 The open standpipe piezometer has a long response time in soils of low permeability, and in such 
cases it is preferable to install a hydraulic piezometer having a relatively short response time. To achieve 
a rapid response time in soils of low permeability the measuring system must be as stiff as possible, 
requiring the use of a closed hydraulic system in which no flow of water is required to operate the meas
uring device. Three types of piezometer for use with a closed hydraulic system are illustrated in Figure 
6.6. The piezometers consist of a brass or plastic body into which a porous tip of ceramic, bronze or 
stone is sealed. Two tubes lead from the device, one of which is connected to a transducer, allowing 
results to be recorded automatically. The tubes are of nylon coated with polythene, nylon being imper
meable to air and polythene to water.
 The two tubes enable the system to be kept air free by the periodic circulation of de aired water. 
Allowance must be made for the difference in level between the tip and the measuring instrument, which 
should be sited below the tip whenever possible.

6.3 Sampling

Once an opening (trial pit or borehole) has been made in the ground, it is often desirable to recover 
samples of the soil to the surface for laboratory testing. Soil samples are divided into two main catego
ries, undisturbed and disturbed. Undisturbed samples, which are required mainly for shear strength 
and consolidation tests (Chapters 4 and 5), are obtained by techniques which aim at preserving the in 
situ structure and water content of the soil as far as is practically possible. In boreholes, undisturbed 
samples can be obtained by withdrawing the boring tools (except when hollow stem continuous flight 
augers are used) and driving or pushing a sample tube into the soil at the bottom of the hole. The sampler 
is normally attached to a length of boring rod which can be lowered and raised by the cable of the 
percussion rig. When the tube is brought to the surface, some soil is removed from each end and molten 
wax is applied, in thin layers, to form a water tight seal approximately 25 mm thick; the ends of the tube 

Borehole tip

Embankment tip

Embankment tip
(Bishop type)

Figure 6.6 Piezometer tips.
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are then covered by protective caps. Undisturbed block samples can be cut by hand from the bottom or 
sides of a trial pit. During cutting, the samples must be protected from water, wind and sun to avoid any 
change in water content; the samples should be covered with molten wax immediately they have been 
brought to the surface. It is impossible to obtain a sample that is completely undisturbed, no matter how 
elaborate or careful the ground investigation and sampling technique might be. In the case of clays, for 
example, swelling will take place adjacent to the bottom of a borehole due to the reduction in total 
stresses when soil is removed, and structural disturbance may be caused by the action of the boring tools; 
subsequently, when a sample is removed from the ground the total stresses are reduced to zero.
 Soft clays are extremely sensitive to sampling disturbance, the effects being more pronounced in clays of 
low plasticity than in those of high plasticity. The central core of a soft clay sample will be relatively less 
disturbed than the outer zone adjacent to the sampling tube. Immediately after sampling, the pore water 
pressure in the relatively undisturbed core will be negative due to the release of the in situ total stresses. 
Swelling of the relatively undisturbed core will gradually take place due to water being drawn from the more 
disturbed outer zone and resulting in the dissipation of the negative excess pore water pressure; the outer 
zone of soil will consolidate due to the redistribution of water within the sample. The dissipation of the neg
ative excess pore water pressure is accompanied by a corresponding reduction in effective stresses. The soil 
structure of the sample will thus offer less resistance to shear, and will be less stiff than the in situ soil.
 A disturbed sample is one having the same particle size distribution as the in situ soil but in which the 
soil structure has been significantly damaged or completely destroyed; in addition, the water content may be 
different from that of the in situ soil. Disturbed samples, which are used mainly for soil classification tests 
(Chapter 1), visual classification and compaction tests, can be excavated from trial pits or obtained from the 
tools used to advance boreholes (e.g. from augers and the clay cutter). The soil recovered from the shell in 
percussion boring will be deficient in fines and will be unsuitable for use as a disturbed sample. Samples in 
which the natural water content has been preserved should be placed in airtight, non corrosive containers; all 
containers should be completely filled so that there is negligible air space above the sample.
 Samples should be taken at changes of stratum (as observed from the soil recovered by augering/drill
ing) and at a specified spacing within strata of not more than 3 m. All samples should be clearly labelled 
to show the project name, date, location, borehole number, depth and method of sampling; in addition, 
each sample should be given a unique serial number. Special care is required in the handling, transporta
tion and storage of samples (particularly undisturbed samples) prior to testing.
 The sampling method used should be related to the quality of sample required. Quality can be classified 
as shown in Table 6.2, with Class 1 being most useful and of the highest quality, and Class 5 being useful 
only for basic visual identification of soil type. For Classes 1 and 2, the sample must be undisturbed. 
Samples of Classes 3, 4 and 5 may be disturbed. The principal types of tube samplers are described below.

Table 6.2 Sample quality related to end use (after EC7–2: 2007)

Soil property Class 1 Class 2 Class 3 Class 4 Class 5

Sequence of layers • • • • •

Strata boundaries • • • •
Particle size distribution • • • •
Atterberg limits, organic content • • • •
Water content • • •
(Relative) Density, porosity • •
Permeability • •
Compressibility, shear strength •
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Open drive sampler
An open drive sampler (Figure 6.7(a)) consists of a long steel tube with a screw thread at each end. A 
cutting shoe is attached to one end of the tube. The other end of the tube screws into a sampler head, to 
which, in turn, the boring rods are connected. The sampler head also incorporates a non return valve to 
allow air and water to escape as the soil fills the tube, and to help retain the sample as the tube is withdrawn. 
The inside of the tube should have a smooth surface, and must be maintained in a clean condition.
 The internal diameter of the cutting edge (dc) should be approximately 1% smaller than that of the 
tube to reduce frictional resistance between the tube and the sample. This size difference also allows for 
slight elastic expansion of the sample on entering the tube, and assists in sample retention. The external 
diameter of the cutting shoe (dw) should be slightly greater than that of the tube to reduce the force 
required to withdraw the tube. The volume of soil displaced by the sampler as a proportion of the sample 
volume is represented by the area ratio (Ca) of the sampler, where

  (6.1)
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Figure 6.7  Types of sampling tools: (a) open drive sampler, (b) thin- walled sampler, 
(c) split- barrel sampler, and (d) stationary piston sampler.



 

Ground investigation

213

The area ratio is generally expressed as a percentage. Other factors being equal, the lower the area ratio, 
the lower is the degree of sample disturbance.
 The sampler can be driven dynamically by means of a drop weight or sliding hammer, or statically by 
hydraulic or mechanical jacking. Prior to sampling, all loose soil should be removed from the bottom of 
the borehole. Care should be taken to ensure that the sampler is not driven beyond its capacity, otherwise 
the sample will be compressed against the sampler head. Some types of sampler head have an overdrive 
space below the valve to reduce the risk of sample damage. After withdrawal, the cutting shoe and 
sampler head are detached and the ends of the sample are sealed.
 The most widely used sample tube has an internal diameter of 100 mm and a length of 450 mm; the 
area ratio is approximately 30%. This sampler is suitable for all clay soils. When used to obtain samples 
of sand, a core- catcher, a short length of tube with spring loaded flaps, should be fitted between the tube 
and cutting shoe to prevent loss of soil. The class of sample obtained depends on soil type.

Thin- walled sampler
Thin walled samplers (Figure 6.7(b)) are used in soils which are sensitive to disturbance, such as soft to 
firm clays and plastic silts. The sampler does not employ a separate cutting shoe, the lower end of the 
tube itself being machined to form a cutting edge. The internal diameter may range from 35 to 100 mm. 
The area ratio is approximately 10%, and samples of first class quality can be obtained provided the soil 
has not been disturbed in advancing the borehole. In trial pits and shallow boreholes, the tube can often 
be driven manually.

Split- barrel sampler
Split barrel samplers (Figure 6.7(c)) consist of a tube which is split longitudinally into two halves; a 
shoe and a sampler head incorporating air release holes are screwed onto the ends. The two halves of the 
tube can be separated when the shoe and head are detached to allow the sample to be removed. The 
internal and external diameters are 35 and 50 mm, respectively, the area ratio being approximately 100%, 
with the result that there is considerable disturbance of the sample (Class 3 or 4). This sampler is used 
mainly in sands, being the tool specified in the Standard Penetration Test (SPT, see Chapter 7).

Stationary piston sampler
Stationary piston samplers (Figure 6.7(d)) consist of a thin walled tube fitted with a piston. The piston 
is attached to a long rod which passes through the sampler head and runs inside the hollow boring 
rods. The sampler is lowered into the borehole with the piston located at the lower end of the tube, 
the tube and piston being locked together by means of a clamping device at the top of the rods. The 
piston prevents water or loose soil from entering the tube. In soft soils the sampler can be pushed 
below the bottom of the borehole, bypassing any disturbed soil. The piston is held against the soil 
(generally by clamping the piston rod to the casing) and the tube is pushed past the piston (until the 
sampler head meets the top of the piston) to obtain the sample. The sampler is then withdrawn, a 
locking device in the sampler head holding the piston at the top of the tube as this takes place. The 
vacuum between the piston and the sample helps to retain the soil in the tube; the piston thus serves 
as a non return valve.
 Piston samplers should always be pushed down by hydraulic or mechanical jacking; they should 
never be driven. The diameter of the sampler is usually between 35 and 100 mm, but can be as large as 
250 mm. The samplers are generally used for soft clays, and can produce samples of first class quality up 
to 1 m in length.
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Continuous sampler
The continuous sampler is a highly specialised type of sampler which is capable of obtaining undis
turbed samples up to 25 m in length; the sampler is used mainly in soft clays. Details of the soil fabric 
can be determined more easily if a continuous sample is available. An essential requirement of continu
ous samplers is the elimination of frictional resistance between the sample and the inside of the sampler 
tube. In one type of sampler, developed by Kjellman et al. (1950), this is achieved by superimposing thin 
strips of metal foil between the sample and the tube. The lower end of the sampler (Figure 6.8(a)) has a 
sharp cutting edge above which the external diameter is enlarged to enable 16 rolls of foil to be housed 
in recesses within the wall of the sampler. The ends of the foil are attached to a piston, which fits loosely 
inside the sampler; the piston is supported on a cable which is fixed at the surface. Lengths of sample 
tube (68 mm in diameter) are attached as required to the upper end of the sampler.
 As the sampler is pushed into the soil the foil unrolls and encases the sample, the piston being held at 
a constant level by means of the cable. As the sampler is withdrawn the lengths of tube are uncoupled 
and a cut is made, between adjacent tubes, through the foil and sample. Sample quality is generally Class 
1 or 2.
 Another type is the Delft continuous sampler, of either 29 or 66 mm in diameter. The sample feeds 
into an impervious nylon stockinette sleeve. The sleeved sample, in turn, is fed into a fluid supported 
thin walled plastic tube.

Compressed air sampler
The compressed air sampler (Figure 6.8(b)) is used to obtain undisturbed samples of sand (generally 
Class 2) below the water table. The sample tube, usually 60 mm in diameter, is attached to a sampler 
head having a relief valve which can be closed by a rubber diaphragm. Attached to the sampler head is a 
hollow guide rod surmounted by a guide head. An outer tube, or bell, surrounds the sample tube, the bell 
being attached to a weight which slides on the guide rod. The boring rods fit loosely into a plain socket 
in the top of the guide head, the weight of the bell and sampler being supported by means of a shackle 
which hooks over a peg in the lower length of boring rod; a light cable, leading to the surface, is fixed to 
the shackle. Compressed air, produced by a foot pump, is supplied through a tube leading to the guide 
head, the air passing down the hollow guide rod to the bell.
 The sampler is lowered on the boring rods to the bottom of the borehole, which will contain water below 
the level of the water table. When the sampler comes to rest at the bottom of the borehole the shackle 
springs off the peg, removing the connection between the sampler and the boring rods. The tube is pushed 
into the soil by means of the boring rods, a stop on the guide rod preventing overdriving; the boring rods are 
then withdrawn. Compressed air is now introduced to expel the water from the bell and to close the valve in 
the sampler head by pressing the diaphragm downwards. The tube is withdrawn into the bell by means of 
the cable, and then the tube and bell together are raised to the surface. The sand sample remains in the tube 
by virtue of arching and the slight negative pore water pressure in the soil. A plug is placed at the bottom of 
the tube before the suction is released and the tube is removed from the sampler head.

Window sampler
This sampler, which is most suited to dry fine grained soils, employs a series of tubes, usually 1 m in 
length and of different diameters (typically 80, 60, 50 and 36 mm). Tubes of the same diameter can be 
coupled together. A cutting shoe is attached to the end of the bottom tube. The tubes are driven into the 
soil by percussion using either a manual or rig supported device, and are extracted either manually or by 
means of the rig. The tube of largest diameter is the first to be driven and extracted with its sample 
inside. A tube of lesser diameter is then driven below the bottom of the open hole left by extraction of 
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the larger tube. The operation is repeated using tubes of successively lower diameter, and depths of up to 
8 m can be reached. There are longitudinal slots or ‘windows’ in the walls at one side of the tubes to 
allow the soil to be examined and enable disturbed samples of Class 3 or 4 to be taken.

6.4 Selection of laboratory test method(s)

The ultimate aim of careful sampling is to obtain the mechanical characteristics of soil for use in sub
sequent geotechnical analyses and design. These basic characteristics and the laboratory tests for their 
determination have been described in detail in Chapters 1–5. Table 6.3 summarises the mechanical 
characteristics which can be obtained from each type of laboratory test discussed previously using 
undisturbed samples (i.e. Class 1/2). The table demonstrates why the triaxial test is so popular in soil 
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Figure 6.8  (a) Continuous sampler, (b) compressed air sampler.
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mechanics, with modern computer controlled machines being able to conduct various different test 
stages on a single sample of soil, thereby making best use of the material recovered from site.
 Disturbed samples may be effectively used to support the tests described in Table 6.3 by determining 
the index properties (w, wL, wP, IP and IL for fine grained soils; emax, emin and e for coarse grained soils) 
and using the empirical correlations presented in Section 5.9 (i.e. Equations 5.43–5.47 inclusive).

6.5 Borehole logs

After an investigation has been completed and the results of any laboratory tests are available, the ground 
conditions discovered in each borehole (or trial pit) are summarised in the form of a borehole (or trial 
pit) log. An example of such a log appears in Table 6.4, but details of the layout can vary. The last few 
columns are originally left without headings to allow for variations in the data presented. The method of 
investigation and details of the equipment used should be stated on each log. The location, ground level 
and diameter of the hole should be specified, together with details of any casing used. The names of the 
client and the project should be stated.
 The log should enable a rapid appraisal of the soil profile to be made. The log is prepared with reference 
to a vertical depth scale. A detailed description of each stratum is given, and the levels of strata boundaries 
clearly shown; the level at which boring was terminated should also be indicated. The different soil (and 
rock) types are represented by means of a legend using standard symbols. The depths (or ranges of depth) at 
which samples were taken or at which in situ tests were performed are recorded; the type of sample is also 
specified. The results of certain laboratory or in situ tests may be given in the log – Table 6.4 shows N values 
which are the result of Standard Penetration tests (SPT), which are described in Chapter 7. The depths at 
which groundwater was encountered and subsequent changes in levels, with times, should be detailed.

Table 6.3  Derivation of key soil properties from undisturbed samples tested in the 
laboratory

Parameter Oedometer 

(Chapter 4)

Shearbox 

(Chapter 5)

Triaxial cell 

(Chapter 5)

Permeameter 

(Chapter 2)

Particle size 

distribution (PSD)  

(Chapter 1)

Consolidation 

characteristics: mv, Cc

YES Cc from λ

Stiffness properties: 

G, G0

YES

Drained strength 

properties: φ′, c′
YES CD/CU tests

Undrained strength 

properties: cu (in-situ)

UU tests

Permeability: k FH* – sands & 

gravels

CH* – finer soils

FH – sands & 

gravels

CH – finer soils

sands & gravels 

(Eq. 2.4)

Notes: * FH = Falling head test; CH = Constant head test. These tests can be conducted in a modern stress-path 

cell by controlling the back pressure and maintaining a zero lateral strain condition.
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Table 6.4 Sample borehole log
BOREHOLE LOG

Location: Barnhill
Client: RFG Consultants
Boring method: Shell and auger to 14.4 m
Rotary core drilling to 17.8 m
Diameter: 150 mm
NX
Casing: 150 mm to 5 m

Description of strata

Loose, light brown
SAND

Medium dense,
brown gravelly SAND

Firm, yellowish-brown,
closely fissured CLAY

Very dense, red, silty
SAND with decomposed
SANDSTONE

Red, medium-grained,
granular, fresh
SANDSTONE,
moderately weak, thickly
bedded

TOPSOIL
35.6 0.7

6

15

80

86

97

105

D

D

U

U

U

U

D 50 for
210 mm

2.6

12.2

14.4

17.8

4.4

33.7

31.9

24.1

21.9

18.5

32.5

Level Legend Depth Samples N Cu
(kN/m2)

Borehole No.1
Sheet 1 of 1
Ground level: 36.30
Date: 30.7.77
Scale: 1:100

U: Undisturbed sample
D: Disturbed sample
B: Bulk disturbed sample
W: Water sample
    : Water table

REMARKS Water level (0930 h)
29.7.77 32.2 m
30.7.77 32.5 m
31.7.77 32.5 m
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 The soil description should be based on particle size distribution and plasticity, generally using the 
rapid procedure in which these characteristics are assessed by means of visual inspection and feel; dis
turbed samples are generally used for this purpose. The description should include details of soil colour, 
particle shape and composition; if possible, the geological formation and type of deposit should be given. 
The structural characteristics of the soil mass should also be described, but this requires an examination 
of undisturbed samples or of the soil in situ (e.g. in a trial pit). Details should be given of the presence 
and spacing of bedding features, fissures and other relevant characteristics. The density index of sands 
and the consistency of clays (Table 1.3) should be indicated.

6.6 Cone penetration testing (CPT)

The Cone Penetrometer is one of the most versatile tools available for soil exploration (Lunne et al., 
1997). In this section, the use of the CPT to identify stratigraphy and the materials which are present in 
the ground will be presented. However, the technique can also be used to determine a wide range of 
standard geotechnical parameters for these materials instead of or in addition to the laboratory tests sum
marised in Section 6.4. This will be further discussed in Chapter 7. Furthermore, because of the close 
analogy between a CPT and a pile under vertical loading, CPT data may also be used directly in the 
design of deep foundations (Chapter 9).
 The penetrometer consists of a short cylindrical element, at the end of which is a cone shaped tip. The 
cone has an apex angle of 60° and a cross sectional area of 1000 mm2. This is pushed vertically into the 
ground using a thrust machine at a constant rate of penetration of 20 mm/s (ISO, 2006). For onshore appli
cations, the thrust machine is commonly a CPT truck which provides a reaction mass due to its self weight 
(typically 15–20 tonnes). A 20tonne (200kN) thrust will normally permit penetration to around 30 m in 
dense sands or stiff clays (Lunne et al., 1997). For deeper investigations where higher resistances to penetra
tion will be encountered, this may be further ballasted or temporarily anchored to the ground (Figure 6.9). 
As the instrument penetrates, additional push rods of the same diameter as the instrument are attached to 
extend the string. Cables passing up through the centre of the push rods carry data from instruments within 
the penetrometer to the surface. In a standard electrical cone (CPT), a load cell between the cone and the 
body of the instrument continuously records the resistance to penetration of the cone (cone tip resistance qc), 
and a friction sleeve is used to measure the interface shearing resistance (fs) along the cylindrical body of the 
instrument. Different types of soil will exhibit different proportions of sleeve friction to end resistance: for 
example, gravels generally have low fs and high qc, while clays have high fs and low qc. By examining an 
extensive database of CPT test data, Robertson (1990) proposed a chart which may be used for identifying 
soil types based on normalised versions of these parameters (Qt and Fr), which is shown in Figure 6.10.
 For a standard CPT cone, qt is approximated by qc. During penetration, however, excess pore water 
pressures around the cone will increase, particularly in fine grained soils, which artificially reduce qc. 
More sophisticated piezocones (CPTU) include localised measurement of the excess pore water pres
sures around the cone which are induced by penetration. These are most commonly measured immedi
ately behind the cone (u2), though measurements may also be made on the cone itself (u1) and/or at the 
other end of the friction sleeve (u3), as shown in Figure 6.11. When such measurements are made, the 
corrected cone resistance qt is determined using

  (6.2)

The parameter a is an area correction factor depending on the penetrometer, and typically varies between 
0.5–0.9. As before, different soils will experience different changes in pore water pressure during penetra
tion: coarse grained soils (sands and gravels) will exhibit little excess pore water pressure generation due to 
their high permeability, while fine grained soils of lower permeability typically exhibit larger values of u2. 
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Figure 6.9  Schematic of Cone Penetrometer Test (CPT) showing standard 
terminology.

Zone   Soil behaviour type
1.     Sensitive, �ne grained
2.     Organic soils–peats
3.     Clays–clay to silty clay
4.    Silt mixtures; clayey silt to silty clay
5.    Sand mixtures; silty sand to sand silty
6.    Sands; clean sands to silty sands
7.    Gravelly sand to sand
8.     Very stiff sand to clayey sand
9.     Very stiff �ne grained
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Figure 6.10  Soil behaviour type classification chart based on normalised CPT data 
(reproduced after Robertson, 1990).



 

Development of a mechanical model for soil

220

If the soil is heavily overconsolidated, u2 may be negative. The pore water pressure measurement u2 there
fore provides a third continuous parameter which may be used to identify soil types, using the chart shown 
in Figure 6.12 (Robertson, 1990). If CPTU data are available, both Figures 6.10 and 6.12 should be used to 
determine soil type. In some instances, the two charts may give different interpretations of the ground con
ditions. In these cases, judgement is required to correctly identify the ground conditions. CPT soundings 
may also struggle to identify inter bedded soil layers (Lunne et al., 1997).
 As data are recorded continuously with increasing depth during a CPT sounding, the technique can be 
used to produce a ground profile showing soil stratigraphy and classification, similar to a borehole log. An 
example of the use of the foregoing identification charts is shown in Figure 6.13. The CPT test is quick, rel
atively cheap, and has the advantage of not leaving a large void in the ground as in the case of a borehole or 
trial pit. However, due to the difficulties in interpretation which have previously been discussed, CPT data 
are most effective at ‘filling in the gaps’ between widely spaced boreholes. Under these conditions, use of 
the CPT(U) soil identification charts can be informed by the observations from the boreholes. The CPT(U) 
data will then provide useful information as to how the levels of different soil strata vary across a site, and 
may identify localised hard inclusions or voids which may have been missed by the boreholes.
  Given the large amount of data that is generated from a continuous CPT sounding, and that soil 
behaviour types (zones 1–9 in Figures 6.10 and 6.12) fall within ranges defined by the magnitude of the 
measured parameters, interpretation of soil stratigraphy from CPT data benefits greatly from automation/
computerisation. It may be seen from Figure 6.10 that the boundaries between zones 2–7 are close to 
being circular arcs with an origin around the top left corner of the plot. Robertson and Wride (1998) 
quantified the radius of these arcs by a parameter Ic:

  (6.3)

where Qt and Fr are the normalised tip resistance and friction ratio as defined in Figure 6.10. Figure 6.14 
shows curves plotted using Equation 6.3 for values of Ic which most closely represent the soil boundaries 
in Figure 6.10. Using a single equation to define the soil behaviour type makes the processing of CPT 
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Figure 6.11 Schematic of piezocone (CPTU).
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data amenable to automated analysis using a spreadsheet, by applying Equation 6.3 to each test 
datapoint. A spreadsheet tool, CPTic_CSM8.xls, which implements the Ic method may be found on the 
Companion Website. Care must be taken when using the method, as it will not correctly identify soil 
types 1, 8 and 9 (Figure 6.10); however, for most routine use, the Ic method provides a valuable tool for 
the interpretation of stratigraphic information from CPT soundings.

6.7 Geophysical methods

Under certain conditions geophysical methods may be useful in ground investigation, especially at the 
reconnaissance stage. However, the methods are not suitable for all ground conditions and there are limi
tations to the information that can be obtained; thus they must be considered mainly as supplementary 
methods. It is possible to locate strata boundaries only if the physical properties of the adjacent materials 
are significantly different. It is always necessary to check the results against data obtained by direct 
methods such as boring or CPT soundings. Geophysical methods can produce rapid and economic 
results, making them useful for the filling in of detail between widely spaced boreholes or to indicate 
where additional boreholes may be required. The methods can also be useful in estimating the depth to 
bedrock or to the water table, or for locating buried metallic objects (e.g. unexploded ordnance) and 
voids. They can be particularly useful in investigating sensitive contaminated sites, as the methods are 
non intrusive – unlike boring or CPT. There are several geophysical techniques, based on different phys
ical principles. Three of these techniques are described below.

Seismic refraction
The seismic refraction method depends on the fact that seismic waves have different velocities in differ
ent types of soil (or rock), as shown in Table 6.5; in addition, the waves are refracted when they cross 
the boundary between different types of soil. The method enables the general soil types and the approxi
mate depths to strata boundaries, or to bedrock, to be determined.
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Figure 6.14 Soil behaviour type classification using the Ic method.
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 Waves are generated either by the detonation of explosives or by striking a metal plate with a large 
hammer. The equipment consists of one or more sensitive vibration transducers, called geophones, and 
an extremely accurate time measuring device called a seismograph. A circuit between the detonator or 
hammer and the seismograph starts the timing mechanism at the instant of detonation or impact. The 
geophone is also connected electrically to the seismograph: when the first wave reaches the geophone 
the timing mechanism stops and the time interval is recorded in milliseconds.
 When detonation or impact takes place, waves are emitted in every direction. One particular wave, 
called the direct (or surface) wave, will travel parallel to the surface in the direction of the geophone. 
Other waves travel in a downward direction, at various angles to the horizontal, and will be refracted if 
they pass into a stratum of different shear wave (or seismic) velocity (Vs). If the shear wave velocity of 
the lower stratum is higher than that of the upper stratum, one particular wave will travel along the top of 
the lower stratum, parallel to the boundary, as shown in Figure 6.15(a): this wave continually ‘leaks’ 
energy back to the surface. Energy from this refracted wave can be detected by geophones at the surface.
 The test procedure consists of installing either a single geophone in turn at a number of points in a 
straight line, at increasing distances from the source of wave generation, or, alternatively, using a single 
geophone position and producing a series of vibration sources at increasing distances from the geophone 
(as shown in Figure 6.15(a)). The length of the line of points should be three to five times the required 
depth of investigation, and the spacing between measurement/shot points is approximately 3 m. For each 
shot (detonation or impact), the arrival time of the first wave at the geophone position is recorded. When 
the distance between the source and the geophone is short, the arrival time will be that of the direct 
wave. When the distance between the source and the geophone exceeds a certain value (depending on 
the thickness of the upper stratum), the refracted wave will be the first to be detected by the geophone. 
This is because the path of the refracted wave, although longer than that of the direct wave, is partly 
through a stratum of higher shear wave velocity. The use of explosives is generally necessary if the 
source–geophone distance exceeds 30–50 m or if the upper soil stratum is loose.
 Arrival time is plotted against the distance between the source and the geophone, a typical plot being 
shown in Figure 6.15(b). If the source–geophone spacing is less than d1, the direct wave reaches the geo
phone in advance of the refracted wave and the time–distance relationship is represented by a straight 
line through the origin. On the other hand, if the source–geophone distance is greater than d1 but less 
than d2, the refracted wave arrives in advance of the direct wave and the time–distance relationship is 
represented by a straight line at a different slope. For still larger spacings, a third straight line may be 
observed representing the third layer, and so on. The slopes of the lines which are read from the graph 
are the reciprocals of the shear wave velocities (Vs1, Vs2 and Vs3) of the upper, middle and lower strata, 

Table 6.5  Shear wave velocities of common geotechnical materials (after Borcherdt, 
1994)

Soil/rock type Shear wave velocity, Vs (m/s)

Hard rocks (e.g. metamorphic) 1400+

Firm to hard rocks (e.g. igneous, conglomerates, competent 

sedimentary)

700–1400

Gravelly soils and soft rocks (e.g.sandstone, shale, soils with 

>20% gravel)

375–700 

Stiff clays and sandy soils 200–375 

Soft soils (e.g. loose submerged fills and soft clays) 100–200 

Very soft soils (e.g. marshland, reclaimed soil) 50–100 
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respectively. The general types of soil or rock can be determined from a knowledge of these velocities, 
for example by using Table 6.5. The depths (D1 and D2) of the boundaries between the soil strata (pro
vided the thickness of the strata is constant) can be estimated from the formulae

  (6.4)

  (6.5)

The method can also be used where there are more than three strata and procedures exist for the identifi
cation of inclined strata boundaries and vertical discontinuities.
 The formulae used to estimate the depths of strata boundaries are based on the assumptions that each 
stratum is homogeneous and isotropic, the boundaries are plane, each stratum is thick enough to produce a 
change in slope on the time–distance plot, and the shear wave velocity increases in each successive stratum 
from the surface downwards. Softer, lower velocity material (e.g. soft clay) can therefore be masked by 
overlying stronger, higher velocity material (e.g. gravel). Other difficulties arise if the velocity ranges of 
adjacent strata overlap, making it difficult to distinguish between them, and if the velocity increases with 
depth in a particular stratum. It is important that the results are correlated with data from borings.
 Knowledge of Vs can also be used to directly determine the stiffness of the soil. As shear waves 
induce only very small strains in the materials as they pass, the material behaviour is elastic. In an elastic 
medium, the small strain shear modulus (G0) is related to shear wave velocity by:

  (6.6)

Once G0 is known, the full non linear G–γ relationship may be inferred using normalised relationships 
such as Equation 5.10 (Section 5.2).
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Figure 6.15 Seismic refraction method.
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Spectral analysis of surface waves (SASW)

This is a relatively new method which in a practical sense is very similar to seismic refraction; indeed, 
the test procedure is essentially identical. However, instead of measuring arrival times, a detailed analy
sis of the frequency content of the signal received at the geophone is conducted, and only the lower 
frequency surface wave is considered. The analysis is automated using a spectrum analyser to produce a 
dispersion curve, and a computer is used to develop a ground model (a series of layers of different shear 
wave velocity) which would lead to the measured signal, a process known as inversion. In the SASW 
procedure only a single geophone is used, which can make it unreliable in urban areas where there is 
substantial low frequency background noise which is difficult to distinguish from the signal of interest. 
A modified technique which overcomes these difficulties uses a set of geophones in a linear array. This 
is known as multi- channel analysis of surface waves (MASW), and has the additional advantage that 
analysis can be reliably automated.
 Both techniques are quick to conduct, and by conducting tests in different locations a two dimensional 
map of the ground layering (based on shear wave velocities) can be determined – a process known as 
tomography. The main advantages of MASW over the refraction method is that the test can infer layers 
of low shear wave velocity beneath material of high shear wave velocity, which would be masked in the 
refraction method. As with the previous method, the MASW data should always be correlated with data 
from borings. It may similarly be used to determine G0 from Vs using Equation 6.6.

Electrical resistivity

This method depends on differences in the electrical resistance of different soil (and rock) types. The 
flow of current through a soil is mainly due to electrolytic action, and therefore depends on the concen
tration of dissolved salts in the pore water: the mineral particles of a soil are poor conductors of current. 
The resistivity of a soil therefore decreases as both the water content and the concentration of salts 
increase. A dense, clean sand above the water table, for example, would exhibit a high resistivity due to 
its low degree of saturation and the virtual absence of dissolved salts. A saturated clay of high void ratio, 
on the other hand, would exhibit a low resistivity due to the relative abundance of pore water and the 
free ions in that water.
 In its usual form (Figure 6.16(a)), the method involves driving four electrodes into the ground at equal 
distances (L) apart in a straight line. Current (I), from a battery, flows through the soil between the two 
outer electrodes, producing an electric field within the soil. The potential drop (E) is then measured 
between the two inner electrodes. The apparent resistivity (RΩ) is given by the equation

  (6.7)

The apparent resistivity represents a weighted average of true resistivity in a large volume of soil, the 
soil close to the surface being more heavily weighted than the soil at depth. The presence of a stratum of 
soil of high resistivity lying below a stratum of low resistivity forces the current to flow closer to the 
surface, resulting in a higher voltage drop and hence a higher value of apparent resistivity. The opposite 
is true if a stratum of low resistivity lies below a stratum of high resistivity.
 When the variation of resistivity with depth is required, the following method can be used to make 
rough estimates of the types and depths of strata. A series of readings are taken, the (equal) spacing of 
the electrodes being increased for each successive reading; however, the centre of the four electrodes 
remains at a fixed point. As the spacing is increased, the apparent resistivity is influenced by a greater 
depth of soil. If the resistivity increases with increasing electrode spacing, it can be concluded that an 
underlying stratum of higher resistivity is beginning to influence the readings. If increased separation 
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produces decreasing resistivity, on the other hand, a stratum of lower resistivity is beginning to influence 
the readings. The greater the thickness of a layer, the greater the electrode spacing over which its influ
ence will be observed, and vice versa.
 Apparent resistivity is plotted against electrode spacing, preferably on log–log paper. Characteristic 
curves for a two layer structure are illustrated in Figure 6.16(b). For curve A, the resistivity of layer 1 is 
lower than that of layer 2; for curve B, layer 1 has a higher resistivity than layer 2. The curves become 
asymptotic to lines representing the true resistivities R1 and R2 of the respective layers. Approximate 
layer thicknesses can be obtained by comparing the observed curve of resistivity versus electrode 
spacing with a set of standard curves. Other methods of interpretation have also been developed for two 
layer and three layer systems.
 The procedure known as profiling is used in the investigation of lateral variation of soil types. A 
series of readings is taken, the four electrodes being moved laterally as a unit for each successive 
reading; the electrode spacing remains constant for each reading. Apparent resistivity is plotted against 
the centre position of the four electrodes, to natural scales; such plots can be used to locate the positions 
of soil of high or low resistivity. Contours of resistivity can be plotted over a given area.
 The apparent resistivity for a particular soil or rock type can vary over a wide range of values, as 
shown in Table 6.6; in addition, overlap occurs between the ranges for different types. This makes the 
identification of soil or rock type and the location of strata boundaries extremely uncertain. The presence 
of irregular features near the surface and of stray potentials can also cause difficulties in interpretation. It 
is essential, therefore, that the results obtained are correlated with borehole data. The method is not con
sidered to be as reliable as the seismic methods described previously.
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Figure 6.16  (a) Electrical resistivity method, (b) identification of soil layers by sounding.
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6.8 Contaminated ground

The scope of an investigation must be extended if it is known or suspected that the ground in question 
has been contaminated. In such cases the soil and groundwater may contain potentially harmful sub
stances, such as organic or inorganic chemicals, fibrous materials such as asbestos, toxic or explosive 
gases, biological agents, and/or radioactive elements. The contaminant may be in solid, liquid or 
gaseous form. Chemical contaminants may be adsorbed on the surfaces of fine soil particles. The 
presence of contamination influences all other aspects of ground investigation, and may have con
sequences for foundation design and the general suitability of the site for the project under considera
tion. Adequate precautions must be taken to ensure the safety from health hazards of all personnel 
working on the site and when dealing with samples. During the investigation, precautions must be 
taken to prevent the spread of contaminants by personnel, by surface or groundwater flow and by 
wind.
 At the outset, possible contamination may be predicted from information on previous uses of the 
site or adjacent areas, such as by certain types of industry, mining operations, or reported leakage of 
hazardous liquids on the surface or from underground pipelines. This information should be collected 
during the initial desk study. The visual presence of contaminants and the presence of odours give 
direct evidence of potential problems. Remote sensing and geophysical techniques (e.g. infra red 
photography and electrical resistivity testing, respectively) can be useful in assessing possible con
tamination.
 Soil and groundwater samples are normally obtained from shallow trial pits or boreholes, as con
tamination from incidents of pollution is often highest towards the ground surface. The depths at 
which samples are taken depend on the probable source of contamination, and details of the types 
and structures of the strata. Experience and judgement are thus required in formulating the sampling 
programme. Solid samples, which would normally be taken at depth intervals of 100–150 mm, are 
obtained by means of stainless steel tools, which are easily cleaned and are not contaminated, or in 
driven steel tubes. Samples should be sealed in water tight containers made of material that will not 
react with the sample. Care must be taken to avoid the loss of volatile contaminants to the atmo
sphere. Groundwater samples may be required for chemical analysis to determine if they contain 

Table 6.6  Typical resistivities of common geotechnical materials (collated after 
Campanella and Weemes, 1990; McDowell et al., 2002; Hunt, 2005)

Material Resistivity, RΩ (Ωm)

Bedrock (massive) > 2400

Bedrock (fractured), dry deposits of sand and 

gravel

300–2400

Mudstone 20–60

Sandy soils (saturated) 15–300

Clayey/silty soils (saturated) 1.5–15

Glacial till 20–30

Landfill leachate 0.5–10

Freshwater 20–60

Sea water 0.18–0.24
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agents that would chemically attack steel and concrete which may be used in the subsurface works 
(e.g. sulphates, chlorides, magnesium and ammonium), or substances which may be harmful to 
potential users of the site and the environment. It is important to ensure that samples are not contam
inated or diluted. Samples can be taken directly from trial pits or by means of specially designed 
sampling probes; however, it is preferable to obtain samples from standpipe piezometers if these 
have been installed to measure the pore water pressure regime. In cases where groundwater contami
nation is present, care must be taken to ensure that boring does not lead to preferential flow paths 
being created within the ground which allow the contaminants to spread. A sample should be taken 
immediately after the water bearing stratum is reached in boring, and subsequent samples should be 
taken over a suitable period to determine if properties are constant or variable. This may be used to 
imply whether pollution or migration of the contaminants is ongoing. Gas samples can be obtained 
from tubes suspended in a perforated standpipe in a borehole, or from special probes. There are 
several types of receptacle suitable for collecting gases. Details of the sampling process should be 
based on the advice of specialist analysts who will undertake the testing programme and report on 
the results.
 When designing a site investigation in contaminated ground, the locations of the investigation 
points should be related to the position of the contaminants. If the position of a polluting source is 
known, or can be inferred from a desk study (e.g. the position of a factory waste outfall or spoil 
heap), targeted sampling should be undertaken to determine the spread of contaminant from the 
source. This typically involves radial lines of sampling out from the contaminant source. An initially 
wide spacing can be used initially to determine the extent of the contaminant, with subsequent inves
tigation ‘filling in the gaps’ as necessary. Some non- targeted sampling should always be addition
ally conducted, where the site is split into smaller areas within each of which a single investigation 
point is made. The aim of this type of sampling is to identify potentially unexpected contaminants 
within the ground. The spacing of ground investigation points for non targeted sampling should typ
ically be between 18 and 24 m (BSI, 2001).

1 Ground investigation using intrusive methods (trial pits, boreholes, CPT) or non- 
intrusive geophysical methods can be used to determine the location, extent 
and identity of soil deposits within the ground.

2 Boreholes and trial pits are essential for visually confirming the geotechnical 
materials within the ground, and for obtaining samples for laboratory testing 
(using the methods outlined in Chapters 2, 4 and 5). To be most effective, these 
measurements should ideally be used in combination with CPT and geophysical 
methods to minimise the chances of encountering unforeseen ground conditions 
once construction has started, which may significantly increase project duration 
and cost.

3 The quality (and often also the cost) of the sampling that will be required will 
depend on the geotechnical characteristics/properties that are required from 
laboratory tests on such samples.

Summary
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Understand the rationale behind testing soils in- situ to obtain their 
constitutive properties, and appreciate the part it plays with laboratory testing 
and the use of empirical correlations in establishing a reliable ground model 
(Section 7.1);

2 Understand the principle of operation of four common in- situ testing devices, 
their applicability and the constitutive properties that can be reliably obtained 
from them (Sections 7.2–7.5);

3 Process the test data from these methods with the help of a computer and use 
this to derive key strength and stiffness properties (Sections 7.2–7.5).

Chapter 7

In- situ testing

7.1 Introduction

In Chapter 5, laboratory tests for determining the constitutive behaviour of soil (strength and stiffness 
properties) were described. While such tests are invaluable in quantifying the mechanical behaviour of 
an element of soil, there remain a number of disadvantages. First, to obtain high quality data through tri-
axial testing, undisturbed samples must be obtained, which can be difficult and expensive in some depos-
its (e.g. sands and sensitive clays, see Chapter 6). Second, in deposits where there are significant features 
within the macro- fabric (e.g. fissuring in stiff clays) the response of a small element of soil may not rep-
resent the behaviour of the complete soil mass, if the sample happens to be taken such that it does not 
contain any of these features. As a result of such limitations, in- situ testing methods have been developed 
which can overcome these limitations and provide a rapid assessment of key parameters which can be 
conducted during the ground investigation phase.
 In this chapter the four principal in- situ testing techniques will be considered, namely:

the Standard Penetration Test (SPT);●●

the Field Vane Test (FVT);●●

the Pressuremeter Test (PMT);●●

the Cone Penetration Test (CPT).●●
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In each case the testing methodology will be briefly described, but the focus will be on the parameters 
which can be measured/estimated from each test and the theoretical/empirical models for achieving this, 
the range of application to different soils, interpretation of constitutive properties (e.g. φ′, cu, G), stress 
history (OCR) and stress state (K0) from the test data, and limitations of the data collected. The worked 
examples in the main text and problems at the end of the chapter are all based on actual test data from 
real sites which have been collated from the literature. In these examples/problems extensive use will be 
made of spreadsheets to perform the required calculations, and digital data for this purpose are provided 
on the Companion Website
 The four techniques listed above are not the only in- situ testing techniques; a Dilatometer Test 
(DMT), for example, is similar in principle of operation and in the properties which can be measured to 
the PMT, involving expanding a cavity within the soil to determine mechanical properties. This common 
test will not be discussed herein, but references are provided at the end of the chapter for further reading 
on this topic. Plate Loading Tests (PLT) are also in common usage – these involve performing a load test 
on a small plate which is essentially a model shallow foundation, and are most commonly used to derive 
soil data for foundation works due to the close similarity of the test procedure to the ultimate construc-
tion. Soil parameters are then back- calculated using standard techniques for analysing shallow founda-
tions, which are described in detail in Chapter 8. It should also be noted that geophysical methods for 
profiling which use seismic methods (e.g. SASW/MASW, seismic refraction) measure the shear wave 
velocity (Vs) in- situ from which G0 can be determined and are therefore in- situ tests in their own right 
(these methods were previously described in Chapter 6).
 The data collected from in- situ tests should always be considered as complementing rather than 
replacing sampling and laboratory testing. Indeed, three of the tests that will be discussed (SPT, FVT, 
PMT) require the prior drilling of a borehole, so a single borehole may be used very efficiently to gain 
visual identification of materials from spoil (Section 6.4), disturbed samples for index testing and use 
of subsequent empirical correlations (Section 5.9), undisturbed samples for laboratory testing (Chapters 
5 and 6) and in- situ measurements of soil properties (this chapter). These independent observations 
should be used to support each other in identifying and characterising the deposits of soil in the ground 
and producing a detailed and accurate ground model for subsequent geotechnical analyses (Part 2 of 
this book).

7.2 Standard Penetration Test (SPT)

The SPT is one of the oldest and most widely used in- situ tests worldwide. The technical standards gov-
erning its use are EN ISO 22476, Part 3 (UK and Europe) and ASTM D1586 (US). Its popularity is 
largely due to its low cost and simplicity, and the fact that testing may be conducted rapidly as a bore-
hole is drilled. A borehole is first drilled (using casing where appropriate) to just above the test depth. A 
split- barrel sampler (Figure 7.1) with a smaller diameter than the borehole is then attached to a string 
of rods and driven into the soil at the base of the borehole by a drop hammer (a known mass falling 
under gravity from a known height). An initial seating drive to 150 mm penetration is first performed to 
embed the sampler into the soil. This is followed by the test itself, in which the sampler is driven further 
into the soil by 300 mm (this is usually marked off on the rod string at the surface). The number of blows 
of the hammer to achieve this penetration is recorded; this is the (uncorrected) SPT blowcount, N.
 A wide range of equipment is used worldwide to undertake testing which influences the amount of 
energy transferred to the sampler with each blow of the drop hammer. The constitutive properties of a 
given soil deposit should not vary with the equipment used, and so N is conventionally corrected to a 
value N60, representing a standardised energy ratio of 60%. The blowcount also needs to be corrected for 
the size of the borehole and for tests done at shallow depths (<10 m). These corrections are achieved 
using
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  (7.1)

where ζ is the correction factor for rod length (i.e. test depth) and borehole size from Table 7.1, and ER 
is the Energy Ratio of the equipment used. BS EN ISO 22476 (2005) describes how ER may be meas-
ured for any SPT apparatus; for most purposes, however, it is sufficient to use the values given in Table 
7.2 (after Skempton, 1986).

Interpretation of SPT data in coarse- grained soils (ID, φ′max)
The SPT is most suited to the investigation of coarse- grained soils. In sands and gravels, the corrected 
blowcounts are further normalised to account for the overburden pressure (σ′v0) at the test depth, as the 
penetration resistance will naturally increase with stress level and this may mask smaller changes in 
constitutive properties. The normalised blowcount (N1)60 is obtained from
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Figure 7.1  The SPT test: (a) general arrangement, (b) UK standard hammer system, (c) 
test procedure.

Table 7.1 SPT correction factor ζ (after Skempton, 1986)

Rod length/depth (m) Borehole diameter (mm)

65–115 150 200

3–4 0.75 0.79 0.86

4–6 0.85 0.89 0.98

6–10 0.95 1.00 1.09

> 10 1.00 1.05 1.15



 

Development of a mechanical model for soil

234

  (7.2)

where CN is the overburden correction factor and is given by:

 (7.3)

In Equation 7.3, σ′v0 should be entered in kPa, and A and B vary with density, coarseness and OCR. For nor-
mally consolidated (NC) fine sands (D50 < 0.5 mm) of medium relative density (ID ≈ 40–60%), A = 200 and 
B = 100; for overconsolidated (OC) fine sands, A = 170 and B = 70; for dense coarse sands (D50 > 0.5 mm, 
ID ≈ 60–80%) A = 300 and B = 200 (Skempton, 1986). The differences between the three classes of soil are 
most pronounced at lower values of σ′v0 (i.e. at shallower depths), as shown in Figure 7.2.

Table 7.2 Common Energy ratios in use worldwide (after Skempton, 1986)

Country ER (%)

UK 60

USA 45–55

China 55–60

Japan 65–78

CN
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Figure 7.2  Overburden correction factors for coarse- grained soils (after Skempton, 
1986).
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 The density of a coarse- grained deposit may then be found from (N1)60. Skempton (1986) proposed 
that for most natural deposits (N1)60/ID

2 ≈ 60 would provide a reasonable estimate of ID if nothing else is 
known about the deposit. As a cautionary note however, Skempton’s own case studies showed 
35 < (N1)60/ID

2 < 85, so the SPT can only provide an estimate at best of the relative density. However as 
determination of a more precise density in coarse- grained soils requires estimation of the in- situ void 
ratio e and the use of Equation 1.23 (requiring high quality, usually frozen or resin- injected samples, 
which is expensive), SPT data are extremely valuable. Skempton further showed that for more recent 
depositions, (N1)60/ID

2 reduces as shown in Figure 7.3. This is important when analysing test data from 
hydraulic fills, such as those used to build artificial islands (e.g. The World and Palm developments in 
Dubai; Chek Lap Kok airport, Hong Kong), or when testing in river sediments.
 In Chapter 5 it was demonstrated that density (i.e. ID) is one of the key parameters governing the peak 
strength of coarse- grained soil. As the normalised SPT blowcount can be correlated against density, it 
follows that it may further be correlated to the peak angle of shearing resistance, φ′max. This is also 
mechanically reasonable, as the SPT involves penetration of the soil (i.e. continuously exceeding its 
capacity) such that the soil resistance is expected to be governed by the peak strength. Figure 7.4 shows 
correlations for silica sands and gravels from Stroud (1989) and based on the suggestions from Eurocode 
7: Part 2 (2007), assuming (N1)60/ID

2 = 60. The former data shows the effect of overconsolidation on the 
interpretation of φ′max, where increasing OCR is shown to reduce the peak friction angle, as expected 
from Chapter 5. The ranges for the latter represent bounds on the uniformity of the soil from uniform 
(lower bound) to well- graded (upper bound).

Interpretation of SPT data in fine- grained soils (cu)
The SPT may, in principle, be used in fine- grained soils to determine an estimate of the in- situ undrained 
shear strength (the test is rapid so undrained conditions can be assumed). Correlations between cu and 
blowcount depend on a number of factors in such soils, including OCR and any resultant fissuring, soil 
plasticity (IP) and sensitivity (St). This high level of dependency means that SPT data should normally by 
used qualitatively in such soils, to support other in- situ and laboratory test data. However, if enough 
experience can be gained in a certain type of soil, reliable soil- specific correlations can be developed to 
provide quantitative data (EC7–2, 2007).
 As an example, Stroud (1989) demonstrated that for overconsolidated UK clays, cu/N60 ≈ 5 for 
IP > 30%. For clays at lower plasticity index, this value increases to approximately cu/N60 = 7 at IP = 15%. 
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Figure 7.3 Effect of age on SPT data interpretation in coarse- grained soils.
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This grouping of clays has a number of similarities, generally being overconsolidated, fissured and insensi-
tive. The scatter in the correlation is consequently low and the SPT can be used in such soils with some 
confidence, which explains its popularity in UK practice. It should be noted that the non- normalised blow-
count (N60) is used as cu is a total stress parameter, and is therefore independent of the effective stress in the 
ground. Clayton (1995) showed, by using London Clay (which was part of Stroud’s database), that if the 
fissuring is removed by remoulding such soils, cu/N60 ≈ 11 – i.e. in unfissured soils, a higher value of cu/N60 
should be used when interpreting SPT data in fine- grained soils. This is consistent with US practice, where 
cu/N60 = 10 is routinely used (Terzaghi and Peck, 1967). In sensitive soils, Schmertman (1979) suggested 
that the sides of the SPT sampler, which contribute approximately 70% of the penetration resistance in 
clays, are generally governed by the remoulded strength, while the base is influenced by the undisturbed 
undrained shear strength in the soil beneath the sampler. This suggests that in sensitive soils,

  (7.4)

where C is the value of cu/N60 for an insensitive clay (St = 1). To use Equation 7.4, the sensitivity may be 
estimated using Equation 5.45. Combining Equation 7.4 and the other recommendations outlined in this 
section, a tentative interpretation for SPT data in fine- grained soils is shown in Figure 7.5.

7.3 Field Vane Test (FVT)

In contrast to the SPT test, which is predominantly used for coarse- grained soils, the FVT test is princip-
ally used for the in- situ determination of the undrained strength characteristics of intact, fully saturated 
clays. Silts and glacial tills may also be characterised using this method, though the reliability of such 
data is more questionable and should be supported with other test data where possible. The test is not 
suitable for coarse- grained soils. In particular, the FVT is very suitable for soft clays, the shear strength 
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Figure 7.4 Determination of φ ′max from SPT data in coarse- grained soils.
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of which, if measured in the laboratory, may be significantly altered by the sampling process and sub-
sequent handling. Generally, this test is only used in clays with cu < 100 kPa. The test may not give relia-
ble results if the clay contains sand or silt laminations.
 The technical standards governing its use are EN ISO 22476, Part 9 (UK and Europe) and ASTM 
D2573 (US). The equipment consists of a stainless steel vane (Figure 7.6) of four thin rectangular blades 
at 90° to each other, carried on the end of a high- tensile steel rod; the rod is enclosed by a sleeve packed 
with grease. The length of the vane is equal to twice its overall width, typical dimensions being 150 mm 
by 75 mm and 100 mm by 50 mm. Preferably, the diameter of the rod should not exceed 12.5 mm.
 The vane and rod are pushed into the soil below the bottom of a borehole to a depth of at least three 
times the borehole diameter; if care is taken this can be done without appreciable disturbance of the clay. 
Steady bearings are used to keep the rod and sleeve central in the borehole casing. In soft clays, tests 
may be conducted without a borehole by direct penetration of the vane from ground level; in this case a 
shoe is required to protect the vane during penetration. Small, hand- operated vanes are also available for 
use in exposed clay strata.
 Torque is applied gradually to the upper end of the rod until the clay fails in shear due to rotation of 
the vane. Shear failure takes place over the surface and ends of a cylinder having a diameter equal to the 
overall width of the vane. The rate of rotation of the vane should be within the range of 6–12° per 
minute. The shear strength is calculated from the expression

 (7.5)

where T is the torque at failure, d the overall vane width and h the vane length (see Figure 7.6). However, 
the shear strength over the cylindrical vertical surface may be different from that over the two horizontal 
end surfaces, as a result of anisotropy. The shear strength is normally determined at intervals over the 
depth of interest. If, after the initial test, the vane is rotated rapidly through several revolutions, the soil 
will become remoulded; the shear strength in this condition can then be determined if required. The ratio 
of the in- situ and fully remoulded values of cu determined in this way gives the sensitivity of the soil.
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Figure 7.5 Estimation of cu from SPT data in fine- grained soils.
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 The undrained strength as measured by the vane test is generally greater than the average strength 
mobilised along a failure surface in a field situation (Bjerrum, 1973). The discrepancy was found to be 
greater the higher the plasticity index of the clay, and is attributed primarily to differences in the rate of 
loading between the two cases. In the vane test shear failure occurs within a few minutes, whereas in a 
field situation the stresses are usually applied over a period of a few weeks or months. A secondary 
factor may be anisotropy. Bjerrum and, later, Azzouz et al. (1983) presented correction factors (μ), cor-
related empirically with IP, as shown in Figure 7.7. The probable field strength (cu) is then determined 
from the measured FVT strength (cuFV) using

  (7.6)

 The FVT can further be used to estimate the overconsolidation ratio (OCR) of the soil, as demon-
strated by Mayne and Mitchell (1988). This is achieved using a second empirical factor, αFV, where:

 (7.7)

By considering a large database of test results from 96 different sites, it has been shown that

  (7.8)

where IP is entered in percent. The relationship between αFV and IP in Equation 7.8 is similar in shape to 
that between μ and IP (Figure 7.7), such that αFV ≈ 4μ. Mayne and Mitchell (1988) further demonstrated 
good agreement between this method and the results of conventional oedometer tests for determining 
OCR (as previously described in Chapter 4) over a range of IP = 8–100%.

T
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Figure 7.6 The FVT test: (a) general arrangement, (b) vane geometry.
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Figure 7.7 Correction factor μ for undrained strength as measured by the FVT.

Example 7.1

The FVT test data for the Bothkennar clay of Figure 5.38(b) has been provided in electronic form 
on the Companion Website (both peak and remoulded strengths are given). The index test data 
(w, wP and wL) from Figure 5.38(b) are also provided in electronic form. The water table is 0.8 m 
below ground level (BGL); the soil above the water table has a bulk unit weight of γ = 18.7 kN/
m3, while the soil below the water table has γ = 16  kN/m3. Using these data, estimate the variation 
of St and OCR with depth. The latter should be compared with oedometer test data on the same 
soil shown in Figure 7.8(a).
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Figure 7.8  Example 7.1 (a) Oedometer test data, (b) Ip calculated from index 
test data, (c) OCR from FVT and oedometer data.
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7.4 Pressuremeter Test (PMT)

The pressuremeter was developed in the 1950s by Ménard to provide a high quality in- situ test which 
could be used to derive both strength and stiffness parameters for soil as an alternative to triaxial testing. As 
the test is in- situ, it overcame the problem of sampling disturbance associated with the latter; as the pres-
suremeter influences a much larger volume of soil than normal laboratory tests, it also ensures that the 
macro- fabric of the soil is adequately represented. Ménard’s original design, illustrated in Figure 7.9(a), 
consists of three cylindrical rubber cells of equal diameter arranged coaxially. The device is lowered into a 
(slightly oversize) borehole to the required depth and the central measuring cell is expanded against the 
borehole wall by means of water pressure, measurements of the applied pressure and the corresponding 
increase in cell volume being recorded. Pressure is applied to the water by compressed gas (usually nitro-
gen) in a control cylinder at the surface. The increase in volume of the measuring cell is determined from 
the movement of the gas–water interface in the control cylinder. The pressure is corrected for (a) the head 
difference between the water level in the cylinder and the test level in the borehole, (b) the pressure 
required to stretch the rubber cell and (c) the expansion of the control cylinder and tubing under pressure. 
The two outer guard cells are expanded under the same pressure as in the measuring cell but using com-
pressed gas; the increase in volume of the guard cells is not measured. The function of the guard cells is to 
eliminate end effects, ensuring a state of plane strain adjacent to the measuring cell.
 In modern developments of the pressuremeter, the measuring cell is expanded directly by gas pres-
sure. This pressure and the cavity strain (radial expansion of the rubber membrane) are recorded by 
means of electrical transducers within the cell. In addition, a pore water pressure transducer is fitted into 
the cell wall such that it is in contact with the soil during the test. A considerable increase in accuracy is 
obtained with these pressuremeters compared with the original Ménard device. It is also possible to 
adjust the cell pressure continuously, using electronic control equipment, to achieve a constant rate of 
increase in circumferential strain (i.e. a strain- controlled test), rather than applying the pressure in incre-
ments (a stress- controlled test). The technical standards governing the use of pressuremeters in pre- bored 
holes are EN ISO 22476, Part 5 (UK and Europe) and ASTM D4719 (US). The Ménard device is still 
popular in some parts of Europe; this is governed by EN ISO 22476, Part 4.
 Some soil disturbance adjacent to a borehole is inevitable due to the boring process, and the results of 
pressuremeter tests in pre- formed holes can be sensitive to the method of boring. The self- boring 
pressuremeter (SBPM) was developed to overcome this problem, and is suitable for use in most types 
of soil; however, special insertion techniques are required in the case of sands. This device, illustrated in 

Solution
The detailed calculations were conducted using the spreadsheet provided on the Companion 
Website. The sensitivity can be directly found for each test by dividing the peak strength by the 
remoulded value. The results of these calculations are shown in Figure 5.38(b), where they agree 
well with values estimated using the empirical correlations of Section 5.9. To determine OCR 
from the FVT data, the in- situ stress conditions (σv0, u0 and σ′v0) are found at each test depth. As 
the index test data were not conducted at the same depths as the FVT tests (this is common in 
practice), IP is determined at each depth and an average trend determined as shown in Figure 
7.8(b). This is defined by IP = 4.4z + 20% for 0 ≤ z ≤ 5 m and IP = 42% for z ≥ 5 m. Using these values 
of IP, αFV is calculated for each FVT depth from Equation 7.8. The OCR at each depth is then 
found using Equation 7.7. The resulting data are compared to the oedometer test data in Figure 
7.8(c), where the two sets of data show similar trends, though the FVT data slightly overpredicts 
OCR compared to the oedometer test data.
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Figure 7.9(b), is jacked slowly into the ground and the soil is broken up by a rotating cutter fitted inside 
a cutting head at the lower end, the optimum position of the cutter being a function of the shear strength 
of the soil. Water or drilling fluid is pumped down the hollow shaft to which the cutter is attached, and 
the resulting slurry is carried to the surface through the annular space adjacent to the shaft; the device is 
thus inserted with minimal disturbance of the soil. The only correction required is for the pressure 
required to stretch the membrane. If a self- boring pressuremeter is used, EN ISO 22476, Part 6 is the rel-
evant standard (an ASTM standard has not yet been released).
 The membrane of a pressuremeter may be protected against possible damage (particularly in coarse 
soils) by a thin stainless steel sheath with longitudinal cuts, designed to cause only negligible resistance 
to the expansion of the cell.
 Like the FVT described in Section 7.3, soil parameters are derived from the cell pressure and cell 
volume change (or cavity strain) using a theoretical model (see Equation 7.5) rather than empirical cor-
relations. These analyses will be described in the following sections.

Interpretation of PMT data in fine- grained soils (G, cu)
In fine- grained soils, the following analysis is derived from Gibson and Anderson (1961). During the 
pressuremeter test, the cavity (borehole) is expanded radially from its initial radius of rc to a new radius 
rc + yc by an amount yc (the displacement at the cavity wall). There is no displacement or strain in the 
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Figure 7.9  Basic features of (a) Ménard pressuremeter, and (b) self- boring 
pressuremeter.
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vertical direction (along the axis of the borehole) – these conditions are known as plane strain, as the 
soil may only strain in a single plane (in this case, horizontal). During this expansion, the volume of the 
cavity increases by an amount dV. The soil at any radius r away from the centre of the cavity similarly 
expands from its initial radius r to a new radius r + y by an amount y. In an undrained test there must be 
no overall change in the volume of the soil, so the change in volume of the soil expanding from r to r + y 
must be equal to dV (i.e. the two shaded annuli in Figure 7.10(a) must have equal areas), giving

  (7.9)

The soil may strain radially by an amount εr and circumferentially by an amount εθ. The strain in the 
axial direction εa = 0 (plane strain). If the soil is isotropic, εr, εθ and εa are principal strains. The shear 
strain in the soil is then given by

 (7.10)

And the volumetric strain εv by

  (7.11)

In an undrained test εv = 0, so from Equation 7.11, εr = –εφ and from Equation 7.10

 (7.12)

The circumference of the soil annulus is initially 2πr (Figure 7.10(a)) and increases to 2π(r + y) giving an 
extension of 2πy. Choosing compression of the soil as positive, the circumferential strain is then:

  (7.13)

Substituting Equations 7.13 and 7.9 into Equation 7.12 gives the equation of compatibility for the pres-
suremeter test (cylindrical cavity expansion):

  (7.14)

Equation 7.14 was derived by considering compatibility of the soil displacements from the cavity wall 
outwards. As described in Section 5.1, equilibrium must also be satisfied within the soil mass. The 
stresses acting on a segment of the soil along the annulus defined by r is shown in Figure 7.10(b). For 
there to be radial equilibrium:

  (7.15)

The stresses σr and σθ are principal stresses, being associated with the principal strains εr and εφ respec-
tively. Considering the Mohr Circle represented by these stresses, the associated maximum shear stress 
is τ = (σr – σθ)/2, which when substituted into Equation 7.15 gives the equation of equilibrium for the pres-
suremeter test (cylindrical cavity expansion):

 (7.16)
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 Having considered both compatibility and equilibrium, it only remains to consider the constitutive 
model to link the shear stresses (in Equation 7.16) with the shear strains (Equation 7.14).

Linear elastic soil behaviour
While the soil is behaving elastically (Figure 7.11(a)), the constitutive relationship is given by

  (7.17)

Substituting Equations 7.14 and 7.17 into Equation 7.16 gives

  (7.18)

This is the governing differential equation governing the response of all of the soil around the pres-
suremeter.
 At the cavity wall, r = rc and σr = p (where p is the pressure within the pressuremeter); far from the 
cavity the soil is unaffected by the pressuremeter expansion so that at r = ∞, σr = σh0 where σh0 is the in- 
situ horizontal total stress in the ground (also termed the lift- off pressure). Equation 7.18 may then be 
integrated using these limits:
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Figure 7.10  Idealised soil response during cavity expansion: (a) compatible 
displacement field, (b) equilibrium stress field.
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Recognising that πrc
2 is the volume of the cavity (V), the following relationship is obtained:

 (7.19)

Equation 7.19 suggests that, for elastic soil behaviour, if the cavity pressure p is plotted against the volumet-
ric strain in the cavity dV/V, a straight line will be given, the gradient of which gives the soil stiffness G and 
the intercept gives the initial total horizontal stress at the test depth, σh0. This is shown in Figure 7.11(b).

Elasto- plastic soil behaviour
In reality, the soil cannot remain elastic forever and will yield when the shear stress reaches τmax. Pres-
suremeter tests are usually conducted rapidly compared to the consolidation time required in most fine- 
grained soils so the behaviour is undrained and τmax = cu (Figure 7.12(a)). Yield will occur when the 
cavity pressure reaches py defined by

  (7.20)
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Figure 7.11  Pressuremeter interpretation during elastic soil behaviour: (a) constitutive 
model (linear elasticity), (b) derivation of G and σh0 from measured p and 
dV/V.
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Figure 7.12  Pressuremeter interpretation in elasto- plastic soil: (a) constitutive model 
(linear elasticity, Mohr–Coulomb plasticity), (b) non- linear characteristics 
of measured p and dV/V.
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This is shown in Figure 7.12(b). Yielding will not occur in all of the soil (to r = ∞) simultaneously. There 
will be a zone of yielding soil immediately around the cavity out to a radius r = ry where the stresses are 
highest – in this zone the radial stresses will be σr = py everywhere. Outside of this zone (i.e. from 
ry < r < ∞), the soil will be elastic. In the plastic zone, τ = cu everywhere. Substituting this into Equation 
7.16 gives

 (7.21)

Equation 7.21 is only valid within the plastic zone, so that the equation should be integrated between the 
limits of σr = py at r = ry to σr = p at r = rc (as before):

  (7.22)

 In order to make use of Equation 7.22, the parameter ry needs to be expressed in terms of familiar 
parameters. Irrespective of whether the soil is elastic or plastic, there must be no overall change in 
volume in an undrained test. Therefore, from Equation 7.14

  (7.23)

and from Equation 7.9

  (7.24)

Equations 7.23 and 7.24 are combined to eliminate the unknown yy, giving

 

 (7.25)

From Figure 7.12(a) γy = cu/G, and from Equation 7.14 2yc/rc = dV/V. Substituting these relationships into 
Equation 7.25 gives

  (7.26)

Substituting Equations 7.20 and 7.26 into Equation 7.22 gives

  (7.27)

Equation 7.27 suggests that, for linearly elastic–perfectly plastic soil behaviour, if the cavity pressure p 
is plotted against the logarithm of the volumetric strain in the cavity ln(dV/V), the data will approach a 
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straight line asymptote as dV/V gets large (i.e. as ln(dV/V) tends towards zero). The gradient of this 
asymptote will be the undrained shear strength cu, as shown in Figure 7.13. Furthermore, ln(dV/V) = 0 
represents the limiting case of infinite expansion in the soil. This corresponds to an ultimate or limit 
pressure pL, which is shown in Figures 7.12(b) and 7.13. It should be noted that this pressure is impos-
sible to achieve in practice.

Practical derivation of soil parameters
In practice, pressuremeter test data are usually plotted as a graph of cavity pressure versus cavity strain 
εc (Figure 7.14). By considering the strains at the cavity wall due to a change in cavity volume from V to 
V + dV, it can be shown that

  (7.28)

At most stages of a pressuremeter test, the strains are small enough that Equation 7.28 can be approx-
imated by

  (7.29)

From Equation 7.29, the volumetric change is directly proportional to the cavity strain at small strains. 
Therefore the graph of p versus εc will have the same shape as Figure 7.12(b), so that σh0 may be directly 
read from the graph, and G determined from the gradient of the curve at any point. It should be noted 
that unlike in Figure 7.11(b) where the gradient was G, on a plot of p versus dV/V, the gradient will be 
2G from Equation 7.29, i.e.

  (7.30)

p

Slope = Cu

In(dV/V)

0–1–2–3

pL

Figure 7.13 Determination of undrained shear strength from pressuremeter test data.
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after Palmer (1972). Rather than find G from the slope of the initial elastic portion of the p–εc curve as 
suggested by Figure 7.11(b), in practice the modulus is obtained from the slope of an unloading– 
reloading cycle as shown in Figure 7.14, ensuring that the soil remains in the ‘elastic’ state during 
unloading. Wroth (1984) has shown that, in the case of a clay, this requirement will be satisfied if the 
reduction in pressure during the unloading stage is less than 2cu, i.e.

  (7.31)

 Most modern pressuremeters have multiple strain arms arranged in diametrically opposite pairs 
around the cylindrical body of the pressuremeter. The lift- off pressure (σh0) is normally an average value 
inferred from all of the gauges. However the data from individual pairs of gauges can be used to infer 
differences in in- situ σh0 within the ground, i.e. stress anisotropy (Dalton and Hawkins, 1982).

p

Loading

2G

Unloading
σh0

εc

∆p

1

Figure 7.14  Direct determination of G and σh0 in fine- grained soils from pressuremeter 
test data.

Example 7.2

Figure 7.15 shows data from a self- boring pressuremter test undertaken at a depth of 8 m below 
ground level in the Gault clay shown in Figure 5.38(a). The raw data for this test is provided in 
electronic form on the Companion Website. Determine the following parameters: σh0, cu, G (for 
both unload–reload loops conducted during the test).

Solution
The in- situ horizontal total stress can be directly estimated from inspection of the p–εc curve in 
Figure 7.15, where the lift- off pressure σh0 ≈ 395 kPa. The values of G for each of the unload–
reload loops is found by plotting the p–εc data over the range of the loop only and then fitting a 
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Interpretation of PMT data in coarse- grained soils (G, φ′, ψ)
The analysis of the pressuremeter test in a drained soil is similar to the analysis described in the previous 
section for undrained soil, involving the formation of equations of compatibility, equilibrium and consti-
tutive behaviour, but with stresses now expressed in terms of effective rather than total components. 
However, use can no longer be made of the ‘no volume change’ criterion such that the dilatancy of the 

straight line to the data. The spreadsheet on the Companion Website shows this procedure using 
the trendline fit in MS Excel. Note that it was necessary to vary the intercept of the trendline to 
force the fitting line along the major axis of the loop. From Equation 7.30 the gradients of a 
trendline = 2G, giving values of G = 32.3 and 27.0 MPa for the first and second loops, respectively. 
To obtain the undrained shear strength, the cavity strains are converted into volumetric strain 
(dV/V) using Equation 7.28 and the data are replotted in the form of Figure 7.13. This is also 
demonstrated within the spreadsheet on the Companion Website. A straight line is fitted to the 
data, the gradient of which gives cu = 111 kPa. This compares favourably with cu measured from 
triaxial tests at this depth from Figure 5.38(a).
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Figure 7.15 Example 7.2.
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soil must be considered. This makes the constitutive law more complex. A complete analysis is given by 
Hughes et al. (1977). The analysis enables values for the angle of shearing resistance (φ′) and the angle 
of dilation (ψ) to be determined, and the derivation of these parameters from pressuremeter test data is 
described below.
 It is typical, as for fine- grained soils, to plot cavity pressure versus cavity strain. A typical test 
curve is shown in Figure 7.16. If the total cavity pressure is plotted (Figure 7.16(a)), the lift- off pres-
sure defines σh0 as before. If following cavity expansion the pressuremeter is completely unloaded, 
the cavity pressure at which εc returns to zero represents the initial pore pressure within the ground 
(u0). This pore pressure is constant throughout the test, as no excess pore water pressures are gener-
ated during drained shearing of soil (see Chapter 5). Unload–reload cycles are usually conducted to 
determine G. The gradient of these loops is 2G as before (Equation 7.30). The soil will remain 
completely elastic during these stages as long as the reduction in pressure during the unloading stage 
satisfies

  (7.32)

It is common to subseq uently correct all of the cavity pressures by subtracting the value of u0 to give the 
effective cavity pressure p – u0 (Figure 7.16(b)). The lift- off pressure identified from this graph then rep-
resents the in- situ effective horizontal stress σ′h0.
 In order to determine the strength parameters (φ′ and ψ), the data are replotted on different axes (see 
Figure 7.13). In the case of drained analysis, the data are replotted as log(p – u0) versus log(εc); alterna-
tively, the corrected data may be replotted on log–log axes. The data should then lie approximately on a 
straight line, the gradient of which is defined as s (Figure 7.17). Once the value of s has been determined, 
φ′ and ψ can be estimated using

p p – u0
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Figure 7.16  Direct determination of G, σh0 and u0 in coarse- grained soils from 
pressuremeter test data: (a) uncorrected curve, (b) corrected for pore 
pressure u0.
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 (7.33)

 (7.34)

The angle of shearing resistance φ′ from Equation 7.33 represents the peak value (φ′max). Equations 7.33 
and 7.34 have been plotted in Figure 7.18 for graphical solution. Interpretation of the strength data relies 
on knowing the critical state angle of shearing resistance for the soil (φ′cv). It is recommended that this is 
found from drained triaxial tests on loose samples of the soil such that the peak and critical state 
strengths are coincident (φ′cv is independent of density, Chapter 5). If these data are not available, a value 
may be estimated from index test data using Figure 5.35.

log (p – u0)

Slope = S

log (εc)

Figure 7.17 Determination of parameter s from pressuremeter test data.
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Figure 7.19 shows data from a self- boring pressuremter test undertaken in a deposit of sand. The 
raw data for this test are provided in electronic form on the Companion Website. Determine the 
following parameters: σh0, u0, σ′h0, φ′max and ψ. State also whether the unload–reload loops have 
been conducted over an appropriate (fully elastic) stress range.
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Figure 7.19 Example 7.3.

Solution
The in- situ horizontal total stress can be directly estimated from inspection of the p–εc curve in 
Figure 7.19, where the lift- off pressure σh0 ≈ 107 kPa. The in- situ pore pressure is given by the 
intercept of the unloading portion of the curve at εc = 0 (i.e. cavity pressure at the end of the test), 
giving u0 = 63 kPa. The effective horizontal stress is then found using Terzaghi’s Principle: 
σ′h0 = 107 – 63 = 44 kPa. To obtain the strength parameters, the cavity pressures are corrected for u0 
and the data replotted in the form of Figure 7.17. This is shown within the spreadsheet on the 
Companion Website. A straight line is fitted to the data, the gradient of which gives s = 0.50. This 
is then used either in Equations 7.33 and 7.34, or in Figure 7.18, to give φ′ = φ′max = 41.2° and 
ψ = 14.5°. Finally, Δp is calculated using Equation 7.32 for each data point using the corrected 
cavity pressure (p′ = p – u0) and the value of φ′ found in the previous step. This is subtracted from 
the values of p (ignoring the unload–reload loops themselves) to give a curved locus, offset from 
the test data by an amount Δp (shown in the worksheet on the Companion Website). The unload–
reload loops are not unloaded below this line, so the behaviour is expected to be fully elastic.

Example 7.3
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7.5 Cone Penetration Test (CPT)

The CPT test was described in Chapter 6, where its use in identifying and profiling the different strata within 
the ground was demonstrated. The standards governing its use as an in- situ testing tool are EN ISO 22476, 
Part 1 (UK and Europe) and ASTM D5778 (US). The data collected by the CPT during profiling may further 
be used to estimate a range of soil properties, via empirical correlations. The CPT is a much more sophisti-
cated test than either the SPT or FVT tests described previously, which only measure a single parameter 
(blowcount and maximum torque respectively); even the basic cone (CPT) measures two independent para-
meters (qc and fs), while a piezocone (CPTU) extends this to three independent parameters (u2, added to the 
previous two) and the most sophisticated seismic cone (SCPTU) measures four parameters (qc, fs, u2 and Vs). 
As a result, the CPT can be used to reliably estimate a wider range of soil properties, including strength, 
stiffness, state and consolidation parameters. Furthermore, unlike the SPT, FVT or PMT, where measure-
ments may only be taken at discrete points, the CPT measures continuously, so that by using the interpolated 
soil profile the complete variation of correlated soil properties with depth may also be determined.

Interpretation of CPT data in coarse- grained soils (ID, φ′max, G0)
A large database of CPT data in coarse- grained soils is available in the literature. In such soils, qc is nor-
mally used in correlations as increases in density or soil strength will increase the resistance to penetra-
tion. Sleeve friction (fs) is usually small and of little use in interpretation, other than for identifying the 
soil in question as coarse- grained. As the permeability of coarse- grained deposits is usually high (Table 
2.1) it is not necessary to correct qc for pore pressure effects (Equation 6.2) such that qt ≈ qc, and a basic 
cone is suitable for most testing. In most correlations it is usual to correct the cone resistance for over-
burden stresses by using the parameter qc/(σ′v0)0.5.
 Figure 7.20 shows correlations between ID and qc/(σ′v0)0.5 for a database of nearly 300 tests in a range 
of normally consolidated (NC) silica and carbonate sands, collated by Jamiolkowski et al. (2001) and 
Mayne (2007). There is a considerable amount of scatter shown, which is predominantly a function of 
the compressibility of the soil. The best- fit lines for use in the interpretation of new data are given by

 (7.35)

where qc and σ′v0 are in kPa. For silica sands of average compressibility, D = –1.21 and E = 0.584 (best- fit 
line shown in Figure 7.20). For highly compressible silica sands D may be as high as –1.06 (upper- 
bound envelope to test data), while for very low compressibility soils D may be as low as –1.36 (lower 
bound envelope to test data); the value of E (the gradient of the line) is insensitive to soil compressibil-
ity. Carbonate sands are more highly compressible than silica sands due to their highly crushable grains, 
and the data for such soils therefore lie above the silica data (i.e. on the highly compressible side of the 
graph). The relationship between ID and qc for these soils may still be characterised using Equation 7.35, 
but with D = –1.97 and E = 0.907 (line also shown in Figure 7.20).
 As with the SPT test, CPT data in coarse- grained soils may further be correlated against φ′max as 
shown in Figure 7.21. The data used in determining this correlation are from Mayne (2007), and show 
very low scatter for soils with low fines content. The best- fit lines for use in the interpretation of new 
data are given by

 (7.36)

where φ′max is in degrees and qc and σ′v0 are in kPa as before.
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 The use of a seismic cone (SCPTU) allows for discrete seismic soundings to be made during a CPT 
test such that the shear wave velocity is additionally determined. The small strain shear modulus (G0) 
can then be determined as for the geophysical methods described in Section 6.7 using Equation 6.6:

 

Interpretation of CPT data in fine- grained soils (cu, OCR, K0, φ′max, G0)
In fine- grained soils, CPT data are most commonly used to assess the in- situ undrained shear strength of 
the soil. As mentioned previously, the CPT provides these data continuously over the full depth of such 
a layer, unlike triaxial tests on undisturbed samples which can only give a limited number of discrete 
values. CPT data should always be calibrated against another form of testing (e.g. UU triaxial 
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compression tests or FVT data) in a given material, but once this has been done the CPT can then be 
used directly to determine cu at other locations within the same geological unit.
 The calibration process described above varies slightly depending on the type of cone used, though 
the principle is identical in each case. If only basic CPT data are available, cu is determined using:

 (7.37)

where Nk is the ‘calibration factor’. This is determined by using the results of a series of laboratory tests 
(e.g. UU triaxial test), from which cu is known, and interpolating the value of qc and σv0 from the CPT 
log at the depths for which the laboratory tests were sampled (see Example 7.4). Once an appropriate 
average value of Nk has been determined for a given unit of soil, Equation 7.37 is then applied to the full 
CPT log to determine the variation of cu with depth. Figure 7.22(a) shows reported values of Nk as a 
function of plasticity index for different fine- grained soils for general guidance and checking of Nk. It 
will be seen that Nk = 15 is normally a good first approximation, though in fissured clays (those shown 
are from the UK) the value can be significantly higher (i.e. using a value of Nk = 15 would overestimate 
cu in a fissured clay).
 If CPTU data are available, the process is the same; however qt replaces qc so that excess pore pres-
sures generated during penetration are corrected for. With this modification, calibration factors will not 
be the same as described above and it is conventional to then modify Equation 7.37 to read

  (7.38)

where Nkt is the calibration factor for CPTU data. Figure 7.22(b) shows reported values of Nkt which can 
be seen to be a function of the pore pressure parameter Bq (defined in Figure 6.12). The scatter in the 
data here is much lower as, between them, qt and Bq implicitly include the effects of overconsolidation 
(see following discussion). The best fit line to the data is given by

 (7.39)

It should be noted that in Figure 7.22(a), the reference value of cu is that from UU triaxial compression 
tests; for fissured clays these were conducted on large (100-mm diameter) samples to account for the 
effects of the fissures. In non- fissured clays, there should be little difference in the values of Nk or Nkt for 
different sizes of triaxial sample. If there are different units of clay indicated in a single log (e.g. soft 
marine deposited clay overlying fissured clay), it may be necessary to use different values of Nk or Nkt in 
the different strata.
 In addition to determining the undrained strength properties of fine- grained soils, CPTU data can also 
be used to estimate the effective stress strength parameter φ′max. Mayne and Campanella (2005) suggested 
that this parameter can be correlated to the normalised cone resistance Qt = (qt – σv0)/σ′v0 and the pore pres-
sure parameter Bq by

  (7.40)

Equation 7.40 is applicable for 0.1 < Bq < 1.0. For soils with Bq < 0.1 (i.e. sands), Equation 7.36 should be 
used instead.
 CPT data can also be reliably used in most fine- grained soils for detailed determination of OCR with 
depth, and thereby quantifying the stress history of the soil. Based on a large database of test data for 
non- fissured clays, Mayne (2007) suggests that OCR may be estimated using
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  (7.41)

Equation 7.41 is compared in Figure 7.23 with data for marine deposited clays from Lunne et al. (1989), 
and it can be seen that the method is reliable in non- fissured soils. Also shown in Figure 7.23 is a zone 
for fissured clays based on an additional smaller database from Mayne (2007), where the coefficient in 
Equation 7.41 should be increased to between 0.66 and 1.65. Given the wide extent of this zone, the CPT 
should be considered less reliable for determining OCR in fissured soils, and should always be supported 
by data from other tests (e.g. oedometer test data).
 The CPT may also be used to estimate the in- situ horizontal stresses in the ground. The ratio of in- situ 
horizontal effective stress (σ′h0) to in- situ vertical effective stress (σ′v0) is expressed by

 (7.42)
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where K0 is the coefficient of lateral earth pressure (at rest). Kulhawy and Mayne (1990) presented an 
empirical correlation for K0 from CPTU data, meaning that the CPT can also provide information on the 
in- situ stress state within the ground:

  (7.43)

Once σ′h0 has been determined using Equation 7.42 and 7.43, the total horizontal stress may then be found by 
adding the in- situ pore pressure (Terzaghi’s Principle). The correlation represented by Equation 7.43 is 
shown in Figure 7.24. There is considerable scatter in the data, such that the CPT should only be used to 
interpret K0 if no other data are available. If a more accurate value is required, the PMT should be used to 
directly measure the in- situ horizontal stresses from which K0 may be determined using Equation 7.42.
 As in coarse- grained soils, the use of a seismic cone (SCPTU) allows for measurements of G0 from 
shear wave velocity to be made, using Equation 6.6.

9

8

7

6

5

Zone for
fissured
clays

0.33

1

O
C

R

4

3

2

1
0 10

(qt – σv0)/σ′v0

20 30

Marine clays (Lunne et al., 1989)

Equation 7.41 (Mayne, 2007)

Glacial till (Lunne et al., 1989)

Figure 7.23 Determination of OCR from CPTU data.

5

4

3

K
0

2

1

0

Unfissured clays
Fissured clays
Equation 7.43

0 10 20 30 40 50

1

0.1

(qt – σv0)/σ′v0

Figure 7.24 Estimation of K0 from CPTU data.



 

In-situ testing

257

Example 7.4

CPTU data are shown in Figure 7.25 for the Bothkennar clay of Example 7.1. Figure 7.26 shows 
laboratory test data consisting of UU triaxial test data and oedometer test data for the same soil. 
Both sets of data are provided electronically on the Companion Website. Using the two sets of data: 
(a) determine the value of Nkt appropriate for the CPT in this geological unit; (b) determine the vari-
ation of OCR with depth from the CPTU data and compare this to the oedometer test data.
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Figure 7.25 Example 7.4: CPTU data.
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Solution
Values of σv0, u0 and σ′v0 are first found at each depth sampled with the CPTU using the soil unit 
weight and water table information (Example 7.1). The normalised CPT parameters (Qt, Fr and 
Bq) can then be found. An initial guess for Nkt is entered and used with Equation 7.38 to deter-
mine the value of cu at each sampled depth during the test. The undrained shear strength is then 
plotted against depth for both the CPT and triaxial test data on the same graph. The value of Nkt 
can be manually adjusted until a good match between the two datasets is achieved. As an altern-
ative to this trial- and-error manual approach, values of cu from the CPT can be interpolated at 
each of the triaxial test depths. The difference between these and the triaxial values can then be 
found at each depth and the sum of the squares of the differences found. The value of Nkt giving 
the best fit can then be found by minimising the sum of the squares of the differences using an 
optimisation routine (subject to the constraint of Nkt being positive). This gives Nkt = 14.4, and 
the two sets of undrained strength data are compared in Figure 7.27. OCR is directly determined 
from the CPT data using Equation 7.41. The oedometer test data processing is identical to that 
described in Example 7.1, and is compared to the CPTU data in Figure 7.27, showing good 
agreement.
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Example 7.5

Figure 7.28 shows CPTU data for a site in Canada. SPT test data at the same site are presented in 
Table 7.3. Both sets of data are provided electronically on the Companion Website. The site has 
been identified, both from borehole logs and the CPTU record, as consisting of 15 m of silica 
sand, overlying soft clay. The unit weight of both soils has been estimated at γ ≈ 17 kN/m3 and the 
water table is at 2 m BGL. Determine the relative density and peak friction angle of the sand layer 
and the undrained shear strength of the clay layer using both datasets.
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Figure 7.28 Example 7.5: CPTU data.

Table 7.3 Example 7.5: SPT data

Depth (m) 1.3 3.4 5.1 6.7 8.2 9.8 11.3 12.8 14.3 15.2 17.3 19.0 21.2 22.6 24.0

N60 2 3 6 17 15 24 19 17 6 4 4 4 6 6 5

Solution
The CPTU data are processed initially as in Example 7.4 (σv0, u0, σ′v0, Qt, Fr and Bq are found). 
For the data down to 15 m depth (sand), the relative density (ID) is found at each sampled depth 
using Equation 7.35 with D = –1.21 and E = 0.584 (best- fit parameters are used as there is no 
information regarding the compressibility of the sand). The peak friction angle is similarly found 
using Equation 7.36. Below 15-m depth (in the clay) cu is determined at each sampled depth, 
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7.6 Selection of in- situ test method(s)

Section 6.4 described the parameters that could be determined from the various laboratory tests to aid in 
the design of a programme of ground investigation. The same can be done for the in- situ tests described 
in this and the previous chapters. Table 7.4 summarises the mechanical characteristics which can be 
obtained from each type of in- situ test, including those which were mentioned in Section 7.1, but which 
have not been described in detail (DMT, PLT). It will be shown in Part 2 of this book (Chapters 8–13 
inclusive) that modern design approaches require both stiffness and strength parameters to verify that an 
appropriate level of performance will be achieved in a rigorous way. This is in contrast to older ‘tradi-
tional’ approaches which relied on strength parameters only and applied highly empirical global factors 

where Nkt at each depth is found from Bq using Equation 7.39. For the SPT data, σv0, u0 and σ′v0 
are first determined at each test depth. The values of σ′v0 are then used to determine correction 
factors (CN) at each depth using Equation 7.3, with A = 200 and B = 100 (in the absence of any 
more detailed information regarding grading). These values are used to determine corrected blow-
counts (N1)60, from which relative density is approximated for tests down to 15-m depth using 
(N1)60/ID

2 = 60, followed by determination of φ′max values from Figure 7.4. For test points below 
15 m which are in the clay, undrained shear strengths are determined directly from the normalised 
blowcounts (N60) using cu/N60 ≈ 10 (i.e. assuming a soft, insensitive non- fissured clay in the 
absence of any more detailed information). The derived parameters from the CPTU and SPT data 
are compared in Figure 7.29, and show reasonable agreement. The SPT data slightly underpre-
dicts φ′max compared to the CPTU (though the trend is similar), suggesting that the sand is over-
consolidated (see Figure 7.4).
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of safety to ensure adequate performance. The prevalence of ‘traditional’ approaches until recently 
explains the popularity of the SPT, as it can determine the necessary strength parameters while being 
simple, quick and cheap. It is expected that over the coming years CPT and PMT will become more 
popular in general use as they can provide reliable data on both the strength and stiffness of soil.
 The end use should also be considered when determining which in- situ technique to use. For shallow 
foundation design (Chapter 8), PLT is useful as the test procedure is representative of the final construc-
tion (particularly in terms of defining an appropriate stiffness). For deep foundations (Chapter 9) CPT is 
usually preferred, due to the close analogy between a CPT probe and a jacked pile. In the case of retain-
ing structures (Chapter 11), PMT or DMT are preferred as it is very important to accurately define the 
lateral earth pressures in such problems, and these tests are most reliable for this.

Table 7.4 Derivation of key soil properties from in-situ tests

Parameter SPT FVT PMT CPT DMT PLT

Consolidation characteristics: mv, Cc

Stiffness properties: G, G0 G G0* (SCPTU)  G, G0* YES

Drained strength properties: φ′, c′ YES YES YES YES YES

Undrained strength properties: cu 

(in-situ)

YES YES YES YES YES YES

Soil state properties: ID, OCR, K0 ID K0 (via 

σh0)

ID, OCR (K0) ALL

Permeability: k YES† YES‡

Notes: *Using a seismic instrument (i.e. SCPTU or SDMT). †Via a dissipation test on a piezocone (CPTU or SCPTU) 

– i.e. stopping penetration and measuring decay of u2 (see Further Reading). ‡By stopping DMT expansion and 

measuring decay of cavity pressure (see Further Reading).

Summary

1 In- situ testing can be a valuable tool for evaluating the constitutive properties 
of the ground. Generally, a much larger body of soil is influenced during such 
tests, which can be advantageous over laboratory tests on small samples in 
certain soils (e.g. fissured clays). The tests also remove many of the issues 
associated with sampling, though attention must be paid instead to the 
disturbance of the soil that might occur during installation of the test device. 
The data collected from in- situ tests complements (rather than replaces) 
laboratory testing and the use of empirical correlations (Chapter 5). The use of 
in- situ testing can dramatically reduce the amount of sampling and laboratory 
testing required, provided it is calibrated against at least a small body of high- 
quality laboratory data. It can therefore be invaluable for the cost- effective 
ground investigation of large sites.

2 The four principle in- situ tests that are conducted in practice are (arguably) the 
Standard Penetration Test (SPT), Field Vane Test (FVT), Pressuremeter Test (PMT) 
and Cone Penetration Test (CPT). The first two of these are the simplest and 
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Problems

7.1 Table 7.5 presents corrected SPT blowcounts for a site consisting of 5 m of silt overlying a thick 
deposit of clean silica sand. These data are provided electronically on the Companion Website. The 
saturated unit weight of both soils is γ ≈ 16 kN/m3 and the water table is 1.6 m below ground level 
(BGL). Determine the average relative density and peak friction angle of the sand between 10–20 m 
BGL.

Table 7.5 Problem 7.1

Depth (m) N60 (blows) Depth (m) N60 (blows) Depth (m) N60 (blows)

 1.32  4 11.27 23 21.06 35

 2.50 10 12.29 22 22.21 27

 3.29  7 13.39 30 23.16 28

 4.30  2 14.34 29 24.32 24

 5.34  8 15.20 19 25.20 30

 6.44 11 16.34  9 26.08 30

 7.31 10 17.33 30 27.10 30

 8.41 12 18.28 30 28.12 32

 9.29 18 19.23 34 29.25 11

10.40 24 20.25 30 30.22 22

7.2 Figure 7.30 presents the results of a self- boring pressuremeter test undertaken at a depth of 10.4 m 
BGL in the sand deposit described in Problem 7.1. The data are provided electronically on the Com-
panion Website. Determine the following parameters: σh0, u0, σ′h0, φ′max, ψ. Find also the value of G 
from the unload–reload loop.

cheapest tests, and are used to determine the strength characteristics of coarse- 
grained soil (SPT) and soft fine- grained soils (FVT); the SPT may also be used in 
stiffer fine- grained soils with greater caution. The latter two tests (PMT and CPT) 
represent modern devices making use of miniaturised sensors and computer 
control/data logging to measure multiple parameters, providing more detailed 
data and increasing their range of applicability. These tests are applicable to 
both coarse- and fine- grained soils, and can be used to reliably determine both 
strength and stiffness characteristics via theoretical models (PMT) or empirical 
correlations (CPT).

3 It has been demonstrated, through application to real soil test data, that 
spreadsheets are a useful tool for processing and interpreting a detailed suite of 
in- situ test data; moreover, they are essential for processing data from 
computerised PMT and CPT devices, which provide digital output. Digital 
exemplars have been provided for the worked examples in this chapter on the 
Companion Website, utilising data from all four of the tests discussed.
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7.3 Figure 7.31 presents the results of a CPT test undertaken in the sand deposit described in Problems 
7.1 and 7.2. The data are provided electronically on the Companion Website. Determine the vari-
ation of relative density and peak friction angle with depth, and compare the results to those from 
the SPT tests in Problem 7.1 (the SPT data are also provided electronically).
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7.4 Figure 7.32 presents the results of a self- boring pressuremeter test undertaken deep within a deposit 
of clay. The data are provided electronically on the Companion Website. Determine the in- situ hori-
zontal total stress and the undrained shear strength of the clay at the test depth. Is the unload–reload 
loop appropriately sized?
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7.5 Figure 7.33 presents the results of a CPTU test undertaken in the Gault clay shown in Figure 5.38(a). 
The data are provided electronically on the Companion Website, along with data from a series of 
SBPM tests and SPT tests conducted in the same material. The clay has a unit weight of γ ≈ 19 kN/m3 
above and below the water table, which is at a depth of 1 m BGL.

 a  Using the SBPM data as a reference, determine the value of Nkt appropriate for obtaining cu from 
the CPTU data. What does this suggest about the clay deposit?

 b  Using your answer to (a) or otherwise, determine the variation of cu with depth from the SPT data.
 c Determine the variation of K0 with depth using both the SBPM and CPTU data.
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Understand the working principles behind shallow foundations;
2 Solve simple foundation capacity problems using Terzaghi’s bearing capacity 

equation and/or limit analysis techniques;
3 Calculate the stresses induced beneath shallow foundations and the resultant 

foundation settlement using elastic solutions and consolidation theory;
4 Understand the philosophy behind limit state design codes and how this is 

applied in design to Eurocode 7;
5 Design a shallow foundation within a limit- state design framework (Eurocode 7), 

either analytically (based on fundamental ground properties) or directly from 
in- situ test data.

Chapter 8

Shallow foundations

8.1 Introduction

A foundation is that part of a structure which transmits loads directly to the underlying soil, a process 
known as soil–structure interaction. This is shown indicatively in Figure 8.1(a). To perform in a satis-
factory way, the foundation must be designed to meet two principal performance requirements (known 
as limit states), namely:

1	 such	that	 its	capacity	or	resistance	is	sufficient	 to	support	 the	loads	(actions)	applied	(i.e.	so	that	 it	
doesn’t collapse);

2 to avoid excessive deformation under these applied loads, which might damage the supported struc-
ture or lead to a loss of function.

These criteria are shown schematically in Figure 8.1(b). Ultimate limit states (ULS) are those involving 
the collapse or instability of the structure as a whole, or the failure of one of its components (point 1 
above). Serviceability limit states (SLS) are those involving excessive deformation, leading to damage 
or loss of function. Both ultimate and serviceability limit states must always be considered in design. 
The philosophy of limit states is the basis of Eurocode 7 (EC7, BSI 2004), a standard specifying all of 
the situations which must be considered in design in the UK and the rest of Europe. Similar standards 
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are beginning to appear in other parts of the world (e.g. GeoCode 21 in Japan). In the United States, the 
limit state design philosophy is termed Load and Resistance Factor Design (LRFD).
 This chapter will focus on the basic behaviour and design of shallow foundations under vertical 
loading. If a soil stratum near the surface is capable of adequately supporting the structural loads it is 
possible to use either footings or a raft, these being referred to in general as shallow foundations. A 
footing is a relatively small slab giving independent support to part of the structure. A footing supporting 
a single column is referred to as an individual footing or pad; one supporting a closely spaced group of 
columns is referred to as a combined footing, and one that supports a load- bearing wall as a strip 
footing. A raft is a relatively large single slab, usually stiffened with cross members, supporting the 
structure	as	a	whole.	The	resistance	of	a	shallow	foundation	is	quantified	by	its	bearing resistance (a 
limiting load) or bearing capacity (a limiting pressure), the determination of which will be addressed in 
Sections 8.2–8.4. Bearing capacity is directly related to the shear strength of soil and therefore requires 
the strength properties φ′,	c′	or	cu, depending on whether drained or undrained conditions are maintained, 
respectively. The deformation of a foundation under a vertical load will be addressed in Sections  
8.5–8.8, and depends on the stiffness of the soil (G or Young’s modulus E). Limit state design of shallow 

Adequate
performance

Limiting
settlement

(SLS)

Actual
settlement

Settlement

Foundation behaviour
under load

Bearing resistance (ULS)

Live loading
(e.g. occupants)

Bearing pressure(a)
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Applied load

Working load

Strip footing

Dead load
(superstructure)

Environmental actions
(e.g. snow)

Figure 8.1  Concepts related to shallow foundation design: (a) soil–structure interaction 
under vertical actions, (b) foundation performance and limit state design.
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foundations will be addressed in Section 8.9. When individual shallow foundation elements are used as 
part of a foundation system (e.g. Figure 8.1(a), consisting of two separate strips supporting the structure) 
they may additionally carry horizontal loads and or moments, e.g. induced by wind loading (environ-
mental action); this will be addressed in Chapter 10.
 If the soil near the surface is incapable of adequately supporting the structural loads, piles, or other 
forms of deep foundations such as piers or caissons, are used to transmit the applied loads to suitable 
soil (or rock) at greater depth where the effective stresses (and hence shear strength, as described in 
Chapter 5) are larger. Deep foundations are addressed in Chapter 9.
 In addition to being located within an adequate bearing stratum, a shallow foundation should be 
below the depth which is subjected to frost action (around 0.5 m in the UK) and, where appropriate, the 
depth to which seasonal swelling and shrinkage of the soil takes place. Consideration must also be given 
to the problems arising from excavating below the water table if it is necessary to locate foundations 
below	this	level.	The	choice	of	foundation	level	may	also	be	influenced	by	the	possibility	of	future	exca-
vations for services close to the structure, and by the effect of construction, particularly excavation, on 
existing structures and services.

8.2 Bearing capacity and limit analysis

Bearing capacity (qf	)	 is	defined	as	 the	pressure	which	would	cause	shear	failure	of	 the	supporting	soil	
immediately below and adjacent to a foundation.
	 Three	distinct	modes	of	failure	have	been	identified,	and	these	are	illustrated	in	Figure	8.2;	they	will	
be described with reference to a strip footing. In the case of general shear failure, continuous failure 
surfaces develop between the edges of the footing and the ground surface, as shown in Figure 8.2. As the 
pressure is increased towards the value qf a state of plastic equilibrium is reached initially in the soil 
around the edges of the footing, which subsequently spreads downwards and outwards. Ultimately, the 
state of plastic equilibrium is fully developed throughout the soil above the failure surfaces. Heave of the 
ground	 surface	 occurs	 on	 both	 sides	 of	 the	 footing,	 although	 in	many	 cases	 the	 final	 slip	movement	
occurs only on one side, accompanied by tilting of the footing, as the footing will not be perfectly level 
and will hence be biased to fail towards one side. This mode of failure is typical of soils of low com-
pressibility	(i.e.	dense	coarse-	grained	or	stiff	fine-	grained	soils),	and	the	pressure–settlement	curve	is	of	
the	general	form	shown	in	Figure	8.2,	the	ultimate	bearing	capacity	being	well	defined.	In	the	mode	of	
local shear failure	there	is	significant	compression	of	the	soil	under	the	footing,	and	only	partial	devel-
opment of the state of plastic equilibrium. The failure surfaces, therefore, do not reach the ground surface 
and only slight heaving occurs. Tilting of the foundation would not be expected. Local shear failure is 
associated with soils of high compressibility and, as indicated in Figure 8.2, is characterised by the 
occurrence of relatively large settlements (which would be unacceptable in practice) and the fact that the 
ultimate	bearing	capacity	is	not	clearly	defined.	Punching shear failure occurs when there is relatively 
high compression of the soil under the footing, accompanied by shearing in the vertical direction around 
the edges of the footing. There is no heaving of the ground surface away from the edges, and no tilting 
of the footing. Relatively large settlements are also a characteristic of this mode, and again the ultimate 
bearing	capacity	is	not	well	defined.	Punching	shear	failure	will	also	occur	in	a	soil	of	low	compressibil-
ity if the foundation is located at considerable depth. In general, the mode of failure depends on the com-
pressibility of the soil and the depth of the foundation relative to its breadth.
 The bearing capacity problem can be considered in terms of plasticity theory. It is assumed that the 
stress–strain behavior of the soil can be represented by the rigid–perfectly plastic idealisation, shown in 
Figure 8.3, in which both yielding and shear failure occur at the same state of stress: unrestricted plastic 
flow	takes	place	at	this	stress	level.	A	soil	mass	is	said	to	be	in	a	state	of	plastic	equilibrium	if	the	shear	
stress	at	every	point	within	the	mass	reaches	the	value	represented	by	point	Y′.
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	 Plastic	collapse	occurs	after	the	state	of	plastic	equilibrium	has	been	reached	in	part	of	a	soil	mass,	
resulting in the formation of an unstable mechanism: that part of the soil mass slips relative to the rest of 
the mass. The applied load system, including body forces, for this condition is referred to as the collapse 
load. Determination of the collapse load is achieved using the limit theorems of plasticity (also known as 
limit analysis) to calculate lower and upper bounds to the true collapse load. In certain cases the theo-
rems produce the same result, which would then be the exact value of the collapse load. The limit theo-
rems can be stated as follows.

Lower bound (LB) theorem
If a state of stress can be found which at no point exceeds the failure criterion for the soil and is in equi-
librium with a system of external loads (which includes the self- weight of the soil), then collapse cannot 
occur; the external load system thus constitutes a lower bound to the true collapse load (because a more 
efficient	stress	distribution	may	exist,	which	would	be	in	equilibrium	with	higher	external	loads).

Upper bound (UB) theorem
If a kinematically admissible mechanism of plastic collapse is postulated and if, in an increment of dis-
placement, the work done by a system of external loads is equal to the dissipation of energy by the 

Settlement

(a)

(b)

(c)

(a)

(b)

(c)

Pr
es

su
re
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internal stresses, then collapse must occur; the external load system thus constitutes an upper bound to 
the	true	collapse	load	(because	a	more	efficient	mechanism	may	exist	resulting	in	collapse	under	lower	
external loads).
 In the upper bound approach, a mechanism of plastic collapse is formed by choosing a slip surface 
and the work done by the external forces is equated to the loss of energy by the stresses acting along the 
slip surface, without consideration of equilibrium. The chosen collapse mechanism is not necessarily the 
true mechanism, but it must be kinematically admissible – i.e. the motion of the sliding soil mass must 
remain continuous and be compatible with any boundary restrictions.

8.3 Bearing capacity in undrained materials

Analysis using the upper bound theorem

Upper bound approach, mechanism UB- 1
It can be shown that for undrained conditions the failure mechanism within the soil mass should consist 
of slip lines which are either straight lines or circular arcs (or a combination of the two). A simple 
mechanism consisting of three sliding blocks of soil is shown in Figure 8.4 for a strip footing under pure 
vertical loading.

LBC = B/√2

LOC = B/√2LAB = B/√2

LOA = B/√2

A

(a)

(b)

(c)

Stationary
soil, O

qf

vOCvBCvAB

vOB

vOA

OA OCBC

AB

OB

B

v

σq

45º 45º

C

B

LOB = B

Figure 8.4 (a) Simple proposed mechanism, UB- 1, (b) slip velocities, (c) dimensions.
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 If the foundation inputs work to the system by moving vertically downwards with a velocity v, the blocks 
will have to move as shown in Figure 8.4 to form a mechanism and therefore be kinematically admissible. 
This movement generates relative velocities between each slipping block and its neighbours, which will 
result in energy dissipation along all of the slip lines shown (OA, OB, OC, AB and BC). To determine the 
relative velocities along the slip lines a hodograph (velocity diagram) is drawn, the construction procedure 
for which is shown in Figure 8.5. Starting with the known vertical displacement of the footing (v) gives 
point f (foundation) on the hodograph as shown in Figure 8.5(a). Block A must move relative to the station-
ary soil at an angle of 45°; the vertical component of this motion must be equal to v so the footing and soil 
remain in contact. Two construction lines may be added to the hodograph as shown in Figure 8.5(a) to rep-
resent	these	two	limiting	conditions.	The	crossing	point	of	these	two	lines	fixes	the	position	of	point	a in the 
hodograph and therefore, the velocity vOA. Block B moves horizontally with respect to O and at 45° relative 
to	A.	Adding	two	construction	lines	for	these	conditions	fixes	the	position	of	b as shown in Figure 8.5(b) 
and therefore the velocities vOB and vBA. Block C moves at 45° from points o and b as shown in Figure 
8.5(c)	which	fixes	the	position	of	c and therefore the relative velocities vOC and vCB. Basic trigonometry may 
then	be	used	on	the	final	hodograph	to	determine	the	lengths	of	the	lines	which	represent	the	relative	veloci-
ties in the mechanism in terms of the known foundation movement v, as shown in Figure 8.5(d).
 The energy dissipated (Ei) due to shearing at relative velocity vi along a slip line of length Li is given 
by:

  (8.1)

energy being force multiplied by velocity (stress multiplied by length is force per metre length of the slip 
plane into the page). The strength τf is used as the shear stress along the slip line, as the soil is at plastic 
failure	along	this	line	by	definition	(i.e.	τ = τf ). The total energy dissipated in the soil can then be found 
by summing Ei for all slip lines, as shown in Table 8.1.
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Figure 8.5 Construction of hodograph for mechanism UB- 1.
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 Work may be input to the system by the foundation moving downwards, where the work input is 
positive as the forcing and velocity are in the same direction. If there is a surcharge pressure σq acting 
around the foundation as shown in Figure 8.4, this will be moved upwards as a result of the vertical com-
ponent of the motion of block C. As the force and velocity are in opposite directions (the surcharge is 
being moved upwards against gravity), this will do negative work (effectively dissipate energy). The 
work done Wi by a pressure qi acting over an area per unit length Bi moving at velocity vi is given by

  (8.2)

The total work done can then be found by summing Wi for all components, as shown in Table 8.2.
 By the upper bound theorem, if the system is at plastic collapse, the work done by the external 
loads/pressures must be equal to the energy dissipated within the soil, i.e.

  (8.3)

 Therefore, for mechanism UB- 1, inserting the values from Tables 8.1 and 8.2 gives the bearing 
capacity qf:

  (8.4)

Upper bound approach, mechanism UB- 2
The mechanism UB- 1 requires sharp changes in the direction of movement of the blocks to translate the 
downwards	motion	beneath	the	footing	into	upwards	motion	of	the	adjacent	soil.	A	more	efficient	mech-
anism (i.e. one that dissipates less energy) replaces block B in Figure 8.4 with a number of smaller 
wedges as shown in Figure 8.6(a). These wedges describe a circular arc of radius R between the rigid 
blocks	A	and	C,	as	shown	in	 the	figure,	known	as	a	shear fan. The hodograph for this mechanism is 
shown in Figure 8.6(d) – blocks A and C will move in the same direction and by the same magnitude as 

Table 8.1 Energy dissipated within the soil mass in mechanism UB-1

Slip line Stress, τf Length, Li Relative velocity, vi Energy dissipated, Ei

OA cu B /  √
__

 2     √
__

 2  v cuBv

OB cu B 2v 2cuBv

OC cu B /  √
__

 2     √
__

 2  v cuBv

AB cu B /  √
__

 2     √
__

 2  v cuBv

BC cu B /  √
__

 2     √
__

 2  v cuBv

Total Energy, ΣEi = 6cuBv

Table 8.2 Work done by the external pressures, mechanism UB-1

Component Pressure, pi Area, Bi Relative velocity, vi Work done, Wi

Footing pressure qf B v qfBv

Surcharge σq B –v −σqBv

Total work done, ΣWi = (qf – σq)Bv
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in Figure 8.5; the velocity around the edge of the circular arc will be constant as the soil in this region 
rotates about the point X.
 The energy dissipated due to shearing between wedge i (of internal angle δθ) and the stationary soil 
can then be found using Equation 8.1 where the length along the slip plane is Rδθ as shown in Figure 
8.6(b) and (c):

  (8.5)

The energy dissipated due to the shearing occurring between each wedge and the next can be found simi-
larly, with the length along the slip line being R and the relative velocity from the hodograph vδφ:

  (8.6)

The total amount of energy dissipated within this zone is then given by summing the components from 
Equations 8.5 and 8.6 across all wedges. If the wedge angle δθ is made vanishingly small, this summa-
tion becomes an integral over the full internal angle of the zone (θ):

  (8.7)

The energy component Efan replaces the terms along slip lines OB, AB and BC in mechanism UB- 1. If 
blocks A and C still move in the same directions as before, the wedge angle θ = π/2 (90°), 
vfan = vOA = vOC =   √

___
 2v   and R = B/  √

__
 2   . The energy dissipated in UB- 2 is therefore as shown in Table 8.3.

A
O

45°45°

C

X

v

qf

vfanδθ

δθ δθ

Rδθ

R

(a)

(b) (c) (d)
f

O

a

c

v

vfan

σq

θ

vfan = √2v

√2v

√2v

Figure 8.6  (a) Refined mechanism UB- 2, (b) slip velocities on wedge i, (c) geometry of 
wedge i, (d) hodograph.
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 The work dissipated in mechanism UB- 2 is the same as for UB- 1 (values in Table 8.2) such that 
applying Equation 8.3 yields:

 (8.8)

The bearing pressure in Equation 8.8 is lower than for UB- 1 (Equation 8.4), so UB- 2 represents a better 
estimate of the true collapse load by the upper bound theorem.

Analysis using the lower bound theorem

Lower bound approach, stress state LB- 1
In	the	lower	bound	approach,	the	conditions	of	equilibrium	and	yield	are	satisfied	without	consideration	
of the mode of deformation. For undrained conditions the yield criterion is represented by τf = cu at all 
points	within	the	soil	mass.	The	simplest	possible	stress	field	satisfying	equilibrium	that	may	be	drawn	
for a strip footing is shown in Figure 8.7(a). Beneath the foundation (zone 1), the major principal stress 
(σ1) will be vertical. In the soil to either side of this (zone 2), the major principal stress will be horizontal. 
The minor principal stresses (σ3) in each zone will be perpendicular to the major principal stresses. These 
two distinct zones are separated by a single frictionless stress discontinuity permitting the rotation of the 
major principal stress direction.
 Mohr circles (see Chapter 5) may be drawn for each zone of soil as shown in Figure 8.7(b). In order 
for the soil to be in equilibrium, σ1 in zone 2 must be equal to σ3 in zone 1. This requirement causes the 
circles to just touch, as shown in Figure 8.7(b). The major principal stress at any point within zone 1 is

  (8.9)

i.e. the total vertical stress due to the weight of the soil (γz) plus the applied footing pressure (qf ). In zone 
two, the minor principal stress is similarly

  (8.10)

If the soil is undrained with shear strength cu and the soil is everywhere in a state of plastic yielding, the 
diameter of each circle is 2cu. Therefore at the point where the circles meet

  (8.11)

Table 8.3 Energy dissipated within the soil mass in mechanism UB-2

Slip line Stress, τf Length, Li Relative velocity, vi Energy dissipated, Ei

OA cu B /  √
__

 2     √
__

 2  v cuBv

Fan zone (θ = π/2) cu R = B /  √
__

 2  vfan =  √
__

 2  v πcuBv (from Eq. 8.7)

OC cu B /  √
__

 2     √
__

 2  v cuBv

Total energy, ΣEi = (2 + π)cuBv
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Lower bound approach, stress state LB- 2
As	for	 the	upper	bound	UB-	1,	 the	sharp	change	 in	 the	stress	field	across	 the	single	discontinuity	 in	
stress	state	LB-	1	 is	only	a	crude	 representation	of	 the	actual	 stress	field	within	 the	ground.	A	more	
realistic stress state can be found by considering a series of frictional stress discontinuities along 
which	a	significant	proportion	of	the	soil	strength	can	be	mobilised,	forming	a	fan zone which gradu-
ally rotate the major principal stress from vertical beneath the footing to horizontal outside. This is 
shown in Figure 8.8(a).
 The change in direction of the major principal stresses across a frictional discontinuity depends on 
the frictional strength along the discontinuity (τd, Figure 8.8(b)). The Mohr circles representing the 
stress states in the zones either side of a discontinuity are shown in Figure 8.8(c). The mean stress in 
each zone is represented by s (see Chapter 5). As with mechanism LB- 1 the circles will touch, but at a 
point where τ = τd	as	shown	in	the	figure.	This	defines	the	relative	position	of	the	two	circles,	i.e.	the	
difference sA – sB. In crossing the discontinuity the major principal stress will rotate by an amount δθ 
(Figure 8.8(b)):

  (8.12)

As the radius of the Mohr circles are cu, from Figure 8.8(c)

  (8.13)

Frictionless stress
discontinuity(a)

(b)

Zone 1 Zone 2

Zone 2 Zone 1

CL

qf

σq

σ1

σ1σ3

σ3 = σq + γ z

σ1 = qf + γ z

σ

τmax = cu

τ

cu

σ3

Figure 8.7 (a) Simple proposed stress state LB- 1, (b) Mohr circles.
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Equation	8.12	may	 then	be	 substituted	 into	Equation	8.13	 for	Δ.	Then,	 in	 the	 limit	 as	 sA – sB	→	δs′, 
sin δθ	→	δθ

  (8.14)

Frictional stress
discontinuities

(a)

(b)

(c)

Zone 1 Zone 2

Zone B

Zone A

CL

qf

σq

σ1

σ1

τd

∆/2

∆∆

∆/2

δθ

τd

τd

σ3

σ

τmax = cu

τ

cu

cu

sAsB

σ3θfan

Figure 8.8  (a) Refined stress state LB- 2, (b) principal stress rotation across a frictional 
stress discontinuity, (c) Mohr circles.
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For a fan zone of frictional stress discontinuities subtending an angle θ, Equation 8.14 may be integrated 
from zone 1 to zone 2 in Figure 8.8(a) across the fan angle θfan, i.e.

  (8.15)

For the shallow footing problem shown in Figure 8.9, σ1 in zone 1 is still given by Equation 8.9 and σ3 in 
zone 2 is still given by Equation 8.10. Therefore the principal stress rotation required in the fan is 
θfan = π/2 (90°) giving, from Equation 8.15,

  (8.16)

The bearing pressure in Equation 8.16 is higher than for LB- 1 (Equation 8.11), so LB- 2 represents a 
better estimate of the true collapse load by the lower bound theorem.

Frictional stress
discontinuities

πcu
(Equation 8.15, θfan = π/2)

(a)

(b)

Zone 1 Zone 2

π/2

CL

qf

σq

σ1

σ1σ3

σ

τmax = cu

τ

cu

s1s2

σ3

Figure 8.9 Stress state LB- 2 for shallow foundation on undrained soil.
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Combining upper and lower bounds to obtain the true collapse load
Ignoring the surcharge pressure σq (which is the same in all of the expressions derived so far), the 
bearing capacity from UB- 1 is 6cu while that from LB- 1 is 4cu. These form upper and lower bounds to 
the true collapse load, so that 4cu	≤	qf	≤	6cu.	However	 comparing	 the	 refined	 analyses,	UB-	2	 and	LB-	2	
both give the same value of qf = (2 + π)cu = 5.14cu, so by the upper and lower bound theorems, this must 
be the exact solution – i.e. LB- 2 represents the stress state just as mechanism UB- 2 is formed.
 For this problem it was possible with fairly minimal effort to determine the exact solution. In solving 
any generalised problem using limit analysis, it may be necessary to try many different mechanisms and 
stress states to determine the bearing capacity exactly (or if not exactly, with only a very narrow range 
between the best upper and lower bound solutions). Computers can be used to automate this optimisation 
process. Links to suitable software which is available for both commercial and academic use are pro-
vided on the Companion Website.

Bearing capacity factors
Comparing Equations 8.8 and 8.16, the bearing capacity of a shallow foundation on an undrained mater-
ial may be written in a generalised form as

 (8.17)

Where, for the case of a footing surrounded by a surcharge pressure σq, Nc = 5.14. Nc is the bearing 
capacity factor for a strip foundation under undrained conditions (τf = cu). The parameter sc in Equation 
8.17 is a shape factor (sc = 1.0 for a strip foundation). In principle, UB and LB analyses similar to those 
presented above may be conducted for various other cases (e.g. a footing near to a slope or on layered 
soils). In many cases, however, such analyses have been conducted and the results published as design 
charts for selecting the value of Nc for use in Equation 8.17.
 Foundations are not normally located on the surface of a soil mass, but are embedded at a depth d 
below the surface. The soil above the founding plane (the level of the underside of the foundation) is 
considered as a surcharge imposing a uniform pressure σq = γd on the horizontal plane at foundation 
level. This assumes that the shear strength of the soil between the surface and depth d is neglected. 
This is a reasonable assumption provided that d is not greater than the breadth of the foundation B. 
The	soil	above	foundation	 level	 is	normally	weaker,	especially	 if	backfilled,	 than	 the	soil	at	greater	
depth.
 Skempton (1951) presented values of Nc for embedded strip foundations in undrained soil as a func-
tion of d based on empirical evidence, which are given in Figure 8.10; also included are values suggested 
by Salgado et al. (2004), which are described by

 . (8.18)

For a general rectangular footing of dimensions B × L (where B < L), Eurocode 7 recommends that the 
shape factor sc in Equation 8.17 is given by:

  (8.19)

Equations 8.18 and 8.19 are compared to Skempton’s data for the extreme cases of strip (B/L = 0) and 
square footings (B/L = 1) in Figure 8.10. Nc for circular footings may be obtained by taking the square 
values. In practice, Nc is normally limited at a value of 9.0 for very deeply embedded square or circular 
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foundations. Values of Nc	obtained	from	Figure	8.10	may	be	used	for	stratified	deposits,	provided	 the	
value of cu for a particular stratum is not greater than nor less than the average value for all strata within 
the	significant	depth	by	more	than	50%	of	that	average	value.
	 For	 layered	 soils,	Merifield et al. (1999) presented upper and lower bound values of Nc for strip 
footings resting on a two- layer cohesive soil as a function of the thickness H of the upper layer of soil of 
strength cu1 which overlies a deep deposit of material of strength cu2.	Proposed	design	values	of	Nc for 
this case are given in Figure 8.11(a) which are valid if the undrained shear strength of the upper layer 
is used in Equation 8.17 (i.e. cu = cu1).	 Subsequently,	Merifield	 and	Nguyen	 (2006)	 conducted	 further	
analyses for square footings with B/L = 1.0. The resulting shape factors they obtained are shown in Figure 
8.11(b).
 If a shallow foundation is built close to a slope, its bearing capacity may be dramatically reduced. 
This is a common case for transport infrastructure (e.g. a road or railway line) which is situated on an 
embankment. These types of construction are commonly very long, and so will always behave as strip 
foundations. Georgiadis (2010) presented charts for Nc for strip foundations set back from the crest of 
a slope of angle β by a multiple λ of the foundation width. These are based on upper bound analyses in 
which an optimal failure mechanism was found giving the lowest upper bound. For this case, it was 
important to include both ‘local’ failure mechanisms (bearing capacity failure of the foundation alone) 
and ‘global’ mechanisms (failure of the whole slope including the foundation). Slope stability is dis-
cussed in greater detail in Chapter 12. From Figure 8.12, the presence of a nearby slope reduces Nc 
(and hence also the bearing capacity). If the foundation is set far enough back from the crest of the 
slope (λ > 2B), then the slope will have no effect on the bearing capacity and Nc = 2 + π as for level 
ground.
 It is common for undrained strength to vary with depth, rather than be uniform (constant with depth). 
Davis and Booker (1973) conducted upper and lower bound plasticity analyses for soil with a linear vari-
ation of undrained shear strength with depth z below the founding plane, i.e.

  (8.20)

0
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7

8
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1 2 3

B/L = 0 (strip)

Equations 8.18 & 8.19

Skempton (1951)

B/L = 1 (square)

d/B

Nc

4 5

Figure 8.10 Bearing capacity factors Nc for embedded foundations in undrained soil.
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where cu0 is the undrained shear strength at the founding plane (z = 0) and C is the gradient of the cu-z 
relationship. The bearing capacity is expressed in a different form compared to Equation 8.17, as

  (8.21)

The parameter Fz is read from Figure 8.13. If the ratio of CB/cu0	≤	20,	the	value	of	Fz may be read using 
the	left	side	of	the	figure;	if	CB/cu0	≥	20,	it	is	more	convenient	to	express	the	ratio	as	cu0/CB and use the 
right	side	of	the	figure.	For	the	special	case	of	C = 0 and cu0 = cu (uniform strength with depth), CB/cu0 = 0, 
Fz = 1 such that Equation 8.21 reduces to qf = 5.14cu as before.
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Figure 8.11  (a) Bearing capacity factors Nc for strip foundations of width B on layered 
undrained soils (after Merifield et al., 1999), solid lines – UB, dashed 
lines – LB, (b) shape factors sc (after Merifield and Nguyen, 2006).
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Figure 8.12  Bearing capacity factors Nc for strip foundations of width B at the crest of 
a slope of undrained soil (after Georgiadis, 2010).

Type 1:

Type 1
Type 2

Type 1
Type 2

2

1.8

1.6

1.4

1.2

1

0.8

0.6

2

1.8

1.6

1.4

1.2

1

0.8

0.6
0 0 0.01 0.02 0.03 0.04 0.055 10

CB/cu0

CB/cu0  ≥  20CB/cu0  <  20

Fz Fz

cu0/CB
15 20

Type 2:

Depth
C C

cu0 cu0
cu cu

1
1

Depth

Figure 8.13  Factor Fz for strip foundations on non- uniform undrained soil (after Davis 
and Booker, 1973).



 

Shallow foundations

285

8.4 Bearing capacity in drained materials

Analysis using the upper bound theorem
It can be shown that for drained conditions the slip surfaces within a kinematically admissible failure 
mechanism	 should	 consist	 of	 either	 straight	 lines	 or	 curves	 of	 a	 specific	 form	 known	 as	 logarithmic	
spirals (or a combination of the two). The conditions on a slip surface at any point will be analogous to a 
direct shear test (as described in Section 5.4). This is shown schematically in Figure 8.14 for a cohesion-
less soil (c′	=	0).	Referring	 to	Figure	5.16,	all	drained	materials	will	exhibit	 some	amount	of	dilatancy	
during	shear	(quantified	by	the	angle	of	dilation,	ψ). In general, all soils will have ψ	≤	φ′.	However,	for	
the special case of ψ = φ′	the	direction	of	movement	will	be	perpendicular	to	the	resultant	force	(Rs) on 
the shear plane, so, by Equation 8.1, there is no energy dissipated in shearing along the slip line (i.e. 
there is no movement in the direction of the resultant force). This condition is known as the normality 
principle. This special case of ψ = φ′	 represents	an	associative flow rule,	and	the	use	of	this	flow	rule	
considerably	simplifies	limit	analysis	in	drained	materials.

A strip foundation 2.0 m wide is located at a depth of 2.0 m in a stiff clay of saturated unit weight 
21	kN/m3. The undrained shear strength is uniform with depth, with cu	=	120	kPa.	Determine	the	
undrained bearing capacity of the foundation under the following conditions:

a the foundation is constructed in level ground;
b a cutting at a gradient of 1:2 is subsequently made adjacent to the foundation, with the crest 

1.5 m from the edge of the foundation.

Solution
For case (a) d/B = 2.0/2.0 = 1, so, from Figure 8.10a, Nc = 6.4 (using Skempton’s values). As the 
footing is a strip, sc = 1.0. The surcharge pressure σq = γd	=	21	×	2.0	=	42	kPa.	Therefore:

 

For case (b), a 1:2 slope has an angle β = tan–1(1/2) = 26.6°. The parameter cu/γB = 120/
(21 × 2.0) = 2.9 and λ = 1.5/2.0 = 0.75. Interpolation between lines in Figure 8.12 is then used to 
find	Nc = 4.4. The shape factor is the same as before, giving:

 

Construction of the slope will therefore reduce the bearing capacity of the foundation. It should 
be noted that the actual bearing capacity in case (b) is likely to be higher as the value of Nc is 
uncorrected for the depth of embedment.

Example 8.1
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 Figure 8.15(a) shows a failure mechanism in a weightless cohesionless soil (γ = c′	=	0)	with	a	friction	
angle of φ′.	This	is	similar	to	UB-	2	(Figure	8.6),	but	with	a	logarithmic	spiral	replacing	the	circular	arc	
for the fan shear zone B. Beneath the footing, a rigid block will form with slip surfaces at an angle of 
π/4 + φ′/2	to	the	horizontal	as	shown.	It	should	be	noted	that	this	is	a	general	value	for	the	internal	wedge	
angles in any soil; the internal wedge angles of 45° (π/4) used earlier for the undrained case arise from 
the fact that φ′	=	φu	=	0	in	undrained	materials.	These	angles	fix	the	lengths	of	the	slip	planes	OA	and	AB.	
To determine the geometry of the rest of the mechanism, an equation describing the logarithmic spiral 
must	first	be	found.	Figure	8.15(b)	shows	the	change	in	geometry	between	two	points	on	the	slip	line	rel-
ative to the centre of rotation of the shear zone, from which it can be seen that if dθ is small

 (8.22)

Rearranging Equation 8.22, it may be integrated from an initial radius r0 at θ  = 0 to a general radius r at θ:

  (8.23)

Rs
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Resultant force, Rs

Shear force = τ A

Direction of slip
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Force = σ A

Slip plane
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Tangent to slip plane

φ′

φ′

ψ

ψ

Figure 8.14 Conditions along a slip plane in drained material.
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Equation 8.23 can then be applied to the mechanism in Figure 8.15(a), where r0 = LAB, r = LBC and θ = π/2. 
For	associative	flow,	ψ = φ′. Length LAB is found from trigonometry with the known foundation width B 
and wedge angles π/4 + φ′/2,	i.e.
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Figure 8.15  Upper bound mechanism in drained soil: (a) geometry of mechanism, 
(b) geometry of logarithmic spiral, (c) hodograph.
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The area per unit length over which the surcharge acts on the mechanism Lσ can then be found from 
trigonometry

 (8.24)

The hodograph for the mechanism is shown in Figure 8.15(c). This is similar to the hodograph for the 
undrained case (UB- 2) shown in Figure 8.6(d); in the drained case, however, the curved line joining 
points a and c is a logarithmic spiral rather than a circular arc (so the magnitude of vc can be found from 
va using Equation 8.23, interchanging radii for velocity magnitudes).
 As a result of the normality principle, there is no energy dissipated by shearing within the soil mass 
so	ΣEi = 0. As for the undrained case, the footing and surcharge pressures still do work and the computa-
tions for the drained case are shown in Table 8.4.
 Applying Equation 8.3 then gives

  (8.25)

Analysis using the lower bound theorem
The proposed stress state considered is the same as LB- 2 for the undrained case i.e. considering a fan 
zone of frictional stress discontinuities. This is shown in Figure 8.16(a). The change in direction of the 
major principal stresses across a frictional discontinuity depends on the frictional strength along the dis-
continuity as before (τd, Figure 8.16(b)). However the envelope bounding the Mohr circles in zones 1 
and 2 is now of the form τf = σ′tan	φ′	for	the	drained	case,	and	τd = σ′dtan φ′mob, where φ′mob is the mobilised 
friction angle along the discontinuity. This is shown in Figure 8.16(c). The mean effective stress in each 
zone is represented by s′.
 As with mechanism LB- 2 the circles will touch at a point where τ = τd	as	shown	in	the	figure	defining	
the relative position of the two circles. In crossing the discontinuity, the major principal stress will rotate 
by an amount δθ. From Figure 8.16(b) it can be determined that

  (8.26)

Considering the shear strength at the crossing point of the two Mohr circles in Figure 8.16(c)

Table 8.4 Work done by the external pressures, mechanism UB-1

Component Pressure Area, Bi Relative velocity, vi Work done, Wi

Footing pressure qf B v qfBv

Surcharge σ′q Be(π/2 tan φ′) ×  

tan(π/4 + φ′/2)

v2 = –ve(π/2 tan φ′) ×  

tan(π/4 + φ′/2)

−σ′qBv e(π tan φ′ ) ×  

tan2(π/4 + φ′/2)
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Figure 8.16  (a) Stress state, (b) principal stress rotation across a frictional stress 
discontinuity, (c) Mohr circles.
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  (8.27)

The radii of the Mohr circles (tA and tB) can also be described by t = s′sinφ′	 for	 a	 cohesionless	 soil	 as	
shown in Figure 5.6. This condition means that s′B/s′A = tB/tA. Applying this and substituting Equation 
8.26, Equation 8.27 becomes

  (8.28)

Setting s′B = s′,	as	the	strength	of	the	discontinuity	approaches	the	strength	of	the	soil	(φ′mob	→	φ′)	Equa-
tion	8.28	can	be	simplified	to

 (8.29)

for small δθ. For a fan zone of frictional stress discontinuities subtending an angle θfan, Equation 8.29 
may be integrated from zone 1 to zone 2, i.e.

  (8.30)

From Figure 8.16(c), s′1 = qf – s′1sin φ′	in	zone	1	and	s′2 = σ′q + s′2sin φ′	in	zone	2.	The	principal	stress	rota-
tion required in the fan is θfan = π/2 (90°) giving from Equation 8.30

  (8.31)

Bearing capacity factors
The upper and lower bound solutions to the bearing capacity of a strip foundation on a weightless cohe-
sionless soil (Equations 8.25 and 8.31 respectively) give the same answer for qf as it can be shown math-
ematically that

 

As for the undrained case, the bearing capacity may be written in a generalised form as
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where Nq is a bearing capacity factor relating to surcharge applied around a foundation under drained 
conditions and sq is a shape factor. For the undrained case, it was shown that inclusion of the soil unit 
weight γ	in	the	lower	bound	analyses	did	not	influence	the	magnitude	of	qf. This is because the amount 
of soil moving downwards with gravity beneath the foundation was equal to the amount of soil moving 
upwards against gravity, so that there is no net work done due to the soil weight. The same is not true for 
the mechanism shown in Figure 8.15, where the size of the upward moving block beneath the surcharge 
(doing negative work) is greater than the downward moving block beneath the footing (doing positive 
work). In this case, therefore, there will be an additional amount of resistance due to the additional net 
negative work input as a result of the self- weight. Any cohesion c′	 in	 the	 soil	will	 also	 increase	 the	
bearing capacity. As a result, the bearing capacity in drained materials is usually expressed by

  (8.32)

where Nγ is the bearing capacity factor relating to self- weight, Nc is the factor relating to cohesion, and sγ 
and sc are further shape factors. Values of Nq were found previously by limit analysis, and are given in 
closed- form by:

  (8.33)

Parameter	Nc can be similarly derived for soil with non- zero c′	to	give

  (8.34)

The	final	bearing	capacity	factor,	Nγ,	is	difficult	to	determine	analytically,	and	is	influenced	by	the	rough-
ness of the footing- soil interface (Kumar and Kouzer, 2007). Furthermore, the dilation of soil (and hence 
the representative value of φ′	and	the	degree	of	associativity)	is	controlled	by	the	average	effective	stress	
beneath the footing (0.5γB in Equation 8.32) as described in Section 5.4, such that there is also a size 
effect on the value of Nγ (Zhu et al., 2001). Salgado (2008) recommended that for an associative soil 
with a rough footing- soil interface,

  (8.35)

In EC7 the following expression is proposed:

  (8.36)

Values of Nq, Nc and Nγ are plotted in terms of φ′	in	Figure	8.17.	It	should	be	noted	that	the	from	Equa-
tion 8.34, Nc	→	2	+	π as φ′	→	0,	which	matches	the	value	found	in	Section	8.3	for	undrained	conditions.
 Lyamin et al. (2007) present the shape factors for rectangular foundations derived from rigorous limit 
analyses. Their results for sq are shown in Figure 8.18(a), where it will be seen that sq varies with φ′	and	
B/L.	Also	shown	in	this	figure	are	values	using	the	expression	recommended	in	EC7:

  (8.37)

It can be seen from Figure 8.18(a) that for low values of φ′	 (typical	 of	 the	 drained	 strength	 of	 fine-	
grained soils) Equation 8.37 overpredicts sq, which would result in an overestimation of bearing capacity; 
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for higher values of φ′	>	30°	 (typical	 of	 coarse-	grained	 soils)	Equation	8.37	underpredicts	 sq, giving a 
conservative estimate of bearing capacity. Once sq has been found, it can be shown analytically that

  (8.38)

Equation	8.38	is	the	approach	recommended	in	EC7	for	finding	sc.
 Data for sγ, also from Lyamin et al. (2007) are shown in Figure 8.18(b), which can similarly be seen 
to vary with φ′	and	B/L. Eurocode 7 recommends the use of the following expression:

  (8.39)

which can be seen, from Figure 8.18(b), to form a lower bound to the data. Therefore, for φ′	>	20°,	the	
use of Equation 8.39 will always give a conservative estimate of the bearing capacity of a rectangular 
foundation.
 Depth factors dc, dq and dγ can also be applied to the terms in Equation 8.32 for cases where the soil 
above the founding plane has non- negligible strength (depth effects for undrained soils were previously 
considered in Figure 8.10). These are a function of d/B, and recommended values may be found in 
Lyamin et al. (2007). However, they should only be used if it is certain that the shear strength of the soil 
above foundation level is, and will remain, equal (or almost equal) to that below foundation level. 
Indeed, EC7 does not recommend the use of depth factors (i.e. dc = dq = dγ = 1).
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Figure 8.17  Bearing capacity factors for shallow foundations under drained conditions.
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 For foundations under working load, the maximum shear strain within the supporting soil will nor-
mally be less than that required to develop peak shear strength in dense sands or stiff clays, as strains 
must be low enough to ensure that the settlement of the foundation is acceptable (Sections 8.6–8.8). The 
allowable bearing capacity or the design bearing resistance should be calculated, therefore, using the 
peak strength parameters corresponding to the appropriate stress levels. It should be recognised, 
however, that the results of bearing capacity calculations are very sensitive to the values assumed for the 

Lyamin et al. (2007):
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shear strength parameters, especially the higher values of φ′.	Due	consideration	must	therefore	be	given	
to the probable degree of accuracy of the parameters.
 It is vital that the appropriate values of unit weight are used in the bearing capacity equation. In an 
effective stress analysis, three different situations should be considered:

i If the water table is well below the founding plane, the bulk (total) unit weight (γ)	is	used	in	the	first	
and second terms of Equation 8.32.

ii If the water table is at the founding plane, the effective (buoyant) unit weight (γ′	=	γ – γw) must be 
used in the second term (which represents the resistance due to the weight of the soil below founda-
tion	level),	the	bulk	unit	weight	being	used	in	the	first	term	(resistance	due	to	surcharge).

iii If the water table is at the ground surface or above (e.g. for soil beneath lakes/rivers or seabed soil), 
the	effective	unit	weight	must	be	used	in	both	the	first	and	second	terms.

A footing 2.25 × 2.25 m is located at a depth of 1.5 m in a sand for which c′	=	0	and	φ′	=	38º.	Deter-
mine the bearing resistance (a) if the water table is well below foundation level and (b) if the 
water	table	is	at	the	surface.	The	unit	weight	of	the	sand	above	the	water	table	is	18	kN/m3; the 
saturated	unit	weight	is	20	kN/m3.

Solution
For φ′	=	38º,	the	bearing	capacity	factors	are	Nq = 49 (Equation 8.33) and Nγ = 75 (Equation 8.36). 
The footing is square (B/L = 1), so the shape factors are sq = 1.62 (Equation 8.37) and sγ = 0.70 
(Equation 8.39). The values of sq and sγ are both conservative (as φ′	>	30°).	As	c′	=	0	in	this	case	
there is no need to compute Nc and sc. For case (a), when the water table is well below the 
founding plane:

 

When the water table is at the surface, the ultimate bearing capacity is given by

 

Comparing these two results, it can be seen that changing the hydraulic conditions (pore pres-
sures)	within	the	ground	has	a	significant	effect	on	the	bearing	capacity.

Example 8.2
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8.5 Stresses beneath shallow foundations

Under typical working loads, the applied vertical bearing pressure applied by a shallow foundation to the 
underlying soil will be much less than the bearing capacity (so that the foundation is safe from collapse). 
Under these conditions, the soil will be in a state of elastic rather than plastic equilibrium. The constitu-
tive behaviour of the soil is approximated as linear elastic (see Equation 5.4), though the stiffness (G) 
may	vary	with	the	confining	stress	(i.e.	depth)	or	between	soil	layers.	If	the	stresses	beneath	the	founda-
tion are known for an applied bearing pressure (q), then the induced strains (and hence movements of the 
foundation) can be determined from the elastic material properties (G, ν). A range of solutions, suitable 
for determining the stresses below foundations, is given in this section.

Point load
The	stresses	within	a	semi-	infinite,	homogeneous,	isotropic	mass,	with	a	linear	stress–strain	relationship,	
due to a point load on the surface, were determined by Boussinesq in 1885. The vertical, radial, circum-
ferential and shear stresses at a depth z and a horizontal distance r from the point of application of the 
load were given. Referring to Figure 8.19(a), the stresses induced at X due to a point load Q on the 
surface are as follows:

  (8.40)

   (8.41)

  (8.42)

  (8.43)

It should be noted that the stresses are dependent on position (r, z) and the magnitude of the load, but are 
independent of the soil stiffness (though the soil must be elastic and have constant stiffness with depth). 
When v	=	0.5,	the	second	term	in	Equation	8.41	vanishes	and	Equation	8.42	gives	Δσθ   = 0.
 Of the four equations given above, Equation 8.40 is used most frequently in practice, and can be 
written in terms of an influence factor (relating to stresses) IQ where

  (8.44)
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Then,

  (8.45)

Values of IQ in terms of r/z	are	given	in	Table	8.5.	The	form	of	the	variation	of	Δσz with zand r is illus-
trated	in	Figure	8.19(b).	The	left-	hand	side	of	the	figure	shows	the	variation	of	Δσz with z on the vertical 
through the point of application of the load Q (i.e. for r	=	0);	the	right-	hand	side	of	the	figure	shows	the	
variation	of	Δσz with r for three different values of z.
 The stresses due to surface loads distributed over a particular area (e.g. a footing) can be obtained by 
integration from the point load solutions. The stresses at a point due to more than one surface load are 
obtained by superposition. In practice, loads are not usually applied directly on the surface, but the 
results for surface loading can be applied conservatively in problems concerning loads at a shallow 
depth.

Q Q

(a)

X r

z

(r = 0)
(z = const)

(z = const)

(z = const)

r

r

r

(b)

∆σz ∆σr

∆σθ

(∆σz plotted
vertically)

(∆σz plotted
horizontally) z

Figure 8.19  (a) Total stresses induced by point load, (b) variation of vertical total 
stress induced by point load.

Table 8.5 Influence factors (IQ) for vertical stress due to point load

r/z IQ r/z IQ r/z IQ

0.00 0.478 0.80 0.139 1.60 0.020

0.10 0.466 0.90 0.108 1.70 0.016

0.20 0.433 1.00 0.084 1.80 0.013

0.30 0.385 1.10 0.066 1.90 0.011

0.40 0.329 1.20 0.051 2.00 0.009

0.50 0.273 1.30 0.040 2.20 0.006

0.60 0.221 1.40 0.032 2.40 0.004

0.70 0.176 1.50 0.025 2.60 0.003
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Line load
Referring to Figure 8.20(a), the stresses induced at point X due to a line load of Q per unit length on the 
surface are as follows:

  (8.46)

  (8.47)

  (8.48)

Strip area carrying uniform pressure
Superposing a series of point loads acting over an area of width B, it can be shown that the stresses at 
point X due to a uniform pressure q on a strip area of width B	and	infinite	length	are	given	in	terms	of	
the angles α and β	defined	in	Figure	8.20(b)	as:

 (8.49)

 (8.50)

  (8.51)

(a) (b)x

z z

X

Q/m q

B

α β

X
σx

σx

σz
σz

Figure 8.20  Total stresses induced by: (a) line load, (b) strip area carrying a uniform 
pressure.
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Rectangular area carrying uniform pressure
A solution has been obtained for the vertical stress induced at depth z under a corner of a rectangular area of 
dimensions mz and nz (Figure 8.21) carrying a uniform pressure q. The solution can be written in the form

 (8.52)

Values	of	the	influence	factor	Iqr in terms of m and n are given in Figure 8.21, after Fadum (1948). The 
factors m and n are interchangeable. The chart can also be used for a strip area, considered as a rectangu-
lar	area	of	infinite	length	(n	=	∞),	and	for	a	square	area	(n = m). Superposition enables any area based on 
rectangles to be dealt with, and enables the vertical stress under any point within or outside the area to be 
obtained.
 Contours of equal vertical stress in the vicinity of a strip area carrying a uniform pressure are plotted 
in Figure 8.22(a). The zone lying inside the vertical stress contour of value 0.2q is described as the bulb 
of pressure,	and	represents	 the	zone	of	soil	which	is	expected	to	contribute	significantly	 to	 the	settle-
ment of the foundation under the applied bearing pressure. Contours of equal vertical stress in the vicin-
ity of a square area carrying a uniform pressure are plotted in Figure 8.22(b).
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Figure 8.22  Contours of equal vertical stress: (a) under a strip area, (b) under a square 
area.

Example 8.3

A	rectangular	foundation	6	×	3	m	carries	a	uniform	pressure	of	300	kPa	near	the	surface	of	a	soil	
mass. Determine the vertical stress at a depth of 3 m below a point (A) on the centre line 1.5 m 
outside a long edge of the foundation.

6.00 m 3.00 m

3.00 m

1.50 m 1.50 m

A A
(1) (2)

A

300 kPa
4.50 m

+ 300
kPa

+ 300
kPa

– 300
kPa

– 300
kPa

3.00 m

Figure 8.23 Example 8.3.
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8.6 Settlements from elastic theory

The vertical displacement (s) under an area carrying a uniform pressure q on the surface of a semi- 
infinite,	homogeneous,	isotropic	mass,	with	a	linear	stress–strain	relationship,	can	be	expressed	as

 (8.53)

where E is the Young’s modulus of the soil and Is is	an	influence	factor	depending	on	the	shape	of	the	
loaded area. In the case of a rectangular area, B is the lesser dimension (the greater dimension being L); 
in the case of a circular area, B	is	the	diameter.	Values	of	influence	factors	are	given	in	Table	8.6	for	dis-
placements under the centre and a corner (the edge in the case of a circle) of a flexible loaded area (i.e. 
having negligible bending stiffness), and also for the average displacement under the area as a whole. 
According to Equation 8.53, vertical displacement increases in direct proportion to both the pressure and 
the	width	of	the	loaded	area.	The	distribution	of	vertical	displacement	for	a	flexible	area	is	of	the	form	
shown in Figure 8.24(a), extending beyond the edges of the area. The contact pressure between the 
loaded area and the supporting mass is uniform (everywhere equal to q).
 In the case of an extensive, homogeneous deposit of saturated clay, it is a reasonable approximation 
to assume that E is constant throughout the deposit and the distribution of Figure 8.24(a) applies. In the 
case of sands, however, the value of E	varies	with	confining	pressure,	and	therefore	will	vary	across	the	
width of the loaded area, being greater under the centre of the area than at the edges. As a result, the dis-
tribution of vertical displacement will be of the form shown in Figure 8.24(b); the contact pressure will 
again	be	uniform	if	the	area	is	flexible.	Due	to	the	variation	of	E, and to heterogeneity, elastic theory is 
little used in practice in the case of sands.
 If the loaded area is rigid	(infinitely	stiff	in	bending),	the	vertical	displacement	will	be	uniform	across	
the width of the area and its magnitude will be only slightly less than the average displacement under a 

Solution
Using the principle of superposition the problem is dealt with in the manner shown in Figure 
8.23.	For	the	two	rectangles	(1)	carrying	a	positive	pressure	of	300	kPa,	m = 1.00 and n = 1.50, and 
therefore

 

For	 the	 two	 rectangles	 (2)	 carrying	 a	 negative	 pressure	 of	 300	kPa,	m = 1.00 and n = 0.50, and 
therefore

 

Hence,
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corresponding	flexible	area.	Influence	factors	for	rigid	foundations	are	also	given	in	Table	8.6.	Under	a	
rigid area, the contact pressure distribution is not uniform. For a circular area the forms of the distribu-
tions of contact pressure on clay and sand, respectively, are shown in Figures 8.25(a) and 8.25(b).
 In most cases, in practice the soil deposit will be of limited thickness and will be underlain by a hard 
stratum (e.g. bedrock). Christian and Carrier (1978) proposed the use of results by Giroud (1972) and by 
Burland	 (1970)	 in	 such	 cases.	 For	 this	 case,	 the	 average	 vertical	 displacement	 under	 a	 flexible	 area	
carrying a uniform pressure q is given by

 (8.54)

where μ0 depends on the depth of embedment and μ1 depends on the layer thickness and the shape of the 
loaded	area.	Values	of	the	coefficients	μ0 and μ1 for	Poisson’s	ratio	equal	to	0.5	are	given	in	Figure	8.26.	

Table 8.6  Influence factors (Is) for vertical displacement under flexible and rigid areas 
carrying uniform pressure

Shape of area Is (flexible) Is (rigid)

Centre Corner Average 
█

Average

Square (L/B = 1) 1.12 0.56 0.95 0.82

Rectangle L/B = 2 1.52 0.76 1.30 1.20

Rectangle L/B = 5 2.10 1.05 1.83 1.70

Rectangle L/B = 10 2.54 1.27 2.25 2.10

Rectangle L/B = 100 4.01 2.01 3.69 3.47

Circle 1.00 0.64 0.85 0.79

s
(a) (b)

s

Figure 8.24  Distributions of vertical displacement beneath a flexible area: (a) clay, 
and (b) sand.

s

(a) (b)

s

Figure 8.25 Contact pressure distribution beneath a rigid area: (a) clay, and (b) sand.
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The principle of superposition can be used in cases of a number of soil layers each having a different 
value of E (see Example 8.4).
	 It	should	be	noted	that,	unlike	the	expressions	for	vertical	stress	(Δσz) given in Section 8.5, the expres-
sions for vertical displacement are dependent on the values of elastic modulus (E)	and	Poisson’s	ratio	(v) 
for the soil in question. Because of the uncertainties involved in obtaining these elastic parameters, 
values of vertical displacement calculated from elastic theory are less reliable than values of vertical 
stress. For most cases, in practice, simple settlement calculations are adequate provided that reliable 
values of soil parameters for the in- situ soil have been determined. It should be appreciated that the pre-
cision	of	settlement	predictions	is	much	more	influenced	by	inaccuracies	in	the	values	of	soil	parameters	
than by shortcomings in the methods of analysis. Sampling disturbance can have a serious effect on the 
values of parameters determined in the laboratory. In settlement analysis the same degree of precision 
should not be expected as, for example, in structural calculations.

Determination of elastic parameters
In order to make use of Equations 8.53 or 8.54, the elastic properties E and ν must be determined. These 
solutions are used mainly to estimate the immediate settlement s = si (i.e. that occurring prior to consoli-
dation)	 of	 foundations	 on	 fine-	grained	 soils;	 such	 settlement	 occurs	 under	 undrained	 conditions,	 the	
appropriate	value	of	Poisson’s	ratio	being	ν = νu = 0.5 (so that the values in Figure 8.26 are valid). The 
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Figure 8.26  Coefficients μ0 and μ1 for vertical displacement (after Christian and 
Carrier, 1978).
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value of the undrained modulus Eu is	therefore	required,	and	the	main	difficulty	in	predicting	immediate	
settlement is in the determination of this parameter. Equation 5.6 can be used to determine Eu from a 
known value of shear modulus G. The shear modulus may be determined from (undrained) triaxial tests 
as	 described	 in	Section	 5.4,	 or	 from	 in-	situ	 tests	 (seismic	CPT	or	PMT,	Sections	 7.5	 and	7.4	 respec-
tively). Care must be taken, however, regarding the strain at which the laboratory or in- situ value of G 
was	determined	(see	Figure	5.4).	For	example,	seismic	CPT	data	will	give	G0 (via Vs), but under working 
loads the operative stiffness beneath a foundation will usually be between 0.2 and 0.5G0 (Figure 5.4(c)), 
depending on how close the applied loads are to the bearing resistance. For most soils, the modulus 
increases with depth. Use of a constant value of Eu overestimates immediate settlement (i.e. gives a con-
servative value).
 In principle, Equations 8.53 and 8.54 may be used to estimate the ultimate (drained) settlements of 
foundations	on	either	coarse-	or	fine-	grained	soils	using	the	drained	Young’s	modulus	E′	and	Poisson’s	
ratio ν′.	However,	ν′	 (unlike	νu) is a material- dependent parameter, and therefore must be determined 
from triaxial testing with on- sample measurement (described in Section 5.4). Coupling the potential 
difficulties	in	obtaining	reliable	values	of	ν′	with	the	estimation	of	an	appropriate	strain	level	for	deter-
mination of G (and hence E′)	gives	drained	elastic	settlement	values	which	are	unreliable	in	practice.	In	
place	of	this,	for	fine-	grained	soils	consolidation	settlements	are	computed	and	added	to	the	immediate	
settlements calculated using elastic theory (see Section 8.7). For coarse- grained soils empirical methods 
are	used	based	on	either	SPT	or	CPT	data,	which	are	described	in	Section	8.8.

Example 8.4

A	foundation	4	×	2	m,	carrying	a	uniform	pressure	of	150	kPa,	 is	 located	at	 a	depth	of	1	m	 in	a	
layer of clay 5 m thick for which the value of Eu	is	40	MPa.	This	layer	is	underlain	by	a	second	
clay layer 8 m thick for which the value of Eu	 is	75	MPa.	A	hard	stratum	lies	below	the	second	
layer. Determine the average immediate settlement si under the foundation.

Solution
Now,	d/B = 0.5, and therefore from Figure 8.26, μ0 = 0.94

1 Considering the upper clay layer, with Eu	=	40	MPa:

 

 Hence, from Equation 8.54

 

2 Considering the two layers combined, with Eu	=	75	MPa:
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8.7 Settlements from consolidation theory

Predictions	 of	 consolidation	 settlement	 using	 the	 one-	dimensional	method	 can	 be	made	 based	 on	 the	
results	of	oedometer	tests	using	representative	samples	of	the	soil.	Due	to	the	confining	ring	in	the	oedo-
meter the net lateral strain in the test specimen is zero, and for this condition the initial excess pore water 
pressure is equal theoretically to the increase in total vertical stress. In practice, the condition of zero 
lateral	strain	is	satisfied	approximately	in	the	cases	of	thin	clay	layers	and	of	layers	under	loaded	areas	
which are large compared with the layer thickness (these situations were considered in Chapter 4). In 
many	practical	situations,	however,	significant	lateral	strain	will	occur,	and	the	initial	excess	pore	water	
pressure will depend on the in- situ stress conditions.
 Consider an element of soil initially in equilibrium under total principal stresses σ1, σ2 and σ3. If the 
major principal stress (σ1)	 is	 increased	by	an	amount	Δσ1 (as shown in Figure 8.27) due to a shallow 
foundation,	 for	 example,	 there	will	 be	 an	 immediate	 increase	 Δu1 in pore pressure. The increases in 
effective stress are

 

If the soil behaved as an elastic material during the initial application of load, then the reduction in 
volume of the soil skeleton would be

 

The reduction in volume of the pore space is

 

Under undrained conditions, these two volume changes will be equal, i.e.

 

3 Considering the upper layer, with Eu	=	75	MPa:

 

 

 Hence, using the principle of superposition, the settlement of the foundation is given by
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Therefore,

 

Soils, however, are not elastic, and the above equation is rewritten in the general form

 (8.55)

where A	 is	a	pore	pressure	coefficient	that	can	be	determined	experimentally.	Coefficient	B was previ-
ously described in Section 5.4 (Equation 5.35). In the case of fully saturated soil (B = 1),

  (8.56)

 Increasing σ1	 only	 represents	 a	 change	 in	 the	 deviatoric	 stress	 of	 Δq	=	Δσ1	 (as	 Δσ3	=	Δσ2 = 0). Any 
general change in stress conditions within an element of soil may be represented by a deviatoric stress 
increment (above) and mean stress (i.e. an isotropic) increment. The case of an increment of mean stress 
was considered in Section 5.4 from which Equation 5.35 was obtained. Therefore, the general equation 
for	 the	pore	pressure	 response	Δu	 to	 an	 isotropic	 stress	 increase	Δσ3 together with a deviatoric stress 
increase	(Δσ1	–	Δσ3) may be obtained by combining Equations 8.56 and 5.35:

  (8.57)

In cases in which the lateral strain is not zero, there will be an immediate settlement, under undrained 
conditions, in addition to the consolidation settlement. Immediate settlement is zero if the lateral strain is 
zero, as assumed in the one- dimensional method of calculating settlement. In the Skempton–Bjerrum 
method (Skempton and Bjerrum, 1957), the total settlement (s) of a foundation on clay is given by

 

σ1 + ∆σ1

σ2

σ3

u0 + ∆u1

Figure 8.27 Soil element under major principal stress increment.
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where si = immediate settlement, occurring under undrained conditions (see Section 8.6), and sc = consoli-
dation settlement, due to the volume reduction accompanying the gradual dissipation of excess pore 
water pressure.
 If there is no change in static pore water pressure, the initial value of excess pore water pressure (denoted 
by ui) at a point in the soil layer is given by Equation 8.57, with B = 1 for a fully saturated soil. Thus

 (8.58)

where	Δσ1	and	Δσ3 are the total principal stress increments due to surface loading. From Equation 8.58, 
it is seen that

 

if A	is	positive.	Note	also	that	ui	=	Δσ1 if A = 1.
 The in- situ effective stresses before loading, immediately after loading and after consolidation are repre-
sented in Figure 8.28(a), and the corresponding Mohr circles (A, B and C, respectively) in Figure 8.28(b). In 
Figure 8.28(b), abc	is	the	effective	stress	path	(ESP)	for	in-	situ	loading	and	consolidation,	ab representing an 
immediate change of stress and bc a gradual change of stress as the excess pore water pressure dissipates. 
Immediately after loading there is a reduction in σ′3 due to ui	being	greater	than	Δσ3, and lateral expansion 
will occur. Subsequent consolidation will therefore involve lateral recompression. Circle D in Figure 8.28(b) 

(a)

σʹ1 = σʹ0 σʹ0 + Δσ1σ0 + Δσ1 – ui

σʹ3 = K0σʹ0 K0σʹ0 + Δσ3 – ui K0σʹ0 + Δσ3

(b)
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ui
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1/
2 

(σ
1 –

 σ
3)

1/2 (σʹ1 + σʹ3)Δσ3 Δσ1

Initial conditions
(σʹ0 = effective

overburden pressure)

B

b

A

a

e

c
cʹ
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C D

Immediately
after loading

After consolidation

usus + ui

Figure 8.28  (a) Effective stresses for in- situ conditions and under a general total stress 
increment Δσ1, Δσ3, (b) stress paths.
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represents the corresponding stresses in the oedometer test after consolidation and ad is the corresponding 
ESP	for	the	oedometer	test.	As	the	excess	pore	water	pressure	dissipates,	Poisson’s	ratio	decreases	from	the	
undrained	value	(0.5)	to	the	drained	value	at	the	end	of	consolidation.	The	decrease	in	Poisson’s	ratio	does	
not	significantly	affect	the	vertical	stress,	but	results	in	a	small	decrease	in	horizontal	stress	(point	c would 
become c′ in Figure 8.28(b)): this decrease is neglected in the Skempton–Bjerrum method.
 Skempton and Bjerrum (1957) proposed that the effect of lateral strain be neglected in the calculation 
of consolidation settlement (sc), thus enabling the oedometer test to be maintained as the basis of the 
method.	It	was	admitted,	however,	that	this	simplification	could	involve	errors	of	up	to	20%	in	vertical	
settlements. However, the value of excess pore water pressure given by Equation 8.58 is used in the 
method.
 By the one- dimensional method, consolidation settlement (equal to the total settlement) is given from 
Equation 4.8 as

 

where H is the thickness of the soil layer. By the Skempton–Bjerrum method, consolidation settlement is 
expressed in the form

 

The value of initial excess pore water pressure (ui) should, in general, correspond to the in- situ stress 
conditions.	A	settlement	coefficient	μc is introduced such that

  (8.59)

where

 

If it can be assumed that mv and A are constant with depth (sub- layers can be used in analysis to account 
for modulus changing with depth, see Example 8.5), then μc can be expressed as

  (8.60)

where

 

The value of α depends only on the shape of the loaded area and the thickness of the soil layer in relation 
to the dimensions of the loaded area; thus α can be estimated from elastic theory.
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Determination of parameters A and μc

The value of A for a fully saturated soil can be determined from measurements of pore water pressure 
during the application of principal stress difference under undrained conditions in a triaxial test. The 
change in total major principal stress is equal to the value of the principal stress difference applied, and 
if the corresponding change in pore water pressure is measured the value of A can be calculated from 
Equation	 8.56.	The	 value	 of	 the	 coefficient	 at	 any	 stage	 of	 the	 test	 can	 be	 obtained,	 but	 the	 value	 at	
failure is of more interest.
 For highly compressible soils such as normally consolidated clays, the value of A is usually within the 
range 0.5–1.0. In the case of clays of high sensitivity the increase in major principal stress may cause 
collapse of the soil structure, resulting in very high pore water pressures and values of A greater than 1. 
For soils of lower compressibility, such as lightly overconsolidated clays, the value of A typically lies 
within the range 0–0.5. If the clay is heavily overconsolidated there is a tendency for the soil to dilate as 
the major principal stress is increased, but under undrained conditions no water can be drawn into the 
element and a negative pore water pressure may result. The value of A for heavily overconsolidated soils 
may lie between –0.5 and 0.
 The use of a value of A obtained from the results of a triaxial test on a cylindrical clay specimen is 
strictly applicable only for the condition of axial symmetry, i.e. for the case of settlement under the 
centre of a circular footing. However, a value of A so obtained will serve as a good approximation for 
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Figure 8.29 Settlement coefficient μc (after Scott, 1963).
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the case of settlement under the centre of a square footing (using a circular footing of the same area). 
Under a strip footing, however, plane strain conditions apply, and the intermediate principal stress incre-
ment	Δσ2,	in	the	direction	of	the	longitudinal	axis,	is	equal	to	0.5(Δσ1	+	Δσ3). Scott (1963) has shown that 
the value of ui	appropriate	in	the	case	of	a	strip	footing	can	be	obtained	by	using	a	pore	pressure	coeffi-
cient As, where

 (8.61)

The	coefficient	As replaces A	(the	coefficient	for	conditions	of	axial	symmetry)	in	Equation	8.60	for	the	
case of a strip footing, with the expression for α being unchanged.
	 Values	of	the	settlement	coefficient	μc, for circular and strip footings, in terms of A and the ratio of 
layer thickness/breadth of footing (H/B) are given in Figure 8.29.

Example 8.5

A	footing	6	m	square,	carrying	a	net	pressure	of	160	kPa,	is	located	at	a	depth	of	2	m	in	a	deposit	
of	stiff	clay	17	m	thick:	a	firm	stratum	lies	immediately	below	the	clay.	From	oedometer	tests	on	
specimens of the clay the value of mv was found to be 0.13 m2/MN,	and	 from	 triaxial	 tests	 the	
value of A was found to be 0.35. The undrained Young’s modulus for the clay is estimated to be 
55	MPa.	Determine	the	total	settlement	under	the	centre	of	the	footing.

Solution
In	 this	 case	 there	will	 be	 significant	 lateral	 strain	 in	 the	 clay	 beneath	 the	 footing	 (resulting	 in	
immediate settlement), and it is appropriate to use the Skempton–Bjerrum method. The section is 
shown in Figure 8.30.

6 m

1.5 m (1) 3 m

3 m

(2)

(3)

(4)

(5)

4.5 m

7.5 m

10.5 m

13.5 m

160 kPa

2 m

3 m

17 m

Figure 8.30 Example 8.5.
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a Immediate settlement.	The	influence	factors	are	obtained	from	Figure	8.26.	Now

 

 Hence

 

b Consolidation settlement. In Table 8.7,

 

	 Now

 

 (equivalent diameter = 6.77 m) and A = 0.35. Hence, from Figure 8.29,

 

 Then

 

Table 8.7 Example 8.5

Layer z (m) m, n Iqr Δσ′ (kPa) soed (mm)

1 1.5 2.00 0.233 149 58.1
2 4.5 0.67 0.121 78 30.4
3 7.5 0.40 0.060 38 14.8
4 10.5 0.285 0.033 21 8.2
5 13.5 0.222 0.021 13 5.1

116.6
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8.8 Settlement from in- situ test data

Due	 to	 the	 extreme	difficulty	 of	 obtaining	 undisturbed	 sand	 samples	 for	 laboratory	 testing	 and	 to	 the	
inherent heterogeneity of sand deposits, foundation settlements on coarse- grained soils are normally esti-
mated by means of correlations based on the results of in- situ tests. This section will describe methods 
recommended	in	EC7	based	on	SPT	and	CPT	tests	(these	are	described	in	Chapter	7).

Analysis using SPT data

Burland and Burbidge (1985) carried out a statistical analysis of over 200 settlement records of founda-
tions on sands and gravels. A relationship was established between the compressibility of the soil (af ), 
the width of the foundation (B)	and	the	average	value	of	SPT	blowcount	(	

__
 N	)	over	the	depth	of	influence	

(zI) of the foundation. Evidence was presented which indicated that if N tends to increase with depth or is 
approximately	 constant	with	depth,	 then	 the	 ratio	of	 the	depth	of	 influence	 to	 foundation	width	 (zI/B) 
decreases with increasing foundation width; values of zI obtained from Figure 8.31 can be used as a 
guide in design. However, if N tends to decrease with depth, the value of zI should be taken as 2B, pro-
vided the stratum thickness exceeds this value. The compressibility is related to foundation width by a 
compressibility index (Ic), where

  (8.62)

The compressibility index, in turn, is related to the average value of the corrected standard penetration 
resistance (N– = N–60) by the expression

  (8.63)

Non-	normalised	N60 values are used as correcting for effective overburden pressure (Equation 7.2), has a 
major	 influence	 on	 both	 standard	 penetration	 resistance	 and	 compressibility;	 this	 influence	 should	 be	
eliminated	from	the	correlation.	The	results	of	 the	analysis	suggested	 that	 the	 influence	of	water	 table	
level	is	reflected	in	the	measured	N	values.	However,	the	position	of	the	water	table	does	influence	set-
tlement, so if the level were to fall subsequent to the determination of the N values then a greater settle-
ment	would	be	expected.	In	the	case	of	fine	sands	and	silty	sands	below	the	water	table,	the	measured	N 
value, if greater than 15, should be corrected for the increased resistance due to negative excess pore 
water pressure set up during driving and unable to dissipate immediately: the corrected value (N′)	 is	
given by

  (8.64)

It was further proposed that in the case of gravels or sandy gravels the measured N values should be 
increased	by	25%.
 In a normally consolidated sand, the average settlement s (mm) at the end of construction for a foun-
dation of width B (m) carrying a foundation pressure q	(kPa)	is	given	by

  (8.65a)
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If it can be established that the sand is overconsolidated and an estimate of preconsolidation pressure 
(σ′max) can be made, the settlement is instead given by one or other of the following expressions:

  (8.65b)

  (8.65c)

The	analysis	indicated	that	foundation	depth	had	no	significant	influence	on	settlement	for	depth/breadth	
ratios	 less	 than	 3.	 However,	 a	 significant	 correlation	 was	 found	 between	 settlement	 and	 the	 length/
breadth ratio (L/B) of the foundation; accordingly, the settlement given by Equation 8.65 should be mul-
tiplied by a shape factor Fs where

  (8.66)

It was tentatively proposed that if the thickness (H) of the sand stratum below foundation level is less 
than	the	depth	of	influence	(zI), the settlement should be multiplied by a factor FI, where

  (8.67)
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Figure 8.31  Relationship between depth of influence and foundation width 
(reproduced from J.B. Burland and M.C. Burbridge (1985) Proceedings 
Institution of Civil Engineers, Part 1, Vol. 78, by permission of Thomas 
Telford Ltd.).
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Although it is normally assumed that settlement in sands is virtually complete by the end of construction 
and initial loading, the records indicated that continuing settlement (creep) can occur and it was proposed 
that the settlement should be multiplied by a factor Ft for time in excess of three years after the end of con-
struction, where

  (8.68)

where R3 is the time- dependent settlement, as a proportion of s,	occurring	during	the	first	three	years	after	
construction, and Rt the settlement occurring during each log cycle of time in excess of three years. A con-
servative interpretation of the data indicates that after 30 years Ft can reach 1.5 for static loads and 2.5 for 
variable loads. An example of the use of this method in foundation design will be given in Section 8.9.

Analysis using CPT data
This method of settlement estimation was presented by Schmertmann (1970), and is based on a simpli-
fied	distribution	of	vertical	strain	under	the	centre,	or	centre-	line,	of	a	shallow	foundation,	expressed	in	
the	form	of	a	strain	influence	factor	Iz. The vertical strain εz is written as

 

where qn is the net pressure on the foundation and E the appropriate value of deformation modulus. The 
assumed	 distributions	 of	 strain	 influence	 factor	with	 depth	 for	 square	 (L/B = 1) and long (L/B	≥	10)	 or	
strip foundations are shown in Figure 8.32, depth being expressed in terms of the width of the founda-
tions. The two cases correspond to conditions of axial symmetry and plane strain, respectively. These are 
simplified	distributions,	based	on	both	theoretical	and	experimental	results,	in	which	it	is	assumed	that	
strains	become	 insignificant	 at	 a	depth	 zf0 = 2B and 4B, respectively, below the foundations. The peak 
value	of	strain	influence	factor	Izp in each case is given by the expression

 (8.69)

where σ′p is the effective overburden pressure at the depth of Izp, and occurs at a depth zfp = 0.25zf0. For rectan-
gular foundations of dimensions B × L, zf0 and zfp in Figure 8.32 are calculated after Lee et al. (2008) from

 (8.70)

  (8.71)

It should be noted that the maximum vertical strains do not occur immediately below the foundations, as 
is the case with vertical stress. A correction can be applied to the strain distributions for the depth of the 
foundation below the surface. The correction factor for footing depth is given by

  (8.72)

where σ′q = effective overburden pressure at foundation level and qn = net foundation pressure.
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 Although it is usually assumed that settlement in sands is virtually complete by the end of construc-
tion, some case records indicate continued settlement with time, thus suggesting a creep effect. This 
may be corrected for using Equation 8.73; however, this is usually ignored in routine design:

 (8.73)

where t is the time in years at which the settlement is required.
  The settlement of a footing carrying a net pressure qn is written as

 

or, approximately,

  (8.74)

Schmertmann obtained correlations, based on in- situ load tests, between deformation modulus and cone 
penetration resistance for normally consolidated sands as follows:

E = 2.5qc for square foundations (L/B = 1)

E = 3.5qc for long (strip) foundations (L/B	≥	10)

For overconsolidated sands, the above values should be doubled.

Foundation level

Izp

Iz
q n

σ ′p

σ ′p
Izp
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L /B = 1

0

Zfp = B/2

0.1 0.2

Zfp = B

Zf0 = 2B

Zf0 = 4B

Depth (Z)

Figure 8.32 Distribution of strain influence factor.
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 To apply Equation 8.74, the qc- depth	profile,	to	a	depth	of	either	2B or 4B (or an interpolated depth) 
below	 the	 foundation,	 is	 first	 divided	 into	 suitable	 layers	 of	 thicknesses	∆z within each of which the 
value of qc is assumed to be constant. The value of Iz at the centre of each layer is obtained from Figure 
8.32. Equation 8.74 is then evaluated to give the settlement of the foundation.

Example 8.6

A	footing	2.5	×	2.5	m	supports	a	net	foundation	pressure	of	150	kPa	at	a	depth	of	1.0	m	in	a	deep	
deposit	of	normally	consolidated	fine	sand	of	unit	weight	17	kN/m3. The variation of cone pene-
tration resistance with depth is given in Figure 8.33. Estimate the settlement of the footing.
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Figure 8.33 Example 8.6.

Solution
The qc-z	 plot	below	 foundation	 level	 is	divided	 into	a	number	of	 layers,	of	 thicknesses	∆z, for 
each of which the value of qc can be assumed constant.
	 The	peak	value	of	strain	influence	factor	occurs	at	a	depth	2.25	m	(i.e.	B/2 below foundation 
level), and is given by
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8.9 Limit state design

Sections 8.3 and 8.4 described the basic analytical tools for determining the resistance of the soil at the 
onset of failure (bearing resistance). If the applied vertical load is equal to or greater than the bearing resist-
ance, this will represent an ultimate limiting state causing collapse/failure. In practice, the principal aim is 
to ensure that the resistance of a shallow foundation is always greater than the applied loading by some 
margin so that the foundation will be safe. Sections 8.6–8.8 developed simple analytical tools for assessing 
the displacement response of a foundation under an applied load for loading conditions below the ultimate 
limiting state (i.e. at the serviceability limit state). In the material presented so far the emphasis has been on 
analysis, i.e. characterising the response of existing foundations (of known size/properties). From this it is 
possible to determine the amount of load that may be carried such that the foundation will neither collapse 
(ULS)	nor	exceed	a	specified	settlement	(SLS).	This	process	is	not	the	same	as	design, in which the applied 
loading	is	known	(e.g.	from	a	supported	structure)	and	the	aim	is	to	size	the	foundation	to	provide	a	suffi-
cient margin of safety against collapse and to avoid excessive movement. This section will describe how 
the aforementioned analytical tools may be used to design shallow foundations within a limit state design 
framework. This will be conducted within the framework of Eurocode 7, though the principles are directly 
transferable to other LSD frameworks with a change of partial factors.

The	distribution	of	strain	influence	factor	with	depth	is	superimposed	on	the	qc-z plot as shown in 
Figure 8.33, and the value of Iz is determined at the centre of each layer. The value of E for each 
layer is equal to 2.5qc.
 The correction factor for foundation depth (Equation 8.72) is

  

The correction factor for creep (C2) is taken as unity.
 The calculations are set out in Table 8.8. The settlement is then given by Equation 8.74:

Table 8.8 Example 8.6

Δz qc E Iz IzΔz/E

(m) 
█

(MPa) 
█

(MPa) 
█

 
█

(m3/MN)

1 0.90 2.3 5.75 0.41 0.064

2 0.50 3.6 9.00 0.68 0.038

3 1.60 5.0 12.50 0.50 0.064

4 0.40 7.5 18.75 0.33 0.007

5 1.20 3.3 8.25 0.18 0.026

6 0.40 9.9 24.75 0.04 0.001

0.200



 

Shallow foundations

317

Design at ULS
To satisfy the ultimate limit state, the sum of the applied actions (loads) on the foundation must be less 
than or equal to the available resistance. The (bearing) resistance, R, of a shallow foundation is the 
bearing capacity multiplied by the plan area of the foundation, Af, (i.e. R = qfAf ), and will be a function of 
various material properties (e.g. cu for undrained conditions; φ′,	c′	and	γ	for	drained	conditions).	Defining	
the actions by Q and the material properties by X,	the	criterion	that	must	be	satisfied	in	design	may	be	
expressed as

  (8.75)

Equation	8.75	will	just	be	satisfied	when	ΣQ = R; however this will leave no margin for error associated 
with the three terms in the equation, including assumptions implicit in the bearing capacity equation, 
potential variability in actual soil properties from those derived from laboratory, and the accurate deter-
mination of the magnitudes of the applied loads. As a result, partial factors (of safety) are used to modify 
the three terms in Equation 8.75 to give the design equation:

  (8.76)

where γA are partial factors applied to the actions Q, γX are partial factors applied to material properties X 
and γR are partial factors applied to the resistance R.	 Partial	 factors	 should	not	 be	 confused	with	unit	
weights with which they share the same symbol. The parameters Q, R and X represent ‘best estimates’ of 
the actions, material properties and resistances – these are also known as characteristic values, and their 
determination will be discussed in Chapter 13. The partial factors all have a magnitude greater than or 
equal to 1.0, so γA will increase the magnitudes of the actions (i.e. the foundation must carry slightly 
more load than is expected), γX reduces the values of the material properties (i.e. the soil is weaker than 
measured) and γR reduces the resistance (i.e. the bearing capacity may be lower than predicted using the 
methods	in	Sections	8.3	and	8.4).	A	characteristic	value	which	has	been	modified	by	a	partial	factor	is	
known as a design value (i.e. γAQ represents a design action, X/γX is a design material property and R/γR 
is the design resistance).
 The three sets of partial factors are not necessarily all applied at the same time depending on the limit 
state design code which is being followed. In EC7, three possible design approaches are proposed:

Design Approach 1 (DA1): (a) factoring actions only; (b) factoring materials only.●●

Design Approach 2 (DA2): factoring actions and resistances (but not materials).●●

Design Approach 3 (DA3): factoring structural actions only (geotechnical actions from the soil are ●●

unfactored) and materials.

Different design approaches may be adopted by different countries within the Eurocode zone, though it 
is prudent (and requires little extra effort) to check all of the design approaches and design the founda-
tion to satisfy them all. This can easily be implemented using a spreadsheet to perform the calculations 
automatically for the different design approaches. In practice, values of partial factors are applied to 
every action, material property and resistance so that the same general equation can be used for all 
design approaches; properties which are unfactored are ascribed a partial factor of 1.0. It should be noted 
that the DA2 represents the approach used in LRFD (i.e. factoring the loads/actions and resistances).
 Table 8.9 describes the sets of partial factors used in the three design approaches in EC7. The values 
of the partial factors for different sets which will be used throughout this book are given in Tables 8.10 
and 8.11 for actions and material properties respectively. The factor γR = γRv for bearing resistance is 1.00 
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for sets R1 and R3 (i.e. unfactored) and 1.40 for set R2. All of values given here and throughout the 
book	are	normative	values	recommended	in	the	overarching	Eurocode	(EC7:	Part	1)	and	will	be	used	to	
demonstrate	the	principles	of	LSD;	each	country	has	its	own	National	Annex	for	use	within	its	borders	
which may suggest alternative values of the partial factors based on national experience. In design, the 
appropriate	National	Annex	should	always	be	followed.	A	quick-	reference	sheet	with	all	of	the	(norm-
ative) partial factors and combination rules is provided on the Companion Website for use with the end- 
of-chapter problems in this and all subsequent chapters.
 Regarding actions (Table 8.10), the mode of action must be determined. Permanent actions are those 
which always act on the foundation during its design life, e.g. from the dead load of the structure. Vari
able actions act only intermittently, e.g. wind or other environmental loading. An action is unfavourable 
if it will increase the total applied load – e.g. a downwards vertical load acting on a foundation. An 

Table 8.9 Selection of partial factors for use in ULS design to EC7

Partial factors to be taken from set . . .

Actions (γA) Resistances (γR) Material properties (γX)

Design Approach 1a A1 R1 M1

Design Approach 1b A2 R1 (R4 for piles) M2

Design Approach 2 A1 R2 M1

Design Approach 3 A2 R3 M2

Table 8.10 Partial factors on actions for use in ULS design to EC7

Action (Q) Symbol Set

A1 A2

Permanent unfavourable action γA 1.35 1.00

Variable unfavourable action 1.50 1.30

Permanent favourable action 1.00 1.00

Variable favourable action 0 0

Accidental action 1.00 1.00

Table 8.11 Partial factors on material properties for use in ULS design to EC7

Material property (X) Symbol Set

M1 M2

tan φ′ γ tan φ 1.00 1.25

Cohesion intercept, c′ γc 1.00 1.25

Undrained shear strength, cu γcu 1.00 1.40

Unit weight*, γ γγ 1.00 1.00

Note: *EC7 uses the term weight density in place of unit weight.
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action is favourable if it reduces the total applied load. Regarding material properties (Table 8.11), the 
size of the partial factor depends on the accuracy with which a particular property can be determined and 
the likely variability in the characteristic value. Unit weight has a low partial factor, as the weight of a 
sample of soil can be determined very precisely using a balance. Undrained shear strength, on the other 
hand,	is	routinely	determined	either	from	laboratory	tests,	where	sample	disturbance	may	have	signifi-
cantly	affected	the	value,	or	from	in-	situ	tests	(e.g.	SPT,	FVT,	CPT)	using	empirical	correlations	which	
are	fits	to	scattered	data;	the	lower	confidence	in	this	value	is	represented	by	a	larger	partial	factor.

Example 8.7

A foundation 2.0 × 2.0 m is located at a depth of 1.5 m in a layered clay of saturated unit weight 
21	kN/m3.	The	characteristic	undrained	shear	strength	 is	160	kPa	in	 the	upper	 layer	2.5	m	thick,	
and	 80	kPa	 below.	The	 foundation	 supports	 existing	 dead	 load	 of	 1000	kN,	 and	 is	 subject	 to	 a	
vari	able	load	of	500	kN.	Additional	floors	are	to	be	added	to	the	supported	structure	which	will	
increase the dead load acting on the foundation. Determine the maximum allowable additional 
dead load which can be supported by the foundation under undrained conditions if it is to satisfy 
EC7 at ULS.

Solution
This	is	a	problem	of	analysis	(of	an	existing	foundation).	Defining	the	unknown	increase	in	dead	
load as QI, the total applied action on the foundation is given by

 

The partial factors γA1 and γA2 are for permanent unfavourable and variable unfavourable con-
ditions respectively. The bearing capacity is given by Equation 8.17, with Nc and sc determined 
from Figure 8.11. H/B = (2.5 – 1.5)/2.0 = 0.5 and cu1/cu2 = 160/80 = 2.0, giving Nc = 3.52 from Figure 
8.11a (LB value, conservative) and sc = 1.41 from Figure 8.11b. Hence

 

Using DA1a as an example, γA1 = 1.35, γA2 = 1.50, γcu = 1.00, γγ = 1.00 and γR = 1.00 from Tables 
8.9–8.11.	Therefore,	applying	Equation	8.76	for	ULS	to	be	satisfied,
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The results for the other design approaches are given in Table 8.12, from which it can be seen 
that DA2 is most critical and so the maximum additional (characteristic) deadload which can be 
applied is QI	=	192	kN.

Table 8.12 Example 8.7

Design approach Maximum QI (kN)

DA1a 891

DA1b 745

DA2 192

DA3 745

Example 8.8

A	concrete	strip	footing	0.7	m	thick	is	to	be	designed	to	support	a	dead	load	of	500	kN/m	and	an	
imposed	 load	 of	 300	kN/m	 at	 a	 depth	 of	 0.7	m	 in	 a	 gravelly	 sand.	Characteristic	 values	 of	 the	
shear strength parameters are c′	=	0	and	φ′	=	40º.	Determine	 the	required	width	of	 the	footing	 to	
satisfy EC7 at the ULS, assuming that the water table may rise to foundation level. The unit 
weight	of	the	sand	above	the	water	table	is	17	kN/m3, and below the water table the saturated unit 
weight	is	20	kN/m3.	The	bulk	unit	weight	of	the	concrete	is	24	kN/m3.

Solution
This is a problem of design (of a new, as yet unsized foundation). The weight of the foundation 
will apply an additional action (permanent, unfavourable) of 24dB = 16.8B	kN/m	 for	 d = 0.7 m. 
The total applied action on the foundation is therefore given by

 

The partial factors γA1 and γA2 are for permanent unfavourable and variable unfavourable con-
ditions, respectively, as in Example 8.7. The weight of the foundation is included as an additional 
dead load. The bearing capacity under drained conditions is given by Equation 8.32. The soil 
strength properties φ′	and	c′	influence	the	bearing	capacity	through	the	bearing	capacity	and	shape	
factors, so design values of these material properties must be used when determining the factors. 
The design value of φ′	is	given	by



 

Shallow foundations

321

  (8.77)

For DA1a (as an example) φ′des = 40°, giving Nq = 64 (Equation 8.33) and Nγ = 106 (Equation 8.36). 
The footing is a strip, so sq = sγ = 1.00. As c′	=	0	in	this	case	there	is	no	need	to	compute	Nc and sc. 
For the worst case hydrological conditions when the water table is at the founding plane

 

The area of a strip is B per unit length, and the partial factoring of the material properties are 
accounted for in the bearing capacity and shape factors. Using DA1a as an example, γA1 = 1.35, 
γA2 = 1.50, γγ = 1.00 and γR = 1.00 from Tables 8.9–8.11. Therefore applying Equation 8.76 for ULS 
to	be	satisfied

 

This quadratic equation in B may be solved using standard methods (e.g. the quadratic formula) 
and taking the positive root. This gives B	≥	0.91	m	 for	DA1a.	 The	 results	 for	 the	 other	 design	
approaches are given in Table 8.13, from which it can be seen that DA1b/3 is most critical with a 
required foundation width of B	≥	1.46	m.

Table 8.13 Example 8.8

Design approach Minimum B (m)

DA1a 0.91

DA1b 1.46

DA2 1.16

DA3 1.46
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Design at SLS
For a shallow foundation to satisfy the serviceability limit state, the effect of the applied actions, EA (also 
called an action effect), which will typically be a settlement calculated using the methods in Sections 
8.6–8.8, must be less than or equal to a limiting value of the action effect, CA (i.e. a limiting settlement). 
Mathematically this may be expressed as

  (8.78)

In performing SLS calculations, characteristic values are used throughout as this limit state does not 
relate to the safety of the foundation, only its performance under working load. As a result, only a single 
calculation is typically required to demonstrate that this limiting state has been met. After a foundation 
has been sized based on satisfying the ULS, the settlement of the foundation (s = EA) should be found. If 
this	satisfies	Equation	8.78	then	the	ULS	governs	the	design,	which	is	then	complete.	If	Equation	8.78	is	
not	 satisfied,	 the	 calculation	 should	 be	 repeated	making	 the	width	B variable as in ULS design (see 
Example 8.9), or by trial and error. This will result in a larger foundation which will govern the design 
(as	both	ULS	and	SLS	must	be	satisfied).	Enlarging	the	foundations	may	alter	the	actions	applied,	so	a	
further ULS check should be undertaken.
 For normal structures with isolated foundations, total (gross) settlements up to 50 mm are often 
acceptable, though in sands this may be reduced to 25 mm. Larger settlements may be acceptable, pro-
vided the total settlements do not cause problems with the services entering the structure, or cause tilting, 
etc.	Zhang	and	Ng	(2005)	suggested	that	gross	settlements	of	up	to	125	mm	in	building	foundations	and	
135 mm in bridge foundations may be tolerable, based on a probabilistic study of a large number of 
structures suffering various levels of serviceability damage. These guidelines concerning limiting settle-
ments apply to normal, routine structures. They should not be applied to buildings or structures which 
are out of the ordinary or for which the loading intensity is markedly non- uniform.

Example 8.9

A	square	footing	carrying	an	applied	bearing	pressure	of	250	kPa	 is	 to	be	 located	at	a	depth	of	
1.5 m in a sand deposit, the water table being 3.5 m below the surface. Values of standard penetra-
tion resistance were determined as detailed in Table 8.14. Determine the minimum width of the 
foundation if the settlement is to be limited to 25 mm.

Table 8.14 Example 8.9

Depth (m) N60 σ′v(kPa) CN (N1)60

0.75 8 – – –

1.55 7 26 2.0 14

2.30 9 39 1.6 14

3.00 13 51 1.4 18

3.70 12 65 1.25 15

4.45 16 70 1.2 19

5.20 20 – – –
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Solution
Due	to	the	non-	linearity	involved	in	the	empirical	method	for	SPT	data,	a	width	B	must	first	be	
estimated and the solution progressed through trial and error. Starting with B = 3 m, the depth of 
influence	 (Figure	8.31)	 is	2.2	m,	 i.e.	3.7	m	below	 the	surface.	The	average	of	 the	measured	N60 
values between depths of 1.5 and 3.7 m is 10, hence the compressibility index (Equation 8.63) is 
given by

 

Then, Equation 8.65a is used to evaluate the action effect (EA = s), giving

 
Applying	Equation	8.78	for	SLS	to	be	satisfied	gives

 
The calculations are then repeated using this new minimum value of B until there is no change in 
the value of B with subsequent iterations. The calculations are shown in Table 8.15, from which 
it can be seen that the solution converges after four iterations to give B	≥	1.11	m.

Table 8.15 Example 8.9 (contd.)

Iteration B (m) zI (m)  
__

 N 60 Ic B (m)

1 3.00 2.2 10 0.068 1.73
2 1.73 1.5  9 0.079 1.40
3 1.40 1.2  8 0.093 1.11
4 1.11 1.1  8 0.093 1.11

Summary

1 The application of load to a shallow foundation induces stresses within the 
underlying soil mass generating shear. As the foundation is loaded it will settle. 
If the shear stress reaches a condition of plastic equilibrium and a compatible 
failure mechanism can be formed, then the footing will suffer bearing capacity 
failure (the settlement will become infinite).

2 The condition of plastic failure within a soil mass may be analysed using limit 
analysis. Upper bound techniques involve postulating a compatible failure 
mechanism and performing an energy balance based on the movement within 
the mechanism. Lower bound techniques involve postulating a stress field which 
is in equilibrium with the applied external load. The true failure load will lie 
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Problems
8.1	 A	strip	footing	2	m	wide	is	founded	at	a	depth	of	1	m	in	a	stiff	clay	of	saturated	unit	weight	21	kN/

m3, the water table being at ground level. Determine the bearing capacity of the foundation (a) when 
cu	=	105	kPa	and	φu = 0, and (b) when c′	=	10	kPa	and	φ′	=	28º.

8.2 Determine the allowable design load on a footing 4.50 × 2.25 m at a depth of 3.50 m in a stiff clay to 
EC7	DA1a.	The	saturated	unit	weight	of	the	clay	is	20	kN/m3 and the characteristic shear strength 
parameters are cu	=	135	kPa	and	φu = 0.

8.3	 A	footing	2.5	×	2.5	m	carries	a	pressure	of	400	kPa	at	a	depth	of	1	m	in	a	sand.	The	saturated	unit	
weight	of	the	sand	is	20	kN/m3	and	the	unit	weight	above	the	water	table	is	17	kN/m3. The design 
shear strength parameters are c′ = 0 and φ′	=	40º.	Determine	the	bearing	capacity	of	the	footing	for	the	
following cases:

 a the water table is 5 m below ground level;
 b the water table is 1 m below ground level;
 c  the water table is at ground level and there is seepage vertically upwards under a hydraulic 

gradient of 0.2.
8.4	 A	strip	 footing	 is	 located	at	 a	depth	of	0.75	m	 in	a	 sand	of	unit	weight	18	kN/m3, the water table 

being well below foundation level. The characteristic shear strength parameters are c′	=	0	 and	
φ′	=	38º.	The	footing	supports	a	design	load	of	500	kN/m.	Determine	the	required	width	of	the	foun-
dation	for	the	ultimate	limit	state	to	be	satisfied	to	EC7	DA1b.

between the upper and lower bound solutions – if the upper and lower bounds 
are equal, then the true solution has been found. These methods have been 
applied to both undrained and drained soil conditions to determine bearing 
capacity. More advanced solutions given in the literature have extended these 
approaches to more complex ground conditions, to determine bearing capacity 
under more realistic conditions for use in foundation design.

3 The stresses induced beneath a loaded shallow foundation reduce in magnitude 
with depth and lateral distance from the foundation. Based on the induced total 
stresses, elasticity theory may be used to derive immediate (undrained) settlements 
in fine grained soil, while the consolidation theory outlined in Chapter 4 can be 
modified to predict the settlement occurring as the soil consolidates. The final 
settlement is the sum of these values.

4 Modern design codes use a limit state design philosophy, where limiting states are 
proposed representing an acceptable level of performance. These may relate to 
either the avoidance of catastrophic collapse (ULS) or the avoidance of damage in 
the supported structure (SLS). In order to ensure the foundation is safe, partial 
factors of safety are applied to the various design parameters in ULS calculations 
to account for uncertainty in the values of these parameters. SLS calculations are 
unfactored.

5 The bearing capacity equations developed from limit analysis (point 2) describe the 
failure condition for a shallow foundation, and therefore describe the behaviour 
at the ULS. If appropriate partial factors are applied to the parameters in these 
equations, the footing can be designed to ensure that the ULS is satisfied (the 
foundation will not collapse). The settlement equations developed from elasticity/
consolidation theory (point 3) may similarly be used to ensure that the SLS is 
satisfied. For footings on coarse- grained soils, SPT or CPT data may alternatively/
additionally be used to determine footing settlement and design to the SLS.
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8.5	 A	square	pad	footing	supports	a	permanent	load	of	4000	kN	and	a	variable	load	of	1500	kN	(both	values	
characteristic) at a depth of 1.5 m in sand. The water table is at the surface, the saturated unit weight of 
the	sand	being	20	kN/m3. Characteristic values of the shear strength parameters are c′	=	0	and	φ′	=	39º.	
Determine	the	required	size	of	the	foundation	for	the	ultimate	limit	state	to	be	satisfied	to	EC7	DA1a.

8.6 A foundation 4 × 4 m is located at a depth of 1 m in a layer of saturated clay 13 m thick. Characteris-
tic parameters for the clay are cu	=	100	kPa,	 φu = 0, c′	=	0,	 φ′	=	32º,	 mv = 0.065 m2/MN,	 A = 0.42, 
γsat	=	21	kN/m3. Determine the allowable load for the foundation to ensure (a) the bearing resistance 
limit	state	is	satisfied	to	EC7	DA1b,	and	(b)	consolidation	settlement	does	not	exceed	30	mm.

8.7	 A	 footing	 3.0	×	3.0	m	 carries	 a	 net	 foundation	 pressure	 of	 130	kPa	 at	 a	 depth	 of	 1.2	m	 in	 a	 deep	
deposit	of	sand	of	unit	weight	16	kN/m3, the water table being well below the surface. The variation 
of cone penetration resistance (qc) with depth (z) is as follows:

TABLE R

z (m) 1.2 1.6 2.0 2.4 2.6 3.0 3.4 3.8 4.2 4.6 5.0 5.4 5.8 6.2  6.6  7.0  7.4  8.0

qc (MPa) 3.2 2.1 2.8 2.3 6.1 5.0 3.6 4.5 3.5 4.0 8.1 6.4 7.6 6.9 13.2 11.7 12.9 14.8

 Determine the settlement of the footing using Schmertmann’s method.
8.8 A foundation 3.5 × 3.5 m is to be constructed at a depth of 1.2 m in a deep sand deposit, the water 

table being 3.0 m below the surface. The following values of standard penetration resistance were 
determined at the location:

TABLE S

Depth (m) 0.70 1.35  2.20 2.95  3.65  4.40  5.15  6.00

N60 6 9 10 8 12 13 17 23

 If the settlement is not to exceed 25 mm, determine the allowable load to satisfy the serviceability 
limit state.

8.9	 A	permanent	load	of	2500	kN	and	an	imposed	load	of	1250	kN	are	to	be	supported	on	a	square	foun-
dation at a depth of 1.0 m in a deposit of gravelly sand extending from the surface to a depth of 
6.0 m. A layer of clay 2.0 m thick lies immediately below the sand. The water table may rise to foun-
dation	 level.	The	unit	weight	of	 the	sand	above	 the	water	 table	 is	17	kN/m3, and below the water 
table	the	saturated	unit	weight	is	20	kN/m3. Characteristic values of the shear strength parameters for 
the sand are c′	=	0	and	φ′	=	38º.	The	coefficient	of	volume	compressibility	for	the	clay	is	0.15	m2/MN.	
It	is	specified	that	the	long-	term	settlement	of	the	foundation	due	to	consolidation	of	the	clay	should	
not exceed 20 mm. Determine the required size of the foundation for the ultimate and serviceability 
limit	states	to	be	satisfied	(use	EC7	DA1b	at	ULS).
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Understand the working principles behind deep foundations, how they are 
constructed/installed, and the advantages they offer over shallow foundations 
(Chapter 8);

2 Design a pile within a limit- state design framework (Eurocode 7), analytically 
(based on fundamental ground properties), directly from in- situ test data or 
from the results of a pile load test.

Chapter 9

Deep foundations

9.1 Introduction
When designing foundations, there are often situations where the use of shallow foundations is uneco-
nomic or impractical. These include

when the actions applied to the foundation are large (e.g. large concentrated loads);●●

when near surface soils have low strength and or stiffness (i.e. low resistance);●●

where large structures are situated on very heterogeneous deposits, or where the soil layers are inclined;●●

for settlement- sensitive structures where displacements must be kept small;●●

in marine environments where tidal, wave or flow actions may erode material from around a found●●

ation near the ground surface (this process is known as scour).

The effect of all of the foregoing points will be to increase the plan area and/or embedment depth of a 
shallow foundation. These effects may also occur simultaneously such that the foundation would be too 
expensive or difficult to construct. In these circumstances, deep foundations may offer a more efficient 
and less costly design.
 Where shallow foundations are wide compared to their depth, deep foundations are elements which 
are much smaller in plan but extend to greater depth within the ground. The most common type of deep 
foundation is the pile, which is a column of concrete, steel or timber installed within the ground (Figure 
9.1). Piles may be circular or square in section, but will always have an (outside) diameter (D0) or width 
(Bp) that is very much smaller than their length (Lp), i.e. Lp >> D0. A pier or caisson is another type of 
deep foundation which has a much larger diameter compared to its length, i.e. Lp > D0, but which can be 
analysed in the same way as a pile. Caissons are often used as foundations for offshore structures.
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 Piles generate some of their resistance at the base in bearing, and in this respect can be thought of as a 
very deeply embedded shallow foundation. This element of the resistance is also known as base resist-
ance, Qbu. Section 9.2 will describe how the bearing capacity theories developed in Chapter 8 may be 
applied to the determination of pile base capacity. As a result of their significant length (and therefore 
surface area), they can also generate significant additional resistance along the shaft due to interface fric-
tion between the pile material and the soil. This element of the resistance is also known as shaft resist-
ance or skin friction. Piles are able to make use of this additional resistance, as their methods of 
installation (described in the following material) ensure that there is a good bond between the pile and 
the soil along the shaft. For shallow foundations this interface friction was neglected because the embed-
ment depth d << B such that the additional resistance was negligibly small compared to the bearing 
capacity. Figure 9.2 shows how the shaft capacity of a pile is found by first determining the interface 
shear strength τint along the pile length and then integrating this over the surface area of the pile to deter-
mine the shaft resistance, Qsu, giving

 (circular cross- section) (9.1a)

 (square cross- section) (9.1b)

Q

Qs

Qb

Lp

D0

Pile

τ

pier/caisson

Figure 9.1 Deep foundations.
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where z is the vertical distance along the pile measured from the surface. Section 9.2 describes how τint is 
determined for use in Equation 9.1. It should be noted that in Equation 9.1 the term before the integral 
sign (πD0 or 4Bp) is the perimeter around the cross section of the pile. In some piles, the pile perimeter 
changes with depth due to a change in width or diameter; in these cases the constant D0 or Bp must be 
replaced with D0(z) or Bp(z) respectively and taken inside the integral. A pile where the diameter or width 
decreases with depth is known as a tapered pile.

Pile installation
The interface shear strength along the shaft of a pile is influenced not only by the exterior geometry 
(surface area), but also by the method of installation. Piles may be divided into two main categories 
according to their method of installation. The first category is displacement piles, as they involve dis-
placement and disturbance of the soil around the pile. Examples of displacement piles include driven 
piles of steel or precast concrete and piles formed by driving tubes or shells which are fitted with a 
driving shoe (to ease penetration and protect the end of the pile from damage during driving), the tubes 
or shells being filled subsequently with concrete after driving (also known as a shell pile). In the case of 
steel H- piles and tubes without a driving shoe, however, soil displacement may be small, at least 
initially. With increased penetration of these piles, the horizontal stresses between the flanges of the 
H- pile or acting on the inside walls of a tubular pile are enhanced, increasing the interface friction on 
these surfaces. In some cases, these stresses can be so high that the action due to the base pressure acting 
upwards on the mass of soil within the pile is lower than the resistance due to the enhanced interface 
friction acting on the mass from the interior walls, such that soil can no longer continue to fill the void. 
When this occurs, the pile is said to be plugged. A plugged pile will have the resistance of a closed- 
ended pile of the same outside diameter. Also included in this category are piles formed by placing con-
crete as driven steel tubes are withdrawn (a cast- in-situ pile).

dz

z

z

D0

z = Lp

τ int(z)

dQsu

Figure 9.2 Determination of shaft resistance.
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 The second category consists of piles which are installed without soil displacement (termed non- 
displacement or bored piles, or cast- in-situ piles). Soil is removed by boring or drilling to form a shaft, 
concrete then being cast in the shaft to form the pile. As such shafts can be very deep, depending on the 
type of soil, the shaft may be cased or bored under a drilling fluid such as bentonite, the fluid pressure 
from such a material acting to prevent the shaft collapsing until the concrete can be placed. The stability 
of excavations with and without fluid support is considered in Chapter 12. In clays, the shaft may be 
enlarged at its base by a process known as under- reaming; the resultant pile then has a larger base area 
in contact with the soil, increasing its base resistance. A continuous flight auger (CFA) pile is a type of 
bored pile in which a helical auger is drilled into the ground over the desired pile length in a single 
process. The plug of soil trapped between the flights is then withdrawn from the ground as concrete is 
pumped into the shaft through a tube running down the centre of the auger. These are now a more 
popular alternative to cast insitu piles. Figure 9.3 shows a continuous flight auger piling rig which dem-
onstrates the length such tools must be if long piles are to be installed. The principal types of pile are 
summarised and illustrated in Figure 9.4.
 Both displacement and non- displacement piling techniques have advantages and disadvantages. As 
driven piles are usually prefabricated, their structural integrity can be inspected before driving, and the 
soil displacement during installation can locally densify the soil around the pile in looser deposits, 
increasing capacity. However, in dense deposits dilation of the soil on shearing can cause heave of the 
ground around the pile, potentially damaging adjacent infrastructure; piling hammers (which drive piles 

Figure 9.3  Pile installation: non-displacement piling (CFA) (image courtesy of 
Cementation Skanska Ltd.).
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via impact) are also very noisy, though use of modern suppressed piling hammers or push- in (jacked) 
piling techniques can ameliorate this. As such, displacement piles are not normally recommended for 
congested urban sites. They are, however, eminently suitable for use in offshore environments, where 
noise is not an issue and their simple method of installation is beneficial when working underwater.
 In contrast, non displacement piling techniques create minimal soil disturbance around the pile and 
are very quiet. They can thus be used very close to existing structures in congested urban areas. As they 
are cast in- situ, complex pile shapes can be formed, including adding an under- ream to enhance base 
capacity or adding flanges along the pile to increase shaft capacity. Being cast in situ is also a disadvan-
tage, however, as pile defects may occur due to poor compaction of concrete, voids, or wash- out of con-
crete if the pile passes through highly permeable layers through which seepage is occurring.
 The installation method has a strong influence on the interface shear strength τint, and this will be 
described in greater detail in Section 9.2.

9.2 Pile resistance under compressive loads

Base resistance
As outlined in Section 9.1, the base resistance of piles and other deep foundations can be determined 
analytically by treating them as very deeply embedded shallow foundations. For soil under undrained 
conditions, Equation 8.17 describes the bearing pressure on the base of the pile at failure, so the base 
resistance is therefore

 (9.2)

where Ap is the cross- sectional area of the base of the pile (= πD0
2/4 or Bp

2 for circular or square piles 
respectively). In using Equation 9.2, all of the soil above the pile base level is treated as a surcharge, 
where σq = σv at the level of the pile base. Therefore, even very complex soil layering around the shaft of 
the pile can be straightforwardly accounted for, provided that the total vertical stress from these layers 
can be computed (e.g. using Stress_CSM8.xls on the Companion Website, see Chapter 3). It is then 

Under-
ream

CFA
(a) (b) (c) (d) (e) (f)

Figure 9.4  Principal types of pile: (a) precast RC pile, (b) steel H pile, (c) steel tubular 
pile (plugged), (d) shell pile, (e) CFA pile, (f ) under- reamed bored pile 
(cast- in-situ).
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possible to utilise the various solutions presented in Section 8.3 to account for the soil conditions around 
the base of the pile as shown in Figure 9.5. Circular piles are treated as square piles for the purposes of 
determining the shape factor sc. With reference to Figure 9.5:

for cases (a) and (b) Skempton’s values of ●● Nc are usually used from Figure 8.10, which for a square 
or circular pile limits scNc to 9.0;
for case (c), ●● Nc and sc should be taken from Figure 8.11;
for cases (d) and (e), the bearing capacity is based on Equation 8.21, i.e.●●

  (9.3)

 where Fz is found from Figure 8.13 and sc is approximated using Equation 8.19, i.e. sc = 1.2.
 In drained soil, base resistance may be similarly determined by utilising Equation 8.32 in place of 
Equation 8.17. However, in the case of piles, the large embedment means that the values of the self- 
weight term and cohesion term are small compared to the surcharge term. Therefore, Equation 8.32 is 
normally simplified to

 (9.4)

The values of Nq given by Equations 8.33 for shallow foundations are only approximate at very large 
Lp/D0. Values given by Berezantsev et al. (1961) for circular piles should therefore be used in Equation 
9.4, and these are given in Figure 9.6 (N.B. these values of Nq implicitly include the effect of shape).

d = Lp
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Figure 9.5 Determination of Nc and sc for base capacity in undrained soil.
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Shaft resistance
To determine the shaft resistance of a pile using Equation 9.1, the interface shear strength must be deter-
mined. In undrained soil, this is represented by

  (9.5)

where α is termed the adhesion factor, having a value between 0 and 1, α = 1 representing a perfectly 
rough interface which is as strong as the surrounding soil, and α = 0 representing a perfectly smooth 
interface (i.e. no stress can be transferred between pile and soil). The determination of shaft friction in 
undrained soil is often referred to as the α-method in pile design. The adhesion factor is a function both 
of the surface condition along the pile and the method of pile installation.
 For displacement piles in fine grained soils, it has been shown from field observations that a correla-
tion with cu/σ′v0 (also known as the yield stress ratio) exists, as shown in Figure 9.7(a), though there is 
much scatter. For the purposes of design, an averaging line can be defined after Randolph and Murphy 
(1985) and Semple and Rigden (1984) where

 (9.6)

where Fp is a factor related to the length of the pile (or length within a layer in the case of layered soil). 
For Lp/D0 < 50 (e.g. caissons), Fp = 1.0; for Lp/D0 > 120, Fp = 0.7; for values of Lp/D0 between these limits, 
Fp is estimated by linear interpolation between 0.7 and 1.0. Kolk and van der Velde (1996) proposed an 
alternative approach in which

  (9.7)
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Figure 9.6 Bearing capacity factor Nq for pile base capacity.
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The parameter Lp/D0 is also known as the slenderness ratio of the pile. Equations 9.6 and 9.7 are also 
plotted in Figure 9.7(a). While they approximate the field observations reasonably well, there is a consider-
able amount of scatter, such that care should be taken to select a conservative value of α in design.
 For non displacement piles in fine grained soils, values of α are correlated with cu only. A large database 
of pile test data is shown in Figure 9.7(b), where the data from Skempton (1959) were determined for piles 
in London Clay and the data from Weltman and Healy (1978) are for piles in glacial tills. The data show 
greater scatter than for displacement piles, though an averaging line can be developed which is described by

 (9.8)

Equation 9.8 is plotted in Figure 9.7(b). As for displacement piles, conservative values of α should be 
selected for initial design.
 In drained soil, the interface shear strength is represented by

  (9.9)

where δ′ is an interface friction angle (δ′ ≤ φ′) and Kσ′v0 is the effective stress acting normal to the pile 
shaft. Equation 9.9 is therefore analogous to the Mohr–Coulomb failure criterion for a drained cohesion-
less material. Parameter δ′ is a function of the pile roughness and soil properties; the case δ′ = φ′ repre-
sents a perfectly rough interface, while δ′ = 0 represents a perfectly smooth interface. Parameter K is a 
horizontal earth pressure coefficient, and is a function of the soil properties and the installation method.
 In coarse grained materials (sands and gravels) the parameter K is usually expressed in terms of K0, the 
coefficient of lateral earth pressure at rest. This parameter depends on the soil type and stress history (quan-
tified by φ′ and OCR), and is described in further detail in Section 11.3. For cast insitu piles 0.7 < K/
K0 < 1.0, while for displacement piles K/K0 may be as high as 2.0. The interface friction angle depends on 
the roughness of the pile material, and may be determined using an interface shear test. This is conducted 
in a direct shear apparatus (see Chapter 5) in which a plate/block of the pile material is placed in the bottom 
half of the shearbox, with soil being placed in the upper half. Tests are then conducted and interpreted in the 
same way as for the soil–soil tests in Chapter 5 by plotting the interface shear stress at failure against normal 
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Figure 9.7  Determination of adhesion factor α in undrained soil: (a) displacement 
piles, (b) non- displacement piles.
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effective stress; the gradient of the line of best fit is then tan δ′. Figure 9.8 shows data from interface shear 
tests collated from the literature (Uesugi and Kishida, 1986; Uesugi et al., 1990; Subba Rao et al., 1998; Frost 
et al., 2002) for a range of common pile materials in which δ′ is expressed in terms of the angle of shearing 
resistance of the soil. These data are plotted against the parameter Ra/D50, where Ra is the average height of the 
asperities on the surface of the pile material which gives the material its roughness and D50 is the mean parti-
cle size of the soil (see Chapter 1). It should be noted that mild steel oxidises (rusts) in the ground, so δ′/φ′ is 
usually limited to a minimum of 0.5. The concrete values given in Figure 9.8 are for precast concrete (i.e. for 
driven piles); for concrete cast in- situ the roughness will be much larger, and δ′ = φ′ is usually assumed.
 In fine grained materials under drained conditions, K ≈ K0 and δ′ = φ′ is usually assumed. Alternatively, 
the parameters K and tan δ′ may be lumped together into a single factor β = Ktan δ′, i.e.

  (9.10)

The determination of shaft friction in drained soil is often referred to as the β-method in pile design. Burland 
(1993) showed that β correlates linearly with the yield stress ratio with a surprisingly small amount of scatter, 
as shown in Figure 9.9 (data points represent non displacement piles). A best fit line to this data gives

 (9.11)

Equation 9.11 has been found to provide reasonable estimates of shaft capacity for both displacement 
and non- displacement piles.
  In the case of under reamed piles, as a result of settlement there is a possibility that a small gap will 
develop between the top of the under- ream and the overlying soil. Accordingly, no skin friction should 
be taken into account below a level 2D0 above the top of the under- ream, and base resistance should be 
determined as if the base is not embedded (i.e. Figure 9.5 case (b) with d = 0, scNc = 6.2).

Pile resistance and limit state design
The resistance of a pile is the sum of its base and shaft capacities. In the limit state design framework, 
the combined (total) compressive resistance may be factored using a partial factor γRC to obtain the 
design resistance, i.e.
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Figure 9.8 Interface friction angles δ  ′ for various construction materials.
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 (9.12a)

Alternatively, the base and shaft resistances may be factored separately by γRb and γRs respectively to 
better account for the degree of accuracy to which Qbu and Qsu are known, i.e.

  (9.12b)

In Eurocode 7 DA1b, an alternative set of resistance factors is used (set R4). The normative values sug-
gested for the partial resistance factors are shown in Table 9.1. Where there are two values given, the 
first is for displacement piles while the second is for non displacement piles. It should be noted that the 
partial factors in Table 9.1 only relate to the degree of uncertainty in the calculation methods employed 
to determine the pile capacity; it is still necessary to be cautious when estimating empirically derived 
values such as α or β, as the variation in these is not accounted for in the partial resistance factors. As is 
noted in Chapter 8, the factors in Table 9.1 may be superseded by the values in a particular country’s 
National Annex.
 The resistance factors in Table 9.1 are included on the EC7 quick reference sheet on the Companion 
Website for use in the worked examples and end- of-chapter problems.
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Figure 9.9 Determination of factor β in drained fine- grained soils (all pile types).

Table 9.1  Partial resistance factors for use in ULS pile design to EC7 (piles in 
compression only)

Resistance (R) Symbol Set

R1 R2 R3 R4

Total capacity (compression) γRC 1.00/1.15 1.10 1.00 1.30/1.50

Base capacity Qbu γRb 1.00/1.25 1.10 1.00 1.30/1.60

Shaft capacity Qsu γRs 1.00/1.00 1.10 1.00 1.30/1.30
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 To satisfy the ULS, the resistance given by Equation 9.12 must be greater than the sum of the applied 
actions on the pile. This is the same condition as for shallow foundations, so Equation 8.76 represents 
the inequality that must be satisfied. The actions are factored using the values of γA from Table 8.10. As 
piles are often used in circumstances when high point loads are to be carried, the applied action at the 
top of the pile will normally be very much larger than the dead weight of the pile. The material proper-
ties used in the determination of Qbu and Qsu are factored using the values in Table 8.11.

A single steel tubular pile of outer diameter 0.3 m, wall thickness 10 mm and length 10 m is 
driven into dry loose sand. The soil has unit weight, γ = 15 kN/m3, φ′ = 32° and c′ = 0. Along the 
pile–soil interface, it may be assumed that K = 1 and δ′ = 0.75φ′. Assuming that the pile is plugged 
and the weight of the soil inside the pile is negligible, determine the allowable (permanent) 
design load on the pile under EC7 DA1b.

Solution
As the soil is dry, there are no pore water pressures (u = 0) and the unit weight is the total value 
(γ). The effective vertical stress at the pile base is then σ′v(z = Lp)  = γLp. For DA1b, γ tan φ  = 1.25, 
the design value of the angle of shearing resistance is

 

from which δ′des = 0.75φ′des = 20°. The slenderness ratio Lp/D0 = 10/0.3 = 33, so, from Figure 9.6, 
Nq ≈ 15. The gross area of the pile Ap = π × 0.152 = 0.0707 m2 (pile is plugged), and for DA1b the partial 
resistance factor for a displacement pile γRb = 1.30 from set R4. Therefore the design base capacity is

 
From Equations 9.1a and 9.9, the design shaft capacity is

 
Therefore, the design capacity of the pile R = 122 + 198 = 320 kN. For ULS to be satisfied, the 
design value of the action applied to the pile Q ≤ R. For a permanent unfavorable action γA = 1.00 
for DA1b, therefore Q = 320 kN is the maximum allowable characteristic load that can be carried 
by the pile if ULS is to be satisfied to EC7.

Example 9.1
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Example 9.2

A 0.75-m diameter bored concrete pile (weight density = 24 kN/m3) is to be formed in a two- 
layer deposit of clay with the water table at the ground surface. The upper layer of clay has 
saturated unit weight γ = 18 kN/m3, and constant undrained shear strength cu = 100 kPa. Below 
this lies a thick lower layer of stronger clay starting at a depth of 15 m below the ground 
surface. This clay layer has γ = 20 kN/m3 and cu = 200 kPa. All calculations are to be completed 
to EC7 DA1b.

a Determine the maximum allowable design load (permanent) which the pile can support under 
undrained conditions if it is to be made 15 m long.

b Determine the total length of pile required to support a (permanent) characteristic load of 
3 MN under undrained conditions.

Solution
a If the pile is 15 m long, its shaft will be in the upper clay, while the base will rest at the 

surface of the lower clay (i.e. case (b) from Figure 9.5 with an embedment of d = 0 into 
the lower clay layer). The characteristic undrained shear strength for the base is then 
cu = 200 kPa and scNc = 6.2 (Figure 8.10, d/B = 0). The vertical total stress at the base 
of the pile σq = γLp. Under DA1b, γRb = 1.60 for a bored pile (non- displacement) and 
γcu = 1.40, so

 

 Along the shaft, cu = 100 kPa everywhere, so, from Figure 9.7(b) or Equation 9.8, α = 0.62 
everywhere. As τint is constant along the shaft, the integration in Equation 9.1a is trivial. Under 
DA1b, γRs = 1.30 for a bored pile, so

 

 Therefore, the design capacity of the pile R = 319 + 1204 = 1523 kN. The actions on the pile are 
the applied load (Q) and the self- weight of the pile = 24 × Ap × Lp = 159 kN. If the actions are 
permanent, then γA = 1.00 for DA1b. Then for ULS to be satisfied to EC7, Q + 159 < 1523, so 
the maximum design (and characteristic) value of the action that can be applied to the 15-m 
long pile Q ≤ 1.36 MN.

b If the pile is to carry a permanent characteristic load of 3 MN it will have to be longer than 
15 m, based on the answer to part (a). Under DA1b γA = 1.00, so the design load Q = 3 MN. 
Considering Figure 9.10(b), the pile tip will now extend deeper within the lower layer, so scNc 
will increase compared to the value in part (a). As an initial assumption scNc = 9.0 is used (i.e. 
assuming d/B large in Figure 8.10; this will be checked later), so the base capacity is now 
written in terms of the unknown Lp:
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 The design shaft capacity over the top 15 m of the pile was calculated in part (a). The 
additional shaft capacity from the section of pile in the lower clay layer is found similarly, but 
with α = 0.35 for cu = 200 kPa:

 

 The total action applied to the pile (applied load + self- weight) in terms of Lp is now

 

 Then, to satisfy ULS,

 

 At this pile length, the pile will be embedded by 18 m into the lower clay layer, so 
d/B = 18/0.75 = 24 and the use of scNc = 9.0 was correct.

Lp = 15 m

Lp – 15

Lp = ?

Upper clay:

γ  = 18 kN/m3

cu = 100 kPa

Lower clay:

γ  = 20 kN/m3

cu = 200 kPa
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Figure 9.10 Example 9.2.
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9.3 Pile resistance from in- situ test data

Due to the difficulties in obtaining accurate values of the required parameters, empirical correlations, 
based on the results of pile loading tests and in- situ tests, are commonly used to provide alternative 
methods of obtaining pile resistance. From SPT data, the following correlation is generally used:

  (9.13)

where N60 is the value of standard penetration resistance in the vicinity of the pile base and Cb is a soil- 
dependent constant, the values of which are given in Table 9.2 after Poulos (1989). The correlation for 
shaft capacity is

  (9.14)

where  
__

 N  60 is the average value of N60 along the length of the pile and Cs is a constant which in unknown 
soil conditions can be taken as Cs ≈ 2.0 (Clayton, 1995).
 The results of cone penetration testing (CPT) can also be directly used in pile design, particularly for 
displacement piles due to the similarity between the CPT and the method of pile installation. The limit-
ing end bearing pressure (qb = Qbu/Ap) is related to the average cone resistance  

_
 q c in the vicinity of the pile 

base after

  (9.15)

where Ccpt depends on pile and soil type. Suggested values of Ccpt are given in Table 9.3 based on the 
findings of Jardine et al. (2005) and Lee and Salgado (1999). Different procedures have been suggested 
for determining this average. The values of Ccpt in Table 9.3 apply if the qc is averaged over 1.5D0 above 

Table 9.2 Soil dependent constants for determining base capacity from SPT data

Pile type Soil Cb

Displacement (driven) Sand 400–450

Silt 350

Glacial till 250

Clay  75–100

Driven cast-in-situ Cohesionless 150

Bored Sand 100

Clay  75–100

Table 9.3 Soil dependent constants for determining base capacity from CPT data

Pile type Soil Ccpt

Driven (closed) Sand 0.4

Clay (undrained) 0.8

Clay (drained) 1.3

Bored pile Sand 0.2
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and below the base of the pile. Correlations of CPT data with shaft friction parameters are notoriously 
unreliable, and it is suggested that basic soil properties (e.g. cu, φ′) are determined using the CPT data 
from which Qsu is then determined using the methods described in Section 9.2.
 The values of Qbu and Qsu determined from in- situ tests are characteristic resistances in terms of limit 
state design frameworks. If n tests have been conducted, the characteristic resistance (Rk = Qbu + Qsu) is 
determined using

  (9.16)

where ξ3 and ξ4 are correlation factors which depend on the number of tests undertaken. Normative 
values of the correlation factors are given in Table 9.4; as before, these values may be superseded by 
those published in National Annex documents. It should be noted that the values of ξ reduce with 
increasing numbers of tests to reflect the greater confidence in the derived resistance with more support-
ing tests. This characteristic value may be reduced using a model factor to account for the uncertainty in 
the correlations used to derive Qbu and Qsu. The resulting value is then factored as a resistance as in 
Section 9.2.

9.4 Settlement of piles

As for shallow foundations, verification of the SLS involves ensuring that the settlement of the 
pile under the applied action will not adversely affect the supported structure. The settlement of a pile 
is much more difficult to compute than that for a shallow foundation for a number of reasons, 
including:

1 constitutive behaviour – the mechanisms of stress transfer at the base and along the shaft of the pile 
are very different;

2 layering – piles often pass through layers of soil with dissimilar stiffness;
3 pile slenderness (Lp/D0) – because piles are long compared to the cross- sectional area, the compres-

sion (shortening) of the pile itself can be significant in magnitude;
4 elasto- plastic condition – loads carried by the pile are highest at the top, where the strength of the soil 

is weakest; therefore, soil may be at failure towards the top of the pile and elastic at depth while still 
being below the ULS (as this requires all of the soil to be at failure).

As a result of these difficulties, piles will always be load tested to the working load to verify that the SLS 
has been met. In cases where many piles of the same design will be used, only a proportion of the piles 
will need to be tested. Load testing will be described in greater detail in Section 9.6. However, in order 
to minimise any possible re- design, a good estimate can be made using analytical or numerical tech-
niques, or based on previous experience of design in similar ground conditions, to produce a pile which 
can confidently be expected meet the SLS during the load test.

Table 9.4  Correlation factors for determination of characteristic resistance from 
in-situ tests to EC7

Factor n = 1 2 3 4 5 10

ξ3 1.40 1.35 1.33 1.31 1.29 1.25

ξ4 1.40 1.27 1.23 1.20 1.15 1.08
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 Three analytical techniques will be considered in this section. The first, known as the Randolph and 
Wroth method after its creators, considers the soil to behave elastically (see Section 8.6 for shallow 
foundations) and the pile to be axially rigid in comparison. Simple closed form solutions for the vertical 
stiffness of a pile can be derived, from which the displacement under a given load can be determined.
 In the second, known as the T–z method, the pile is split up into a number of discrete sections, to 
each of which a spring is attached which represents the soil–pile interaction. The properties of these 
springs may be determined analytically using the elastic models of the Randolph and Wroth model, 
defining the reaction on the pile T for a given relative pile–soil displacement z. Having defined the T–z 
springs, the resulting set of equations can be solved iteratively using a Finite Difference Scheme; the 
method is thus amenable to computer analysis using a spreadsheet, a tool for which is provided on the 
Companion Website. The use of a finite difference scheme allows this method to account for pile com-
pressibility and variation in soil or pile properties along the length of the pile.
 The third method is based on the observation that the overall pile load–settlement curve can in almost all 
cases be reasonably approximated by a hyperbolic curve. This method is therefore known as the hyperbolic 
method, and requires knowledge of Qbu and Qsu (Section 9.2) in addition to some additional fitting para-
meters determined empirically from a large database of pile load tests (to which the method is fairly insensi-
tive). This is also amenable to solution using a spreadsheet, and has the added advantage that data from a 
subsequent load test (Section 9.6) can be used to update the soil parameters used in the analysis for sub-
sequent application to other piles in the same unit of soil which might be carrying different working loads.

Randolph and Wroth method
The soil is considered to respond in a linear elastic way until failure (at Qbu or Qsu as appropriate). The 
pile base is treated as an embedded shallow foundation as in Section 9.2, resting on elastic soil (below 
the pile base). Equation 8.53 may then be used to define the base stiffness Kbi = Tbi/sb, where Tbi is the 
load carried at the pile base and sb is the settlement of the pile base. In the case of piles, the stiffness is 
usually defined in terms of shear modulus G instead of Young’s modulus E (E = 2G(1 + ν) from Equation 
5.6). For a circular pile assumed to be rigid at its base, as Lp/D0 is large, the base pressure q = 4Tbi/πD0

2 
and Is = 0.79 from Table 8.6. Recognising that (1 – ν2) = (1 – ν)(1 + ν),

  (9.17a)

For a square pile, q = Tbi/Bp
2 and Is = 0.82 from Table 8.6, giving

 (9.17b)

Along the pile shaft, if the interface friction has not been exceeded at the pile–soil interface, the pile will 
impose a shear mode of deformation on the surrounding annuli of soil as shown in Figure 9.11. For the 
soil annulus shown in Figure 9.11 to be in vertical equilibrium,
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  (9.18)

where  
__

 τ0  is the average shear stress acting over the element length Lsi. The shear strain in the soil annulus 
is approximated by γ = ds/dr (assuming that any radial strain in the soil is negligible), so that from Equa-
tion 5.4

  (9.19)

where  
__

 G si is the average shear modulus of the soil element of length Lsi. From Equation 9.19, the settle-
ment of the soil will reduce with increasing r, such that s = 0 at r = ∞. It is usually sufficient in practice to 
define a maximum radius (rm) beyond which settlement is negligible, i.e. s ≈ 0 at r = rm. At the pile shaft, 
s = ss (settlement at pile shaft) at r = D0/2. Integrating Equation 9.19 between these limits then gives

 (9.20)
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Figure 9.11 Equilibrium of soil around a settling pile shaft.
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The force along the pile shaft that results in ss is simply

  (9.21)

By dividing Equation 9.21 by Equation 9.20, the shaft stiffness can be determined:

  (9.22)

 The value of rm in Equation 9.22 is usually approximated by Lp.
 If the pile is rigid, Equations 9.17 and 9.22 can be used to determine the pile head settlement under a 
given load analytically, as shown by Randolph and Wroth (1978). For a rigid pile the settlements are the 
same all the way along the pile, i.e. sb = ss = sr, where sr is the overall settlement at the top of the rigid 
pile. The applied load at the top of the pile Q = Tbi + Tsi, therefore

  (9.23)

If the pile is compressible sb ≠ ss ≠ sr, such that Equation 9.23 no longer applies. Randolph and Wroth 
(1978) also present a more sophisticated solution for the case of a compressible pile (accounting for the 
effect of an under- ream, if present). However, this case (and, indeed, more complex cases) are generally 
quicker to solve numerically using the T–z method.

T–z method

In the T–z method, the pile is split up into a series of sections as shown in Figure 9.12, to each of which 
is attached a linear elastic spring, representing the soil–pile interaction.
 The i’th element is loaded by the force transmitted from the sections of pile above (Fi). Under this 
load the pile element, which is considered to be linear elastic with Young’s modulus Epi, cross- sectional 
area Api and length Lsi, may compress by an amount Δzi – Δzi + 1 (the method therefore accounts for the pile 
slenderness effect). The average vertical movement of the pile element relative to the surrounding soil 
(Δzi + Δzi + 1)/2 generates a resistive force in the T–z spring (Tsi). This force, plus the force from the pile 
elements below (Fi + 1), act to resist Fi. If the pile is below the ULS then it must be in a condition of equi-
librium, so

  (9.24)

Determination of the T–z spring stiffness (Ksi) for an elastic soil is accomplished using Equation 9.22. 
The displacements in Equation 9.24 are related to each other through the elastic compression of the pile 
element under the average force in the element, i.e.

  (9.25)
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The aim of the analysis is to find the unknown distributions of forces and displacements (i.e. the values 
of Fi and Δzi along the pile. The method of solution is to make an initial guess of the pile head settlement 
(at node 1). The displacements of the nodes below (for the rest of the pile) can then be found using 
Equation 9.25. The displacement at the node at the base of the pile (ΔzN) then corresponds to the 
compression of the elastic spring representing the base behaviour and can therefore be used to find the 
force at this node using

  (9.26)

where Kbi is the stiffness at the pile base (determined using Equation 9.17). As different soil springs can 
be defined at the base (Kbi) and along the shaft (Ksi), the method therefore accounts for the constitutive 
behaviour effect described earlier in this section.
 From the known force at the pile base (node N), the forces for each node above are found using Equa-
tion 9.24. Unless the correct pile head settlement was guessed, the resulting pile load recovered for node 
1 at the top of the pile will not equal the applied working load. An iterative technique is therefore 
required to find the pile head settlement giving the applied working load at the pile head. The values of 
Fi and Δzi at each node depend on each other (Equations 9.24 and 9.25) just as in the case of the nodes in 
the two- dimensional seepage problems of Section 2.7. The solution procedure can therefore be auto-
mated using a spreadsheet. The Companion Website includes an implementation of this – PileTz_CSM8.
xls – which is provided with a comprehensive user manual describing how general pile settlement prob-
lems may be solved.
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Epi, Api
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∆zi + 1
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Figure 9.12 T–z method.
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 It should be noted that different pile properties (Epi, Api and Lsi) can be defined for each individual 
element without making the calculations any more difficult, such that the method can also account for 
soil layering and piles with changing cross- section (e.g. tapered piles).
 A rigid pile can be modelled using PileTz_CSM8.xls by setting Epi to a very large value. In this case, 
the solution will then be identical to that from the Randolph and Wroth method.

Example 9.3

A 21.5-m long under- reamed bored pile is to be constructed in a unit of clay for which 
G = 5 + 0.5z MPa, where z is the depth in metres below ground level and ν′ = 0.2. The pile shaft has 
a length of 20 m above the under- ream, and a diameter of 1.5 m. The under- ream has a diameter 
of 2.5 m at the base, and the pile may be assumed to be rigid. Determine the long term settlement 
of the pile and the load carried by the shaft and the base of the pile under a working load of 
5 MN.

a using the Randolph and Wroth method;
b using the T–z method.

Determine also the settlement and load distribution values if the pile is compressible with 
Epi = 30 GPa.

Solution
a As the pile has an under- ream, shaft friction is only accounted for to a depth of 2D0 (= 3 m) 

above the top of the under- ream. The shear modulus is 5 MPa at the surface and 13.5 MPa at 
17-m depth, so that the average shear modulus over the top 17 m of the pile  

__
 G  = 9.25 MPa. 

Then, from Equation 9.22:

 

 At the pile base, D0 = 2.5 m and G = 15.75 MPa, so from Equation 9.17a

 

 The pile is rigid and Q = 5 MN, so from Equation 9.23

 

 The load carried at the base is then Tb = Kbisr = 1.25 MN, and that along the shaft 
Ts = Ksisr = 3.74 MN (as a check, these sum to 4.99 MN).

b The pile is divided into 1-m long elements along the shaft (20) plus an additional 1.5-m long 
element for the under- ream. The shear modulus is then evaluated at the mid- depth of each 
element to a depth of 17 m (e.g. at z = 0.5 m, 1.5 m . . . to 16.5 m) from which values of Ksi are 
found for each spring as in part (a), the calculations being automated in a spreadsheet. 
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Hyperbolic method
The hyperbolic model is described by Fleming (1992). The settlement at the top of a rigid pile under an 
applied load Q is given by the solution of the following quadratic equation:

  (9.27)

where

 

A complete worksheet for this example using PileTz_CSM8.xls is available on the Compan-
ion Website. To approximately model a rigid pile, Epi = 5 × 1027 was used.
 The resulting pile head settlement is 12.8 mm and is constant along the length of the 
pile. This compares favourably with the answer from part (a). Figure 9.13 shows the load 
distribution along the length of the pile which could not be obtained from part (a). The 
forces at the base and along the shaft are then Tb = 1.25 and Ts = 3.75 MN, respectively.
 For the case of the compressible pile, Epi = 30 GPa is set in PileTz_CSM8 and the 
optimisation re- run. The new pile head settlement is 13.6 mm and the load distribution is 
practically unchanged, as shown in Figure 9.13.
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Figure 9.13 Example 9.3.
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and

 

The parameters Db and Ds represent the diameter of the pile at the base and shaft respectively (so that an 
under- ream can be modeled if necessary), Eb is an operative elastic modulus of the soil beneath the pile 
base (an initial estimate of which can be made using the approximate values in Figure 9.14), and Ms is a 
shaft–soil flexibility factor. Based on a large database of pile load tests, Ms values between 0.001 and 
0.0015 have been empirically determined; the analysis is relatively insensitive to this value such that 
Ms = 0.001 can usually be assumed. In order to use the hyperbolic model, the following procedure is 
therefore followed:

1 Determine Qbu and Qsu (Section 9.2);
2 Estimate Eb;
3 Determine α, β, δ, λ and η;
4 Determine a, b and c;
5 Solve Equation 9.27 for sr (this is a standard quadratic equation and may be solved using the quad-

ratic formula; only the positive root is taken).

These calculations may be input into a spreadsheet to automate the analysis. The procedure given above 
is ideal for the analysis of a foundation of known dimensions. In principle, if Qbu and Qsu are provided as 
a function of Lp, then Equation 9.27 can be used to determine the minimum pile length required to satisfy 
a certain limiting settlement in SLS design. In practice, this is difficult to do by hand; however, by using 
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a spreadsheet, an optimisation routine (e.g. Solver in Microsoft Excel) can be used to do precisely this. 
Furthermore, if a pile load test has been conducted, the known dimensions of the test pile and measured 
settlement at the applied load can be entered and the optimisation performed to back- calculate the value 
of Eb (i.e. using the pile load test as an in- situ soil test).
 Equation 9.27 applies to a rigid pile only. If the pile is compressible, there will be an additional 
amount of elastic shortening se, so that the overall pile settlement at the pile head is

  (9.28)

Fleming (1992) presented additional equations to determine se, which can account for a region (of length 
L0) at the top of the pile where a negligible amount of shaft load transfer occurs. This may be used to 
model de- bonding towards the top of the pile as a result of the construction procedure (e.g. a smooth 
steel casing used to support a bored shaft which will ultimately have a rough surface).

  (9.29)

Fleming (1992) provides discussion on the value of Ke which should be selected; for most situations, 
Ke = 0.4 is sufficiently accurate.
 The hyperbolic model has been programmed into a spreadsheet, PileHyp_CSM8.xls, which can be 
found on the Companion Website, accompanied by a comprehensive user manual. This implementation 
of the hyperbolic method additionally calculates the settlement at a range of loads from Q = 0 to 
Q = Qbu + Qsu such that the full load deflection curve for the pile can be estimated.

9.5 Piles under tensile loads

While piles are most commonly used to carry compressive loading, there are a number of situations 
where piles may be used to carry tensile loads. These include:

when used as part of a pile group supporting a structure to which horizontal or moment loading is ●●

applied;
when used as reaction piles to provide reaction for pile load tests (Section 9.6);●●

to provide anchorage against uplift forces (Section 10.2).●●

When loaded in tension it is assumed that the pile resistance is due to shaft friction alone, the base being 
lifted away from the soil beneath. In fine grained soils, there may be additional suction pressures acting 
on the pile base under undrained (rapid) loading providing some additional tensile capacity, though it is 
conservative to neglect this as far as the stability of a pile under tension is concerned.
 In undrained soil, the shaft friction is calculated using the methods described in Section 9.2 without 
modification. Figure 9.15(a) shows values of α determined from a database of tension tests on non- 
displacement piles in fine grained soils collated by Kulhawy and Phoon (1993). Equation 9.8 (which was 
developed based on pile compression tests) is also shown in this figure, from which it can be seen that 
tensile values are approximately 70% of the compression values. In coarse grained soil, the stress revers-
als that occur between installation (under compressive load) followed by loading (tensile) have a more 
significant effect on the soil at the interface of the pile, generally leading to a contraction of the soil in 
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this zone and a shaft friction which is lower in tension than in compression. De Nicola and Randolph 
(1993) proposed the following expression:

  (9.30)

where  
__

 G  is the average shear modulus of the soil over the pile length Lp, and ν its Poisson’s ratio. The 
tensile shaft resistance given by Equation 9.30 is usually 70–85% of the compressive shaft resistance for 
typical values of the soil and pile parameters. Figure 9.15(b) shows measured shaft resistance as a func-
tion of SPT resistance N60 from a database of tension tests on non- displacement piles in coarse- grained 
soils collated by Rollins et al. (2005). Equation 9.8 developed for compressive loading is also shown, 
and a 70% reduction from these values is seen to provide a good lower bound to the data (for conserva-
tive estimates of shaft resistance).
 When factoring the tensile resistance of a pile for checking the ULS, alternative partial factors are 
used in Eurocode 7. The partial fator γRT is used, the ‘T’ denoting tension (as opposed to γRC for compres-
sion from Section 9.2). The normative values, applicable to both displacement and non- displacement 
piles, are γRT = 1.25 (set R1), 1.15 (Set R2), 1.10 (Set R3) and 1.60 (Set R4).

9.6 Load testing

It is common practice in the design of piling to verify the capacity of a pile design using a load test. By 
doing this:

1 the uncertainty associated with using empirical properties in calculations (e.g. α and β) is reduced;
2 it can be verified that the proposed construction technique is acceptable and allows the integrity of 

cast- in-situ piles formed using the proposed method to be checked;
3 it can be verified that the ULS and SLS will be met by the proposed design.

Load testing may be conducted on trial piles (also known as test piles) – these are piles which are con-
structed solely for the purposes of load testing, usually before the main piling works commence. If suffi-
cient load can be applied, these piles can be tested to the ULS (i.e. failed) to verify the pile capacity, as 
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they will not subsequently be used to support the proposed structure. Load tests may also be carried out 
on working piles (also known as contract piles). These are piles that will be part of the final foundation, 
and as such will not be loaded to failure. A typical maximum load in such a test would be 150% of the 
working load that the pile will ultimately carry, allowing for the SLS to be verified with an allowance for 
possible load redistribution from other piles within the foundation.

Static load testing
Static load testing is the most common form of pile testing, and the method that is most similar to the 
loading regime in the completed foundation. Figure 9.16 shows the set- up of a static load test. A hydrau-
lic jack is used to push the pile under test into the ground (for a conventional compression test), using 
either the dead weight of kentledge (typically blocks of precast concrete or iron, Figure 9.16(a)) or a 
series of tension piles/anchors (Figure 9.16(b)) to provide the reaction. If kentledge is used, the weight 
must be at least equal to the maximum test load, though this is normally increased by 20% to account for 
variability in the predicted capacity. In the case of tension piles the tensile resistance is less easy to 
predict with certainty, so the pile or anchor system should be proof- tested before use, usually to 130% of 
the required test load. An in- line load cell is used to measure the force applied at the pile head, while the 
displacement of the pile head may be measured either using local displacement transducers or by remote 
measurement using precision levelling equipment. The former method is generally more accurate, 
though will be affected by any ground settlements around the test pile.
 Static load tests are usually conducted in one of two modes. Constant rate of penetration tests 
(CRP) are used for trial piles in which a penetration rate of 0.5–2 mm/min in compression is used to dis-
place the pile until either a steady ultimate load is reached or the settlement exceeds 10% of the pile dia-
meter (or width for a square pile). This test is essentially a very large CPT test, using the pile instead of 
the CPT probe. CRP tests may also be conducted on tension piles (the reaction piles then being loaded in 
compression, Figure 9.16(b)), in which case the penetration rate is reduced to 0.1–0.3 mm/min as the pile 
will mobilise its tension capacity at much smaller displacements than in compression.
 Maintained load tests (MLT) are used for working piles. This involves applying load to the pile 
through the jack which is then maintained for a period of time. A series of loading stages are normally 
applied as detailed below:

1 Load to 100% of the design (working) load, also called the design verification load (DVL) in 25% 
increments;

2 Unload fully in 25% increments;

(a)

Hydraulic jack

Load cell
Test pile

Kentledge

Load distribution
platform

Load distribution
beam

Tension
pile/

anchor

Test pile

Support
(timber)

(b)

Figure 9.16 Static load testing of piles: (a) using kentledge, (b) using reaction piles.
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3 Reload directly to 100% DVL, then load to 150% of the working load (also called the proof load) in 
25% increments;

4 Unload fully in 25% increments.

The settlement recorded under the proof load is used to verify that the SLS has been met for the pile. 
This settlement and the proof load may also be input into the PileHyp_CSM8.xls spreadsheet and used 
to determine the operative value of Eb to refine the serviceability calculations or for use in the design of 
similar piles on the site.
 For piles which are long, of large diameter, in strong soil, having an under- ream or with a combina-
tion of any of these features, pile load tests may not be continued to failure, due to the cost involved and/
or the relatively large settlement required. However, a number of methods of extrapolating test data to 
ultimate failure have been proposed; these methods have been summarised by Fellenius (1980). A 
popular method is that originally proposed by Chin (1970) based on the assumption of a hyperbolic 
shape to the load settlement curve. By plotting s/Q against s, the test data will tend towards a straight 
line where the gradient is 1/R, as shown in Figure 9.17. Further information on CRP and MLT testing 
and data interpretation may also be found in Fleming et al. (2009).
 The pile capacity determined from a CRP load test is an in situ measurement of the characteristic 
resistance (Rk) of the tested pile at ULS. This resistance can be used to provide an alternative value of 
the design load by appropriate factoring. In Eurocode 7 the load test result is not used directly, Rk being 
determined by dividing the average measured resistance by a correlation factor (ξ) depending on the 
number of tests. If a series of tests are undertaken, the average and minimum recorded resistances are 
factored separately and the minimum value taken as Rk, i.e.

  (9.31)

Normative values of the correlation factors are given in Table 9.5; as before, these values may be super-
seded by those published in National Annex documents.
 The values of ξ in Table 9.5 reduce with increasing numbers of tests to reflect the greater confidence 
in the derived resistance with more supporting tests. Bearing resistance should be based either on calcu-
lations validated by load tests, or on load tests alone.

Bearing resistance
Q

s s
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Figure 9.17 Interpretation of pile capacity using Chin’s method.
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Other pile testing methods
To overcome the difficulties in providing sufficient reaction for static load tests of piles which are long, 
of large diameter, in strong soils or with under- reams, alternative methods of testing have been derived. 
In dynamic tests, an impulse loading (usually from an instrumented hammer) is applied to the top of the 
pile. From analysing the wave propagation through the pile, particularly the wave reflected from the base 
of the pile, the pile capacity can be determined. In a Statnamic test, a combustion chamber filled with 
solid propellant fuel is placed between the top of the pile and a reaction mass. The test consists of ignit-
ing the fuel, which leads to explosive combustion, the high pressure gases from which drive the mass 
upwards against gravity, and the pile downwards. The acceleration imparted to the mass is usually 
between 10–20 g – as this is 10–20 times the gravity used in a conventional static test, only 5–10% of the 
maximum pile load is required as a reaction mass.
 In both of the aforementioned procedures, the stresses applied to the pile on test are very rapid, and 
dynamic effects need to be taken into account when interpreting the test data (e.g. damping in the pile 
and soil). Further information may be found in Fleming et al. (2009).

9.7 Pile groups

A pile foundation may consist of a group of piles installed fairly close together (at a spacing S which is 
typically 2D0–4D0) and joined by a slab, known as the pile cap, cast on top of the piles. The cap is 
usually in contact with the soil, in which case part of the structural load is carried directly on the soil 
immediately below the surface. If the cap is clear of the ground surface, the piles in the group are 
referred to as freestanding.

Design at ULS
In general, the ultimate load which can be supported by a group of n piles is not equal to n times the ultimate 
load of a single isolated pile of the same dimensions in the same soil. The ratio of the average load per pile 
in a group at failure to the resistance of a single pile is defined as the efficiency (ηg) of the group. In most 
fine grained soils under undrained conditions, the efficiency will be close to 1.0. In some sensitive clays, the 
efficiency may be slightly lower than this. Displacement piles in all soils will generally have efficiencies 
greater than 1.0 due to the compactive effort imparted to the soil during installation, which will tend to 
increase the shaft capacity around the piles (though the base capacity is likely to remain unchanged). For 
example, the driving of a group of piles into loose or medium- dense sand causes compaction of the sand 
between the piles, provided that the spacing is less than about 8D0; consequently, the efficiency of the group 
is greater than unity. A value of 1.2 is often used in design. It is generally assumed that the distribution of 
load between the piles in an axially loaded group is uniform. However, experimental evidence indicates that 
under working load conditions for a group in sand, the piles at the centre of the group carry greater loads 
than those on the perimeter; in clay, on the other hand, the piles on the perimeter of the group carry greater 
loads than those at the centre (see Figure 8.25 for shallow foundations).

Table 9.5  Correlation factors for determination of characteristic resistance from static 
load tests to EC7

Factor n = 1 2 3 4 5+

ξ1 1.40 1.30 1.20 1.10 1.00

ξ 2 1.40 1.20 1.05 1.00 1.00
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 As a result, verification of the ULS for a pile group can be achieved by ensuring that each individual 
pile satisfies ULS under the load which is distributed to it from the pile cap, using the methods outlined 
in Section 9.2. This is shown as Mode 1 in Figure 9.18. It can generally be assumed that at the ULS the 
piles all carry the same amount of load (= Qpg/n, where Qpg is the load carried by the group), as this dis-
tribution satisfies the lower bound theorem (provided that the pile cap is ductile enough to allow load 
redistribution to take place from the working condition). However, there is an alternative failure mech-
anism which must also be checked, known as block failure (Mode 2 in Figure 9.18). This is when the 
whole block of soil beneath the pile cap and enclosed by the piles fails as one large pier.
 The capacity of the block is determined by treating it as a single pier with length Lp and cross- 
sectional area Br × Lr as shown in Figure 9.18, using the methods outline in Section 9.2. When determin-
ing the shaft capacity, α = 1 should be used in undrained conditions while δ′ = φ′ should be used in drained 
conditions, in each case as the interface shear along the walls of the block is almost entirely soil–soil. 
As, generally, Qbu > Qsu, block failure is much more likely for closely- spaced groups of long, slender 
piles (high Lp/D0) than for widely- spaced groups of stocky piles (low Lp/D0). Block failure is also more 
likely for pile groups in fine grained soils, rather than in coarse grained soil, as Qbu/Qsu is generally 
smaller in the former case. Tests of model pile groups in clays by Whitaker (1957) and De Mello (1969) 
suggest that the failure mode does not transition to block failure until S < 2–3D0.

Design at SLS
When piles are installed in closely spaced groups, the settlement of any the piles in the group will cause 
settlement in the surrounding soil. Provided that the pile behaviour is still within the elastic range (i.e. 
below ULS), the settlement of a given pile i in the group is therefore equal to the settlement under its 
own load (Section 9.4) plus a small amount of additional settlement induced by each of the other piles in 
the group. The amount of additional settlement induced by a nearby pile j will reduce with distance from 
the pile of interest (pile i). For a group of n identical piles, the settlement of pile i is then given by

  (9.32)

where Kpile is the overall pile- head stiffness of pile i (as determined in Section 9.4), Qi is the sum of the 
actions on pile i, Qj is the sum of the actions on pile j, and αj is an interaction factor describing the influence 
of pile j on the settlement of pile i. This approach was originally presented by Poulos and Davis (1980), 

(a)

Lp

S Qpg

Qsu

Qbu

Pile cap (a)
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Figure 9.18  Failure modes for pile groups at ULS: (a) mode 1, individual pile failure, 
(b) mode 2, block failure.
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who also presented simplified design charts for αj which depended on Epi, G, Lp, D0 and S. Mylonakis and 
Gazetas (1998) presented revised interaction factors which also incorporated the reinforcing effects of adja-
cent piles, and which are therefore more accurate for use in design. These factors were defined by:

 (9.33)

As in Section 9.4, rm can be approximated by Lp. The value of Fα (also known as a diffraction factor) is 
determined using Equation 9.34 or graphically from Figure 9.19:

  (9.34)

where

 
and

 

Equation 9.34 is plotted for a wide range of possible combinations of pile properties using the para-
meters μ and Ω defined above in Figure 9.19.
 The procedure for determining the settlements and load distribution within a pile group is as follows:

1 For each pile, determine the interaction factors αj for all of the surrounding piles. This is best done in 
tabular format, making use of symmetry in the pile layout (see Example 9.4).

2 Use Equation 9.32 to form an equation for the settlement at each pile in terms of the unknown forces 
in the piles.

3 If the pile cap is perfectly flexible, the total load carried by the group will be equally distributed amongst 
the piles in the group. These known pile loads are then used in the equations from step (2) to determine 
the maximum possible settlements of each pile (as the pile cap will in reality have some stiffness).

4 If the pile cap is perfectly rigid, the settlements of each of the piles will be the same. This condition can 
be used with the equations from step (2) to determine the load distribution amongst the piles in the 
group.

Steps (3) and (4) represent the two extreme cases of pile cap flexibility. In reality, the finite stiffness of 
the pile cap will mean that the settlements of and loads carried by each pile will be somewhere between 
those calculated in steps (3) and (4). The foregoing approach to analysis is therefore very useful in pro-
viding bounds on the pile responses which can be used in design.
 To determine the actual pile settlements and load distribution, a more advanced version of the analy-
sis presented above must be undertaken using commercially available computer software which includes 
the pile cap, modelled as an elastic beam. Furthermore, the interaction factors described by Equation 
9.34 are only applicable for piles in a uniform soil with G constant with depth, and Equation 9.32 is only 
valid if the piles are identical. Computer- based approaches can account for more complex variations of 
stiffness with depth, as well as large groups (with many tens or even hundreds of piles), irregular layouts 
and different length piles within the group.
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Figure 9.19 Diffraction coefficient Fα (after Mylonakis and Gazetas, 1998).

Example 9.4

A 4 × 2 pile group is formed from eight of the piles considered in Example 9.3. The pile group 
carries a total load of 40 MN, and the piles are spaced at 5D0 (centre tocentre). Determine the 
settlement of each of the piles in the group.

Solution
From symmetry considerations, the four corner piles in the groups will settle identically, as will 
the four central piles. Therefore, calculations only need to be conducted for these two piles 
defined as pile type A (corner) and pile type B (centre). To apply Equation 9.32, the interaction 
factors must be found. From Equation 9.34,

 
and
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so μLp = 0.018 × 21.5 = 0.39 and Fα = 0.75. Then, to use Equation 9.33, the pile- to-pile spacing 
between each pair of piles must be found for piles A and B as shown in Figure 9.20. The inter-
action factors can then be found and used in Equation 9.32. The calculations for piles A and B are 
shown in Tables 9.6 and 9.7, respectively, from which

 

 

If the pile cap is perfectly flexible, then QA = QB = 40/8 = 5 MN. From Example 9.3, an individual 
pile settles 13.6 mm under this load, so Kpile = 5/0.0136 = 385 MN/m. Inserting these values into 
the foregoing equations gives sA = 42 mm and sB = 47 mm.
 If the pile cap is perfectly rigid then sA = sB, giving 0.48QA = 0.86QB, or QA = 1.79QB. From 
equilibrium, 4QA + 4QB = 40 MN. Substituting QA into this expression gives QB = 3.58 MN and 
QA = 6.42 MN, and sA = sB = 44 mm.
 It should be noted that, irrespective of the flexibility of the pile cap, the settlement of a group 
of eight piles is very much larger than the settlement of a single pile under the same nominal load 
(from Example 9.3). When designing pile groups, the individual piles must therefore be designed 
to be very stiff, particularly when n is large.
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Figure 9.20 Example 9.4.

Table 9.6 Example 9.4 – calculations for pile type A

Pile type: A Effect of pile . . .

j = 1 2 3 4 5 6 7 8

S/D0 0 5 10 15 5 7.1 11.2 15.8

αj N/A 0.44 0.30 0.22 0.44 0.36 0.28 0.20

Qj QA QB QB QA QA QB QB QA

Notes: Pile i
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9.8 Negative skin friction

Negative skin friction can occur on the perimeter of a pile driven through a layer of clay undergoing 
consolidation (e.g. due to a fill recently placed over the clay) into a firm bearing stratum (Figure 9.21). 
The consolidating layer exerts a downward drag on the pile, and therefore the direction of skin friction in 

Table 9.7 Example 9.4 – calculations for pile type B

Pile type: B Effect of pile . . .

j = 1 2 3 4 5 6 7 8

SD0 5 0 5 10 7.1 5 7.1 11.2

αj 0.44 N/A 0.44 0.30 0.36 0.44 0.36 0.28

Qj QA QB QB QA QA QB QB QA

Notes:  Pile i

Fill

Layer undergoing
consolidation

Bearing
stratum

Qsu

Qbu

Figure 9.21 Negative skin friction.
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this layer is reversed. The force due to this downward or negative skin friction is thus an additional 
action (and factored accordingly) instead of helping to support the external load applied at the head of 
the pile. It is conservative to assume that the whole consolidating layer applies negative skin friction and 
only the soil below contributes to the resistance of the pile, though in reality the cross- over point 
between negative and positive skin friction (also called the neutral plane) will occur within the consoli-
dating soil, where the settlements of the soil and the pile are equal. Negative skin friction increases grad-
ually as consolidation of the clay layer proceeds, the effective overburden pressure σ′v 0 gradually 
increasing as the excess pore water pressure dissipates. Equation 9.10 can also be used to represent 
negative skin friction. In normally consolidated clays, present evidence indicates that a value of β of 0.25 
represents a reasonable upper limit to negative skin friction for preliminary design purposes. It should be 
noted that there will be a reduction in effective overburden pressure adjacent to the pile in the bearing 
stratum due to the transfer of part of the overlying soil weight to the pile; if the bearing stratum is sand, 
this will result in a reduction in bearing capacity.

1 Deep foundations derive their resistance from a combination of end- bearing at 
the base of the piles and shaft friction along their length. They are 
advantageous when large concentrated loads are applied by the structure, or 
when the soil near the ground surface is unsuitable for shallow foundations. 
Pre- formed piles may be installed by driving or jacking, displacing the 
surrounding soil. Alternatively, piles may be cast from reinforced concrete in- situ 
into a pre- formed hole (non- displacement piles).The method of installation and 
construction procedure has a large influence of the soil–shaft interface and, 
consequently, on the shaft capacity.

2 At ULS, the base capacity of a deep foundation is determined using modified 
versions of the bearing capacity equations from Chapter 8. Shaft capacity 
depends on the pile–soil interface friction, and may be determined using the 
α- method (undrained conditions) or β- method (drained conditions). Pile capacity 
may also be determined directly from SPT or CPT data, or from pile load tests 
taken to failure on trial piles. At SLS, pile settlement may be determined 
computationally using the T–z method or the hyperbolic method. In the former 
case, elasticity theory may be used to define pile–soil stiffness (though more 
sophisticated non- linear relationships are available in the literature), and 
complex problems may be solved using a finite difference scheme. Pile load tests 
on working piles may be used to verify SLS calculations.

Summary

Problems

9.1 A single square precast concrete pile of 0.5 × 0.5 m in cross- section, and of length 10 m, is driven 
into dry loose sand. The soil has unit weight γ = 15 kN/m3, φ′ = 32° and c′ = 0. Along the pile–soil 
interface, it may be assumed that K = 1 and δ′ = 0.75φ′. Determine the characteristic resistance of the 
pile and the allowable design load (permanent) on the pile under EC7 DA1b. Hence, determine 
the equivalent overall factor of safety that has been designed into the pile by using the EC7 design 
framework in this case.
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9.2 A bored concrete pile (unit weight 23.5 kN/m3) with an enlarged base is to be installed in a stiff clay, 
the characteristic undrained strength increasing with depth from 80 kPa at the ground surface to 
220 kPa at 22 m and then remaining constant below this depth. The saturated unit weight of the clay 
is 21 kN/m3. The diameters of the pile shaft and base are 1.05 and 3.00 m, respectively. The pile 
extends from a depth of 4 m to a depth of 22 m, the top of the under- ream being at a depth of 20 m. 
Determine the design load of the pile under shortterm conditions if the pile is to satisfy ULS to EC7 
DA1a.

9.3 The turbines for a new offshore windfarm are to be installed using 1.5 m (outside) diameter steel 
tubular monopiles which are driven into the seabed. The soil at the site is a soft normally consoli-
dated (NC) clay with cu = 1.5z (kPa), where z is the depth below the seabed, and saturated unit 
weight of 16 kN/m3. The turbine superstructure has a total mass of 236 tonnes above the seabed, and 
the plugged monopile can be assumed have the same mass as the volume of soil it displaces. Deter-
mine the minimum length of the monopile required to support the turbine safely under short- term 
conditions according to Eurocode 7, using Design Approach DA1b.

9.4 For the situation described in Problem 9.3, determine the minimum length of the monopile required 
to support the turbine safely under long- term conditions according to Eurocode 7, using the same 
design approach. The clay has φ′ = 24°, δ′ = φ′ – 5°.

9.5 A series of four static pile load tests has been conducted in a stiff heavily overconsolidated clay as 
part of the foundation design for a major new airport structure. The bored concrete piles are 39 m 
long and 1.05 m in diameter. The load penetration data are shown in Figure 9.22. Early on in the 
design process, only test 1 had been completed. Determine the characteristic resistance of the pile 
design using only data from test 1. Subsequently, three additional tests were conducted, which failed 
at slightly lower loads. Using all of the data in Figure 9.22, determine the revised characteristic 
resistance of the pile design.
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Figure 9.22 Problem 9.5.
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9.6 A single closed-ended steel tubular pile of outer diameter 0.4 m and wall thickness 5 mm is driven 
8 m into soil consisting of 5 m of loose sand over a thick layer of medium dense sand. The water 
table (WT) is 1.5 m below the ground surface. The upper layer of sand has unit weight γ = 16 kN/m3 
above the WT and γ = 17.9 kN/m3 below the WT, φ′ = 31°, and c′ = 0. The lower deposit of sand has 
γ = 20.5 kN/m3, φ′ = 40° and c′ = 0. Along the pile–soil interface, it may be assumed that K = 1.2K 
(1–sin ϕ)0 and δ′ = 0.75φ′, and the pile may be assumed to be weightless. Determine the characteris-
tic shaft and base resistances of the pile. Hence, if the base stiffness Eb = 2 × 105 kPa and Ms = 0.001, 
determine the settlement at the pile head under an applied vertical load of 600 kN using the hyper-
bolic method.

9.7 At a particular site, the soil profile consists of a layer of soft clay underlain by a depth of sand. The 
values of standard penetration resistance at depths of 0.75, 1.50, 2.25, 3.00 and 3.75 m in the sand are 
18, 24, 26, 34 and 32, respectively. Nine precast concrete piles, in a square group, are driven through 
the clay and 2 m into the sand. The piles are 0.25 × 0.25 m in section, and are spaced at 0.75-m centres. 
The pile group supports a permanent load of 2 MN and an imposed load of 1 MN. Neglecting skin fric-
tion in the clay, determine whether the ULS is satisfied according to Eurocode 7 (DA1a).

9.8 A 3 × 3 pile group consists of nine solid circular concrete piles with Ep = 30 GPa, 300 mm in diameter 
and 7.6 m long installed in firm clay, for which G = 9.6 MPa, ν  = 0.25, both of which are constant 
with depth. The piles are spaced at 1.5 m centre- to-centre, and the group is to carry a vertical 
working load of 4.5 MN. A load test conducted on one of the piles gave 15-mm settlement at 500-kN 
applied load. Treating the pile cap as flexible, determine the settlement of each pile in the group.
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Understand how piles and shallow foundations may be used as elements of 
larger foundation systems, including pile groups, rafts, piled rafts and deep 
basements, and be able to design such systems;

2 Design shallow and deep foundation elements which are subjected to combined 
loading (vertical, horizontal, moment), using limit analysis techniques (ULS) and 
elastic solutions (SLS), within a limit- state design framework.

Chapter 10

Advanced foundation topics

10.1 Introduction

The foundation elements that have been explored in Chapter 8 (shallow foundations) and Chapter 9 
(piles and pile groups) are not always used in isolation. Indeed, Figure 8.1 shows a simple structure in 
which two adjacent strip footings are used to support the columns on either side of a structure. Design of 
the individual foundation elements will still require the use of the techniques described in Chapters 8 and 
9; however, the load- sharing between the different elements of the system must also be considered, 
either to derive the loading conditions for design of the individual elements, or for determining any 
modificationstotheelementresponseduetoitsincorporationinthesystem.Section10.2willconsider
the performance of a range of different foundation systems under vertical load.
 A second key factor is that while most foundations exist mainly to carry vertical load, there are certain 
applications inwhich significant horizontal ormoment loadingmay be applied to the foundation, in
addition to the vertical load. Indeed, Figure 8.1 showed only vertical actions acting on the foundation 
system;theremay,however,behorizontalactionsduetowind-loadingactingonthesideofthestruc-
ture.Thiswillclearlyaddahorizontalactiontothefoundation;ifthecolumnsofthestructurebendasa
result of the loading, then bending moments may additionally be applied at the column- footing connec-
tion and rotation of the structure may transfer additional vertical loading onto the foundation elements. It 
is therefore necessary to understand how combinations of actions influence the stability (ULS) and
movements(SLS)ofafoundation.
 Inmost building structures the horizontal andmoment actions are small compared to the vertical
loads,anddonotneedtobeconsideredexplicitlyindesign.Exampleswheretheremaybesignificant
horizontalandmomentactionsinclude:
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foundations for wind turbines and electricity distribution towers;●●

coastal and offshore foundations;●●

foundation elements used for anchoring (e.g. to carry the tension of a suspension bridge cable which ●●

is applied at an angle to the foundation);
seismic actions on any foundation.●●

Section 10.3 will develop the limit analysis techniques from Chapter 8 to consider the stability of
shallowfoundationsundercombinedloading(ULS),andpresentnewelasticsolutionsfordetermining
foundationdisplacementsundersuchloading(SLS).Section10.4willthenconsiderdeepfoundationsat
bothULSandSLS.

10.2 Foundation systems

Consider a building structure with a large plan area (footprint). There are a number of possible found-
ationdesignswhichmightbeconsidered(shownschematicallyinFigure10.1),including:

individual pad footings underneath each column;●●

adjacent strip footings, each supporting a row of columns;●●

a single shallow foundation extending over the whole footprint (raft);●●

individual piles beneath each column (the columns may be cast directly into the top of the piles – this ●●

is known as plunge column construction);
a ●● piled raft, where the foundation consists of piles connected by a raft acting as the pile cap.

There are advantages and disadvantages to each of the aforementioned foundation systems, though it 
willgenerallybepossibletoproduceafoundationwhichsatisfiesbothULSandSLSrequirementsusing
anyofthem,selectionofthefinaldesignbeingbasedoncostandpracticalissuesrelatingtoconstruc-
tion. This section will explore some of the issues related to these different foundation systems. In design-
ing foundation systems for large- area or long- span structures (e.g. bridges), the serviceability criteria 
tend to relate less to the gross settlement of the individual foundation elements and more towards the 
differential settlements,Δ,betweendifferentpartsofthestructure.Thisisallthemoreimportantifthe
ground properties are very variable over the footprint of the structure. Damage due to differential settle-
ments will therefore also be discussed in this section, including tolerable limits for various classes of 
structure.

Differential settlement and structural damage
Damageduetodifferentialsettlementmaybeclassifiedasarchitectural,functionalorstructural.Inthe
caseof framedbuildingstructures, settlementdamage isusuallyconfined to thecladdingandfinishes
(i.e. architectural damage); such damage is due only to the settlement occurring subsequent to the appli-
cationofthecladdingandfinishes.Insomecases,structurescanbedesignedandconstructedinsucha
way that a certain degree of movement can be accommodated without damage; in other cases, a certain 
degree of minor damage may be inevitable if the structure is to be economic. It may be that damage to 
services, and not to the structure, will be the limiting criterion. Based on observations of damage in 
buildings, Skempton andMacDonald (1956) proposed limits for maximum differential settlement at
which damage could be expected, and related maximum settlement to angular distortion, βd. The 
angular distortion (also known as relative rotation) between two points under a structure is equal to the 
differential settlement between the points divided by the distance between them (and is therefore dimen-
sionless),asshowninFigure10.2.Nodamagewasobservedwheretheangulardistortionwaslessthan
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1/300.AngulardistortionlimitsweresubsequentlyproposedbyBjerrum(1963)asageneralguidefora
numberofstructuralsituations; thesearegiveninTable10.1.It isrecommendedthat thesafelimit to
avoidcrackinginthepanelwallsofframedstructuresshouldbe1/500.Structuresmayalsotilt as well 
asangularlydistorting(Figure10.2),and thismustalsobeminimised indesign.Tilt limitshavebeen
collatedbyCharlesandSkinner(2004)asageneralguideforanumberofstructuralsituations;theseare
given inTable 10.2.Angular distortion and tilt can be determined as shown in Figure 10.2 once the
settlement at each point of the foundation system is known.

(c)

(a) (b)

(d)

Figure 10.1  Foundation systems: (a) pads/strips, (b) raft, (c) piled (plunge column), 
(d) piled raft.
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Figure 10.2 Differential settlement, angular distortion and tilt.



 

Applications in geotechnical engineering

368

 ThebelltoweroftheCathedralofStMaryoftheAssumptioninPisa,Italy(colloquiallyknownas
the‘LeaningTowerofPisa’)isarguablythemostfamousexampleofastructuresufferingfromexces-
sivetilt(Figure10.3).Priortostabilisationworksin1990thetiltwas5.5°(approx.1/10).Thesevalues
are significantly larger than the limiting value of 1/250 (the tilt is certainly noticeable!) and the 1/50
interventionlimitfromTable10.2.Thisoccurredduetodifferentialsettlementinthehighlycompress-
iblesoilbeneaththetower.Thefoundationsystemcandefinitelybeclassifiedashavingfailedtomeet
serviceabilitycriteria,asconstructionoftheupperlevelshadtobemodifiedtopreventfurthertiltand
thestructurenowhasadistinctivecurve.Stabilisationwasachievedbygeotechnicalengineerscarefully
removing soil from beneath the higher side of the foundation, causing the tower to rotate back towards 
verticalsuchthatthetoweriscurrentlyat4°tothevertical(atiltofapproximately1/15).
 Basedonaprobabilisticstudyofover300steelandreinforcedconcreteframedbuildingswitharangeof
foundationtypeshavingminordamagetovaryingdegrees,ZhangandNg(2005)suggestedlimitingtoler-
ableangulardistortionsof1/360.Inthesamestudytheyalsoconsideredover400steelandreinforcedcon-
cretehighwaybridgestructuresofsimplysupportedorcontinuousconstruction,findinglimitingtolerable
angulardistortionsoveranindividualspanof1/160forsteelbridgesand1/130forconcretebridges.
 The approach to settlement limits given above is empirical, and is intended to be only a general guide 
for simple structures. A more fundamental damage criterion is the limiting tensile strain at which visible 
cracking occurs in a given material. This is particularly important for masonry structures (either those 
with load-bearingmasonrywalls or framed structureswithmasonry infillwalls).Burland andWroth
(1975) presented a semi-empirical analysis for such structures, considering the masonry wall as an
elastic deep beam in bending. They considered two limiting modes of failure within the masonry, namely 
bending (where tensile cracking starts at the extreme edge of the wall) and shear (where diagonal tension 
crackingoccurs),asshowninFigure10.4.Caseswherethesettlementwashighestaroundthecentreof
the building (sagging mode) and around the edge of the building (hogging mode) were considered. The 
tensile strain induced in bending is given by

Table 10.1 Angular distortion limits for building structures

1/150 Structural damage of general buildings expected

1/300 Cracking in panel walls expected

Difficulties with overhead cranes

1/500 Limit for buildings in which cracking is not permissible

1/600 Overstressing of structural frames with diagonals

1/750 Difficulties with machinery sensitive to settlement

Table 10.2 Tilt limits for building structures

1/50 Building is likely to be structurally unsound, requiring urgent re-levelling or demolition

1/100 Floor drainage may not work, stacking of goods dangerous

1/250 Tilting of high-rise buildings (e.g. chimneys and towers) may be visible

1/333 Difficulties with overhead cranes

1/400 Design limit value for low-rise housing

1/500 Maximum limit for monolithic concrete tanks

1/2000 Difficulties with high racking in warehouses

1/5000 Maximum limit for machine foundations (e.g. power station turbines)
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 (10.1a)

in sagging, and

 (10.1b)

inhogging.InEquation10.1,Lw and Hwarethedimensionsofthewall(Figure10.4),EistheYoung’s
modulus of the masonry and G itsshearmodulus.FromEquation5.6,E/G=2(1+ν)≈2.6formasonry
(ν≈0.3).Intheshearmodeoffailure,thelimitingtensilestrainisgivenby

 (10.2a)

Figure 10.3  The ‘Leaning Tower of Pisa’: an example of excessive tilt (image courtesy 
of Guy Vanderelst/Photographer’s Choice/Getty Images).
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in sagging, and

 (10.2b)

inhogging.Figure10.4showsdamageobservedforadatabaseofstructureswithloadbearingwallsin
whichthedifferentialsettlementswereinbothsaggingandhoggingmodes.Equations10.1and10.2are
also plotted for the case of εt=0.075%.Thisvalueoflimitingstrainapproximatelyseparatesthecasesof
no damage from slight and severe damage. It can be seen that at low values of Lw/Hw shear is the critical 
mechanism(lowestΔ/L), while for high values of Lw/Hw bending becomes the controlling failure mech-
anism. The aspect ratios at which there is a change in failure mode are Lw/Hw=0.6and1.3forsagging
andhogging,respectively.Alsoplottedinthisfigurearethelimitingvaluesderivedempiricallyinasep-
aratestudybyPolshinandTokar(1957).
 Figure 10.5 shows similar comparisons for framed structures which almost always behave in a
sagging mode. As before, εt=0.075%divides‘nodamage’from‘slightdamage’,whileεt=0.25%divides
‘slight’ and ‘severe’ damage. This latter result is particularly noteworthy, as this limiting strain is
approximately equal to the limiting tensile strain at failure for masonry/concrete.
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Figure 10.4 Damage to load- bearing masonry walls (after Burland and Wroth, 1975).
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Pad/strip foundation systems
Whenpadsorstripsaresituatedclose together, theymay interactwitheachother.AtULS this inter-
actionisalwaysbeneficial,thecapacityofadjacentfootingsbeinglargerthanthatofanisolatedfooting.
In coarse- grained soil there will be negligible interaction for S>3B (φ′=30°)toS>5B (φ′=40°),whereS 
is the centre-to-centre spacing, as demonstrated by Stuart (1962) and Kumar and Ghosh (2007). In
undrainedsoil,GourvenecandSteinepreis (2007) showed that thebeneficial interaction reducesmore
rapidly with spacing, with the footings having the same capacity as isolated footings for S > B. Therefore, 
for ULS design of pad/strip foundation systems, the critical condition that must be checked is the
stability of the isolated footings within the system.
 AttheSLS,theeffectsofinteractionaredetrimental,withadjacentfootingsincreasingtheoverallsettle-
mentofthefoundation,muchasforpilesactinginagroup(Section9.7).Thereislittleinformationonthis
in the literature, and no interaction factors comparable to those described by Equation 9.33 for piles.
However,Lee et al. (2008)recentlypresentedamethodbasedonSchmertmann’sstraininfluencediagram
andCPTdata(seeSection8.8).Inthecaseoftwoadjacentidenticalfootingswithedge-to-edgespacingSe,

 (10.3)

replacesEquation8.70,withzfp and Izpremainingunaltered(determinedusingEquations8.71and8.69
respectively). For the case of three identical adjacent footings with equal edge- to-edge spacing between 
each foundation, zf0 for the central foundation is found using

 (10.4)

withtheedgefoundationsbeinganalysedusingEquation10.3.Thesevaluesarethenusedtoconstructa
newstraininfluencediagramfromwhichthesettlementcanbedeterminedfromCPTdata,asdemon-
stratedinExample8.6.
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Figure 10.5 Damage to masonry infill walls in framed structures.
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Raft foundation systems
AsshowninFigure10.1(b),araftisashallowfoundationwithalargebreadthtothicknessratio(Br/tr) 
whichextendsunder thewhole structure.Unlike forpad/strip foundation systemsconsideredprevi-
ously, where differential settlement occurs across the structure due to interaction between the adjacent 
footings, in a raft the large Br/trmakestheraftflexiblesuchthatthesettlementwillincreasetowards
thecentreoftheraft.ThiseffectcanbeseeninTable8.6,wheretheinfluencefactorismuchhigherat
thecentreofaperfectlyflexibleareathanatthecorner.This,however,representsanextremecase,asthe
bending stiffness of the raft will help to reduce the differential settlement. Horikoshi and Randolph 
(1997) detemined the maximum differential settlement between the centre and edge of rafts of various 
stiffnessesforuseinSLSdesign,whichareshowninFigure10.6asafunctionofthenormalisedraft–
soil stiffness Krs given by

 (10.5)

whereparameterswithasubscript‘r’relatetotheraftandthosewithasubscript‘s’relatetothesoil.It
should be noted that with Krs=0thenormaliseddifferentialsettlementsarethesameasthosecomputed
using themethods fromSection8.6 (flexiblecase). Itcanbeseen fromFigure10.6 thatas the raft is
made stiffer, the differential settlement is greatly reduced. To make the most of this effect cellular rafts 
may be used, which contain voids in the raft to allow the raft to be thicker for the same foundation 
weight (and therefore cost). By increasing tr, Krs isincreasedfromEquation10.5,reducingdifferential
settlements.
 Horikoshi and Randolph (1997) also presented results for the maximum bending moment, Mmax, 
induced in the raft (at its centre) to allow the foundation to be designed structurally; these were found to 
be dependent on the aspect ratio when plotted as a function of Krs, and values for Lr/Br=1.0(square)and
Lr/Br=10(≈strip)aregiveninFigure10.7asafunctionofqLr

2, where q is the average pressure applied 
totheraft,asinSection8.6.
 Fordesignat theULS, the raft is treatedas a shallow foundationusing theapproachesdetailed in
Sections8.3and8.4.
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Figure 10.6  Normalised differential settlement in rafts (after Horikoshi and Randolph, 
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Figure 10.7  Normalised maximum bending moment at the centre of a raft (after 
Horikoshi and Randolph, 1997).

Example 10.1

A raft foundation is to be used to support a buildingwith a footprint of 20×20m applying a
bearingpressureof100kPaonsandysoilwithE′=30MPaandν′=0.3.The raft is tobe1.5m
thick and made of concrete (E=30GPa, ν=0.15). Determine the differential settlement and
angulardistortionbetweenthecentreandedgeoftheraft:
a treatingtheraftasflexible;
b accountingfortheactualflexuralstiffnessoftheraft.
If sensitive internal load- bearing masonry walls run through the centre of the foundation across 
its width, determine whether they will be damaged.

Solution
a Iftheraftisflexible,itmaybeanalysedfollowingtheprinciplesoutlinedinSection8.6.The

settlementatthecentrecanbefoundusingEquation8.53withIs=1.12(Table8.6):

 
 Tofindthesettlementattheedge,thefootprintisdividedintotworectangularareasasshown

inFigure10.8(eachhavingL/B=2,B=10mandIs=0.76),andtheprincipleofsuperposition
employed:

 
 Therefore, the differential settlement Δ=68–46=22mm, giving an angular distortion of

βd=0.022/10=2.2×10–3(approximately1/500).



 

Applications in geotechnical engineering

374

Piled foundation systems
As described in chapter 9, piles may be used individually (e.g. a single monopile beneath a wind turbine, 
ortosupportaplungecolumninabuildingstructure)oringroups.Smallgroupsofpilesmaybeusedto
support point loads from the structure (e.g. from columns) as an alternative to the plunge column 
approach, and these groups would typically be interconnected by ground beams to provide some addi-
tional stiffness against differential settlement. If the loading is uniformly distributed over the footprint of 
the structure, a raft is often a good option; however, as described above, the differential settlements in a 

b FromEquation10.5,

 

 Then,fromFigure10.6,Δ/savg≈0.06.Aconservativeestimateof theaveragesettlementcan
befoundusingEquation8.53withIs=0.95(flexible,average):

 

 so that Δ=0.06×58=3.5mm, giving an angular distortion of βd=0.0035/10=0.35×10–3 
(approximately1/1400).

TheloadbearingwallsareshowninFigure10.8.Asthecentralsettlementislargerthanthatat
the edge, thewallsbehave in a saggingmode.FromFigure10.4, thewallswouldbe severely
damaged using the prediction in (a) but not in (b), showing the importance of accounting for 
actualraftstiffnessinSLSdesign.

10 m

Masonry walls
(load bearing)

20 m

Figure 10.8 Example 10.1.
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raftcanbelargeiftheraftisrelativelyflexible(lowKrs). In some circumstances it may be more effective 
or economical to reduce the differential settlements of the raft by installing piles underneath, rather than 
trying to increase Krs. The resulting foundation is known as a piled raft, and differs slightly from a pile 
group as the plan area of the pile cap (the raft) is very large compared to the length of the piles (Br >> Lp), 
such that the raft can play a more important role in the overall behaviour of the foundation.
 The overall stiffness of a piled raft (Kf ) arises due to a combination of the vertical stiffness of the raft 
(Kr) and vertical stiffness of the piles acting as a group (Kpg).Randolph(1983)proposedthat

 

 (10.6)

where

 (10.7)

for piles uniformly distributed below the raft at centre- to-centre spacing of S. As a result of the pile- to-
pileinteractiondescribedinSection9.7,thestiffnessofagroupofn piles will be lower than the com-
bined stiffness of n individual piles. Rather than have to undertake the laborious calculations detailed in 
Section 9.7 for large numbers of piles in piled rafts, the overall group stiffness can be approximated
using

 

where ηgisthepilegroupefficiency.IthasbeenshownbyButterfieldandDouglas(1981)that

 

where episavaluetypicallyintherange0.5–0.6,suchthat

 (10.8)

The stiffness of the individual piles (Kpile)isdeterminedusingthemethodsoutlinedinSection9.4.For
large piled rafts, the raft can be assumed to be very flexible such thatKr can be estimated using the 
methodsoutlinedinSection8.6(usingIs values for average conditions).
 The total load carried by the foundation (Qf ) will be distributed between the raft (Qr) and the group of 
piles (Qpg) according to

  (10.9)

and

 (10.10)
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As an example, a square piled raft of dimensions Br×Br is considered resting on uniform soil (G constant 
withdepth). If thepilesareconsidered tobe rigidandcircular, then, fromEquations9.17a,9.22and
9.23,

 
FromEquation8.53,usingIs=0.95(averagesettlement,square),

 

These expressions for Kpile and Kr are then usedwithEquation 10.7 and 10.8 inEquation 10.6, from
which it can be found that the foundation stiffness is a function of Lp/D0 (pile slenderness), S/D0 (normal-
ised pile spacing), n, Br/Lp (which describes the overall geometry of the piled raft) and GLp/(1 – ν). If the 
foundation stiffness Kf is then expressed in terms of the stiffness of the non- piled raft (i.e. Kf/Kr), then 
thelatterparametercancels.Figure10.9(a)plotstheratioKf/Kr as a function of Br/Lp for Lp/D0=25,S/
D0=5,ep=0.6andν=0.5 (i.e.undrainedcase). It canbe seen that for ‘small’pile rafts (Br/Lp < 1) the 
stiffness of the foundation is dominated by the stiffness of the grouped piles – these cases are essentially 
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Figure 10.9  Vertical stiffness and load distribution in a square piled raft (Lp/D0 = 25, 
S/D0 = 5, ν = 0.5).
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thepilegroupsthatwereconsideredinSection9.7,wherethepilecaphasverylittleinfluenceoverthe
stiffnessofthefoundation.For‘large’piledrafts(Br/Lp > 1), the stiffness of the foundation approaches 
thestiffnessoftheraft,suchthatthepilesarebeingveryinefficient(thiswouldrepresentaverycostly
foundationdesign).Figure10.9(b)showstheloadcarriedbytheraftandthepilescalculatedusingEqua-
tions10.9and10.10,whereitcanbeseenthatforthesmallraftsthepilescarrythemajorityoftheload,
while the reverse is true for the larger piled rafts.
 Although it is clear form the forgoing discussion that piled rafts are stiffer than non- piled rafts, and 
will therefore have lower average (gross) settlements, their main advantage is that the piles reduce the 
differential settlement within the foundation. As this settlement is highest at the centre of the foundation 
(Figure10.6),itisoftenonlynecessarytoincludepilesbeneaththecentralareaoftherafttocompensate
(provided that the gross settlement is acceptable without piling the whole raft). This is shown in Figure 
10.10.Anapproximatedesignprocedurethenbecomes:

1 Determine the differential settlement of the raft (without any piles).
2 Addasmallpilegrouptothecentreoftheraft,calculateitsverticalstiffness(Kpg) and determine the 

loaddistributionbetweentheraftandthegroupofpiles(Equations10.9and10.10).
3 DeterminethesettlementofthegroupofpilesundertheloadQpg(Section9.7).
4 Re-evaluatethedifferentialsettlementbetweentheexterioroftheraft(governedbyraftbehaviour,set-

tlementfromstep1)andthecentreoftheraft(governedbythepilebehaviour,settlementfromstep4).
5 Ifdifferentialsettlementisstilltoohigh,increasethenumberofpilesatthecentreandrepeatsteps2–5.

Usuallyonlyasmallfractionoftheraftareaaroundthecentreofthefoundationneedstobesupported
by piles for differential settlements to be acceptable. In this way, an efficient/optimised design is
achieved where piles are only added in areas where they are most effective.

D

Non-piled raft (large differential settlement):

Optimised piled raft:

Figure 10.10 Minimisation of differential settlements using settlement- reducing piles.



 

Applications in geotechnical engineering

378

Deep basements
Deep basements are used when a structure is to have additional usable space below ground level. They 
are often used in the foundations of tall buildings where the space may be used to create underground car 
parks or retail space, or as stations for underground mass- transit systems. They can therefore be very 
efficient,actingsimultaneouslyasafoundationandasusablespace.Indesign,adeepbasementistreated
as a deeply embedded cellular raft; if required, piles may also be added below the basement to provide 
additionalload-carryingcapacityatULSortoreducegross/differentialsettlementatSLS.Thewallsofa
basementmustalsobedesignedtoresistthehorizontalearthpressuresfromthesurroundingsoilatboth
ULSandSLS;thisisaddressedinChapter11.Asdeepbasementsnormallyincludeasignificantamount
of empty space, the total weight of the basement may be less than the weight of the soil that was 
removed to create it. In saturated ground with a high water table, the basement can then become buoyant 
– a failure mode known as uplift.
 VerificationoftheULSrelatingtoupliftinvolvesensuringthatthetotalverticalforce(mainlydueto
self weight) acting downwards on the basement is greater than the uplift force due to the pore water 
pressure (U ), i.e.

 (10.11)

InallofthepreviousULSdesigncalculationsinthisandtheprevioustwochapters,geotechnical(GEO)
or structural (STR)modesof failure havebeen considered, for eachofwhich it has beenpossible to
definearesistance(Rk). Incontrast,uplift (UPL) isanexampleofa failuremoderelating toa lossof
overall equilibrium between two sets of actions (Q and U ) requiring a different approach to partial fac-
toring. In EC7, loads that are favourable act to stabilise the construction, while unfavourable loads act to 
destabilisetheconstruction.Table10.3givesthenormativevaluesrecommendedbyEC7fortheULSof
uplift.
 IfEquation10.11cannotbesatisfiedunder theweightof the structureandbasement, tensionpiles
(Section9.5)orgroundanchors(Section11.8)maybeincorporatedtoprovideanadditionalpermanent
stabilising action. It should be noted that interface friction between the walls of the basement and the soil 
is usually ignored (which is conservative).

Table 10.3  Partial factors on actions for verification of ULS against uplift according to 
EC7

Action (Q, U) Symbol Value

Permanent unfavourable action γA,dst 1.00

Variable unfavourable action γA,dst 1.50

Permanent favourable action γA,stb 0.90

Example 10.2

An underground bookstore is to be constructed as part of a library extension. The store is a box- 
typestructurewithouterdimensionsof20×20m inplanand10mdeep.Thewall thickness is
0.5mthroughout,andtheconcretehasaunitweightof24kN/m3. The upper surface of the store 
roof is 2m below ground level, and the surrounding soil has γ=19kN/m3. Determine the 
minimumdepthofthewatertablebelowthegroundsurfaceatwhichtheULS(uplift)issatisfied:
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a immediately after construction when the store is empty;
b during service,when half of the store’s internal volume is filledwith books having a unit

weightof3.5kN/m3.

If the water table can rise to the ground surface, determine the additional restraining force that 
tensionpileswouldneedtoprovidetosatisfytheULS.

Solution
a Thevolumeoftheconcreteinthebookstoreis(20×20×10)–(19×19×9)=751m3. The 

vertical load due to the concrete is therefore 751×24=18024kN=18.0MN. Theweight
of the soil above the roof of the store is (20×20×2)×19=15200kN=15.2MN. If the
water table is at a depth z below the ground surface, then the pore water pressure acting 
on the base of the store is u = γw(10+2–z) = 117.7 – 9.8zkPa, giving an uplift force of
U=47.1–3.9zMN.

  The vertical actions from the concrete and soil weights are permanent favourable actions 
(hence factored by γA,stb=0.90 from Table 10.3), while the uplift forceU is a permanent 
unfavourable action (γA,dst=1.00).Therefore,applyingEquation10.11gives:

 

b Theinternalvolumeofthestoreis(19×19×9)=3249m3, so that the additional vertical force 
duetothebooksis0.5×3249×3.5=5686kN=5.7MN.Equation10.11thenbecomes:

 

 From the answers to (a) and (b), the immediate condition after construction when the applied 
loads are lower is more critical (the reverse of bearing failure). Defining the additional
restraining force by T, if the water table rises to the surface, z=0 and Equation 10.11
becomes:
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10.3 Shallow foundations under combined loading

Most foundations are subjected to a horizontal component of loading (H) in addition to the vertical 
actions (V) considered in Chapter 8. If this is relatively small in relation to the vertical component, it 
need not be considered in design – e.g. the typical wind loading on a building structure can normally be 
carried safely by a foundation designed satisfactorily to carry the vertical actions. However, if H (and/or 
any applied moment, M) is relatively large (e.g. a tall building under hurricane wind loading), the overall 
stabilityofthefoundationunderthecombinationofactionsmustbeverified.
 For a foundation loaded by actions V, H and M (usually abbreviated to V–H–M), the following limit 
statesmustbemet:

ULS- 1 The resultant vertical action on the foundation V must not exceed the 
bearing resistance of the supporting soil (i.e. Equation 8.75 must be satisfied);
ULS- 2 Sliding must not occur between the base of the wall and the underlying soil 
due to the resultant lateral action, H;
ULS- 3 Overturning of the wall must not occur due to the resultant moment action, M;
SLS The resulting foundation movements due to any settlement, horizontal dis-
placement and rotation must not cause undue distress or loss- of-function in the 
supported structure.

LimitanalysistechniquesmaybeappliedtodeterminestabilityattheULSandelasticsolutionsmaybe
usedtodeterminefoundationmovementsattheSLS,similartothoseundertakeninChapter8forpure
vertical loading.

Foundation stability from limit analysis (ULS)
Before the general case of V–H–M loading is considered, the stability of foundations under simpler com-
binations of V–H loading will be considered initially to introduce the key concepts. This builds on the 
lower bound limit analysis techniques from Chapter 8.
 TheadditionofhorizontalloadH to a conventional vertical loading problem (qf = V/Af ) will induce an 
additional shear stress τf = H/AfatthesoilfootinginterfaceasshowninFigure10.11(a).Itisassumedin
this analysis that the footing is perfectly rough. This will serve to rotate the major principal stress direc-
tioninzone1.Foranundrainedmaterial,thisrotationwillbeθ=Δ/2fromthevertical(Figure10.11(b)).
Thestressconditionsinzone2areunchangedfromthoseshowninFigure8.9(a).Therefore,theoverall
rotationofprincipalstressesacrossthefanzoneisnowθfan = π/2–Δ/2,suchthatfromEquation8.15

 (10.12)

FromFigure10.11(b),

 (10.13)

Inzone2,s2 = σq+γz+cuasinSection8.3(unchanged),whileinzone1,s1 = qf+γz – cucosΔfromFigure
10.11(b).SubstitutingtheserelationshipsintoEquation10.12andrearranginggives

 (10.14)
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 For all possible values of H(0≤H/Af cu≤1),ΔcanbefoundfromEquation10.13andV/Af cu (=  bearing 
capacity factor Nc )foundfromEquation10.14.TheseareplottedinFigure10.12for thecaseofnosur-
charge (σq=0).WhenH/Afcu=0(i.e.purelyverticalload),Δ=0andV/Af cu=2+π(seeEquation8.16);when
H/Af cu = 1, the shear stress τf = cuandthefootingwillslidehorizontally,irrespectiveofthevalueofV. The 
resulting curve represents the yield surface for the foundation under V–H loading. Combinations of V and 
H which lie within the yield surface will be stable, while those lying outside the yield surface will be unsta-
ble (i.e. result in plastic collapse). If V >> H,collapsewillbepredominantlyinbearing(vertical,ULS-1);if
V << H,collapsewillbepredominantlybysliding(horizontaltranslation,ULS-2).Forintermediatestates,a
combinedmechanismresultinginsignificantverticalandhorizontalcomponentswilloccur.
 InEurocode7andmanyotherdesignspecificationsworldwide,adifferentapproachisadopted.This
consists of applying an additional inclination factor ic to the standard bearing capacity equation (Equa-
tion 8.17), where

 (10.15)

For the case of no surcharge and a strip footing (sc = 1), from Equation 8.17

 (10.16)

Equation10.16isalsoplottedinFigure10.12whereitispracticallyindistinguishablefromtherigorous
plasticitysolutionrepresentedbyEquation10.14.
 Gourvenec(2007)presentedayieldsurfaceforthegeneralcaseofV–H–M loading on undrained soil, 
where

 (10.17)
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Figure 10.11 (a) Stress state for V–H loading, undrained soil, (b) Mohr circle in zone 1.
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InEquation10.17,R is the vertical resistance of the foundation under pure vertical loading, (H = M=0),
as found in Chapter 8, and B is the breadth of the foundation. As R=(2+π)Afcu,Equations10.14and
10.16canberewrittenintermsofV/R and H/R by substituting for Afcu.Figure10.13(a)comparesthe
lowerboundsolution,Eurocode7approachandthefullyieldsurface(Equation10.17)forthecaseof
V–H loading (M=0).Usingthisalternativenormalisation, itcanbeseenthat themaximumhorizontal
actionwhichcanbesustainedisapproximately19%oftheverticalresistance.
 WhenM≠0,theyieldsurfacebecomesathree-dimensionalsurface(afunctionofV, H and M). Figure 
10.13(b) shows contours ofV/R for combinations of H and M under general loading for use inULS
design. The presence of moments allows for overturning (rotation) of the foundation when M >> V, H. 
TheyieldsurfacerepresentedinFigure10.13(b)assumesthattensioncannotbesustainedalongthesoil–
footing interface, i.e. the foundation will upliftiftheoverturningeffectisstrong.Providedthatthecom-
bination of V, H and M lies within the yield surface, the foundation will not fail in bearing, sliding or 
overturningsuchthatULS-1–ULS-3willallbesatisfied(andcanbecheckedsimultaneously),showing
the power of the yield surface concept.
 A lower bound analysis may also be conducted for a foundation on a weightless drained material 
(Figure10.14(a)).Here,H/V = τf/qf = tan β.FromFigure10.14(b),therotationofthemajorprincipalstress
directioninzone1isθ=(Δ+β)/2fromthevertical.Thestressconditionsinzone2areunchangedfrom
thoseshowninFigure8.16(a).Therefore,theoverallrotationofprincipalstressesacrossthefanzoneis
now θfan = π/2–(Δ+β)/2,suchthatfromEquation8.30

 (10.18)

Limit analysis (Eq. 10.14)
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Figure 10.12  Yield surface for a strip foundation on undrained soil under V–H 
loading.
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FromFigure10.14(b),

 (10.19)

Inzone2,s′2 = σq+s′2sin φ′asinSection8.4(unchanged),whileinzone1,s′1 = qf – s′1 sin φ′cos(Δ+β) from 
Figure10.14(b).SubstitutingtheserelationshipsintoEquation10.18andrearranginggives

 (10.20)

 Values of β may be found for any combination of V and H,fromwhichΔmaybefoundfromEqua-
tion10.19andvaluesofNqfromEquation10.20.TheseareplottedinFigure10.15.Ifthefootingisper-
fectly rough (δ′=φ′)thenslidingwilloccurifH/V≥tanφ′.
 As for the undrained case, Eurocode 7 andmany other design specifications worldwide adopt an
alternative approach. This consists of applying an additional inclination factor iq to the standard bearing 
capacityequation(Equation8.31),where

 (10.21)

For the case of a strip footing on cohesionless soil (c′=0),fromEquation8.31

 (10.22)

Equation10.22isalsoplottedinFigure10.15whereitispracticallyindistinguishablefromtherigorous
plasticitysolutionrepresentedbyEquation10.20,thoughitshouldbenotedthatEquation10.21isonly
valid when H/V≤tanφ′toaccountforsliding.
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Figure 10.14 (a) Stress state for V–H loading, drained soil, (b) Mohr circle in zone 1.
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Figure 10.15 Nq for a strip foundation on drained soil under V–H loading.
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 ButterfieldandGottardi(1994)presentedayieldsurfaceforthegeneralcaseofV–H–M loading on 
drained soil, where

 (10.23)

Recognising that V/R at any value of H/V is the value of NqfromEquation10.22dividedbythevalueof
Nq at H/V=0(Equation8.31),andthatH/R = (H/V)×(V/R),Equations10.20and10.22canbeexpressed
in terms of V/R and H/R for the case of M=0.Figure10.16(a)comparesthelowerboundsolution,Euro-
code 7 approach and the full yield surface for the case of V–H loading (M=0).Using thisalternative
normalisation, it can be seen that themaximum horizontal thrustwhich can be sustained is approxi-
mately13%oftheverticalresistance,lowerthanfortheundrainedcase.
 WhenM≠0theyieldsurfacebecomesathree-dimensionalsurface,asbefore.Figure10.16(b)shows
contours of V/R for combinations of H and MundergeneralloadingforuseinULSdesignfromEqua-
tion10.23.Forthedrainedcase,Eurocode7isalsoabletoaccountformomenteffectsthroughtheuse
of a reduced footing width B′=B–2eminEquation8.31,whereem is the eccentricity of the vertical load 
from the centre of the footing which creates a moment of magnitude M, i.e. em = M/V. For a strip footing, 
the footing–soil contact area is therefore B′permetrelengthunderV–H–M loading and

 (10.24)

UnderpureverticalloadingV (where V = R at bearing capacity failure),

 (10.25)

DividingEquation10.24by10.25andsubstitutingforiq(Equation10.21),B′andem gives

 (10.26)

Equation10.26maybeplottedoutasayieldsurfaceforcomparisonwithEquation10.23,fromwhichit
can be seen that for low values of V/R≤0.3Equation10.26willprovideanunconservativeestimationof
foundation stability. For all values of V/R,Equation10.26alsooverestimatesthecapacityatlowH/R (i.e. 
whereoverturningisthepredominantfailuremechanism),makingitlesssuitableforcheckingULS-3.

Foundation displacement from elastic solutions (SLS)
If the combination of actions V–H–M applied to a shallow foundation lies within the yield surface, it is 
stillnecessarytocheckthatthefoundationdisplacementsundertheappliedactionsaretolerable(SLS).
WhilstinChapter8settlements (vertical displacement) was the action effect associated with the action 
V,undermulti-axialloadingthefootingmayadditionallydisplacehorizontallybyh (under the action of 
H) and rotate by θ (under the action of M). The relationship between the action and the action effect in 
each case may be related by elastic stiffness Kv = V/s (vertical stiffness), Kh = H/h (horizontalstiffness)
and Kθ = M/θ (rotational stiffness).
 TheelasticsolutionforverticalsettlementgivenasEquation8.53maybere-expressedasavertical
stiffness Kv, by recognising that the bearing pressure q = V/BL. It is common to express foundation 



 

Applications in geotechnical engineering

386

stiffness in terms of shear modulus G,ratherthanYoung’sModulusE, so that consideration of undrained 
or drained conditions only involves changing the value of ν.ByusingEquation5.6,then,Equation8.53
mayberearrangedas:

 (10.27)

ThehorizontalstiffnessofashallowfoundationwasderivedbyBarkan(1962)as

 (10.28)
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Figure 10.16  Yield surfaces for a strip foundation on drained soil under (a) V–H 
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where Fh is a function of L/BasshowninFigure10.17.Therotationalstiffnessofashallowfoundation
wasderivedbyGorbunov-PossadovandSerebrajanyi(1961)as

 (10.29)

where Fθ is also a function of L/BasshowninFigure10.17.Thethreeforegoingequations10.27–10.29
assume that there is no coupling between the different terms.
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Figure 10.17 Non- dimensional factors Fh and Fθ for foundation stiffness determination.

Example 10.3

An offshore wind turbine is to be installed on a square gravity- base foundation as shown in 
Figure10.18(agravitybaseisalargeshallowfoundation).Thesubsoil isclaywithcu=20kPa
(constantwithdepth).Theweightoftheturbinestructureis2.6MN,andthegravitybaseisneu-
trally buoyant (i.e. it is hollow, with its weight balancing the resultant uplift force form the water 
pressure).DeterminetherequiredwidthofthefoundationtosatisfyULStoDA1aifthehorizon-
tal(environmental)loadingis20%oftheverticalloadandactsattheleveloftheseabed.
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Figure 10.18 Example 10.3.
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Solution
If the horizontal loading is a variable unfavourable action (γA=1.50)which acts rapidly (und-
rained) and the vertical load a permanent unfavourable action (γA=1.35), then the ratio of the
design loads is

 

This plots as a straight linewith gradient 1/0.22=4.5 on Figure 10.13(a), as shown in Figure
10.18. This intersects the yield surface atV/R=0.72. The design loadV=1.35×2.6=3.51MN
(neutral buoyancy means that the gravity base does not apply any net load). The vertical resist-
ance R is given by Equation 8.17 as

 

where sc=1.2 (Equation 8.19),Nc=5.14, cu=20kPa and γcu = γRv=1.00 for DA1a. Substituting
these values gives R=123.4B2(kN).Then,forstability,

 

Example 10.4

Thegravitybasefor thewind turbine inExample10.3wassubsequentlyconstructed15×15m
square.Ifthehorizontalactionnowactsatsealevel,determinewhetherthefoundationsatisfies
theULS to EC7DA1a. If the seabed soil hasEu/cu=500, determine the displacements of the
foundation under the applied actions.

Solution
At ULS, the vertical design load V=3.51MN as before. The horizontal design load
H=1.50×0.2×2.6=0.78MN. As this acts at sea level (15m above the founding plane),
M=15×H=11.7MNm.Thedesignresistanceisnow

 

The normalised parameters for use with Figure 10.13(b) are then: H/R=0.78/27.8=0.03, M/
BR=11.7/(15×27.8)=0.03.ThepointdefinedbytheseparametersisplottedinFigure10.13(b),
which shows that 0.07<V/R<0.93. As V/R=3.51/27.8=0.13, the foundation does satisfy the
ULS.
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10.4 Deep foundations under combined loading

Pilesresistlateralactionsduetotheresistanceoftheadjacentsoil,lateralstressesinthesoilincreasing
infrontofthepileanddecreasingbehindasloadisapplied.Aswithshallowfoundations(Section10.3),
if the horizontal action is relatively small in relation to the vertical action, it need not be considered
explicitly in design. If H (and/or M) is relatively large, the lateral resistance of the pile should be deter-
mined. Very large lateral actions may require the installation of inclined (or raked) piles, which can 
makeuseofsomeoftheavailableaxialresistancetocarryaproportionofthehorizontalaction.Lateral
loading on piles can also be induced by soil movement, e.g. lateral movement of the soil below an 
embankment behind a piled bridge abutment.
 Asunderlateralloadingtheactionsandsoilreactionsappliedtothepilearehorizontal,thepileacts
likeabeaminbending.TheULSwhichmustbesatisfiedthereforeconsistsofensuringthatthepiledoes
not fail structurally by forming a plastic hinge. This is not normally accomplished by changing the length 
of the pile (this being selected based on vertical considerations as described in Chapter 9) but by select-
inganappropriatesectionsizetogivetherequiredmomentcapacity(inconcretepiles,thiscaninclude
thedetailingofthereinforcingsteel).AttheSLS,movementofthepilehead(asaresultofsettlement,
horizontaldisplacementandrotation)mustbewithintolerablelimits,asforshallowfoundations.

Pile capacity under horizontal and moment loading
The maximum lateral loading which can be applied to a pile will occur when the soil fails (yields) 
around the pile. Close to the surface (at a depth not exceeding the diameter/width of the pile), failure in 
the soil is assumed to be analogous to the formation of a passive wedge in front of a retaining wall (see 
Chapter 11), the soil surface being pushed upwards. In an undrained soil of uniform undrained shear 

 TheundrainedYoung’sModulusEu=500×20=10MPa,sothat,fromEquation5.6,

 

Treating the gravity base as rigid, Is=0.82fromTable8.6(square)sothat,fromEquation10.27,

 

noting that V isnow thecharacteristic load forSLScalculations.FromFigure10.17,Fh=0.95
and Fθ=0.5,sothatfromEquations10.28and10.29,

 

 

Thegravitybasewill thereforedisplaceverticallyby10.7mmandhorizontallyby3.7mm,and
rotateby0.04°,undertheappliedactions.
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strength cu, a generalised relationship between the ultimate or limiting value of lateral pressure (p1) 
acting on the pile and depth has been proposed by Fleming et al. (2009)inwhichp1 increases linearly 
fromavalueof2cu at the surface to 9cuatadepthof3D0, where D0 is the (outside) diameter or width of 
the pile, and remains at a constant value of 9cuatdepthsbelow3D0. In a drained cohesionless soil, p1 
increases linearly with depth and can be approximated to

 

ignoring three- dimensional effects, where Kpisthepassiveearthpressurecoefficient,thedetermination
of which is described in Chapter 11, and σ′v is the effective vertical stress at the depth in question.
 The mode of failure of a pile under lateral load depends on its length and whether or not it is 
restrained at its head by a pile cap. A relatively short, rigid, unrestrained pile will rotate about a point B 
nearthebottom,asshowninFigure10.19(a).Inthecaseofarelativelylongflexiblepile,aplastichinge
willdevelopatsomepointDalongthelengthofthepile,asshowninFigure10.19(b),andonlyabove
thispointwilltherebesignificantdisplacementofthepileandsoil.
 Thehorizontal forcewhichwould result in failurewithin thesoil isdenotedbyHmax. The moment 
actingonthepileisexpressedasaratioofthehorizontalload,i.e.bytheparameterM/H.Fora‘short’
unrestrainedpile(Figure10.19(a)),thedepthofthepointofrotationiswrittenaszB. The limit forces on 
the front of the pile above the point of rotation and on the back of the pile below the point of rotation are 
denoted by PAB and PBC, respectively. The limit forces are calculated by integrating the limit pressure pl 
over the lengths AB and BC of the pile below the ground surface, respectively. These forces act at depths 
of hAB and hBC,respectively.Then,forhorizontalequilibrium

 (10.30a)

and for moment equilibrium

 (10.30b)

The unknown quantities are Hmax and zB, M/H being the known ratio of the applied horizontal and
moment actions.
 Fora‘long’unrestrainedpile(Figure10.19(b))aplastichingedevelopsatdepthzD, and at this point 
the bending moment will be a maximum, of value Mp (the moment capacity of the pile), and the shear 
forcewillbezero.Onlytheforcesabovethehinge,i.e.overthelengthAD,needbeconsidered.Then,
forhorizontalequilibrium

 (10.31a)

and for moment equilibrium

 (10.31b)

SolvingEquations10.30or10.31canbequiteawkwardasthevalueofplusedtofindthelimitforcesin
the equations depends on zB, which is unknown and therefore requires an iterative approach. As an 
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alternative method of solution, Fleming et al. (2009)presentdesignchartsforvariousvaluesofLp/D0, 
Mp and M/H, for both undrained and drained soil conditions,which are shown in Figures 10.20 and
10.21, respectively. Whether the ‘short’ or ‘long’ pile failure mechanism occurs depends on which
mechanism gives the lower lateral capacity Hmax(asthiswilloccurfirst).Thishasbeenanalysedfora
rangeofpilepropertiesanddimensions toproduce thecharts shown inFigure10.22(a) forundrained
conditionsand10.22(b)fordrainedconditions.Thisfigurecanbeusedtodeterminewhichthecritical
failuremodeis,andthereforewhichoftheplotsinFigures10.20and10.21shouldbeusedtofindthe
lateral capacity.
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Figure 10.19  Lateral loading of unrestrained (individual) piles: (a) ‘short’ pile, 
(b) ‘long’ pile.
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 For piles surmounted by a pile cap which restrains the pile heads from rotating, there are three pos-
sible modes of failure. A short rigid pile will undergo translational displacement as shown in Figure 
10.23(a).Hmax in this case is found by integrating the limit pressure pl over the full length of the pile.
 A restrained pile of intermediate length will develop a plastic hinge at cap level and rotate about a 
pointnearthebottomofthepile,asillustratedinFigure10.23(b).Thepile–soilinteractioninthiscaseis
thesameasfortheshortunrestrainedpile(Figure10.19(a)),thoughthereisanadditionalmomentofMp 
actingatthetopofthepile,sothatEquation10.30bbecomes

 (10.32)

Theequationofhorizontalequilibriumisunaltered.
 A long restrained pile will develop plastic hinges at cap level and at a point along the length of the 
pileasindicatedinFigure10.23(c).Thepile–soilinteractioninthiscaseisthesameasforthelongunre-
strainedpile(Figure10.19(b)),thoughasbefore,thereisanadditionalmomentofMp acting at the top of 
thepile,sothatEquation10.31bbecomes

 (10.33)

Theequationofhorizontalequilibriumisunaltered.
 As for unrestrained piles, Fleming et al. (2009)presentdesignchartsforrestrainedpilesforvarious
values of Lp/D0 and Mp, for both undrained and drained soil conditions, which are shown in Figures 
10.24 and 10.25, respectively. Whether the ‘short’, ‘intermediate’ or ‘long’ pile failure mechanism
occurs depends on which mechanism gives the lower lateral capacity Hmax(asthiswilloccurfirst).This
has been analysed for a range of pile properties and dimensions to produce the charts shown in Figure 
10.26(a)forundrainedconditionsand10.26(b)fordrainedconditions.Thisfigurecanbeusedtodeter-
minewhich the critical failuremode is, and thereforewhich of the lines in Figures 10.24 and 10.25
shouldbeusedtofindthelateralcapacity.
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Figure 10.23  Lateral loading of restrained (grouped) piles: (a) ‘short’ pile, 
(b) ‘intermediate’ pile, (c) ‘long’ pile.
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Pile capacity under combined loading (ULS)
Inmanycases,pilessubjecttohorizontalactionswillalsobecarryingverticalloads.Levy et al. (2008)
demonstrated that the yield surface under combined V–H loading can be approximated as shown in 
Figure 10.27, whereR is the resistance of the pile under pure vertical loading, calculated using the 
methods in Chapter 9, and HmaxisdeterminedfromFigures10.20–10.26.Incontrasttoshallowfound-
ations, the lateral resistance of a pile is normally greater than its axial resistance (i.e. R/Hmax<1).With
reference to Figure 10.27, thismeans that undermost circumstances the vertical and horizontal limit
states are independent of each other and can be checked separately.

Foundation displacement from elastic solutions (SLS)
Horizontalandmomentactionswhichliewithintheyieldsurface(i.e.satisfyingULS)willgeneratehor-
izontaldisplacementand/orrotationattheheadofapile.Mostofthedeflectionsofthepilewilloccur
closetothegroundsurface,reducingwithdepthuntiltheybecomezeroatadepthknownasthecritical 
length (Lc). For the general case of soil shear modulus increasing linearly with depth, G(z) = Ggl+Gzz, 
thecriticaldepthcanbefoundafterRandolph(1981):

 (10.34)

where

 (10.35)
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Figure 10.27 Yield surface for a pile under V–H loading.
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and Ep is theequivalentYoung’sModulusofapileofsolidcircularcross-section, toaccount forpile
shape, i.e.

 (10.36)

InEquation10.35,
__

 G Lc is the median value of shear modulus over the critical length, i.e. the value of G 
at a depth of Lc/2.ThedefinitionofLc and  

__
 G LcareshownschematicallyinFigure10.28.

 Thehorizontaldisplacementatthepileheadisthengivenby:

 (10.37)

where ρc is a homogeneity factor describing the variation of Gwithdepth,calculatedusing:

 (10.38)

The rotation at the pile head is given by

 (10.39)
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Figure 10.28 Critical length of a pile under lateral loading.
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FromEquations10.37and10.39itcanbeseenthatthereissignificantcouplingbetweentheeffectsofH 
and M; the settlement, however, is largely independent of these effects, and can be calculated using the 
techniques described in Chapter 9. In the case of piles with restrained heads under pure lateral loading, 
the pile cap will prevent rotation. By setting θ=0inEquation10.39,M can be found as a function of H; 
thiscanthenbesubstitutedintoEquation10.37togivethelateraldisplacementofarestrainedpileunder
a lateral action H:

 (10.40)

Example 10.5

AnalternativefoundationforthewindturbineinExample10.4hasbeenproposed,consistingof
asinglesteeltubularmonopile,40mlong,havinganouterdiameterof2mandawallthickness
of20mm(EI=12GNm2; Mp=28MNm).Iftheactionsappliedtothefoundationarethesameas
those inExample10.4, determinewhether the foundation satisfies theULS toEC7DA1a and
determine the displacements of the foundation under the applied actions (it may be assumed that 
themonopilealreadysatisfiestheverticalULS).

Solution
The pile has no restraint at the head. DA1a only factors actions, so the parameters required to use 
Figures 10.20 and 10.22 are Lp/D0=40/2=20; Mp/cuD0

3=28/(0.02×23) =175; M/HD0 = 11.7/
(0.78×2)=7.5.FromFigure10.22(a),itcanbeseenthatthepileis‘long’,sothatFigure10.20(b)
shouldbeusedtodeterminethehorizontalcapacity.ThisisshowninFigure10.29,fromwhich

 

Thisismuchgreaterthantheapplieddesignhorizontalload(0.78MN),sothepilesatisfiesULS
(i.e. it will not fail structurally).
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 AtSLS,theequivalentYoung’smodulusisfoundfromEquation10.36:

 

As the soil shear modulus is constant with depth ρc=1(Equation10.38)and
__

 G Lc=3.3MPasothat
fromEquation10.35:

 

Then,fromEquation10.34:

 

Thehorizontalmovementand rotationare then found fromEquations10.37and10.39 respec-
tively:

 

 

Themonopilewillthereforedisplacehorizontallyby16.8mmandrotateby0.12°atthepilehead
under the applied actions. The foundation movements are larger than for the gravity base 
(Example 10.4), which in this case appears to be a better choice of foundation for the wind
turbine (though cost has not been considered here).

Summary

1 Piles may be grouped together and connected by a stiff pile cap to form a pile 
group. Shallow foundation elements may be used to support structures as a series 
of pads/strips. In both cases the critical ULS will be failure of the individual 
foundation element, while at SLS much larger settlements will occur due to 
interaction between adjacent foundation elements. For structures covering a large 
area, differential settlements often govern the SLS. The limiting differential 
settlement for use in design depends on the type of structure supported, values 
for which have been presented. Rafts may be used to support such structures, and 
these may be piled to reduce both gross and differential settlement. Deep 
basements may be used to provide usable underground space as well as 
supporting the structure – these must be designed against bearing failure, lateral 
earth pressures and uplift.

2 The vertical bearing resistance (and therefore the carrying capacity) of shallow 
foundations is reduced if significant horizontal and moment actions are present. 
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Problems

10.1 Araftistobeusedtosupportawarehousestructureapplyingabearingpressureof150kPaovera
planareaof100×50m.Theconcreteraftistobe1.5mthickwithYoung’sModulusof30GPaand
ν=0.25.The soilhasE′=25MPaandν′=0.3.Thecranesand tall shelving in thewarehouseare
sensitive to differential settlement, and will become unusable if the angular distortion exceeds 
1/300.Determinethemaximumdifferentialsettlementbetweentheedgeofthefoundationandthe
centre and determine whether the proposed raft will meet the serviceability limit state.

10.2 TheraftdescribedinProblem10.1istobepiledtoreducethedifferentialsettlements,byinstalling
piles around the centre of the raft. If a 20×20 group of piles is to be used, withD0=300mm,
Lp=10m,S=1.5mandep=0.6,determinethereviseddifferentialsettlementbetweentheedgeof
the raft and its centre.

10.3 A shallow tunnel, formed from pre-fabricated concrete box sections (γ=23.5kN/m3), is to be 
installedinwater-bearingground.Thetunnelhasexteriordimensionsof15mdeepby30mwide,
andhaswalls,roofandceiling1.5mthick.Itwillbeinstalledsuchthatthetopsurfaceoftheboxis
level with the ground surface. During construction the water table is drawn- down to below the 
underside of the box, but this will be relaxed once construction is complete.

 a Determinethedepthofthewatertableatwhichthestructurewillstarttofloat,toEC7(assuming
that the walls of the box are smooth).

 b  If tension piles are installed beneath the box, determine the design resistance that the piling must 
be able to provide.

10.4 DeterminethemaximumlateralloadwhichcanbeappliedtothepiledescribedinProblem9.1if
purelateralloadingisappliedandMp=200kNm,performingallcalculationstoEC7DA1b.(Kp=3
may be assumed).

10.5 Determinethemaximumhorizontalloadthatcanbeappliedtoa2×2groupofthe33mlongpiles
considered in Example 9.2(b) (EI=230MNm2) if the horizontal foundationmovement is not to
exceed20mmundershort-termconditions.ItmaybeassumedthatEu/cu=250.

10.6 DeterminethemaximumhorizontalloadthatcanbeappliedtothewindturbineofProblem9.3if
therotationofthefoundationisnottoexceed0.1°forthefollowingcases:

 a Thehorizontalloadisappliedatthebaseofthewindturbine(headofthepile).
 b Thehorizontalloadisappliedtothewindturbine20mabovetheseabed.
 It may be assumed that Eu/cu=100fortheclay,Lp=34mandEI=5GNm2.

Limit analysis can be used to derive a yield surface for use in ULS design, which can 
efficiently check the overall stability of the foundation (i.e. against bearing 
capacity failure, sliding and overturning). Elastic solutions, similar to those in 
Chapter 8 for vertical loading, have been presented for determining the additional 
horizontal movement and rotation at the SLS. In deep foundations lateral 
resistance is usually much larger than axial resistance, and the effects of horizontal 
and moment actions can usually be considered independently of the vertical 
actions. At the ULS, lateral resistance is controlled by the structural strength of the 
foundation and the relative soil–foundation strength. At SLS, a deep foundation 
will only actively displace over a limited depth (its critical length) and an elastic 
solution can be used to determine the movements at the top of the foundation, 
depending chiefly on the relative soil–foundation stiffness. For both ULS and SLS 
conditions, solutions for both single piles and piles in groups have been presented.
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tionLtd,Harlow.

A comprehensive reference volume, covering various applications of foundation systems and their 
design, which is much broader in scope than the material presented herein.

For further student and instructor resources for this chapter, please  
visit the Companion Website at www.routledge.com/cw/craig

http://www.routledge.com/cw/craig
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Use limit analysis and limit equilibrium techniques to determine the limiting 
lateral earth pressures acting on retaining structures;

2 Determine in- situ lateral stresses based on fundamental soil properties and 
understand how limiting earth pressures are mobilised from these values by 
relative soil–structure movement;

3 Determine the lateral stresses induced on a retaining structure due to external 
loads and construction procedures;

4 Design a gravity retaining structure, an embedded wall, a braced excavation or 
a reinforced soil retaining structure within a limit- state design framework 
(Eurocode 7).

Chapter 11

Retaining structures

11.1 Introduction

It is often necessary in geotechnical engineering to retain masses of soil (Figure 11.1). Such applications 
may be permanent, e.g.

retaining unstable soil next to a road or railway,●●

raising a section of ground with minimal land- take,●●

creation of underground space;●●

or temporary, e.g.

creating an excavation to install service pipes/cables or to repair existing services.●●

 In permanent applications, a structural element is usually used to support the retained mass of soil. 
This will typically be either a gravity retaining wall, which keeps the retained soil stable due to its 
mass, or a flexible retaining wall which resists soil movement by bending. In both cases it is essential to 
determine the magnitude and distribution of lateral pressure between the soil mass and the adjoining 
retaining structure to check the stability of a gravity wall against sliding and overturning or to undertake 
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the structural design of a flexible retaining wall. As with foundations, such permanent structures must be 
designed to satisfy both ultimate and serviceability limit states. These will be discussed in greater detail 
in Section 11.4 and 11.7. Soil may also be retained by reinforcing the soil mass itself; this will be 
described in Section 11.11.
 Excavations may be self- supporting if undrained strength can be mobilised, and in these cases lateral 
earth- pressure theory may be used to determine the maximum depth to which such excavations can 
safely be made (an ultimate limiting state). Supported excavations will be discussed in greater detail in 
Section 11.9, while unsupported excavations will be discussed in Chapter 12.
 Section 11.2 introduces the basic theories of lateral earth pressure using limit analysis techniques, as 
in Chapter 8. Rigorous lower bound solutions will be derived for both undrained and drained conditions. 
As previously, it is assumed that the stress–strain behaviour of the soil can be represented by the rigid–
perfectly plastic idealisation, shown in Figure 8.3. Conditions of plane strain are also assumed (as for 
strip footings), i.e. strains in the longitudinal direction of the structure are assumed to be zero due to the 
length of most retaining structures.

11.2 Limiting earth pressures from limit analysis
Limiting lateral earth pressures
Figure 11.2(a) shows the stress conditions in soil on either side of an embedded retaining wall, where 
major principal stresses are defined by σ1, σ′1 (total and effective, respectively) and minor principal 
stresses are defined by σ3, σ′3. If the wall were to fail by moving horizontally (translating) in the direction 
shown, the horizontal stresses within the retained soil behind the wall will reduce. If the movement is 
large enough, the value of horizontal stress decreases to a minimum value such that a state of plastic 
equilibrium develops for which the major principal total and effective stresses are vertical. This is known 
as the active condition. In the soil on the other side of the wall there will be lateral compression of the 
soil as the wall displaces, resulting in an increase in the horizontal stresses until a state of plastic equilib-
rium is reached, such that the major principal total and effective stresses are horizontal. This is known as 
the passive condition. Mohr circles at the point of failure are shown in Figure 11.2(b) for undrained soil 
and Figure 11.2(c) for drained material.

(a) (b)

(c) (d)

Figure 11.1  Some applications of retained soil: (a) restraint of unstable soil mass, 
(b) creation of elevated ground, (c) creation of underground space, 
(d) temporary excavations.
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 In the active case for an undrained cohesive material at failure, σ1(z) = σv(z) = γz + σqR (total vertical 
stress) and σ3 is the horizontal stress in the soil, which by equilibrium must also act on the wall. There-
fore, σ3 = σh = pa, where pa is the active earth pressure. From Figure 11.2(b),

  (11.1)

In the passive case, σ3(z) = σv(z) = γz + σqE and σ1 = pp, where pp is the passive earth pressure. From Figure 
11.2(b),

  (11.2)

In the active case for a drained cohesionless material, σ′1(z) = σ′v(z) (effective vertical stress) and 
σ′3(z) = σ′h(z) is the horizontal effective stress in the soil. From Figure 11.2(c),

  (11.3)

Substituting for σ′1 and σ′3 in Equation 11.3 and rearranging gives

  (11.4)

cu

Passive Active

(Zone 1) (Zone 1) τmax = cu

τ

cu

pp(z)

pa(z)
(Zone 1)

(a) (b)

(c)

σqR

σqE

σ3,σ �3

σ1,σ �1

σ3 σ1 σs1

t
φ

(Zone 1)

τmax = σ � tanφ�τ

σ �3 σ �1 σ �s�1

σ1,σ �1

σ3,σ �3

Figure 11.2  Lower bound stress field: (a) stress conditions under active and passive 
conditions, (b) Mohr circle, undrained case, (c) Mohr circle, drained case.
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The ratio σ′h/σ′v is termed the earth pressure coefficient, K (see Chapter 7). As Equation 11.4 was derived 
for active conditions,

  (11.5)

where Ka is the active earth pressure coefficient. The active earth pressure acting on the wall (pa = σh, a 
total stress) is then found using Terzaghi’s Principle (σh = σ′h + u)

  (11.6)

In the passive case for a drained material, σ′3(z) = σ′v(z) (effective vertical stress) and σ′1(z) = σ′h(z) is the 
horizontal effective stress in the soil. Substituting for σ′1 and σ′3 in Equation 11.3 and rearranging gives

  (11.7)

where Kp is the passive earth pressure coefficient. The passive earth pressure acting on the wall is then

 (11.8)

Rankine’s theory of earth pressure (general φ′, c′ material)
Rankine developed a lower bound solution based on the Method of Characteristics for the case of a 
soil with general strength parameters c′ and φ′. The Mohr circle representing the state of stress at failure 
in a two- dimensional element is shown in Figure 11.3, the relevant shear strength parameters being 
denoted by c′ and φ′. Shear failure occurs along a plane at an angle of 45° + φ′/2 to the major principal 
plane. If the soil mass as a whole is stressed such that the principal stresses at every point are in the 
same directions then, theoretically, there will be a network of failure planes (known as a slip line field) 
equally inclined to the principal planes, as shown in Figure 11.3. The two sets of planes are termed α- 
and β-characteristics, from where the method gets its name. It should be appreciated that the state of 
plastic equilibrium can be developed only if sufficient deformation of the soil mass can take place (see 
Section 11.3).
 A semi- infinite mass of soil with a horizontal surface is considered as before, having a vertical bound-
ary formed by a smooth wall surface extending to semi- infinite depth, as represented in Figure 11.4(a). 
Referring to Figure 11.3,

 (11.9)

Alternatively, tan2 (45° − φ′/2) can be substituted for (1 – sin φ′)/(1 + sin φ′).
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c� cot φ�

c�

φ�

φ�

σ �3
σ �3σ �3σ �1

σ �1

σ1

σ �σ �θ

θ θ

θ 2θ

τf

τ

φ� θ = 45° + 
2

Figure 11.3 State of plastic equilibrium.

(a)

(b)

Active Rankine state

(c)

Passive Rankine state

Active
case

Passive
case

z

σ �z
σ �x

θ θ θ θ

Wall
surface

φ�θ = 45° + 
2

Figure 11.4 Active and passive Rankine states.
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 As before, in the active case σ′1 = σ′v and σ′3 = σ′h. When the horizontal stress becomes equal to the 
active pressure the soil is said to be in the active Rankine state, there being two sets of failure planes 
each inclined at θ = 45° + φ′/2 to the horizontal (the direction of the major principal plane) as shown in 
Figure 11.4(b). Using Equation 11.5 and Terzaghi’s Principle, Equation 11.9 may be written as

  (11.10)

If c′ = 0, Equation 11.10 reduces to Equation 11.6; if φ′ = 0 and c′ = cu, Ka = 1 and Equation 11.10 reduces 
to Equation 11.1.
 In the passive case σ′1 = σ′h and σ′3 = σ′v. When the horizontal stress becomes equal to the passive pres-
sure the soil is said to be in the passive Rankine state, there being two sets of failure planes each inclined 
at θ = 45° + φ′/2 to the vertical (the direction of the major principal plane) as shown in Figure 11.4(c). 
Rearranging Equation 11.9 gives

  (11.11)

Using Equation 11.5 and Terzaghi’s Principle, Equation 11.11 may be written as

  (11.12)

If c′ = 0, Equation 11.12 reduces to Equation 11.8; if φ′ = 0 and c′ = cu, Ka = 1 and Equation 11.12 reduces 
to Equation 11.2.

Example 11.1

The soil conditions adjacent to a sheet pile wall are given in Figure 11.5, a surcharge pressure of 
50 kPa being carried on the surface behind the wall. For soil 1, a sand above the water table, c′ = 0, 
φ′′ = 38° and γ = 18 kN/m3. For soil 2, a saturated clay, c′ = 10 kPa, φ′ = 28° and γsat = 20 kN/m3. Plot the 
distributions of active pressure behind the wall and passive pressure in front of the wall.

Solution
For soil 1,

 

50 kPa

Soil (1)

Soil (2) (2)

(1)
1.50 m(3)

(4)

Passsive Active

WT

6.00 m

3.00 m

Figure 11.5 Example 11.1.
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Effect of wall properties (roughness, batter angle)
In most practical cases the wall will not be smooth such that shear stresses may be generated along 
the soil–wall interface, which may also not be vertical but slope at an angle w to the vertical. This 
additional shear will cause a rotation of the principal stresses close to the wall, while in the soil 
further away the major principal stresses will still be vertical (active case) or horizontal (passive case) 
as before. In order to ensure equilibrium throughout the soil mass, frictional stress discontinuities (see 
Sections 8.3 and 8.4) must be used to rotate the principal stresses between zone 1 and zone 2 as 
shown in Figure 11.6.
 The amount by which the principal stresses rotate depends on the magnitude of the shear stress that 
can be developed along the soil–wall interface, τw (the interface shear strength, of Chapter 9). In 
un drained materials τw = αcu is assumed, while in drained materials τw = σ′tan δ′ is used. Both of these 
approaches are described in Section 9.2.
 In an undrained material, the stress conditions in zone 1 are still represented by the Mohr circle shown 
in Figure 11.2(b). The Mohr circle for zone 2 is shown in Figure 11.7(a) for the active case when the soil 
in zone 2 is at plastic failure. The major principal stress σ1 acts on a plane which is rotated by 2θ = π – Δ2 
from the stress state on the wall, which is itself at an angle w to the vertical. As σ1 in zone 1 is vertical, 
the rotation in principal stress direction from zone 1 to 2 is θfan = Δ2/2 – w from Figure 11.7(a). The mag-
nitude of s1 reduces moving from zone 1 to zone 2, so, from Equation 8.15,

 For soil 2,

 

The pressures in soil 1 are calculated using Ka = 0.24, Kp = 4.17 and γ = 18 kN/m3. Soil 1 is then 
considered as a surcharge of (18 × 6) kPa on soil 2, in addition to the surface surcharge. The pres-
sures in soil 2 are calculated using Ka = 0.36, Kp = 2.78 and γ′ = (20 – 9.8) = 10 kN/m3 (see Table 
11.1). The active and passive pressure distributions are shown in Figure 11.5. In addition, there is 
equal hydrostatic pressure on each side of the wall below the water table.

Table 11.1 Example 11.1

Soil Depth (m) Pressure (kPa)

Active pressure:

(1) 0 0.24 × 50 = 12.0

(1) 6 (0.24 × 50)  +  (0.24 × 18 × 6)  = 12.0 + 25.9 = 37.9

(2) 6 0.36[50 + (18 × 6)] – (2 × 10 ×  √
_____

 0.36  ) = 56.9 – 12.0 = 44.9

(2) 9 0.36[50 + (18 × 6)] – (2 × 10 ×   √
_____

 0.36   ) + (0.36 × 10.2 × 3)  = 56.9 – 12.0 + 11.0 = 55.9

Passive pressure:

(3) 0 0

(3) 1.5 4.17 × 18 × 1.5 = 112.6

(4) 1.5 (2.78 × 18 × 1.5) + (2 × 10 ×   √
_____

 2.78  ) = 75.1 + 33.3 = 108.4

(4) 4.5 (2.78 × 18 × 1.5) + (2 × 10 ×   √
_____

 2.78  ) + (2.78 × 10.2 × 3)  = 75.1 + 33.3 + 85.1 = 193.5
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  (11.13)

In zone 1 (from Figure 11.2(b)),

  (11.14)

In zone 2, the total stress acting normal to the wall (the active earth pressure) from Figure 11.7(a) is given by

  (11.15)

The Mohr circle for zone 2 is shown in Figure 11.7(b) for the passive case when the soil in zone 2 is at 
undrained plastic failure. The stress state on the wall represents the stresses in the vertical direction. The 
major principal stress σ1 acts on a plane which is rotated by 2θ = Δ2 from the stress state on the wall, 
which is itself at an angle of w to the vertical. As σ1 in zone 1 was horizontal, the rotation in principal 
stress direction is θfan = Δ2/2 – w. The magnitude of s1 increases moving from zone 1 to zone 2, so, from 
Equation 8.15,

  (11.16)

In zone 1 (from Figure 11.2(b)),

  (11.17)

In zone 2, the total stress acting normal to the wall (the active earth pressure) from Figure 11.7(b) is given by

  (11.18)

ActivePassive

w w

τw

τw

τw

σ3

σ3

σ3

σ3

σ1

σ1

σ1
σ1

Zone 1

Zone 2Zone 2

Zone 1

Frictional stress
discontinuities

Frictionless stress
discontinuities

Figure 11.6  Rotation of principal stresses due to wall roughness and batter angle 
(only total stresses shown).
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From Figure 11.7, it is clear that

  (11.19)

To determine the active or passive earth pressures acting on a given wall, the following procedure should 
be followed:

1 Find the mean stress in zone 1 from Equations 11.14 or 11.17 for active or passive conditions 
respectively;

2 Determine Δ2 from Equation 11.19;
3 Find the mean stress in zone 2 from Equation 11.13 or 11.16;
4 Evaluate earth pressures using Equation 11.15 or 11.18.

It should be noted that for the special case of a smooth vertical wall, α = w = 0, so Δ2 = 0 (Equation 10.19) 
and Equations 11.15 and 11.19 reduce to Equations 11.1 and 11.2 respectively.
 The Mohr circle for zone 2 in drained soil is shown in Figure 11.8(a) for the active case when the soil 
in zone 2 is at plastic failure. The major principal stress σ′1 acts on a plane which is rotated by 
2θ = π – (Δ2 – δ′) from the stress state on the wall, which is itself at an angle w to the vertical. The stress 
conditions in zone 1 are still represented by the Mohr circle shown in Figure 11.2(b). As σ′1 in zone 1 is 
vertical, the rotation in principal stress direction is θfan = (Δ2 – δ′)/2 – w from Figure 11.8(a). The magni-
tude of s′1 reduces moving from zone 1 to zone 2, so, from Equation 8.30,

  (11.20)

In zone 1 (from Figure 11.2(b)),

  (11.21)

Stress state on
wall (pa, τw)

τmax = cu

τ τ

cu

cu
∆2

2θ = π –∆2

s2

αcu

σ3 σ1 σ

Zone 2

Stress state on
wall (pa, τw)

(a) (b)

τmax = cucu

cu
2θ = ∆2

s2

αcu

σ3 σ1 σ

Zone 2

Plane of
wall

Plane of
wall

Zone 2

Zone 2
Zone 1

Zone 1

θfan

θfan = θ – w

θ
w

w

Figure 11.7  Mohr circles for zone 2 soil (adjacent to wall) under undrained 
conditions: (a) active case, (b) passive case.
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In zone 2, the effective stress acting normal to the wall (σ′n) from Figure 11.8(a) is given by

  (11.22)

Then, defining the active earth pressure coefficient in terms of the normal rather than horizontal effective 
stress (as the wall is battered by w)

  (11.23)

The Mohr circle for zone 2 is shown in Figure 11.8(b) for the passive case when the soil in zone 2 is at 
plastic failure. The major principal stress σ′1 acts on a plane which is rotated by 2θ = Δ2 + δ′ from the 
stress state on the wall, which is itself at an angle of w to the vertical. As σ′1 in zone 1 is horizontal, the 
rotation in principal stress direction is θfan = (Δ2 + δ′)/2 – w. The magnitude of s′1 increases moving from 
zone 1 to zone 2, so, from Equation 8.30,

  (11.24)

In zone 1 (from Figure 11.2(b)),

 (11.25)

In zone 2, the effective stress acting normal to the wall from Figure 11.8(b) is given by

  (11.26)

Then, defining the passive earth pressure coefficient in terms of the normal rather than horizontal effect-
ive stress (as the wall is battered by w)

  (11.27)

In both Equations 11.23 and 11.27

  (11.28)

To determine the active or passive earth pressures for a given wall, the following procedure should be 
followed:

1 Find the vertical effective stresses σ′v in zone 1;
2 Determine Δ2 from Equation 11.28;
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3 Find the earth pressure coefficient from Equation 11.23 or 11.27;
4 Evaluate earth pressures using Equation 11.6 or 11.8.

It should be noted that for the special case of a smooth vertical wall, δ′ = w = 0, so Δ2 = 0 (Equation 11.28) 
and Equations 11.23 and 11.27 reduce to Equations 11.5 and 11.7 respectively.

Sloping retained soil
In many cases the retained soil behind the wall may not be level but may slope upwards at an angle β to 
the horizontal, as shown in Figure 11.9(a). In this case, the major principal stress in the retained soil in 
zone 1 will no longer be vertical as the slope will induce a permanent static shear stress within the soil 
mass, rotating the principal stress direction. The stress conditions (normal and shear stresses) on a plane 
parallel to the surface at any depth may be found by considering equilibrium as shown in Figure 11.9(b). 
The component of the block’s self- weight W, acting normal to the inclined plane per metre length of the 
soil mass, is then

  (11.29)

Considering equilibrium parallel to the plane,

  (11.30)

Considering equilibrium perpendicular to the plane,

  (11.31)

Stress state on
wall (σ�n, τw)

τmax = σ � tanφ�

τmax = σ �ntanδ �τ

∆2

∆2 – δ � 2θ = π –∆2 – δ �
s�2φ�

δ �
σ �3 σ �1

Zone 2

(b)

Plane of
wall Zone 2

Zone 1

θfan = θ – w

(a)

Plane of
wall

Zone 2

Zone 1
θfan

θ
w

w

σ

Stress state on
wall (σ �n, τw)

τmax = σ � tanφ�

τw = σ �ntanδ �τ

∆2

2θ = ∆2 + δ �
s�2φ�

δ �
σ �3 σ�1

Zone 2

Plane of
wall

σ�

Figure 11.8  Mohr circles for zone 2 soil (adjacent to wall) under drained conditions: 
(a) active case, (b) passive case.
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where u is the pore pressure on the plane. The stress conditions in the retained soil may be represented 
by the stress ratio τmob/σ′ given by

  (11.32a)

Equation 11.32 applies for drained conditions. For undrained conditions where only total stresses are 
required,

   (11.32b)

 The Mohr circle for undrained conditions in zone 1 in the inclined case is shown in Figure 11.10(a). It 
can be seen that the major principal stress σ1 is rotated 2θ = Δ1 from the stress state on the inclined plane 
in the retained soil, which is itself at an angle of β to the horizontal. The resultant rotation of the prin-
cipal stresses in zone 1 compared to the level ground case is θ = Δ1/2 – β. As a result, the value of θfan in 
Equation 11.13 should be modified to

  (11.33)

In zone 1 (from Figure 11.10(a)),

  (11.34)

which replaces Equation 11.14. The difference in mean stress between zones 1 and 2 (active case) for the 
general case of sloping backfill retained by a battered rough wall is then given by

  (11.35)

where

  (11.36)

Equation 11.35 replaces Equation 11.13 for the case of sloping backfill and undrained conditions; the 
solution procedure remains unchanged.

(a) (b)

z

W = γ z

σ, σ�

Area = A
(/m length)

τmob

τmob

β

Figure 11.9 Equilibrium of sloping retained soil.
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 The Mohr circle for drained conditions in zone 1 is shown in Figure 11.10(b). It can be seen that the 
major principal effective stress σ′1 is rotated 2θ = Δ1 + φ′mob from the stress state on the inclined plane in 
the retained soil, which is itself at an angle of β to the horizontal. The resultant rotation of the principal 
stresses in zone 1 compared to the level ground case is then θ = (Δ1 + φ′mob)/2 – β. As a result, the value of 
θfan in Equation 11.20 should be modified to

  (11.37)

From Figure 11.10(b) it can also be seen that

  (11.38)

so that the active earth pressure coefficient for the general case of sloping backfill retained by a battered 
rough wall is given by

  (11.39)

where

  (11.40)

Equation 11.39 replaces Equation 11.23 for the case of sloping backfill and drained conditions; the solu-
tion procedure and all other equations remain unchanged.

11.3 Earth pressure at rest

It has been shown that active pressure is associated with lateral expansion of the soil at failure and is a 
minimum value; passive pressure is associated with lateral compression of the soil at failure and is a 
maximum value. The active and passive values are therefore referred to as limit pressures. If the lateral 
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Figure 11.10  Mohr circles for zone 1 soil under active conditions: (a) undrained case, 
(b) drained case.
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strain in the soil is zero, the corresponding lateral pressure, p′0, acting on a retaining structure is called 
the earth pressure at- rest, and is usually expressed in terms of effective stress by the equation

  (11.41)

where K0 is the coefficient of earth pressure at- rest in terms of effective stress. In the absence of a retain-
ing structure p′0 is the horizontal effective stress in the ground, σ′h, such that Equation 11.41 becomes a 
restatement of Equation 7.42.
 Since the at- rest condition does not involve failure of the soil, the Mohr circle representing the vertical 
and horizontal stresses does not touch the failure envelope and the horizontal stress cannot be determined 
analytically through limit analysis. The value of K0, however, can be determined experimentally by means of 
a triaxial test in which the axial stress and the all- round pressure are increased simultaneously such that the 
lateral strain in the specimen is maintained at zero; this will generally require the use of a stress- path cell.
 The value of K0 may also be estimated from in- situ test data, notably using the pressuremeter (PMT) 
or CPT. Of these methods, the PMT is most reliable as the required parameters are directly measured, 
while the CPT relies on empirical correlation. Using the PMT, the total in- situ horizontal stress σh0 in 
any type of soil is determined from the lift- off pressure as shown in Figures 7.14 and 7.16. The in- situ 
vertical total stress σv0 is then determined from bulk unit weight (from disturbed samples taken from the 
borehole), and pore pressures (u0) are determined from the observed depth of the water table in the bore-
hole or other piezometric measurements (see Chapter 6). Then

  (11.42)

From CPT data, K0 is determined empirically from the normalised cone tip resistance using Equation 
7.43 (note: this only applies to fine- grained soils).
 For normally consolidated soils, the value of K0 can also be related approximately to the strength 
parameter φ′ by the following formula proposed by Jaky (1944):

  (11.43a)

For overconsolidated soils the value of K0 depends on the stress history and can be greater than unity, a 
proportion of the at- rest pressure developed during initial consolidation being retained in the soil when 
the effective vertical stress is subsequently reduced. Mayne and Kulhawy (1982) proposed the following 
correlation for overconsolidated soils during expansion (but not recompression):

  (11.43b)

In Eurocode 7 it is proposed that

  (11.43c)

Values of K0 from Equation 11.43 are shown in Figure 11.11, where they are compared with values for a 
range of soils derived from laboratory tests collated by Pipatpongsa et al. (2007), Mayne (2007) and Mayne 
and Kulhawy (1982). While the analytical expressions do fit the data, it should be noted that the scatter 
suggests that there is likely to be a significant amount of uncertainty associated with this parameter.
 Generally, for any condition intermediate to the active and passive states, the value of the lateral 
stress is unknown. Figure 11.12 shows the form of the relationship between strain and the lateral 
pressure coefficient. The exact relationship depends on the initial value of K0 and on whether excavation 
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or backfilling is involved in construction of the retained soil mass. The strain required to mobilise the 
passive pressure is considerably greater than that required to mobilise the active pressure.
 In the lower bound limit analyses presented in Section 11.2, the entire soil mass was subjected to 
lateral expansion (active case) or compression (passive case). However, the movement of a retaining 
wall of finite dimensions cannot develop the active or passive state in the soil mass as a whole. The 
active state, for example, would be developed only within a wedge of soil between the wall and a failure 
plane passing through the lower end of the wall and at an angle of 45° + φ′/2 to the horizontal, as shown 
in Figure 11.13(a); the remainder of the soil mass would not reach a state of plastic equilibrium. A spe-
cific (minimum) value of lateral strain would be necessary for the development of the active state within 
this wedge. A uniform strain within the wedge would be produced by a rotational movement (A′B) of 
the wall, away from the soil, about its lower end, and a deformation of this type, of sufficient magnitude, 
constitutes the minimum deformation requirement for the development of the active state. Any deforma-
tion configuration enveloping A′B, for example, a uniform translational movement A′B′, would also 
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result in the development of the active state. If the deformation of the wall were not to satisfy the 
minimum deformation requirement, the soil adjacent to the wall would not reach a state of plastic equi-
librium and the lateral pressure would be between the active and at- rest values.
 In the passive case, the minimum deformation requirement is a rotational movement of the wall, about 
its lower end, into the soil. If this movement were of sufficient magnitude, the passive state would be 
developed within a wedge of soil between the wall and a failure plane at an angle of 45° + φ′/2 to the ver-
tical, as shown in Figure 11.13(b). In practice, however, only part of the potential passive resistance 
would normally be mobilised. The relatively large deformation necessary for the full development of 
passive resistance would be unacceptable, with the result that the pressure under working conditions 
would be between the at- rest and passive values, as indicated in Figure 11.12 (and consequently provid-
ing a factor of safety against passive failure).
 Experimental evidence indicates that the mobilisation of full passive resistance requires a wall move-
ment of the order of 2–4% of embedded depth in the case of dense sands and of the order of 10–15% in 
the case of loose sands. The corresponding percentages for the mobilisation of active pressure are of the 
order of 0.25 and 1%, respectively.

11.4 Gravity retaining structures

The stability of gravity (or freestanding) walls is due to the self- weight of the wall, perhaps aided by passive 
resistance developed in front of the toe of the wall. The traditional gravity wall (Figure 11.14(a)), con-
structed of masonry or mass concrete, is uneconomic because the material is used only for its dead weight. 
Reinforced concrete cantilever walls (Figure 11.14(b)) can be more economic because the backfill itself, 
acting on the base, is employed to provide most of the required dead weight. Other types of gravity structure 
include gabion and crib walls (Figures 11.14(c) and (d)). Gabions are cages of steel mesh, rectangular in 
plan and elevation, filled with particles generally of cobble size, the units being used as the building blocks 
of a gravity structure. Cribs are open structures assembled from precast concrete or timber members and 
enclosing coarse- grained fill, the structure and fill acting as a composite unit to form a gravity wall.

Limit state design
At the ultimate limit state (ULS) failure will occur with the retained soil under active conditions as the 
wall moves towards the excavation, as the generation of passive pressures (higher than K0, Figure 11.12) 
would require additional forcing towards the retained soil to induce slip in this direction. A gravity 
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Figure 11.13  Minimum deformation conditions to mobilise: (a) active state,  
(b) passive state.
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retaining wall is more complex than the uniaxially loaded foundations of Chapters 8 and 9, with vertical 
actions (wall dead load), horizontal actions (active earth pressures), potential seepage effects and uneven 
ground levels. Ultimate limit states which must be considered in wall design are shown schematically in 
Figure 11.15 and described as follows:

ULS- 1  Base pressure applied by the wall must not exceed the ultimate bearing 
capacity of the supporting soil;

ULS- 2  Sliding between the base of the wall and the underlying soil due to the lateral 
earth pressures;

ULS- 3  Overturning of the wall due to horizontal earth pressure forces when the 
retained soil mass becomes unstable (active failure);

ULS- 4  The development of a deep slip surface which envelops the structure as a 
whole (analysed using methods which will be described in Chapter 12);

ULS- 5  Adverse seepage effects around the wall, internal erosion or leakage through 
the wall: consideration should be given to the consequences of the failure of 
drainage systems to operate as intended (Chapter 2);

ULS- 6 Structural failure of any element of the wall or combined soil/structure failure.

Serviceability criteria must also be met at the serviceability limit state (SLS) as follows:

SLS- 1  Soil and wall deformations must not cause adverse effects on the wall itself 
or on adjacent structures and services;

SLS- 2  Excessive deformations of the wall structure under the applied earth pres-
sures must be avoided (typically this is only significant in the case of slender 
cantilever walls, Figure 11.14b, which will be considered separately later in 
this chapter).
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Figure 11.14 Gravity retaining structures.
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 The first step in design is to determine all the actions/earth pressures acting on the wall from which 
the resultant thrusts can be determined as described later in this section. Soil and water levels should rep-
resent the most unfavourable conditions conceivable in practice. Allowance must be made for the possi-
bility of future (planned or unplanned) excavation in front of the wall known as overdig, a minimum 
depth of 0.5 m being recommended; accordingly, passive resistance in front of the wall is normally 
neglected.
 In terms of ULS design, this chapter will chiefly focus on limit states ULS- 1 to ULS- 3. Once the earth 
pressure thrusts are known, the resultant vertical, horizontal and moment components acting on the base 
of the wall (V, H and M, respectively) are obtained. ULS- 1 to ULS- 3 can then be checked using the yield 
surface concepts from Section 10.3, treating the gravity wall as a shallow foundation under combined 
loading. ULS- 2 requires an additional check if the wall–soil interface is not perfectly rough (as assumed 
in Section 10.3). In this case, the resultant active earth pressure force from the retained soil represents 
the action that is inducing failure. With passive resistance in front of the wall neglected, the resistance to 
sliding per metre length of wall (Hult) comes from interface friction along the base of the wall. For a 
rough wall sliding on undrained soil the design resistance is

  (11.44a)

while for sliding on drained soil is

  (11.44b)

where α and δ′ represent the adhesion and interface friction angle respectively, as before. Hult is a resist-
ance, so parameter γRh is a partial resistance factor for sliding, analogous to γRv for the bearing resistance 
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of shallow foundations (Chapter 8). In Eurocode 7, the normative value of γRh = 1.00 for sets R1 and R3 
and 1.10 for set R2. Then, to satisfy ULS- 2,

  (11.45)

Of the remaining ULS conditions, ULS- 4 will be considered in Chapter 12 (stability of unsupported soil 
masses), as in this case the failure bypasses the wall completely (Figure 11.15). The effects of seepage 
on retaining wall stability have been partially considered in earlier chapters (ULS- 5), and ULS- 6 is not 
considered herein as it relates solely to the structural strength of the wall itself under the lateral earth 
pressures, which must be determined using structural/continuum mechanics principles. It should be 
noted that if seepage is occurring, then the effects of seepage should also be accounted for in the other 
ULS failure modes (e.g. uplift pressures will reduce the normal contact stress in ULS- 2, reducing sliding 
resistance).

Resultant thrust
In order to check the overall stability of a retaining structure, the active and passive earth pressure distri-
butions are integrated over the height of the wall to determine the resultant thrust (a force per unit 
length of wall), which is used to define the horizontal action. If the retaining structure is smooth, the 
resultant thrust will act normal to the wall (this may not be horizontal if the wall has a battered back). 
For the case of retained undrained soil having uniform bulk density γ (so that σ = γzcos2β), combining 
Equations 11.35, 11.15 and 11.34 gives

  (11.46a)

while combining Equations 11.16, 11.17 and 11.18 gives

  (11.46b)

Equation 11.46 is linear in z and these total pressure distributions are shown in Figure 11.16.
 In the active case, the value of pa is zero at a particular depth z0. From Equation 11.46a, with pa = 0,

 (11.47)

This means that in the active case the soil is in a state of tension between the surface and depth z0. In 
practice, however, this tension cannot be relied upon to act on the wall, since cracks are likely to develop 
within the tension zone and the part of the pressure distribution diagram above depth z0 should be 
neglected. The total active thrust (Pa) acting normal to a wall of height h with a batter angle of w is then

  (11.48)

The force Pa acts at a distance of ⅓(h – z0) above the bottom of the wall. If the wall is rough there is addi-
tionally a traction force (Ta) due to the interface shearing,acting downwards along the wall surface at the 
same point of

 (11.49)

where τw = αcu. Equation 11.49 neglects any interface shear in the tension zone above z0 (i.e. it is assumed 
that a crack opens between the soil and the wall in this zone), so the force acts at a distance of ½(h – z0) 
above the bottom of the wall.
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 In the passive case pp is always positive so that the total passive thrust (Pp) acting normal to a wall of 
height h with a batter angle of w is

  (11.50)

The two components of Pp act at distances of ⅓h and ½h, respectively, above the bottom of the wall 
surface, as shown in Figure 11.16. If the wall is rough there is additionally a traction force (Tp) acting 
upwards along the wall surface of

 (11.51)

In the case of a drained cohesionless material (c′ = 0), the lateral pressures acting on the retaining struc-
ture should be separated into the component due to the effective stress in the soil (p′ = Kσ′) and the com-
ponent due to any pore water pressure (u). The effective thrust (P′) acting normal to a wall of height h 
with a batter angle of w is

 (active) (11.52a)

 (passive) (11.52b)

and resultant pore water pressure thrust (U)

  (11.53)
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Figure 11.16 Pressure distributions and resultant thrusts: undrained soil.
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If the wall is rough, there will be an additional interface shear force acting downwards along the wall 
surface on the active side and upwards along the wall surface on the passive side. This is found using Equa-
tion 11.51 on both active and passive sides (as there is no tension zone); however, the interface shear 
strength is τw = σ′tan δ′. The normal and shear components of the thrust P′ and T are often combined into a 
single resultant force which acts at an angle of δ′ to the wall normal, as shown in Figure 11.17.
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Figure 11.17 Pressure distributions and resultant thrusts: drained soil.

Example 11.2

a Calculate the total active thrust on a smooth vertical wall 5 m high retaining a sand of unit 
weight 17 kN/m3 for which φ′ = 35° and c′ = 0; the surface of the sand is horizontal and the 
water table is below the bottom of the wall.

b Determine the thrust on the wall if the water table rises to a level 2 m below the surface of the 
sand. The saturated unit weight of the sand is 20 kN/m3.

Solution
a w = δ′ = β = 0, so using either Equation 11.39, 11.23 or 11.5 gives
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 With the water table below the bottom of the wall, σ′ = σ′v = γdryz, so, from Equation 11.52a,

 

b The pressure distribution on the wall is now as shown in Figure 11.18, including hydrostatic 
pressure on the lower 3 m of the wall. The thrust components are:

 

 Summing the four components of thrust gives a total thrust = 93.3 kN/m.
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Figure 11.18 Example 11.2.
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Example 11.3

Details of a cantilever retaining wall are shown in Figure 11.19, the water table being below the 
base of the wall. The unit weight of the backfill is 17 kN/m3 and a surcharge pressure of 10 kPa 
acts on the surface. Characteristic values of the shear strength parameters for the backfill are c′ = 0 
and φ′ = 36°. The angle of friction between the base and the foundation soil is 27° (i.e. δ′ = 0.75φ′). 
Is the design of the wall satisfactory at the ultimate limit state to EC7, DA1b?

10 kPa

5.40 m (2)

(1)

1.75 m

3.00 m

0.40 m

0.30 m

X

Figure 11.19 Example 11.3.

Solution
The unit weight of concrete will be taken as 23.5 kN/m3. The active thrust from the retained 
soil acts on the vertical plane through the soil shown by the dotted line in Figure 11.19 (also 
known as the virtual back), so δ′ = φ′ and w = 0 on this interface. The value of Ka can then be 
found from Equation 11.39 with w = β = Δ1 = φ′mob = 0, or from Equation 11.23 (as the retained 
soil is not sloping). For DA1b (Tables 8.9 and 8.11), the design value of φ′ = tan–

1(tan 36°/1.25) = 30°. Therefore δ′ = 30° (π/6) and Δ2 = π/2, giving Ka = 0.27. The soil is dry, so 
σ′ = σ′v = γz + σq, giving pa = Kaσ′v (Equation 11.6). Then, from Equation 11.53 Ua = 0 and from 
Equation 11.52

 

The first term in Pa relates to (1), which has a triangular distribution with depth, and will there-
fore act at h/3 above the base of the wall. The second term relates to the surcharge (2) which is 
uniform with depth, so that this component acts at h/2 above the base of the wall. Action (1) is a 
permanent unfavourable action (partial factor = 1.00, Table 8.10), while the surcharge effect (2) is 
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a variable unfavourable action (partial factor = 1.30, Table 8.10). For using the yield surface in 
Figure 10.16b, the vertical forces (downwards positive) due to the weight of the wall (stem + base) 
and soil above the base are considered as permanent favourable actions for V/R < 0.5 (where 
sliding and overturning dominate) and permanent unfavourable actions for V/R ≥ 0.5 (when 
bearing failure dominates). For DA1b this does not affect the value of the partial factors, which in 
both cases are 1.00. The vertical (downwards) traction force Ta = P′atan δ′ from the interface shear 
on the virtual back is factored similarly. The moments induced by the vertical and horizontal 
actions are determined about the centre of the footing base (point X in Figure 11.19), with anti-
clockwise moments positive (these act to overturn the wall). The calculations of the actions acting 
on the wall are set out in Table 11.2.

Table 11.2 Example 11.3

Force (kN/m) Lever arm (m) Moment 

(kNm/m)

(1)   1 __ 
2
   · 0.27     17 _____ 

1.00
     · 5.402 · 1.00 

= 66.9 1.80 = 120.4

(2) 0.27·10·5.40·1.30 = 19.0 2.70 = 51.3

H = 85.9

(Stem) 5.00 · 0.30 ·     23.5 _____ 
1.00

     · 1.00 = 35.3 0.40 = 14.1

(Base) 0.40 · 3.00 ·     23.5 _____ 
1.00

     · 1.00 = 28.2 0.00 = 0.0

(Soil) 5.00 · 1.75 ·     17 _____ 
1.00

     · 1.00 = 148.8 −0.63 = –93.7

(Virtual back) (66.9 + 19.0) tan 30 = 49.6 −1.50 = –74.4

V = 261.9 M = 17.7

 The bearing resistance of the wall is calculated assuming that the failure occurs in front of the 
wall (worst case), so, from Equation 8.32,

 

where Nγ is from Equation 8.36. Therefore, H/R = 0.056 and M/BR = 0.004. This point is plotted in 
Figure 10.16b, from where it can be seen that, to lie within the yield surface, 0.12 < V/R < 0.88 
(interpolating between contours). In this case, V/R = 0.11, so ULS is not satisfied. Checking 
ULS- 2 explicitly (Equations 11.44b and 11.45) Hult = V tan δ′ = 261.9 × tan 30 = 151.2 kN/m, which 
is greater than H so the wall does not slide. Also, V << R, so ULS- 1 is also satisfied. It is the over-
turning that is therefore causing the problem.
 If the wall is required to be 5.40 m tall, the width of the base would need to be extended (into 
the retained soil). This would increase the value of V and reduce the value of M (by increasing 
the restoring moment from the soil above the base). It should be noted that passive resistance in 
front of the wall has been neglected to allow for unplanned excavation.
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Example 11.4

Details of a mass concrete gravity- retaining wall are shown in Figure 11.20, the unit weight of 
the wall material being 23.5 kN/m3. The unit weight of the dry retained soil is 18 kN/m3, and the 
characteristic shear strength parameters are c′ = 0 and φ′ = 33°. The value of δ′ between wall and 
retained soil and between wall and foundation soil is 26°. The wall is founded on uniform clay 
with cu = 120 kPa and α = 0.8 between the base of the wall and the clay. Is the design of the wall 
satisfactory at the ultimate limit state to EC7 DA1a?

(3)

(1)

(2)

(4)

0.50 m
0.70 m

6.00 m

0.50 m

0.75 m

2.75 m

100°

20°

Pa

Ta

V

Figure 11.20 Example 11.4.

Solution
As the back of the wall and the soil surface are both inclined, the value of Ka will be calculated 
from Equation 11.39. The design values of the angles of shearing resistance in this equation are 
φ′ = 33°, δ′ = 26° for DA1a, w = 100 – 90 = 10°, Δ2 = 53.6° (Equation 11.28), β = 20°, φ′mob = β = 20° 
(Equation 11.32), and Δ1 = 38.9° (Equation 11.40), giving Ka = 0.46. From Equation 11.53 Ua = 0, 
and from Equations 11.52 and 11.31

 

This force acts normal to the back of the wall at a vertical distance of h/3 above the base of the 
wall and is a permanent unfavourable action (partial factor = 1.35, Table 8.10). The (downwards) 
interface friction force along the back of the wall is given by
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This is similarly a permanent unfavourable action. Evaluating these two expressions and applying 
partial factors gives design values of the actions: Pa = 180.4 kN/m, Ta = 88.0 kN/m. These actions 
are shown in Figure 11.20. The vertical action due to the dead weight of the retaining wall is 
determined by splitting the wall into smaller, simpler sections as shown in Figure 11.20. This is 
also a permanent unfavourable action. Moments are considered about the centre of the base of the 
wall (anticlockwise positive), the calculations being set out in Table 11.3.

Table 11.3 Example 11.4

Force (kN/m) Lever arm (m) Moment 

(kNm/m)

Pa cos 10° 180.4 cos 10 = 239.8 2.00 = 479.6

Ta sin 10° –88.0 sin 10 = –20.6 2.00 = –41.2

H = 219.2

Pa sin 10° 180.4 sin 10 = 42.3 –2.40 = –101.5

Ta cos 10° 88.0 cos 10 = 117.0 –2.40 = –280.8

Wall (1)   1 __ 
2
   · 1.05 · 6.00 ·     23.5 _____ 

1.00
     · 1.35 = 99.9 –0.68 = –67.9

(2) 0.70 · 6.00 ·     23.5 _____ 
1.00

     · 1.35 = 133.2 0.03 = 4.0

(3)   1 __ 
2
   · 0.50 · 5.25 ·     23.5 _____ 

1.00
     · 1.35 = 41.6 0.54 = 22.5

(4) 1.00 · 0.75 ·     23.5 _____ 
1.00

     · 1.35 = 23.8 0.88 = 20.9

V = 457.8 M =35.6

 The bearing resistance of the wall is calculated assuming that the failure occurs in front of the 
wall (worst case), so, from Equation 8.17,

 

where Nc = 5.14. Therefore, H/R = 0.129 and M/BR = 0.008. This point is plotted in Figure 10.13b, 
from where it can be seen that to lie within the yield surface 0.21 < V/R < 0.79. In this case, 
V/R = 0.25, so ULS is satisfied. A further check should be made for sliding (ULS- 2) in this case, 
as the yield surface approach assumes perfect bonding between the wall and the clay (i.e. α = 1). 
From Equations 11.44a and 11.45, Hult = (αcuB)/γRh = (0.8 × 120 × 2.75)/1.00 = 264 kN/m, which is 
greater than H so the wall will not slide.
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11.5 Coulomb’s theory of earth pressure

While the rigorous limit analysis solutions presented in Section 11.2 are applicable to a wide range of 
retaining structure problems, they are by no means the only way of determining lateral earth pressures. 
An alternative method of analysis, known as limit equilibrium, involves consideration of the stability, 
as a whole, of the wedge of soil between a retaining wall and a trial failure plane. The force between the 
wedge and the wall surface is determined by considering the equilibrium of forces acting on the wedge 
when it is on the point of sliding either up or down the failure plane, i.e. when the wedge is in a con-
dition of limiting equilibrium. Friction between the wall and the adjacent soil can be taken into account 
as for the limit analyses in Section 11.2, represented by τw = αcu in undrained soil and τw = σ′ tan δ′ in 
drained soil. The method was first developed for retaining structures by Coulomb (1776), and is popular 
for use in design.
 The limit equilibrium theory is now interpreted as an upper bound plasticity solution (although analy-
sis is based on force equilibrium and not on the work–energy balance defined in Chapter 8), collapse of 
the soil mass above the chosen failure plane occurring as the wall moves away from or into the soil. 
Thus, in general, the theory underestimates the total active thrust and overestimates the total passive 
resistance (i.e. provides upper bounds to the true collapse load).

Active case
Figure 11.21(a) shows the forces acting on the soil wedge between a wall surface AB, inclined at angle x to 
the horizontal, and a trial failure plane BC, at angle θp to the horizontal. The soil surface AC is inclined at 
angle β to the horizontal. The shear strength parameter c′ is initially taken as zero, though this limitation can 
subsequently be relaxed for a general φ′, c′ material. For the failure condition, the soil wedge is in equilib-
rium under its own weight (W), the reaction to the force (P) between the soil and the wall, and the resultant 
reaction (Rs) on the failure plane. Because the soil wedge tends to move down the plane BC at failure, the 
reaction P acts at angle δ′ below the normal to the wall. (If the wall were to settle more than the backfill, the 
reaction P would act at angle δ′ above the normal.) At failure, when the shear strength of the soil has been 
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Figure 11.21  Coulomb theory: active case with c′ = 0: (a) wedge geometry,  
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fully mobilised, the direction of Rs is at an angle φ′ below the normal to the failure plane. The directions of 
all three forces, and the magnitude of W, are known, and therefore a triangle of forces (Figure 11.21(b)) can 
be drawn and the magnitude of P determined for the trial in question.
 A number of trial failure planes would have to be selected to obtain the maximum value of P, which 
would be the total active thrust on the wall. However, using the sine rule, P can be expressed in terms of 
W and the angles in the triangle of forces. Then the maximum value of P, corresponding to a particular 
value of θp, is given by ∂P/∂θ = 0. This leads to the following solution for P′a in dry soil:

  (11.54)

where

  (11.55)

The point of application of the total active thrust is not given by the Coulomb theory but is assumed to 
act at a distance of ⅓h above the base of the wall as considered previously. Had Equation 11.55 been 
used to determine the values of Ka in Examples 11.3 and 11.4, values of 0.30 and 0.48 would have been 
obtained respectively, which compare favourably with the values from lower bound limit analysis of 
0.27 and 0.46.
 The analysis can be extended to dry soil cases in which the shear strength parameter c′ is greater than 
zero. It is assumed that tension cracks may extend to a depth z0, the trial failure plane (at angle θp to the 
horizontal) extending from the heel of the wall to the bottom of the tension zone, as shown in Figure 
11.22. The forces acting on the soil wedge at failure are then as follows:

1 the weight of the wedge (W);
2 the reaction (P) between the wall and the soil, acting at angle δ′ below the normal;
3 the force due to the constant component of shearing resistance on the wall (Ta = τw × EB);
4 the reaction (Rs) on the failure plane, acting at angle φ′ below the normal;
5 the force on the failure plane due to the constant component of shear strength (C = c′ × BC).

The directions of all five forces are known together with the magnitudes of W, Ta and C, and therefore 
the value of P can be determined from the force diagram for the trial failure plane. Again, a number of 
trial failure planes would be selected to obtain the maximum value of P. The resultant thrust is then 
expressed as

  (11.56)

where

  (11.57)

 If the soil is saturated, there will be additional forces acting due to the pore water. Under these con-
ditions it is best to determine the resultant active thrust using a force diagram that includes the resultant 
pore water thrust Ua acting on the slip plane. This general technique will then allow for the determination 
of the resultant thrust on a retaining structure under either static or seepage conditions (see Example 11.5).
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Passive case
In the passive case, the reaction P acts at angle δ′ above the normal to the wall surface (or δ′ below the 
normal if the wall were to settle more than the adjacent soil) and the reaction Rs at angle φ′ above the normal 
to the failure plane. In the triangle of forces, the angle between W and P is 180° – ξ + δ′ and the angle 
between W and Rs is θp + φ′. The total passive resistance, equal to the minimum value of P, is given by

  (11.58)

where

  (11.59)

Care must be exercised when using Equation 11.59 as it is known to overestimate passive resistance, 
seriously so for the higher values of φ′, representing an error on the unsafe side.
 As before, the analysis can be extended to dry soil cases in which the shear strength parameter c′ is 
greater than zero, giving

  (11.60)

where

  (11.61)
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Figure 11.22 Coulomb theory: active case with c′ > 0.
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Example 11.5

Details of a retaining structure, with a vertical drain adjacent to the back surface, are shown in 
Figure 11.23(a), the saturated unit weight of the retained soil being 20 kN/m3. The design strength 
parameters for the soil are c′ = 0, φ′ = 38° and δ′ = 15°. Assuming an active failure plane at 
θp = 45° + φ′/2 to the horizontal (see Figure 11.13), determine the total horizontal thrust on the 
wall under the following conditions:

a when the backfill becomes fully saturated due to continuous rainfall, with steady- state seepage 
towards the drain;

b if the vertical drain were replaced by an inclined drain below the failure plane at 45° to the 
horizontal;

c if there were no drainage system behind the wall (i.e. the drains in (a) or (b) become blocked).

Solution
This problem demonstrates how the effects of seepage may be accounted for in earth pressure prob-
lems. In each case resultant forces due to the pore water must be determined. This may be achieved 
by drawing a flow net (Chapter 2); however, only the pore water pressures are required in order to 
determine the resultant pore water thrust, so the Spreadsheet tool Seepage_CSM8.xls can be used 
more rapidly to determine the values of head for the different cases. The results of this approach are 
shown below; the modelling of this problem using the spreadsheet tool is detailed in an appendix to 
the accompanying User Manual which may be found on the Companion Website.

a The equipotentials for seepage towards the vertical drain from the spreadsheet tool are shown 
in Figure 11.23(a). Since the permeability of the drain must be considerably greater than that 
of the backfill, the drain remains unsaturated and the pore water pressure at every point within 
the drain is zero (atmospheric). Thus, at every point on the boundary between the drain and 
the backfill, total head is equal to elevation head (this can easily be included as a boundary 
condition within the FDM spreadsheet). The equipotentials, therefore, must intersect this 
boundary at points spaced at equal vertical intervals Δh as shown. The boundary itself is 
neither a flow line nor an equipotential.

  The values of total head and elevation head may be determined at the points of intersection 
of the equipotentials with the failure plane. The pore water pressures at these points are then 
determined using Equation 2.1 and integrated numerically along the slip plane to give the 
pore water thrust on the slip plane, U = 36.8 kN/m. The pore water forces on the other two 
boundaries of the soil wedge are zero.

  The total weight (W) of the soil wedge is now calculated, i.e.

 

 The forces acting on the wedge are shown in Figure 11.23(b). Since the directions of the four 
forces are known, together with the magnitudes of W and U, the force polygon can be drawn 
to scale as shown, from which Pa = 104 kN/m can be measured from the diagram. The 
horizontal thrust on the wall is then given by

 

 Other failure surfaces would have to be chosen in order that the maximum value of total 
active thrust can be determined (most critical case).
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b For the inclined drain shown in Figure 11.23(c), the equipotentials above the drain are 
 horizontal, the total head being equal to the elevation head in this zone. Thus at every point on 
the failure plane the pore water pressure is zero, and hence U = 0 also. This form of drain is 
preferable to the vertical drain. In this case, from Figure 11.23(d), Pa = 80 kN/m such that the 
horizontal thrust on the wall is then given by

 

c For the case of no drainage system behind the wall, the pore water is static, i.e. the pore water 
pressure at each point on the slip plane is γwz (Figure 11.23(e)). This distribution can again be 
integrated numerically to give U = 196.5 kN/m. From Figure 11.23(f ), Pa = 203 kN/m such that 
the horizontal thrust on the wall is then given by

 

 This example demonstrates how important it is to keep the drainage behind retaining 
structures well maintained, as the thrust on the wall is greatly increased (and the stability at 
ULS therefore greatly reduced) when the pore water cannot drain.
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Figure 11.23 Example 11.5.
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11.6 Backfilling and compaction- induced earth pressures

If retaining walls are used to create elevated ground (Figure 11.1(b)), it is common to construct the retaining 
structure to the desired level first and subsequently backfill behind the structure with fill. This soil is known 
as backfill, and is commonly compacted in- situ to achieve optimum density (and, hence, engineering per-
formance; see Section 1.7). The resultant lateral pressure against the retaining structure is influenced by the 
compaction process, an effect that was not considered in the earth pressure theories described previously. 
During backfilling, the weight of the compaction plant produces additional lateral pressure on the wall. 
Pressures significantly in excess of the active value can result near the top of the wall, especially if it is 
restrained by propping during compaction. As each layer is compacted, the soil adjacent to the wall is 
pushed downwards against the frictional resistance on the wall surface (τw). When the compaction plant is 
removed the potential rebound of the soil is restricted by wall friction, thus inhibiting reduction of the addi-
tional lateral pressure. Also, the lateral strains induced by compaction have a significant plastic component 
which is irrecoverable. Thus, there is a residual lateral pressure on the wall. A simple analytical method of 
estimating this residual lateral pressure has been proposed by Ingold (1979).
 Compaction of backfill behind a retaining wall is normally effected by rolling. The compaction plant 
can be represented approximately by a line load equal to the weight of the roller. If a vibratory roller is 
employed, the centrifugal force due to the vibrating mechanism should be added to the static weight. 
Referring to Figure 11.24, the stresses at point X due to a line load of Q per unit length on the surface 
are as follows:

  (11.62)

 (11.63)

  (11.64)

 From Equation 11.62, the vertical stress immediately below the line load is

 

Then the lateral pressure on the wall at depth z is given by

 

When the stress σz is removed, the lateral stress may not revert to the original value (Kaγz). At shallow 
depth the residual lateral pressure could be high enough, relative to the vertical stress γz, to cause passive 
failure in the soil. Therefore, assuming there is no reduction in lateral stress on removal of the compac-
tion plant, the maximum (or critical) depth (zc) to which failure could occur is given by

 

Thus
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If it is assumed that γzc is negligible compared to σz, then

 

Therefore

 

The maximum value of lateral pressure (pmax) occurs at the critical depth, therefore (again neglecting γzc)

 (11.65)

Backfill is normally placed and compacted in layers. Assuming that the pressure pmax is reached, and 
remains, in each successive layer, a vertical line can be drawn as a pressure envelope below the critical 
depth. Thus, the distribution shown in Figure 11.25 represents a conservative basis for design. However, 
at a depth za the active pressure will exceed the value pmax. The depth za, being the limiting depth of the 
vertical envelope, is obtained from the equation

 

Thus

  (11.66)
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Figure 11.24 Stresses due to a line load.
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11.7 Embedded walls

Cantilever walls
Walls of this type are mainly of steel sheet piling, and are used only when the retained height of soil is 
relatively low. In sands and gravels these walls may be used as permanent structures, but in general they 
are used only for temporary support. The stability of the wall is due entirely to passive resistance mobi-
lised in front of the wall. The principal limit states considered previously for gravity retaining structures 
are then replaced by:

ULS- 1 Horizontal translation of the wall;
ULS- 2 Rotation of the wall;
ULS- 3  Bearing failure of the wall (acting as a pile) under its own self weight and 

interface shear forces from the retained soil.

 

Limit states ULS- 4 to ULS- 6 listed for gravity walls (Section 11.4) should also be considered, as should 
serviceability limit states SLS- 1 and SLS- 2. The mode of failure of an embedded wall is by rotation 
about a point O near the lower end of the wall, as shown in Figure 11.26(a). Consequently, passive 
resistance acts in front of the wall above O and behind the wall below O, as shown in Figure 11.26(b), 
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Figure 11.25 Compaction- induced pressure.
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thus providing a fixing moment. However, this pressure distribution is an idealisation, as there is unlikely 
to be a complete change in passive resistance from the front to the back of the wall at point O. To allow 
for over- excavation, it is recommended that the soil level in front of the wall should be reduced by 10% 
of the retained height, subject to a maximum of 0.5 m (overdig).
 Design is generally based on the simplification shown in Figure 11.26(c), it being assumed that the net 
passive resistance below point O is represented by a concentrated force R acting at a point C, slightly below 
O, at depth d below the lower soil surface. ULS- 1 is verified by ensuring that the resultant passive thrust is 
greater than the resultant active thrust. ULS- 2 is verified by ensuring that the (clockwise) restoring moment 
about O due to the resultant passive thrust of the soil in front of the wall is greater than the (anticlockwise) 
driving moment due to the resultant active thrust of the soil behind the wall. The methods outlined in Chap-
ters 9 and 10 should be used to verify ULS- 3. Given that a cantilever wall is flexible, the check of the 
internal structural stability and performance of the wall (ULS- 6 and SLS- 2) is of greater importance than 
for gravity structures, so it is typical in design to determine the shear force and bending moment distribu-
tions in the wall for subsequent structural checks (which are beyond the scope of this book).

Anchored and propped walls
Generally, structures of this type are either of steel sheet piling or reinforced concrete diaphragm walls, 
the construction of which is described in Section 11.10; however, secant piling may also be used to form 
a wall which would be anchored or propped. Additional support to embedded walls is provided by a row 
of tie- backs (anchors) or props near the top of the wall, as illustrated in Figure 11.27(a). Tie- backs are 
normally high- tensile steel cables or rods, anchored in the soil some distance behind the wall. Walls of 
this type are used extensively in the support of deep excavations and in waterfront construction. In the 
case of sheet pile walls there are two basic modes of construction. Excavated walls are constructed by 
driving a row of sheet piling, followed by excavation or dredging to the required depth in front of the 
wall. Backfilled walls are constructed by partial driving, followed by backfilling to the required height 
behind the piling (see Section 11.6). In the case of diaphragm walls, excavation takes place in front of 
the wall after it has been cast in- situ. Stability is due to the passive resistance developed in front of the 
wall together with the supporting forces in the ties or props.
 The limit states to be considered include those listed above for cantilever walls. In addition, the fol-
lowing two limit states must be considered:
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Figure 11.26 Cantilever sheet pile wall.
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ULS- 7  Failure of anchors/ties by pull- out from the soil (anchored walls with ties in 
tension only). This is essentially a check of the soil–tie interface strength.

ULS- 8  Structural failure of ties/props. For props which are loaded in compression, 
failure would be by buckling; in anchors tie failure would be by fracture. 
This is essentially a check of the structural strength of the tie/prop itself.

 

An additional serviceability limit state is

SLS- 3 Yield of ties/props should be minimal.

 

These additional limiting states are described in greater detail in Section 11.8.
 The consequences of not meeting these limiting states can be severe. On 20 April 2004, a section of a 
33-m deep propped excavation collapsed in Singapore (Figure 11.28). The failure of the wall led to col-
lapse of a zone of soil 150 × 100 m in plan and 30 m deep, making the adjacent Nicoll Highway impass-
able for 8 months after the collapse. Of the construction workers who were in the excavation at the time 
of the collapse, four were killed and a further three injured. The causes of the collapse were ultimately 
identified as underestimation of the thrusts acting on the wall (ULS- 1/2) coupled with inadequate struc-
tural design of the prop–wall connection (ULS- 8). Excessive deformation of the wall was observed prior 
to collapse, but was not acted upon.

Free earth support analysis for tied/propped walls
It is assumed that the depth of embedment below excavation level is insufficient to produce fixity at the 
lower end of the wall. Thus, the wall is free to rotate at its lower end, the bending moment diagram being 
of the form shown in Figure 11.27(b). To satisfy the rotation limit state ULS- 2, the sum of the restoring 
moments (ΣMR factored as resistances) about the anchor or prop must be greater than or equal to the sum 
of the overturning moments (ΣMA factored as actions), i.e.

  (11.67)
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Figure 11.27 Anchored sheet pile wall: free earth support method.
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ULS- 1 is then verified by considering equilibrium of the horizontal forces. For this limiting state the 
active thrusts behind the wall are still the actions (causing the wall to move outwards), while the prop/tie 
force and passive thrusts are resistances. This gives the minimum resistance that the prop/tie must be 
able to provide to satisfy ULS- 1. These prop forces are then the characteristic actions in the tie/prop for 
verification of ULS- 7 and ULS- 8. The net earth pressure distribution on the wall using the final prop-
ping/tie system is then determined under working load conditions (all partial factors = 1.00) to provide 
the characteristic loadings for verification of the wall’s structural stability (ULS- 6). Finally, if appropri-
ate, the vertical forces on the wall are calculated and checked using the methods in Chapter 9, it being a 
requirement that the downward force (e.g. the component of the force in an inclined tie- back) should not 
exceed the (upward) frictional resistance available between the wall and the soil on the passive side 
minus the (downward) frictional force on the active side (ULS- 3).
 When applying free earth support analysis in ULS design, the active (effective) earth pressures which 
result in overturning moments are considered as actions and factored accordingly (as for gravity retain-
ing structures). The passive earth pressures acting in front of the wall which result in restoring moments 
are treated as resistances. The partial factors for earth pressure resistance γRe = 1.00 for sets R1 and R3, 
and 1.40 for set R2. These factors are included on the EC7 quick reference sheet on the Companion 
Website. The net pore pressure distribution on an embedded wall will always be an overturning moment, 
and is therefore treated as an action.
 It should be realised that full passive resistance is only developed under conditions of limiting 
equilibrium, i.e. when the structure is at the pint of failure. Under working conditions, analytical and 
experimental work has indicated that the distribution of lateral pressure is likely to be of the form 
shown in Figure 11.29, with passive resistance being fully mobilised close to the lower surface. The 
extra depth of embedment required to provide adequate safety results in a partial fixing moment at the 
lower end of the wall and, consequently, a lower maximum bending moment than the value under 
limiting equilibrium or collapse conditions. In view of the uncertainty regarding the pressure 

Figure 11.28 Nicoll Highway collapse, Singapore.
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distributions under working conditions, it is recommended that bending moments and tie or prop 
force under limiting equilibrium conditions should be used in the structural design of the wall. The tie 
or prop force thus calculated should be increased by 25% to allow for possible redistribution of pres-
sure due to arching (see below). Bending moments should be calculated on the same basis in the case 
of cantilever walls.
 The behaviour of an anchored wall is also influenced by its degree of flexibility or stiffness. In the 
case of flexible sheet pile walls, experimental and analytical results indicate that redistributions of lateral 
pressure take place. The pressures on the yielding parts of the wall (between the tie and excavation level) 
are reduced and those on the unyielding parts (in the vicinity of the tie and below excavation level) are 
increased with respect to the theoretical values, as illustrated in Figure 11.30. These redistributions of 
lateral pressure are the result of the phenomenon known as arching. No such redistributions take place 
in the case of stiff walls, such as concrete diaphragm walls (Section 11.10).

Passive Active

Bending
moment

Figure 11.29  Anchored sheet pile wall: pressure distribution under working 
conditions.
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Figure 11.30 Arching effects.
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 Arching was defined by Terzaghi (1943) in the following way:

If one part of the support of a soil mass yields while the remainder stays in place, the soil adjoining 
the yielding part moves out of its original position between adjacent stationary soil masses. The 
relative movement within the soil is opposed by shearing resistance within the zone of contact 
between the yielding and stationary masses. Since the shearing resistance tends to keep the yield-
ing mass in its original position, the pressure on the yielding part of the support is reduced and the 
pressure on the stationary parts is increased. This transfer of pressure from a yielding part to adja-
cent non- yielding parts of a soil mass is called the arching effect. Arching also occurs when one 
part of a support yields more than the adjacent parts.

 The conditions for arching are present in anchored sheet pile walls when they deflect. If yield of an 
anchor takes place (ULS- 7), arching effects are reduced to an extent depending on the amount of yield-
ing. On the passive side of the wall, the pressure is increased just below excavation level as a result of 
larger deflections into the soil. In the case of backfilled walls, arching is only partly effective until the fill 
is above tie level. Arching effects are much greater in sands than in silts or clays, and are greater in 
dense sands than in loose sands.
 Generally, redistributions of earth pressure result in lower bending moments than those obtained from 
the free earth support method of analysis; the greater the flexibility of the wall, the greater the moment 
reduction. However, for stiff walls, such as diaphragm walls, formed by excavation in soils having a 
high K0 value (in the range 1–2), such as overconsolidated clays, Potts and Fourie (1984, 1985) showed 
that both maximum bending moment and prop force could be significantly higher than those obtained 
using the free earth support method.

Pore water pressure distribution
Embedded walls are normally analysed in terms of effective stresses. Care is therefore required in decid-
ing on the appropriate distribution of pore water pressure. Several different situations are illustrated in 
Figure 11.31.
 If the water table levels are the same on both sides of the wall, the pore water pressure distributions 
will be hydrostatic and will balance (Figure 11.31(a)); they can thus be eliminated from the calculations, 
as the resultant thrusts and moments due to the pore water on either side of the wall will balance.
 If the water table levels are different and if steady seepage conditions have developed and are main-
tained, the distributions on the two sides of the wall will be unbalanced. The pressure distributions on 
each side of the wall may be combined into a single net pressure distribution because no earth pressure 
coefficient is involved. The net distribution on the back of the wall could be determined from a flow net, 
as illustrated in Example 2.2, or using the FDM spreadsheet accompanying Chapter 2. However, in many 
situations an approximate distribution, ABC in Figure 11.31(b), can be obtained by assuming that the 
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Figure 11.31 Various pore water pressure distributions.
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total head is dissipated uniformly along the back and front wall surfaces between the two water table 
levels. The maximum net pressure occurs opposite the lower water table level and, referring to Figure 
11.31(b), is given by

  (11.68)

In general, this approximate method will underestimate net water pressure, especially if the bottom of 
the wall is relatively close to the lower boundary of the flow region (i.e. if there are large differences in 
the sizes of curvilinear squares in the flow net approaching the bottom of the wall). The approximation 
should not be used in the case of a narrow excavation between two lines of sheet piling where curvilin-
ear squares are relatively small (and seepage pressure relatively high) approaching the base of the exca-
vation. In these cases, the FDM spreadsheet or a flow net should be used.
 In Figure 11.31(c), a depth of water is shown in front of the wall, the water level being below that of 
the water table behind the wall. In this case the approximate distribution DEFG should be used in appro-
priate cases, the net pressure at G being given by

 (11.69)

If c = 0, then Equation 11.69 reduces to Equation 11.68.
 A wall constructed mainly in a soil of relatively high permeability but penetrating a layer of low per-
meability layer (typically clay) is shown in Figure 11.31(d). This may be done to reduce the amount of 
seepage underneath the wall by using the low permeability soil as a natural barrier to seepage. If 
un drained conditions apply within the clay, the pore water pressure in the overlying soil would be hydro-
static and the net pressure distribution would be HJKL as shown, where

  (11.70)

A wall constructed in a low permeability soil (e.g. clay) which contains thin layers or partings of high per-
meability material (e.g. sand or silt) is shown in Figure 11.31(e). In this case, it should be assumed that the 
sand or silt allows water at hydrostatic pressure to reach the back surface of the wall. This implies pressure 
in excess of hydrostatic, and consequent upward seepage in front of the wall (see Section 3.7).
 For short- term situations for walls in clay (e.g. during and immediately after excavation), there exists the 
possibility of tension cracks developing or fissures opening. If such cracks or fissures fill with water, hydro-
static pressure should be assumed over the depth in question. The water in the cracks or fissures would also 
result in softening of the clay. Softening would also occur near the soil surface in front of the wall as a result 
of stress relief on excavation. An effective stress analysis would ensure a safe design in the event of rapid 
softening of the clay taking place, or if work were delayed during the temporary stage of construction.
 Under conditions of steady seepage, use of the approximation that total head is dissipated uniformly 
along the wall has the consequent advantage that the seepage pressure is constant. For the conditions 
shown in Figure 11.31(b), for example, the seepage pressure at any depth is

  (11.71)

The effective unit weight of the soil below the water table, therefore, would be increased to γ′ + j behind 
the wall, where seepage is downwards, and reduced to γ′ – j in front of the wall, where seepage is 
upwards. These values should be used in the calculation of effective active and passive pressures, respec-
tively, if groundwater conditions are such that steady seepage is maintained. Thus, active pressures are 
increased and passive pressures are decreased relative to the corresponding static values.
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Example 11.6

The sides of an excavation 2.25 m deep in sand are to be supported by a cantilever sheet pile wall, 
the water table being 1.25 m below the bottom of the excavation. The unit weight of the sand above 
the water table is 17 kN/m3, and below the water table the saturated unit weight is 20 kN/m3. 
Characteristic strength parameters are c′ = 0, φ′ = 35° and δ′ = 0. Allowing for a surcharge pressure 
of 10 kPa on the surface, determine the required depth of embedment of the piling to satisfy the 
rotational (ULS- 2) and translational (ULS- 1) limit states to Eurocode 7, DA1b.

Solution
Below the water table, the effective unit weight of the soil is (20 – 9.81) = 10.2 kN/m3. To allow 
for possible over- excavation the soil level should be reduced by 10% of the retained height of 
2.25 m, i.e. by 0.225 m. The depth of the excavation therefore becomes 2.475 m, say 2.50 m, and 
the water table will be 1.00 m below this level.
 The design dimensions and the earth pressure diagrams are shown in Figure 11.32. The distri-
butions of hydrostatic pressure on the two sides of the wall balance and can be eliminated from 
the calculations (there is no seepage occurring). For applying partial factors:

the active earth pressures on the retained side (2–4 in Figure 11.32) are unfavorouable perma-●●

nent actions (causing the wall to rotate or slide);
the horizontal earth pressure due to the surcharge (1 in Figure 11.32) is an unfavourable vari-●●

able action;
the passive earth pressures in front of the wall (5–7 in Figure 11.32) are treated as resistances ●●

(as they prevent the wall rotating or sliding) and factored by γRe.

The procedure is to check the rotational stability first by applying Equation 11.67 about point C. 
The design value of φ′ for DA1b is tan–1(tan 35°/1.25) = 29°. The corresponding values of Ka and 
Kp are 0.35 and 2.88, respectively, using Equations 11.5 and 11.7, or 11.23 and 11.27. The design 
(factored) values of forces, lever arms and moments are set out in Table 11.4.

7

6 d

C
R

2.50 m

1.00 m

WT

10 kPa

1 2

3

4

5

Figure 11.32 Example 11.6.
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Table 11.4 Example 11.6

Force (kN/m) Lever arm (m) Moment (kNm/m)

Actions (HA, MA):

(1) 0.33 · 10 · (d + 3.5) · 1.30 = 4.29d + 15.02   d + 3.5 _______ 
2
   2.15d 2 + 15.02d + 26.29

(2)   1 __ 
2

   · 0.33 · 17 · 3.52 · 1.00 = 34.36 d +   3.5 ___ 
3
  34.36d + 40.09

(3) 0.33 · 17 · 3.5 · d · 1.00 = 19.64d   d __ 
2
   9.82d 2

(4)   1 __ 
2

   · 0.33 · 10.2 · d 2 · 1.00 = 1.68d2   d __ 
3
  0.56d 3

Resistances (HR, MR):

(5)   
  1 _ 2   ·2.88 ·17 ·1.02

  ______________ 
1.00

   = 24.48 d +   1.0 ___ 
3
   24.48d + 8.16

(6)   2.88 ·17 ·1 ·d  ____________ 
1.00

   = 48.96d   d __ 
2
  24.48d 2

(7)    
 1 _ 2   ·2.88 ·10.2 ·d 2

  ______________ 
1.00

   = 14.69d 2   d __ 
3
   4.90d 3

 Applying Equation 11.67 to check ULS- 2, the minimum depth of embedment will just satisfy 
ULS, so:

 

The resulting cubic equation can be solved by standard methods, giving d = 2.27 m. Therefore, the 
required depth of embedment accounting for the additional depth of wall required below C and 
o-verdig = 1.2(2.27 + 1.00) + 0.25 = 4.18 m, say 4.20 m.
 To check ULS- 1, horizontal equilibrium is considered with d = 2.27 m to check that the R is 
sufficient for fixity, compared with the net passive resistance available over the additional 20% 
embedment depth. From Figure 11.32,

 

Passive pressure acts on the back of the wall between depths of 5.77 m (depth of R) and the 
bottom of the wall at 6.70 m (see Figure 11.26b), while active pressure acts in front of the wall 
over the same distance. Therefore, the net passive pressure half way between R and the bottom of 
the wall (6.24 m) is
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The net passive resistance available over the additional embedded depth (Pp,net) must then be 
greater than or equal to R to satisfy ULS- 1:

 

Pp,net > R, so ULS- 1 is satisfied.
 The procedure detailed above could then be repeated for any other design approaches as 
required by altering the partial factors applied in Table 11.4.

Example 11.7

A propped cantilever wall supporting the sides of an excavation in stiff clay is shown in Figure 
11.33. The saturated unit weight of the clay (above and below the water table) is 20 kN/m3. The 
design values of the active and passive coefficients of lateral earth pressure are 0.30 and 4.2, 
respectively. Assuming conditions of steady- state seepage, determine the required depth of 
embedment for the wall to be stable (use EC7 DA1b). Determine also the force in each prop.

Solution
The distributions of earth pressure and net pore water pressure (assuming uniform decrease of 
total head around the wall as shown in Figure 11.31b) are shown in Figure 11.33.

(5)

(4)

(3)

(2)

(1)A

D

WT
1.5 m

1.0 m

6.0 m

(8)

d
(6.0 m)

2 m centres

T

(7)

(6)
D

Figure 11.33 Example 11.7.
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 The maximum net water pressure at level D from Equation 11.68 is:

 

and the average seepage pressure is

 

Thus, below the water table, active forces are calculated using an effective unit weight of

 

and passive forces are calculated using an effective unit weight of

 

If the forces, lever arms and moments are expressed in terms of the unknown embedment depth 
d, complex algebraic expressions would result; thus it is preferable to assume a series of trial 
values of d and check ULS- 2 for each. If the ULS is satisfied at the initial trial value of d, further 
trials should be made, reducing d until the ULS is just not satisfied. Equally, if the ULS is not sat-
isfied on the first trial, further trials should increase d until ULS is just satisfied. In either case, the 
final value at which ULS is just satisfied represents the minimum value of d. To avoid the 
unknown prop force, T, ULS- 2 is verified by taking moments about point A through which T 
acts.
 Following this procedure, a trial value of d = 6.0 m is first selected. Then, uD = 32.1 kPa, 
(γ′ + j) = 12.9 kN/m3 and (γ′ – j) = 7.5 kN/m3. The active thrusts generate disturbing moments and 
are factored as unfavourable permanent actions as before. The net pressure due to seepage also 
acts in this direction and is factored in the same way. The passive thrusts are factored as resist-
ances. For DA1b, all of these factors are 1.00; they are, however, included in the calculations 
below for completeness. The calculations for d = 6.0 m are then shown in Table 11.5, from which 
ΣMA = 3068.3 kNm/m > ΣMR = 5103.0, satisfying ULS- 2 and suggesting that d can be reduced to 
produce a more efficient design.
 The calculations may be input into a spreadsheet in a table similar to the above, but as a func-
tion of d. An optimisation tool (e.g. Solver in MS Excel) can then be used to find the value of d 
which makes ULS- 2 just satisfied. An example of this approach is provided on the Companion 
Website, from which d = 4.57 m (for DA1b). The use of a spreadsheet makes it straightforward to 
consider other design approaches, as it is only necessary to change the partial factors appropri-
ately and re- run the optimisation.
 The load carried in the propping should then be calculated from limiting (horizontal) equilib-
rium. The spreadsheet which was used to find the optimum value of d can also be used to check 
this, from which T = 122.2 kN/m. Multiplying the calculated value by 1.25 to allow for arching, 
the force in each prop when spaced at 2-m centres is
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11.8 Ground anchorages

Tie rods are normally anchored in beams, plates or concrete blocks (known as dead- man anchors) some 
distance behind the wall (Figure 11.34(a)). The tie rod force from a free earth support analysis (T) is 
resisted by the passive resistance developed in front of the anchor, reduced by the active pressure acting 
on the back. To avoid the possibility of progressive failure of a line of ties, it should be assumed that any 
single tie could fail either by fracture or by becoming detached and that its load could be redistributed 
safely to the two adjacent ties. Accordingly, it is recommended that a load factor of at least 2.0 should be 
applied to the tie rod force, in addition to any partial factors involved in the ULS checks. The following 
sections describe the calculation models for determining the pull- out resistance of anchorages (Tf ) for 
verification of ULS- 7. The normative values of the partial factor which should be applied to this resist-
ance according to Eurocode 7 are γRa = 1.10 for sets R1 and R2, and 1.00 for set R3. These factors are 
included on the EC7 quick reference sheet on the Companion Website. For ULS- 7 to be verified:

  (11.72)

Plate anchors
If the width (b) of the anchor is not less than half the depth (da) from the surface to the bottom of the 
anchor, it can be assumed that passive resistance is developed over the depth da. The anchor must be 

Table 11.5 Example 11.7 (case d = 6.0 m)

Force (kN/m) Lever arm (m) Moment (kNm/m)

Actions (HA, MA):

(1)   1 __ 
2
   · 0.30 ·     20 _____ 

1.00
     · 1.52 × 1.00 = 6.8 0.00 = 0.0

(2) 0.30 ·     20 _____ 
1.00

     ·1.5 ·4.5 ·1.00 = 40.5 2.75 = 111.4

(3)   1 __ 
2
   · 0.30 ·     12.9 _____ 

1.00
     · 4.52 × 1.00 = 39.2 3.50 = 137.2

(4) 0.30 ·       20 _____ 
1.00

   · 1.5   +     12.9 _____ 
1.00

   · 4.5     · 6.0 · 1.00 = 158.2 8.00 = 1265.6

(5)   1 __ 
2

   · 0.30 ·     12.9 _____ 
1.00

     · 6.02 × 1.00 = 69.7 9.00 = 627.3

(6)   1 __ 
2

   · 32.1 · 4.5 · 1.00 = 72.2 3.50 = 252.7

(7)   1 __ 
2

   · 32.1 · 6.0 · 1.00 = 96.3 7.00 = 674.1

Resistances (HR, MR):

(8)

  
  1 __ 
2

   · 4.2 ·     7.5 _____ 
1.00

     · 6.02

  _________________  
1.00

  

= 567.0 9.00 = 5103.0
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located beyond the plane YZ (Figure 11.34(a)) to ensure that the passive wedge of the anchor does not 
encroach on the active wedge behind the wall.
 The equation of equilibrium for a ground anchor at failure (for ULS- 7) is

  (11.73)

where l = length of anchor per tie and σq = surface surcharge pressure.

Ground anchors
Tensioned cables, attached to the wall and anchored in a mass of cement grout or grouted soil (Figure 
11.34(b)), are another means of support. These are known as ground anchors. A ground anchor nor-
mally consists of a high- tensile steel cable or bar, called the tendon, one end of which is held securely in 
the soil by a mass of cement grout or grouted soil; the other end of the tendon is anchored against a 
bearing plate on the structural unit to be supported. While the main application of ground anchors is in 
the construction of tie- backs for diaphragm or sheet pile walls, other applications are in the anchoring of 
any structure subjected to overturning, sliding or buoyancy, or in the provision of reaction for in- situ 
load tests (e.g. pile load testing in Chapter 9). Ground anchors can be constructed in sands (including 
gravelly sands and silty sands) and stiff clays, and they can be used in situations where either temporary 
or permanent support is required.
 The grouted length of tendon, through which force is transmitted to the surrounding soil, is called the 
fixed anchor length. The length of tendon between the fixed anchor and the bearing plate is called 
the free anchor length; no force is transmitted to the soil over this length. For temporary anchors, the 
tendon is normally greased and covered with plastic tape over the free anchor length. This allows for 
free movement of the tendon and gives protection against corrosion. For permanent anchors, the tendon 
is normally greased and sheathed with polythene under factory conditions; on site, the tendon is stripped 
and degreased over what will be the fixed anchor length.
 The ultimate load which can be carried by an anchor depends on the soil resistance (principally skin 
friction) mobilised adjacent to the fixed anchor length. This, of course, assumes that there will be no 
prior failure at the grout–tendon interface, or of the tendon itself (i.e. ULS- 7 will be achieved before 
ULS- 8). Anchors are usually prestressed in order to reduce the lateral displacement required to mobi-
lise soil resistance, and to minimise ground movements in general. Each anchor is subjected to a test 
loading after installation, temporary anchors usually being tested to 1.2 times the working load and per-
manent anchors to 1.5 times the working load. Finally, prestressing of the anchor takes place. Creep 

Anchor

Anchor
Tie rod

(a) (b)

Z

a
b da

Y

Sheet
piling

X

Cable

45°+
φ�
2

45°+
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2
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2
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Figure 11.34 Anchorage types: (a) plate anchor, (b) ground anchor.
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displacements under constant load will occur in ground anchors. A creep coefficient, defined as the dis-
placement per unit log time, can be determined by means of a load test.
 A comprehensive ground investigation is essential in any location where ground anchors are to be 
employed. The soil profile must be determined accurately, any variations in the level and thickness of 
strata being particularly important. In the case of sands, the particle size distribution should be deter-
mined in order that permeability and grout acceptability can be estimated.

Design of ground anchors in coarse- grained soils
In general, the sequence of construction is as follows. A cased borehole (diameter usually within the range 
75–125 mm) is advanced through the soil to the required depth. The tendon is then positioned in the hole, 
and cement grout is injected under pressure over the fixed anchor length as the casing is withdrawn. The 
grout penetrates the soil around the borehole, to an extent depending on the permeability of the soil and on 
the injection pressure, forming a zone of grouted soil, the diameter of which can be up to four times that of 
the borehole (Figure 11.35(a)). Care must be taken to ensure that the injection pressure does not exceed the 
overburden pressure of the soil above the anchor, otherwise heaving or fissuring may result. When the grout 
has achieved adequate strength, the other end of the tendon is anchored against the bearing plate. The space 
between the sheathed tendon and the sides of the borehole, over the free anchor length, is normally filled 
with grout (under low pressure); this grout gives additional corrosion protection to the tendon.

Free anchor length

Fixed anchor length (L)

Grout

Grouted mass
D

D

L

L

d

D = d

Tendon

d

(a)

(b)

(c)

Figure 11.35  Ground anchors: (a) grouted mass formed by pressure injection, 
(b) grout cylinder, and (c) multiple under- reamed anchor.
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 The ultimate resistance of an anchor to pull- out (ULS- 7) is equal to the sum of the side resistance and 
the end resistance of the grouted mass. Considering the anchor to act as a pile, the following theoretical 
expression has been proposed:

  (11.74)

where Tf = pull- out capacity of anchor, A = ratio of normal pressure at interface to effective overburden 
pressure (essentially an earth pressure coefficient), σ′v = effective overburden pressure adjacent to the 
fixed anchor and B = bearing capacity factor.
 It was suggested that the value of A is normally within the range 1–2. The factor B is analogous to the 
bearing capacity factor Nq in the case of piles, and it was suggested that the ratio Nq/B is within the range 
1.3–1.4, using the Nq values of Berezantzev et al. (1961) which can be found in Figure 9.6. However, 
Equation 11.74 is unlikely to represent all the relevant factors in a complex problem. The ultimate resist-
ance also depends on details of the installation technique, and a number of semi- empirical formulae have 
been proposed by specialist contractors, suitable for use with their particular technique. An example of 
such a formula is

  (11.75)

The value of the empirical factor n is normally within the range 400–600 kN/m for coarse sands and 
gravels, and within the range 130–165 kN/m for fine to medium sands.

Design of ground anchors in fine- grained soils
The simplest construction technique for anchors in stiff clays is to auger a hole to the required depth, 
position the tendon and grout the fixed anchor length using a tremie pipe (Figure 11.35(b)). However, 
such a technique would produce an anchor of relatively low capacity because the skin friction at the 
grout–clay interface would be unlikely to exceed 0.3cu (i.e. α ≤ 0.3).
 Anchor capacity can be increased by the technique of gravel injection. The augered hole is filled with 
pea gravel over the fixed anchor length, then a casing, fitted with a pointed shoe, is driven into the 
gravel, forcing it into the surrounding clay. The tendon is then positioned and grout is injected into the 
gravel as the casing is withdrawn (leaving the shoe behind). This technique results in an increase in the 
effective diameter of the fixed anchor (of the order of 50%) and an increase in side resistance: a value of 
α ≈ 0.6 can be expected. In addition, there will be some end resistance. The borehole is again filled with 
grout over the free anchor length.
 Another technique employs an expanding cutter to form a series of enlargements (or under- reams) of 
the augered hole at close intervals over the fixed anchor length (Figure 11.35(c)); the cuttings are gener-
ally removed by flushing with water. The cable is then positioned and grouting takes place. A value of 
α ≈ 1 can normally be assumed along the cylindrical surface through the extremities of the enlargements.
 The following design formula (analogous to Equation 11.74) can be used for anchors in undrained 
soil conditions (at ULS- 7):

  (11.76)

where Tf = pull- out capacity of anchor, L = fixed anchor length, D = diameter of fixed anchor, d = dia-
meter of borehole, α = skin friction coefficient and Nc = bearing capacity factor (generally assumed to 
be 9). Resistance at the grout–clay interface along the free anchor length may also be taken into 
account.
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Example 11.8

Details of an anchored sheet pile wall are given in Figure 11.36, the design ground and water 
levels being as shown. The ties are spaced at 2.0-m centres. Above the water table the unit weight 
of the soil is 17 kN/m3, and below the water table the saturated unit weight is 20 kN/m3. Charac-
teristic soil parameters are c′ = 0, φ′ = 36°, and δ′ is taken to be 1/2φ′. Determine the required depth 
of embedment and the minimum capacity of each tie to satisfy ULS to Eurocode 7 (DA1b). 
Design a continuous anchor to support the ties.

(3)

(5)

(2)

b da

WT

6.4 m

1.5 m
T

10 kPa

A

2.4 m

d (4)

(1)

Figure 11.36 Example 11.8.

Solution
For DA1b, the design value of φ′ = tan–1 (tan 36°/1.25)  = 30°. Hence (for δ′ = 1/2φ′) Ka = 0.29 and 
Kp = 4.6. The lateral pressure diagrams are shown in Figure 11.36. The water levels on the two sides 
of the wall are equal, therefore the hydrostatic pressure distributions are in balance and can be elim-
inated from the calculations. The forces and their lever arms are set out in Table 11.6. Force (1) in 
Table 11.6 is multiplied by the partial factor 1.30, surcharge being a variable unfavourable action. 
The partial factor for all other forces, being permanent unfavourable actions, is 1.00.
 Applying Equation 11.67 to check ULS- 2, the minimum depth of embedment will just satisfy 
ULS, so:

 

The resulting cubic equation can be solved by standard methods, giving d = 3.19 m. For ULS- 1 to 
be satisfied,
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11.9 Braced excavations
Sheet piling or timbering is normally used to support the sides of deep, narrow excavations, stability being 
maintained by means of struts acting across the excavation, as shown in Figure 11.37(a). The piling is 
usually driven first, the struts being installed in stages as excavation proceeds. When the first row of struts is 
installed, the depth of excavation is small and no significant yielding of the soil mass will have taken place. 
As the depth of excavation increases, significant yielding of the soil occurs before strut installation but the 
first row of struts prevents yielding near the surface. Deformation of the wall, therefore, will be of the form 
shown in Figure 11.37(a), being negligible at the top and increasing with depth. Thus the deformation con-
dition for active conditions in Figure 11.13 is not satisfied and active earth pressures cannot be assumed to 
act on such walls. Failure of the soil will take place along a slip surface of the form shown in Figure 11.37(a), 
only the lower part of the soil wedge within this surface reaching a state of plastic equilibrium, the upper part 
remaining in a state of elastic equilibrium. The limit states outlined earlier for propped walls must be met in 
design; however, because active conditions are not mobilised, free- earth support analysis should not be used 

Table 11.6 Example 11.8

Force (kN/m) Lever arm (m)

Actions (HA, MA):

(1) 1.30·0.29·10·(d + 8.8) = 3.77d + 33.18   1 __ 
2
  d + 2.9

(2) 1.00 ·   1 __ 
2
   · 0.29 ·     17 _____ 

1.00
     · 6.42 = 100.97 2.77

(3) 1.00 · 0.29 ·     17 _____ 
1.00

     · 6.4 (d + 2.4) = 31.55d + 75.72   1 __ 
2
  d + 6.1

(4) 1.00 ·   1 __ 
2
   · 0.29 ·     20 – 9.81 _________ 

1.00
     · 6.4 (d + 2.4)2 = 1.48d2 + 7.09d + 8.51   2 __ 

3
  d + 6.5

Resistances (HR, MR):

(5) 1.00 ·   1 __ 
2
   · 4.6 ·     20 – 9.81 _________ 

1.00
     · d 2 = 23.44d2   2 __ 

3
  d + 7.3

Tie = T 0

Hence the force in each tie = 2 × 130.2 = 260 kN. The design load to be resisted by the anchor is 
130.2 kN/m. Therefore, the minimum value of da is given from Equation 11.73 as

 

Then the vertical dimension (b) of the anchor = 2(1.93 – 1.5) = 0.86 m.
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to determine the strut/prop forces for ULS- 8. An alternative procedure is described below. Additionally, 
because propping generally allows excavation to be made to greater depths, there will be a larger stress relief 
due to excavation which may result in heave of the soil at the bottom of the excavation in fine- grained soils 
(also termed basal heave). This limit state (denoted ULS- 9) is essentially a reverse bearing capacity problem 
(involving unloading rather than loading of the ground), and is also described below.

Determination of strut forces
Failure of a braced wall is normally due to the initial failure of one of the struts (i.e. at ULS- 8), resulting 
in the progressive failure of the whole system. The forces in the individual struts may differ widely 
because they depend on such random factors as the force with which the struts are lodged home and the 
time between excavation and installation of struts. The usual design procedure for braced walls is semi- 
empirical, being based on actual measurements of strut loads in excavations in sands and clays in a 
number of locations. For example, Figure 11.37(b) shows the apparent distributions of earth pressure 
derived from load measurements in the struts at three sections of a braced excavation in a dense sand. 
Since it is essential that no individual strut should fail, the pressure distribution assumed in design is 
taken as the envelope covering all the random distributions obtained from field measurements. Such an 
envelope should not be thought of as representing the actual distribution of earth pressure with depth but 
as a hypothetical pressure diagram from which the maximum likely characteristic strut loads can be 
obtained with some degree of confidence.
 Based on 81 case studies in a range of soils in the UK, Twine and Roscoe (1999) presented the pres-
sure envelopes shown in Figure 11.37(c) and (d). For soft and firm clays an envelope of the form shown 
in Figure 11.37(c) is proposed for flexible walls (i.e. sheet pile walls and timber sheeting) and, tenta-
tively, for stiff walls (i.e. diaphragm and contiguous pile walls, see Section 11.10). The upper and lower 
pressure values are represented by aγh and bγh, respectively, where γ is the total unit weight of the soil 
and h the depth of the excavation, including an allowance for over- excavation. For soft clay with wall 
elements extending to the base of the excavation, a = 0.65 and b = 0.50. For soft clay with wall elements 
embedded below the base of the excavation, a = 1.15 and b = 0.5. For firm clay, the values of a and b are 
0.3 and 0.2, respectively.
 The envelopes for stiff and very stiff clay and for coarse soils are rectangular (Figure 11.37(d)). For 
stiff and very stiff clays, the value of b for flexible walls is 0.3 and for stiff walls is 0.5. For coarse soils 
b = 0.2, but below the water table the pressure is bγ′H (γ′ being the buoyant unit weight) with hydrostatic 
pressure acting in addition.

h

0.2 h

aγh

bγh
(a) (b)

(c)

h

bγh

(d)

h

90°

Struts

45° +
φ′
2

Figure 11.37 Earth pressure envelopes for braced excavations.
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 In clays, the envelopes take into account the increase in strut load which accompanies dissipation of 
the negative excess pore water pressures induced during excavation. The envelopes are based on charac-
teristic strut loads, the appropriate partial factor then being applied to give the design load for structural 
checks of the propping at ULS- 8. The envelopes also allow for a nominal surface surcharge of 10 kPa on 
the retained soil on either side of the excavation.

Basal heave
Bearing capacity theory (Chapter 8) can be applied to the problem of base failure in braced excavations 
in fine- grained soils under undrained conditions (ULS- 9). The application is limited to the analysis of 
cases in which the bracing is adequate to prevent significant lateral deformation of the soil adjacent to 
the excavation (i.e. when the other ULS conditions are satisfied). A simple failure mechanism, originally 
proposed by Terzaghi (1943), is illustrated in Figure 11.38, the angle at a being 45º and bc being a circu-
lar arc in an undrained material; therefore, the length of ab is (B/2)/cos 45º (approximately 0.7B).
 Failure occurs when the shear strength of the soil is insufficient to resist the average shear stress 
resulting from the vertical pressure (p) on ac due to the weight of the soil (0.7γBh) plus any surcharge 
(σq) reduced by the shear strength on cd (cuh). Thus,

  (11.77)

The problem is essentially that of a bearing capacity analysis in reverse, there being zero pressure at the 
bottom of the excavation and p representing the overburden pressure. The shear strength available along 
the failure surface, acting in the opposite direction to that in the bearing capacity problem, can be 
expressed as pf = cuNc (Equation 8.17). Thus, for limiting equilibrium (i.e. to satisfy ULS- 9),

  (11.78)

Equation 11.78 may be solved for h to find the maximum depth of excavation for ULS- 9 to be satisfied. 
In applying partial factors, p is the action, while pf is the resistance, and these should be factored 

b

h

a45°
c

d

B

p

Figure 11.38 Base failure in a braced excavation.
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accordingly. If a firm stratum were to exist at depth Df below the base of the excavation, where Df < 0.7B, 
then Df replaces 0.7B in Equation 11.77.
 Based on observations of actual base failures in Oslo, Bjerrum and Eide (1956) concluded that Equa-
tion 11.77 gave reliable results only in the case of excavations with relatively low depth/breadth (h/B) 
ratios. In the case of excavations with relatively large depth/breadth ratios, local failure occurred before 
shear failure on cd was fully mobilised up to surface level, such that

  (11.79)

i.e. applying Equation 8.17 with qf = 0.
 Where there is a possibility that the base of the excavation will fail by heaving, this should be ana-
lysed before the strut loads are considered. Due to basal heave and the inward deformation of the clay, 
there will be horizontal and vertical movement of the soil outside the excavation. Such movements may 
result in damage to adjacent structures and services, and should be monitored during excavation; advance 
warning of excessive movement or possible instability can thus be obtained.

SLS design of braced excavations
Diaphragm or piled walls are commonly used in braced excavations. In general, the greater the flexibility of 
the wall system and the longer the time before struts or anchors are installed, the greater will be the move-
ments outside the excavation. Settlement of the retained soil beside the excavation (SLS- 1) is usually criti-
cal when braced excavations are made in urban areas, where differential settlement behind the wall may 
affect adjacent structures or services. Analysis of the serviceability limit state for retaining structures is dif-
ficult, typically requiring complex numerical analyses using a large body of soil parameters and requiring 
extensive validation. It is therefore preferable in design to use empirical methods based on observations of 
wall movements in successful excavations. Fortunately, databases of many tens of case histories now exist 
in a range of materials (for example Gaba et al. (2003); see Further reading), and limiting envelopes are 
summarised in Figure 11.39. In this figure, x is the distance behind the excavation (normalised by the exca-
vation depth, h) and sg is the settlement of the ground surface (again, normalised by h).
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Figure 11.39 Envelopes of ground settlement behind excavations.
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 The magnitude and distribution of the ground movements depend on the type of soil, the dimen-
sions of the excavation, details of the construction procedure, and the standard of workmanship. 
Ground movements should be monitored during excavation and compared with the limits shown in 
Figure 11.39 so that advance warning of excessive movement or possible instability can be obtained. 
Assuming comparable construction techniques and workmanship, the magnitude of settlement adja-
cent to an excavation is likely to be relatively small in dense cohesionless soils but can be excessive in 
soft plastic clays.

11.10 Diaphragm walls

A diaphragm wall is a relatively thin reinforced concrete membrane cast in a trench, the sides of which 
are supported prior to casting by the hydrostatic pressure of a slurry of bentonite (a montmorillonite 
clay) in water. Stability of the trench during the excavation and casting phase is described in more detail 
in Section 12.2. When mixed with water, bentonite readily disperses to form a colloidal suspension 
which exhibits thixotropic properties – i.e. it gels when left undisturbed but becomes fluid when agitated. 
The trench, the width of which is equal to that of the wall, is excavated progressively in suitable lengths 
(known as panels) from the ground surface, as shown in Figure 11.40(a), generally using a power- 
closing clamshell grab; shallow concrete guide walls are normally constructed as an aid to excavation. 
The trench is filled with the bentonite slurry as excavation proceeds; excavation thus takes place through 
the slurry already in place. The excavation process turns the gel into a fluid, but the gel becomes re- 
established when disturbance ceases. The slurry tends to become contaminated with soil and cement in 
the course of construction, but can be cleaned and re- used.
 The bentonite particles form a skin of very low permeability, known as the filter cake, on the exca-
vated soil faces. This occurs due to the fact that water filters from the slurry into the soil, leaving a layer 
of bentonite particles, a few millimetres thick, on the surface of the soil. Consequently, the full hydro-
static pressure of the slurry acts against the sides of the trench, enabling stability to be maintained. The 
filter cake will form only if the fluid pressure in the trench is greater than the pore water pressure in the 
soil; a high water table level can thus be a considerable impediment to diaphragm wall construction. In 
soils of low permeability, such as clays, there will be virtually no filtration of water into the soil and 
therefore no significant filter- cake formation will take place; however, total stress conditions apply, and 
slurry pressure will act against the clay. In soils of high permeability, such as sandy gravels, there may 
be excessive loss of bentonite into the soil, resulting in a layer of bentonite- impregnated soil and poor 
filter- cake formation. However, if a small quantity of fine sand (around 1%) is added to the slurry the 
sealing mechanism in soils of high permeability can be improved, with a considerable reduction in ben-
tonite loss. Trench stability depends on the presence of an efficient seal on the soil surface; the higher the 
permeability of the soil, the more vital the efficiency of the seal becomes.
 A slurry having a relatively high density is desirable from the points of view of trench stability, reduc-
tion of loss into soils of high permeability, and the retention of contaminating particles in suspension. On 
the other hand, a slurry of relatively low density will be displaced more cleanly from the soil surfaces 
and the reinforcement, and will be more easily pumped and decontaminated. The specification for the 
slurry must reflect a compromise between these conflicting requirements. Slurry specifications are 
usually based on density, viscosity, gel strength and pH.
 On completion of excavation, the reinforcement cage is positioned and the panel is filled with wet 
concrete using a tremie pipe which is dropped through the slurry to the base of the excavation. The wet 
concrete (which has a density of approximately twice that of the slurry) displaces the slurry upwards 
from the bottom of the trench, the tremie being raised in stages as the level of concrete rises. Once the 
wall (constructed as a series of individual panels keyed together) has been completed and the concrete 
has achieved adequate strength, the soil on one side of the wall can be excavated. It is usual for ground 
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anchors or props to be installed at appropriate levels, as excavation proceeds, to tie the wall back into the 
retained soil (Sections 11.7–11.9). The method is very convenient for the construction of deep basements 
and underpasses, an important advantage being that the wall can be constructed close to adjoining struc-
tures, provided that the soil is moderately compact and ground deformations are tolerable. Diaphragm 
walls are often preferred to sheet pile walls because of their relative rigidity and their ability to be incor-
porated as part of the final structure.
 An alternative to a diaphragm wall is the contiguous pile wall, in which a row of bored piles form 
the wall (Figure 10.40(b)), relying on arching between piles to support the retained soil. A thin con-
crete (or other) facing may be applied to the soil between piles to prevent erosion which could lead to 
progressive failure. A secant pile wall (Figure 10.40(c)) is similar to a contiguous wall though two 
sets of piles are installed to overlap with each other, forming a continuous structure. These are nor-
mally achieved by installing an initial row of cast- in-situ bored concrete piles (Chapter 9) in the 
ground at a centre- to-centre spacing of less than one diameter. These are known as ‘female’ piles. A 
lower strength concrete (or preferably, a higher strength concrete that has slow strength gain) is used 
in these piles. Once the row is complete, further ‘male’ piles are installed in the spaces between piles. 
As there is less than one pile diameter of spacing available, boring of the second set of piles will par-
tially drill through the existing piles (hence the need for the concrete to have a low strength at this 
time). As the wall is formed from a series of overlapping circular piles, the resulting wall will have a 
ribbed surface; it may therefore be necessary to provide additional facing on the wall if it is to be used 
as part of the final structure.
 The decision whether to use a triangular or a trapezoidal distribution of lateral pressure in the design 
of a diaphragm wall depends on the anticipated wall deformation. A triangular distribution (Section 
11.7) would probably be indicated in the case of a single row of tie- backs or props near the top of the 
wall. In the case of multiple rows of tie- backs or props over the height of the wall, the trapezoidal distri-
butions shown in Figure 11.37 might be considered more appropriate.
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Figure 11.40 (a) Diaphragm wall, (b) contiguous pile wall, (c) secant pile wall.
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11.11 Reinforced soil

Reinforced soil consists of a compacted soil mass within which tensile reinforcing elements, typically in 
the form of horizontal steel strips, are embedded. (Patents for the technique were taken out by Henri 
Vidal and the Reinforced Earth Company, the term reinforced earth being their trademark.) Other 
forms of reinforcement include strips, rods, grids and meshes of metallic or polymeric materials, and 
sheets of geotextiles. The mass is stabilised as a result of interaction between the soil and the elements, 
the lateral stresses within the soil being transferred to the elements which are thereby placed in tension. 
The soil used as fill material should be predominantly coarse- grained, and must be adequately drained to 
prevent it from becoming saturated. In coarse fills, the interaction is due to frictional forces which 
depend on the characteristics of the soil together with the type and surface texture of the elements. In the 
cases of grid and mesh reinforcement, interaction is enhanced by interlocking between the soil and the 
apertures in the material.
 In a reinforced- soil retaining structure (also referred to as a composite wall), a facing is attached to 
the outside ends of the elements to prevent the soil spilling out at the edge of the mass and to satisfy aes-
thetic requirements; the facing does not act as a retaining wall. The facing should be sufficiently flexible 
to withstand any deformation of the fill. The types of facing normally used are discrete precast concrete 
panels, full- height panels and pliant U- shaped sections aligned horizontally. The basic features of a 
reinforced- soil retaining wall are shown in Figure 11.41. Such structures possess considerable inherent 
flexibility, and consequently can withstand relatively large differential settlement. The reinforced soil 
principle can also be employed in embankments, normally by means of geotextiles, and in slope stabili-
sation by the insertion of steel rods – a technique known as soil nailing.
 Both external and internal stability must be considered in design. The external stability of a reinforced 
soil structure is usually analysed using a limit equilibrium approach (Section 11.5). The back of the wall 
should be taken as the vertical plane (FG) through the inner end of the lowest element, the total active 
thrust (Pa) due to the backfill behind this plane then being calculated as for a gravity wall. The ultimate 
limit states for external stability are:

ULS- 1:  bearing resistance failure of the underlying soil, resulting in tilting of the 
structure;

ULS- 2: sliding between the reinforced fill and the underlying soil; and
ULS- 3: development of a deep slip surface which envelops the structure as a whole.

 

ULS- 1 is verified using the methods described in Section 11.4 for gravity walls; the methods required 
for verification of ULS- 3 will be described in Chapter 12. The remainder of this section will focus on the 
verification of ULS- 2. Serviceability limit states are excessive values of settlement and wall deformation 
as for the other classes of retaining structure considered previously.
 In considering the internal stability of the structure, the principal limit states are tensile failure of the 
elements and slipping between the elements and the soil. Tensile failure of one of the elements could 
lead to the progressive collapse of the whole structure (an ultimate limit state). Local slipping due to 
inadequate frictional resistance would result in a redistribution of tensile stress and the gradual deforma-
tion of the structure, not necessarily leading to collapse (i.e. a serviceability limit state).
 Consider a reinforcing element at depth z below the surface of a soil mass. The tensile force in the 
element due to the transfer of lateral stress from the soil is given by

  (11.80)
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where K is the appropriate earth pressure coefficient at depth z, σz the vertical stress, Sx the horizontal 
spacing of the elements and Sz the vertical spacing. If the reinforcement consists of a continuous layer, 
such as a grid, then the value of Sx is unity, and T is the tensile force per unit length of wall. The vertical 
stress σz is due to the overburden pressure at depth z plus the stresses due to any surcharge loading and 
external bending moment (including that due to the total active thrust on the part of plane FG between 
the surface and depth z). The average vertical stress can be expressed as

 

where V is the vertical component of the resultant force at depth z, e the eccentricity of the force and L 
the length of the reinforcing element at that depth. Given the design tensile strength of the reinforcing 
material, the required cross- sectional area or thickness of the element can be obtained from the value of 
T. The addition of surcharge loading at the surface of the retained soil will cause an increase in vertical 
stress which can be calculated from elastic theory.
 There are two procedures for the design of retaining structures. One approach is the tie- back wedge 
method which is applicable to structures with reinforcement of relatively high extensibility, such as grids, 
meshes and geotextile sheets. This method is an extension of Coulomb’s method, and considers the forces 
acting on a wedge of soil from which a force diagram can be drawn The active state is assumed to be 
reached throughout the soil mass because of the relatively large strains possible at the interface between the 
soil and the reinforcement; therefore the earth pressure coefficient in Equation 11.80 is taken as Ka at all 
depths and the failure surface at collapse will be a plane AB inclined at 45° + φ′/2 to the horizontal, as shown 
in Figure 11.41(a), dividing the reinforced mass into an active zone within which shear stresses on elements 
act outwards towards the face of the structure and a resistant zone within which shear stresses act inwards. 
The frictional resistance available on the top and bottom surfaces of an element is then given by

  (11.81)

where b is the width of the element, Le the length of the element in the resistant zone and δ′ the angle of 
friction between soil and element. Slippage between elements and soil (referred to as bond failure) will 
not occur if Tf is greater than or equal to T. The value of δ′ can be determined by means of direct shear 
tests or full- scale pullout tests.
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Figure 11.41  Reinforced soil- retaining structure: (a) tie- back wedge method,  
(b) coherent gravity method.
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 The stability of the wedge ABC is checked in addition to the external and internal stability of the struc-
ture as a whole. The forces acting on the wedge, as shown in Figure 11.41(a), are the weight of the wedge 
(W), the reaction on the failure plane (R) acting at angle φ′ to the normal (being the resultant of the normal 
and shear forces), and the total tensile force resisted by all the reinforcing elements (Tw). The value of Tw 
can thus be determined. In effect, the force Tw replaces the reaction P of a retaining wall (as, for example, in 
Figure 11.21(a)). Any external forces must be included in the analysis, in which case the inclination of the 
failure plane will not be equal to 45° + φ′/2 and a series of trial wedges must be analysed to obtain the 
maximum value of Tw. The design requirement is that the factored sum of the tensile forces in all the ele-
ments, calculated from Equation 11.81, must be greater than or equal to Tw to satisfy ULS- 2.
 The second design procedure is the coherent gravity method, due to Juran and Schlosser (1978), and is 
applicable to structures with elements of relatively low extensibility, such as steel strips. Experimental work 
indicated that the distribution of tensile stress (σt) along such an element was of the general form shown in 
Figure 11.41(b), the maximum value occurring not at the face of the structure but at a point within the rein-
forced soil, the position of this point varying with depth as indicated by the curve DB in Figure 11.41(b). 
This curve again divides the reinforced mass into an active zone and a resistant zone, the method being 
based on the stability analysis of the active zone. The assumed mode of failure is that the reinforcing ele-
ments fracture progressively at the points of maximum tensile stress and, consequently, that conditions of 
plastic equilibrium develop in a thin layer of soil along the path of fracture. The curve of maximum tensile 
stress therefore defines the potential failure surface. If it is assumed that the soil becomes perfectly plastic, 
the failure surface will be a logarithmic spiral. The spiral is assumed to pass through the bottom of the 
facing and to intersect the surface of the fill at right angles, at a point approximately 0.3h behind the facing, 
as shown in Figure 11.41(b). A simplified analysis can be made by assuming that the curve of maximum 
tensile stress is represented by the bilinear approximation DEB shown in Figure 11.41(b), where CD = 0.3h. 
Equations 11.80 and 11.81 are then applied. The earth pressure coefficient in Equation 11.80 is assumed to 
be equal to K0 (the at- rest coefficient) at the top of the wall, reducing linearly to Ka at a depth of 6 m. The 
addition of surface loading would result in the modification of the line of maximum tensile stress, and for 
this situation an amended bilinear approximation is proposed in BS 8006 (BSI, 1995), which provides valu-
able guidance on the deign of reinforced soil constructions to complement EC7.

Summary

1 Lower bound limit analysis may be used to determine the limiting lateral earth 
pressures acting on retaining structures in homogeneous soil conditions either 
directly (in undrained materials) or via lateral earth pressure coefficients Ka and Kp 
(in drained material). If the retaining structure moves away from the retained soil 
at failure, active earth pressures will be generated, while larger passive earth 
pressures act on structures which move into the retained soil at failure. These limit 
analysis techniques can account for a battered and/or rough soil–wall interface 
and sloping retained soil. Limit equilibrium techniques may alternatively be used 
which consider the equilibrium of a wedge of failing soil behind the retaining 
structure, and can additionally be used with flow- net/FDM techniques from 
Chapter 2 to analyse problems where seepage is occurring in the retained soil.

2 In- situ horizontal stresses within the ground are directly related to the vertical 
effective stresses (calculated using methods from Chapter 3) via the coefficient of 
lateral earth pressure at rest (K0). This can be determined analytically for any soil 
based on its drained friction angle φ′ and overconsolidation ratio (OCR). K0 
conditions apply when there is no lateral strain in the soil mass. Under extension, 
earth pressures will reduce to active values (Ka < K0); under compression, earth 
pressures will increase to passive values (Kp > K0).
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Problems
11.1 The backfill behind a smooth retaining wall, located above the water table, consists of a sand of 

unit weight 17 kN/m3. The height of the wall is 6 m and the surface of the backfill is horizontal. 
Determine the total active thrust on the wall if c′ = 0 and φ′ = 37°. If the wall is prevented from 
yielding, what is the approximate value of the thrust on the wall?

11.2 Plot the distribution of active pressure on the wall surface shown in Figure 11.42. Calculate the 
total thrust on the wall (active + hydrostatic) and determine its point of application. Assume δ′ = 0 
and τw = 0.

3 m

WT

2 m

3 m

4 m
c� = 0
φ� = 42°
γsat = 21 kN/m3

c� = 17 kPa

c� = 0

φ� = 27°

φ� = 35°

γsat = 20 kN/m3

γsat = 19 kN/m3

γ = 16 kN/m3

Figure 11.42 Problem 11.2.

3 Surcharge loading on the surface of retained soil may be accounted for by 
modifying the vertical total or effective stress used in lateral earth pressure 
calculations in undrained and drained materials, respectively. If the wall is 
constructed before the soil it retains is placed (a backfilled wall), compaction- 
induced lateral stresses may be induced along the wall.

4 Gravity retaining structures rely on their mass to resist lateral earth pressures. The 
key design criteria for these structures is maintaining overall stability (ULS). Earth 
pressure forces may be determined from the limiting earth pressures (point 1) and 
used to check the stability of the wall in bearing, sliding and overturning using 
the yield surface approach (Chapter 10). Embedded walls are flexible, and resist 
lateral earth pressures from a balance of lateral earth pressure forces from the soil 
behind the wall acting to overturn or translate the wall (active) and those resisting 
failure from the soil in front of the wall (passive). ULS design may be accomplished 
using the free- earth support method. Ground anchors or propping may be used to 
provide additional support, and this must also be designed to resist structural or 
pull- out failure. If a flexible wall is braced more heavily it is described as a braced 
excavation, the operative earth pressures on such a construction being much 
lower. These earth pressures are used to structurally design the bracing system 
avoiding progressive collapse. Basal heave may also occur in braced excavations, 
and must also be designed against. In flexible walls movements are also 
significant, imposing additional SLS criteria in design.
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11.3 A line of sheet piling is driven 4 m into a firm clay and retains, on one side, a 3-m depth of fill on 
top of the clay. The water table is at the surface of the clay. The unit weight of the fill is 18 kN/m3, 
and the saturated unit weight of the clay is 20 kN/m3. Calculate the active and passive pressures at 
the lower end of the sheet piling (a) if cu = 50 kPa, τw = 25 kPa and φu = δ′ = 0, and (b) if c′ = 0, 
φ′ = 26° and δ′ = 13°, for the clay.

11.4 Details of a reinforced concrete cantilever retaining wall are shown in Figure 11.43, the unit weight 
of concrete being 23.5 kN/m3. Due to inadequate drainage, the water table has risen to the level indi-
cated. Above the water table the unit weight of the retained soil is 17 kN/m3, and below the water 
table the saturated unit weight is 20 kN/m3. Characteristic values of the shear strength parameters are 
c′ = 0 and φ′ = 38°. The angle of friction between the base of the wall and the foundation soil is 25°. 
Check whether or not the overturning and sliding limit states have been satisfied to EC7 DA1b.

100 kN/m 10 kPa

3.90 m

6.60 m

2.60 m

0.40 m

4.00 m

0.40 m

WT

Figure 11.43 Problem 11.4.

11.5 The section through a gravity retaining wall is shown in Figure 11.44, the unit weight of the wall 
material being 23.5 kN/m3. The unit weight of the backfill is 19 kN/m3, and design values of the 
shear strength parameters are c′ = 0 and φ′ = 36°. The value of δ′ between wall and backfill and 
between base and foundation soil is 25°. The ultimate bearing capacity of the foundation soil is 
250 kPa. Determine if the design of the wall is satisfactory with respect to the overturning, bearing 
resistance and sliding limit states, to EC7 DA1a.
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Figure 11.44 Problem 11.5.
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11.6 The sides of an excavation 3.0 m deep in sand are to be supported by a cantilever sheet pile wall. 
The water table is 1.5 m below the bottom of the excavation. The sand has a saturated unit weight 
of 20 kN/m3 and a unit weight above the water table of 17 kN/m3, and the characteristic value of φ′ 
is 36°. Determine the required depth of embedment of the piling below the bottom of the excava-
tion if the excavation is to be designed to EC7 DA1b.

11.7 An anchored sheet pile wall is constructed by driving a line of piling into a soil for which the satu-
rated unit weight is 21 kN/m3 and the characteristic shear strength parameters are c′ = 10 kPa and 
φ′ = 27°. Backfill is placed to a depth of 8.00 m behind the piling, the backfill having a saturated 
unit weight of 20 kN/m3, a unit weight above the water table of 17 kN/m3, and characteristic shear 
strength parameters of c′ = 0 and φ′ = 35°. Tie rods, spaced at 2.5-m centres, are located 1.5 m 
below the surface of the backfill. The water level in front of the wall and the water table behind 
the wall are both 5.00 m below the surface of the backfill. Determine the required depth of embed-
ment to EC7 DA1b and the design force in each tie rod.

11.8 The soil on both sides of the anchored sheet pile wall detailed in Figure 11.45 has a saturated unit 
weight of 21 kN/m3, and a unit weight above the water table of 18 kN/m3. Characteristic para-
meters for the soil are c′ = 0, φ′ = 36° and δ′ = 0°. There is a lag of 1.5 m between the water table 
behind the wall and the tidal level in front. Determine the required depth of embedment to EC7 
DA1a and the design force in the ties.
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3.00 m

1.50 m
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WT
Water
level

Figure 11.45 Problem 11.8.

11.9 A ground anchor in a stiff clay, formed by the gravel injection technique, has a fixed anchor 
length of 5 m and an effective fixed anchor diameter of 200 mm; the diameter of the borehole is 
100 mm. The relevant shear strength parameters for the clay are cu = 110 kPa and φu = 0. What 
would be the expected characteristic ultimate load capacity of the anchor, assuming a skin 
friction coefficient of 0.6?
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11.10 The struts in a braced excavation 9 m deep in a dense sand are placed at 1.5-m centres vertically 
and 3.0-m centres horizontally, the bottom of the excavation being above the water table. The unit 
weight of the sand is 19 kN/m3. Based on design shear strength parameters c′ = 0 and φ′ = 40°, what 
load should each strut be designed to carry? (Use EC7 DA1a.)

11.11 A long braced excavation in soft clay is 4 m wide and 8 m deep. The saturated unit weight of the 
clay is 20 kN/m3, and the undrained shear strength adjacent to the bottom of the excavation is 
given by cu = 40 kPa, (φu = 0). Determine the factor of safety against base failure of the excavation.

11.12 A reinforced soil wall is 5.2 m high. The reinforcing elements, which are spaced at 0.65 m verti-
cally and 1.20 m horizontally, measure 65 × 3 mm in section and are 5.0 m in length. The ulti-
mate tensile strength of the reinforcing material is 340 MPa. Design values to be used are as 
follows: unit weight of the selected fill = 18 kN/m3; angle of shearing resistance of selected 
fill = 36°; angle of friction between fill and elements = 30°. Using (a) the tie- back wedge method 
and (b) the coherent gravity method, check that an element 3.6 m below the top of the wall will 
not suffer tensile failure, and that slipping between the element and the fill will not occur. The 
value of Ka for the material retained by the reinforced fill is 0.30 and the unit weight of this 
material is 18 kN/m3.
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Further reading

Frank, R., Bauduin, C., Driscoll, R., Kavvadas, M., Krebs Ovesen, N., Orr, T. and Schuppener, B. (2004) 
Designers’ Guide to EN 1997–1 Eurocode 7: Geotechnical Design – General Rules, Thomas Telford, 
London.

This book provides a guide to limit state design of a range of constructions (including retaining walls) 
using Eurocode 7 from a designer’s perspective and provides a useful companion to the Eurocodes 
when conducting design. It is easy to read and has plenty of worked examples.

Gaba, A.R., Simpson, B., Powrie, W. and Beadman, D.R. (2003) Embedded retaining walls – guidance 
for economic design, CIRIA Report C580, CIRIA, London.

This report provides valuable practical guidance on the selection of design and construction methodolo-
gies for flexible retaining structures, including procedural flowcharts. It also incorporates a large 
collection of case history data to inform future design.

For further student and instructor resources for this chapter, please  
visit the Companion Website at www.routledge.com/cw/craig

http://www.routledge.com/cw/craig
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Determine the stability of unsupported trenches, including those supported by 
slurry, and design these works within a limit state design framework (Eurocode 
7);

2 Determine the stability of slopes, vertical cuttings and embankments, and design 
these works within a limit state design framework;

3 Determine the stability of tunnels and the ground settlements caused by 
tunnelling works, and use this information to conduct a preliminary design of 
tunnelling works within a limit state design framework.

Chapter 12

Stability of self- supporting 
soil masses

12.1 Introduction

This chapter is concerned with the design of potentially unstable soil masses which have been formed 
through either human activity (excavation or construction) or natural processes (erosion and deposition). 
This class of problem includes slopes, embankments and unsupported excavations. Unlike the material 
in Chapter 11, however, the soil masses here are not supported by an external structural element such as 
a retaining wall; rather, they derive their stability from the resistance of the soil within the mass in shear.
 Gravitational and seepage forces tend to cause instability in natural slopes, in slopes formed by exca-
vation and in the slopes of embankments. A vertical cutting (or trench, formed of two vertical cuttings) 
is a special case of sloping ground where the slope angle is 90° to the horizontal. Design of self- 
supporting soil systems is based on the requirement to maintain stability (ULS) rather than on the need 
to minimise deformation (SLS). If deformation were such that the strain in an element of soil exceeded 
the value corresponding to peak strength, then the strength would fall towards the ultimate value. Thus, 
it is appropriate to use the critical state strength in analysing stability. However, if a pre- existing slip 
surface were to be present within the soil, use of the residual strength would be appropriate.
 Section 12.2 will apply both limit analysis and limit equilibrium techniques to the stability of vertical 
cuts/trenches. These methods will then be extended to consider how fluid support may be used to 
improve the stability of such constructions (e.g. drilling of bored piles or excavation of diaphragm wall 
piles under slurry). In Sections 12.3 and 12.4, the analytical methods will be further extended to the con-
sideration of slope and embankment design, respectively. Finally, in Section 12.5, an introduction to the 
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design of tunnelling works will be considered, where the stability of a vertical cut face deep below the 
ground surface governs the design. This final section will also consider how the stability of tunnel head-
ings may be improved by pressurising the cut face (analogous to the use of drilling fluids in trench 
support).

12.2 Vertical cuttings and trenches

Vertical cuts in soil can only be supported when soil behaves in an undrained way (with an undrained 
strength cu) or in a drained soil where there is some cohesion (c′). As, in the absence of chemical or other 
bounding between soil particles, c′ = 0, vertical cuts and trenches cannot normally be supported under 
drained conditions. This is because, from the Mohr–Coulomb strength definition (Equation 5.11), a drained 
cohesionless soil will always fail when the slope angle reaches φ′. Under undrained conditions, however, 
vertical cuts may be kept stable up to a certain limiting depth/height which depends on the undrained 
strength of the soil. This is very useful during temporary works in fine- grained soils (typically clays) which 
are fast enough that undrained conditions can be maintained. The excavation of trial pits/trenches and bored 
pile construction techniques are two examples of where this is used in engineering practice.

Limiting height/depth using limit analysis
Figure 12.1 shows a simple upper bound failure mechanism UB- 1 for a vertical cut in undrained soil 
having a unit weight γ. As the mechanism develops and the soil fails into the excavation/cut, work is 
input to the system from the potential energy recovered as the weight of the sliding block moves down-
wards with gravity. The vertical force due to the weight of the block (W) is given by

  (12.1)

per metre length of the cut. If the block slides along the slip plane at velocity v, then the component in 
the vertical direction (in the direction of W) is vsin θ. From Equation 8.2, the work input is then

  (12.2)

As in Chapter 8, energy is dissipated in shear along the slip plane; the length of the slip plane LOA = h/
sin θ per metre length of cut, the shear stress at plastic failure is cu, and the slip velocity is v. Then, from 
Equation 8.1, the energy dissipated is

 (12.3)

By the upper bound theorem, if the system is at plastic collapse, the work done by the external loads/
pressures must be equal to the energy dissipated within the soil, so from Equation 8.3:

  (12.4)
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Equation 12.4 is a function of the angle θ. The cutting will fail when h is a minimum. The value of θ at 
which the minimum h occurs may be found from solving dh/dθ = 0, giving θ = π/4 (45°); substituting this 
value into Equation 12.4 gives h ≤ 4cu/γ for stability.
 A simple lower bound stress field for the vertical cutting is shown in Figure 12.2(a). At plastic failure, 
the soil will move inwards towards the cutting, so the major principal stresses in the retained soil are 
vertical (active condition). Figure 12.2(b) shows the Mohr circle for the soil; for undrained conditions, 
σ3 = σ1 – 2cu and σ1 = σv = γz. The horizontal stresses on the vertical boundary must then sum to zero for 
equilibrium, i.e.

  (12.5)

Solution of Equation 12.5 gives h ≤ 4cu/γ for stability. This is the same as the upper bound, and therefore 
represents the true solution.

Limiting height/depth using limit equilibrium (LE)
The limit equilibrium (Coulomb) method considering a wedge of soil presented in Section 11.5 may also 
be used for assessing the stability of a vertical cut. Figure 12.3 shows a wedge at an angle θ in undrained 
soil. An additional force S is also included in this analysis to model the support provided by drilling fluid 
within a trench. The unit weight of the slurry is γs and that of the soil is γ, while the depth of the slurry is 
nh. The resultant resistance force along the slip plane (Rs from Section 11.5) is here split into normal and 
tangential components, denoted N and T, respectively. Considering force equilibrium

  (12.6)

  (12.7)

The resultant thrust from the slurry arises from the hydrostatic pressure distribution within the trench, i.e.

 (12.8)

Stationary
soil, O

A

(a)

(b)

θ

CL

W

v

O

a

45°

vao = v

Figure 12.1 (a) Mechanism UB- 1, (b) hodograph.
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The weight of the wedge is given by Equation 12.1 as before. The tangential force at failure is the shear 
strength of the soil multiplied by the slip plane area (h/sin θ per metre length), i.e.

  (12.9)

Substituting for S and T in Equation 12.6 and rearranging gives

 (12.10)

Then, substituting for W, T and N in Equation 12.7 and rearranging gives

  (12.11)

If γs = 0 (i.e. there is no slurry in the trench), Equation 12.11 reduces to Equation 12.4.

Frictionless stress
discontinuity

Zone 1

(a)

(b)

CL

Zone 1

σ1

σ1

τmax = cu
τ

σσ3

σ3

cu

cu

s1

Figure 12.2 (a) Stress field LB- 1; (b) Mohr circle.
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 As mentioned in Section 11.10, bentonite slurry forms a filter cake on the surface of the excavation 
allowing full hydrostatic pressures to be maintained, even against drained materials with no cohesion. 
Under drained conditions, the limit equilibrium analysis presented above may be modified to perform an 
effective stress analysis, accounting for the presence of the water table (at a height mh above the bottom 
of the trench) as shown in Figure 12.4.
 Equations 12.6–12.8 may be used unchanged; however, the total shear resistance force T is now based 
on the effective stress along the slip plane, i.e.

 (12.12)

W
h

T

N
S

θ  = 45°

nh

Figure 12.3 Stability of a slurry- supported trench in undrained soil. 
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S mh

nh
h

θ  = 45° + φ�/2

Figure 12.4 Stability of a slurry- supported trench in drained soil.
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where U, the boundary water force on the failure plane, is given by

  (12.13)

When the wedge is on the point of sliding into the trench, i.e. the soil within the wedge is in a condition 
of active limiting equilibrium, the angle θ can be assumed to be 45° + φ′/2. The equations are solved 
using the same procedure as before; however the closed- form solution for the drained case is more 
complex than Equation 12.11. Instead, the equations may be straightforwardly programmed into a 
spreadsheet.
 Figure 12.5(a) plots the normalised safe depth of excavation h as a function of slurry unit weight for 
excavation in an undrained soil. For the case of no slurry (unsupported excavation, γs = 0), h = 4cu/γ as 
before. In order to maintain workability for excavation, fresh slurry will typically have a density of 
1150 kg/m3 (γs = 11.3 kN/m3). The data points in Figure 12.5(a) represent the maximum depths of excava-
tion for some of the clays described in Chapters 5 and 7, namely the NC organic clay at Bothkennar, the 
glacial till at Cowden and the fissured clay at Madingley. The value of γs/γ for each of these clays is 
based on typical unit weights of 15.5, 21.5 and 19.5 kN/m3, respectively, and that of fresh slurry given 
above. It will be seen that excavation under slurry is particularly beneficial in NC soils, where h = 14cu/γ 
may be achieved (i.e. three and a half times the depth of an unsupported excavation). Even in the heavier 
clays, the excavation depth can be at least doubled by using slurry support.
 Figure 12.5(b) plots the minimum slurry density required to avoid collapse as a function of the nor-
malised water table height m in drained soil. It can be seen that excavation in such soils will only be 
problematic for situations where the water table is close to the ground surface. As a result, when install-
ing bored piles in drained materials (e.g. sands) it is common to use steel casing towards the top of the 
excavation to prevent collapse.

12.3 Slopes

The most important types of slope failure are illustrated in Figure 12.6. In rotational slips, the shape of 
the failure surface in section may be a circular arc or a non- circular curve. In general, circular slips are 
associated with homogeneous, isotropic soil conditions, and non- circular slips with non- homogeneous 
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Figure 12.5  Slurry- supported excavations: (a) maximum excavation depth in 
undrained soil, (b) minimum slurry density to avoid collapse in drained 
soil (φ′ = 35°, n = 1).
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conditions. Translational and compound slips occur where the form of the failure surface is influenced 
by the presence of an adjacent stratum of significantly different strength, most of the failure surface 
being likely to pass through the stratum of lower shear strength. The form of the surface would also be 
influenced by the presence of discontinuities such as fissures and pre- existing slips. Translational slips 
tend to occur where the adjacent stratum is at a relatively shallow depth below the surface of the slope, 
the failure surface tending to be plane and roughly parallel to the slope surface. Compound slips usually 
occur where the adjacent stratum is at greater depth, the failure surface consisting of curved and plane 
sections. In most cases, slope stability can be considered as a two- dimensional problem, conditions of 
plane strain being assumed.
 An example of a rotational slip occurred 3–5 June 1993 at Holbeck, Yorkshire. Pore water pressure 
build- up as a result of heavy rain, coupled with drainage problems, was thought to be the cause of the 
failure, which involved approximately 1 million tonnes of glacial till as shown in Figure 12.7. The land-
slide caused catastrophic damage to the Holbeck Hall Hotel situated at the crest of the slope, as shown in 
Figure 12.7.
 Limiting equilibrium techniques are normally used in the analysis of slope stability in which it is con-
sidered that failure is on the point of occurring along an assumed or a known failure surface. To check 
stability at the ultimate limiting state, gravitational forces driving slip (e.g. the component of weight 
acting along a slip plane) are considered as actions and factored accordingly; the forces developed due to 
shearing along slip planes are treated as resistances, along with any gravitational forces resisting slip, 
and factored down using a partial factor γRr. In Eurocode 7, the normative value of γRr = 1.00 for sets R1 
and R3 and 1.10 for set R2.
 Having analysed a given failure surface, the calculations should be repeated for a range of different 
positions of the slip surface. The failure surface that is closest to ULS is then the critical slip surface 
along which failure will occur. This process is normally automated using a computer.

Rotational slips in undrained soil
This analysis, in terms of total stress, covers the case of a fully saturated clay under undrained con-
ditions, i.e. for the condition immediately after construction. Only moment equilibrium is considered in 
the analysis. If the soil is homogeneous, the failure surface can be assumed to be a circular arc in section. 
A trial failure surface (centre O, radius r and length La) is shown in Figure 12.8. Potential instability is 
due to the total weight of the soil mass (W per unit length) above the failure surface. The driving 

Circular
Non-circular

Rotational slips

Translational slip

Compound slip

Figure 12.6 Types of slope failure.
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(clockwise) moment about O is therefore MA = Wd (an action). The soil resistance is described by an 
anticlockwise moment MR = cuLar about O. If the slip surface is a circular arc, then La = rθ from Figure 
12.8. The criterion of stability at ULS is then described by

 (12.14)

 The moments of any additional forces (e.g. surcharge) must be taken into account in determining MA. 
In the event of a tension crack developing, the arc length La is shortened and a hydrostatic force will act 
normal to the crack if it fills with water. It is necessary to analyse the slope for a number of trial failure 
surfaces in order that the most critical failure surface can be determined. In the analysis of an existing 
slope, MA will be less than MR (as the slope is standing) and the safety of the slope is usually expressed 
as a factor of safety, F where

  (12.15)

From Equation 12.15 it can be seen that a stable slope will have F > 1, while an unstable slope will have 
F < 1. If F = 1, the slope is at the point of failure and the ULS stability criterion is regained.

Figure 12.7 Rotational slope failure at Holbeck, Yorkshire.
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 In the design of a new slope, the aim is normally to find the maximum height h to which a slope 
of a given angle β can be constructed. To achieve this, the parameters W and d can be expressed in 
terms of the slope properties h and β and the properties describing the slip surface geometry (r and 
θ), though the derivation is not trivial. Fortunately, design charts have been published by Taylor 
(1937) for the case of cu uniform with depth and an underlying rigid boundary, and by Gibson and 
Morgenstern (1962) for the case of cu increasing linearly with depth (cu = Cz). Both of these solutions 
express the critical conditions leading to slope failure as a non- dimensional stability number Ns, 
where

  (12.16)

In the case of increasing undrained shear strength with depth, Ns = C/Fγh. Values of Ns as a function of 
slope angle β are shown in Figure 12.9. Rearranging Equation 12.16 to give F = cu/Nsγh and comparing 
this to Equation 12.15, it can be seen that the numerator of Equation 12.16 represents the resistance of 
the soil to failure while the denominator represents the sum of the driving actions for applying partial 
factors. These should be factored accordingly, along with the material properties (cu and γ). In limit state 
design, the value of Ns is therefore determined from Figure 12.9 for a given slope angle; F is set to 1.0 
such that the resulting equation governing ULS is

  (12.17)

Equation 12.17 is then solved using the known soil properties and Ns to determine the maximum height 
of the slope.
 Equation 12.16 may also be used to analyse existing slopes in place of the moment equilibrium 
method (Equation 12.15), in which case the slope height h is known and the equation is rearranged to 
find the unknown factor of safety. A three- dimensional analysis for slopes in clay under undrained con-
ditions has been presented by Gens et al. (1988).
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Figure 12.8 Limit equilibrium analysis in undrained soil.
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Figure 12.9 Stability numbers for slopes in undrained soil.

Example 12.1

A 45° cutting slope is excavated to a depth of 8 m in a deep layer of saturated clay of unit weight 
19 kN/m3: the relevant shear strength parameters are cu = 65 kPa.

a Determine the factor of safety for the trial failure surface specified in Figure 12.10.
b Check that no loss of overall stability will occur according to the limit state approach (using 

EC7 DA1b).
c Determine the maximum depth to which the slope could be excavated if the slope angle is 

maintained at 45°.
4.50 m

89½°
r = 12.10 m3.50 m

8.00 m

45°

A

W
B

CD

0

Figure 12.10 Example 12.1.
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Rotational slips in drained soil – the method of slices
In this method, the potential failure surface, in section, is again assumed to be a circular arc with centre 
O and radius r. The soil mass (ABCD) above a trial failure surface (AC) is divided by vertical planes 
into a series of slices of width b, as shown in Figure 12.11. The base of each slice is assumed to be a 
straight line. For the i- th slice the inclination of the base to the horizontal is αi and the height, measured 
on the centre- line, is hi. The analysis is based on the use of factor of safety (F ), defined as the ratio of the 
available shear strength (τf ) to the shear strength (τmob) which must be mobilised to maintain a condition 
of limiting equilibrium along the slip surface, i.e.

 

Solution
a In Figure 12.10, the cross- sectional area ABCD is 70 m2. Therefore, the weight of the soil 

mass W = 70 × 19 = 1330 kN/m. The centroid of ABCD is 4.5 m from O. The angle AOC is 
89.5° and radius OC is 12.1 m. The arc length ABC is calculated (or may be measured) as 
18.9 m. From Equation 12.15:

 
 This is the factor of safety for the trial failure surface selected, and is not necessarily the 

minimum factor of safety. From Figure 12.9, β = 45° and, assuming that D is large, the value 
of Ns is 0.18. Then, from Equation 12.16, F = 2.37. This is lower than the value found 
previously, so the trial failure plane shown in Figure 12.10 is not the actual failure surface.

b For DA1b, γγ = 1.00, γcu = 1.40, γA = 1.00 (slope self- weight is a permanent unfavourable action) 
and γRr = 1.00, hence

 

 
 MA < MR, so the overall stability limit state (ULS) is satisfied to EC7 DA1b.
c The maximum depth of the cutting is given by Equation 12.17, the partial factors being as 

given above (same design approach as in part (b)) and Ns = 0.18 for β = 45°:
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 The factor of safety is taken to be the same for each slice, implying that there must be mutual support 
between slices, i.e. inter- slice forces must act between the slices (E1, X1, E2 and X2 in Figure 12.11). The 
forces (per unit dimension normal to the section) acting on a slice are:

1 the total weight of the slice, Wi = γbhi (γsat where appropriate);
2 the total normal force on the base, Ni (equal to σili) – in general this force has two components, the 

effective normal force N′i (equal to σ′ili) and the boundary pore water force Ui (equal to uili), where ui 
is the pore water pressure at the centre of the base and li the length of the base;

3 the shear force on the base, Ti = Tmobli;
4 the total normal forces on the sides, E1 and E2;
5 the shear forces on the sides, X1 and X2.

Any external forces (e.g. surcharge, pinning forces from inclusions) must also be included in the analysis.
 The problem is statically indeterminate, and in order to obtain a solution assumptions must be made 
regarding the inter- slice forces E and X; in general, therefore, the resulting solution for factor of safety is 
not exact.
 Considering moments about O, the sum of the moments of the shear forces Ti on the failure arc AC 
must equal the moment of the weight of the soil mass ABCD. For any slice the lever arm of Wi is risin αi, 
therefore at limiting equilibrium
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Figure 12.11 The method of slices.
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For an effective stress analysis (in terms of parameters c′ and φ′) τf,i is given by Equation 5.11, so

  (12.18a)

Equation 12.18a can be used in the general case of c′ and/or φ′ varying with depth and position in the 
slope, the appropriate average values being used for each slice. For the case of homogeneous soil con-
ditions, Equation 12.18a simplifies to

  (12.18b)

where La is the arc length AC (i.e. length of the whole slip plane). Equation 12.18b is exact, but approxi-
mations are introduced in determining the forces N′i. For a given failure arc, the value of F will depend 
on the way in which the forces N′i are estimated. In many cases, the critical state strength is normally 
appropriate in the analysis of slope stability, i.e. φ′ = φ′cv and c′ = 0, therefore the expression simplifies 
further to

  (12.18c)

The Fellenius (or Swedish) solution
In this solution, it is assumed that for each slice the resultant of the inter- slice forces is zero. The solution 
involves resolving the forces on each slice normal to the base, i.e.

 

Hence the factor of safety in terms of effective stress (Equation 12.18b) is given by

 (12.19)

The components Wi cos αi and Wi sin αi can be determined graphically for each slice. Alternatively, the 
values of Wi and αi can be calculated. Again, a series of trial failure surfaces must be chosen in order to 
obtain the minimum factor of safety. It can be seen from the derivation of Equation 12.19 that the numer-
ator represents the overall resistance, while the denominator represents the overall action driving failure. 
Therefore, Equation 12.19 may be used to verify the ULS by setting F = 1, factoring the numerator 
(resistance), denominator (action) and material properties appropriately as before, and ensuring that the 
numerator is larger than the denominator.
 This solution is known to underestimate the true factor of safety due to the assumptions which are 
inherent in it; the error, compared with more accurate methods of analysis, is usually within the range 
5–20%. Use of the Fellenius method is not now recommended in practice.



 

Applications in geotechnical engineering

480

The Bishop routine solution
In this solution it is assumed that the resultant forces on the sides of the slices are horizontal, i.e.

 

For equilibrium, the shear force on the base of any slice is

 

Resolving forces in the vertical direction:

  (12.20)

It is convenient to substitute

 (12.21)

Substituting Equation 12.20 into Equation 12.18a, it can be shown after some rearrangement that

  (12.22)

Bishop (1955) also showed how non- zero values of the resultant forces (X1 – X2) could be introduced into 
the analysis, but this refinement has only a marginal effect on the factor of safety.
 The pore water pressure can be expressed as a proportion of the total ‘fill pressure’ at any point by 
means of the dimensionless pore water pressure ratio (ru), defined as

  (12.23)

Therefore, for the i- th slice

 

Hence Equation 12.22 can be written as

  (12.24)
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As the factor of safety occurs on both sides of Equations 12.22 and 12.24, a process of successive 
approximation must be used to obtain a solution, but convergence is rapid. Due to the repetitive nature 
of the calculations and the need to select an adequate number of trial failure surfaces, the method of 
slices is particularly suitable for solution by computer. More complex slope geometry and different soil 
strata can also then be straightforwardly introduced.
 Again, the factor of safety determined by this method is an underestimate, but the error is unlikely to 
exceed 7% and in most cases is less than 2%. Spencer (1967) proposed a method of analysis in which 
the resultant inter- slice forces are parallel and in which both force and moment equilibrium are satisfied. 
Spencer showed that the accuracy of the Bishop routine method, in which only moment equilibrium is 
satisfied, is due to the insensitivity of the moment equation to the slope of the inter- slice forces.
 Dimensionless stability coefficients for homogeneous slopes, based on Equation 12.24, have been 
published by Bishop and Morgenstern (1960) and Michalowski (2002). It can be shown that for a given 
slope angle and given soil properties the factor of safety varies linearly with ru, and can thus be expressed 
as

  (12.25)

where m and n are the stability coefficients. The coefficients m and n are functions of β, φ′, depth factor 
D and the dimensionless factor c′/γh (which is zero if the critical state strength is used).
 A three- dimensional limit analysis for slopes in drained soil has been presented by Michalowski 
(2010).

Example 12.2

Using the Fellenius method of slices, determine the factor of safety, in terms of effective stress, 
of the slope shown in Figure 12.12 for the given failure surface: (a) using peak strength para-
meters c′ = 10 kPa and φ′ = 29º; and (b) using critical state parameter φ′cv = 31º. The unit weight of 
the soil both above and below the water table is 20 kN/m3.
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Figure 12.12 Example 12.2.
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Solution
a The factor of safety is given by Equation 12.19. The soil mass is divided into slices 1.5 m 

wide. The weight (Wi) of each slice is given by

 

 The height hi and angle αi for each slice are measured from Figure 12.12 (which are drawn to 
scale), from which values of Wi are calculated using the expression given above, and values of 
li are calculated from Equation 12.21. The pore water pressure at the centre of the base of 
each slice is taken to be γwzw, where zw is the vertical distance of the centre point below the 
water table (as shown in the figure). This procedure slightly overestimates the pore water 
pressure, which strictly should be γwze, where ze is the vertical distance below the point of 
intersection of the water table and the equipotential through the centre of the slice base. The 
error involved is on the safe side. The derived values are given in Table 12.1.

Table 12.1 Example 12.2

Slice hi (m) αi (°) Wi (kN/m) li (m) ui (kPa) Wicosαi – uili (kN/m) Wisinαi (kN/m)

1 0.76 –11.2 22.8 1.55 5.9 13.22 −4.43

2 1.80 –3.2 54.0 1.50 11.8 36.22 −3.01

3 2.73 8.4 81.9 1.55 16.2 55.91 11.96

4 3.40 17.1 102.0 1.60 18.1 68.53 29.99

5 3.87 26.9 116.1 1.70 17.1 74.47 52.53

6 3.89 37.2 116.7 1.95 11.3 70.92 70.56

7 2.94 49.8 88.2 2.35 0 56.93 67.37

8 1.10 59.9 33.0 2.15 0 16.55 28.55

392.75 253.52

The arc length (La) is calculated/measured as 14.35 m. Then, from Equation 12.19,

 

b Use of the critical state strength parameters only affects the values of c′ and φ′; the 
calculations in Table 12.1 remain valid. Therefore,

 

 Despite φ′cv > φ′, the factor of safety is lower in this case. This demonstrates that the (apparent) 
cohesion c′ should not be relied upon in design.
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Translational slips
It is assumed that the potential failure surface is parallel to the surface of the slope and is at a depth that 
is small compared with the length of the slope. The slope can then be considered as being of infinite 
length, with end effects being ignored. The slope is inclined at angle β to the horizontal and the depth of 
the failure plane is z, as shown in section in Figure 12.13. The water table is taken to be parallel to the 
slope at a height of mz (0 < m < 1) above the failure plane. Steady seepage is assumed to be taking place 
in a direction parallel to the slope. The forces on the sides of any vertical slice are equal and opposite, 
and the stress conditions are the same at every point on the failure plane.
 In terms of effective stress, the shear strength of the soil along the failure plane (using the critical 
state strength) is

 

and the factor of safety is

  (12.26a)

where τmob is the mobilised shear stress along the failure plane (see Chapter 11). The expressions for σ, 
τmob and u are

 

giving

  (12.26b)
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Figure 12.13 Plane translational slip.
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For a total stress analysis the τf = cu is used, giving

 (12.26c)

As for rotational slips, the term in the numerator of Equation 12.26 represents the resistance of the soil to 
slip, while the denominator represents the driving action. For verification of the ULS, therefore, F = 1.00, 
and the numerator, denominator and material properties are factored appropriately.

A long natural slope in an overconsolidated fissured clay of saturated unit weight 20 kN/m3 is 
inclined at 12° to the horizontal. The water table is at the surface, and seepage is roughly parallel 
to the slope. A slip has developed on a plane parallel to the surface at a depth of 5 m. Determine 
whether the ULS is satisfied to EC7 DA1b using (a) the critical state parameter φ′cv = 28°, and (b) 
the residual strength parameter φ′r = 20°.

Solution
a The water table is at the ground surface, so m = 1. For DA1b, γγ = 1.00, γtan φ = 1.25, γA = 1.00 

(slope self- weight is a permanent unfavourable action) and γRr = 1.00. The resistance τf is

 

 while the mobilised shear stress τmob (action) is

 

 As τf > τmob, the ULS is satisfied and the slope is stable.
b Using φ′r in place of φ′cv changes the resistance to τf = 14.2 kPa, while τmob remains unchanged. 

In this case τf < τmob, so the ULS is not satisfied (the slope will slip if residual strength con-
ditions are achieved).

Example 12.3
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General methods of analysis

Morgenstern and Price (1965, 1967) developed a general analysis based on limit equilibrium in which all 
boundary and equilibrium conditions are satisfied and in which the failure surface may be any shape, cir-
cular, non- circular or compound. Computer software for undertaking such analyses is readily available. 
Bell (1968) proposed an alternative method of analysis in which all the conditions of equilibrium are sat-
isfied and the assumed failure surface may be of any shape. The soil mass is divided into a number of 
vertical slices and statical determinacy is obtained by means of an assumed distribution of normal stress 
along the failure surface. The use of a computer is also essential for this method. In both general methods 
mentioned here, the solutions must be checked to ensure that they are physically acceptable. Modern 
computer- based tools are now available for analysing the ULS for slopes using limit analysis combined 
with optimisation routines (see the Companion Website for further details).

End of construction and long- term stability

When a slope is formed by excavation, the decreases in total stress result in changes in pore water pres-
sure in the vicinity of the slope and, in particular, along a potential failure surface. For the case illus-
trated in Figure 12.14(a), the initial pore water pressure (u0) depends on the depth of the point in question 
below the initial (static) water table (i.e. u0 = us). The change in pore water pressure (Δu) due to excava-
tion is given theoretically by Equation 8.55. For a typical point P on a potential failure surface (Figure 
12.14(a)), the pore water pressure change Δu is negative. After excavation, pore water will flow towards 
the slope and drawdown of the water table will occur. As dissipation proceeds the pore water pressure 
increases to the steady seepage value, as shown in Figure 12.14(a), which may be determined from a 
flow net or by using the numerical methods described in Section 2.7. The final pore water pressure (uf ), 
after dissipation of excess pore water pressure is complete, will be the steady seepage value determined 
from the flow net.
 If the permeability of the soil is low, a considerable time will elapse before any significant dissipation 
of excess pore water pressure will have taken place. At the end of construction the soil will be virtually 
in the undrained condition, and a total stress analysis will be relevant to verify stability (ULS). In prin-
ciple, an effective stress analysis is also possible for the end- of-construction condition using the appro-
priate value of pore water pressure (u0 + Δu) for this condition. However, because of its greater 
simplicity, a total stress analysis is generally used. It should be realised that the same factor of safety 
will not generally be obtained from a total stress and an effective stress analysis of the end- of-
construction condition. In a total stress analysis it is implied that the pore water pressures are those for a 
failure condition (being the equivalent of the pore water pressure at failure in an undrained triaxial test); 
in an effective stress analysis the pore water pressures used are those predicted for a non- failure con-
dition. In the long term, the fully drained condition will be reached and only an effective stress analysis 
will be appropriate.
 On the other hand, if the permeability of the soil is high, dissipation of excess pore water pressure 
will be largely complete by the end of construction. An effective stress analysis is relevant for all con-
ditions with values of pore water pressure being obtained from the static water table level or the steady 
seepage flow net.
 Irrespective of the permeability of the soil, the increase in pore water pressures following excavation 
will result in a reduction in effective stress (and hence strength) with time such that the factor of safety 
will be lower in the long term, when dissipation is complete, than at the end of construction.
 The creation of sloping ground through construction of an embankment results in increases in total 
stress, both within the embankment itself as successive layers of fill are placed, and in the foundation 
soil. The initial pore water pressure (u0) depends primarily on the placement water content of the fill. 
The construction period of a typical embankment is relatively short, and, if the permeability of the 
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compacted fill is low, no significant dissipation is likely during construction. Dissipation proceeds after 
the end of construction, with the pore water pressure decreasing to the final value in the long term, as 
shown in Figure 12.14(b). The factor of safety of an embankment at the end of construction is therefore 
lower than in the long term. Shear strength parameters for the fill material should be determined from 
tests on specimens compacted to the values of dry density and water content to be specified for the 
embankment (see Chapter 1).
 The stability of an embankment may also depend on the shear strength of the foundation soil. The 
possibility of failure along a surface such as that illustrated in Figure 12.15 should be considered in 
appropriate cases.
 Slopes in overconsolidated fissured clays require special consideration. A number of cases are on 
record in which failures in this type of clay have occurred long after dissipation of excess pore water 
pressure had been completed. Analysis of these failures showed that the average shear strength at failure 
was well below the peak value. It is probable that large strains occur locally due to the presence of fis-
sures, resulting in the peak strength being reached, followed by a gradual decrease towards the critical 
state value. The development of large local strains can lead eventually to a progressive slope failure. 
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Figure 12.14  Pore pressure dissipation and factor of safety: (a) following excavation 
(i.e. a cutting), (b) following construction (i.e. an embankment).
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Figure 12.15 Failure beneath an embankment.
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However, fissures may not be the only cause of progressive failure; there is considerable non- uniformity 
of shear stress along a potential failure surface, and local overstressing may initiate progressive failure. 
It is also possible that there could be a pre- existing slip surface in this type of clay and that it could be 
reactivated by excavation. In such cases a considerable slip movement could have taken place previ-
ously, sufficiently large for the shear strength to fall below the critical state value and towards the resid-
ual value.
 Thus for an initial failure (a ‘first time’ slip) in overconsolidated fissured clay, the relevant strength 
for the analysis of long- term stability is the critical state value. However, for failure along a pre- existing 
slip surface the relevant strength is the residual value. Clearly it is vital that the presence of a pre- existing 
slip surface in the vicinity of a projected excavation should be detected during the ground investigation.
 The strength of an overconsolidated clay at the critical state, for use in the analysis of a potential first 
time slip, is difficult to determine accurately. Skempton (1970) has suggested that the maximum strength 
of the remoulded clay in the normally consolidated condition can be taken as a practical approximation 
to the strength of the overconsolidated clay at the critical state, i.e. when it has fully softened adjacent to 
the slip plane as the result of expansion during shear.

12.4 Embankment dams

An embankment dam would normally be used where the foundation and abutment conditions are unsuit-
able for a concrete dam and where suitable materials for the embankment are present at or close to the 
site. An extensive ground investigation is essential, general at first but becoming more detailed as design 
studies proceed, to determine foundation and abutment conditions and to identify suitable borrow areas. 
It is important to determine both the quantity and quality of available material. The natural water content 
of fine soils should be determined for comparison with the optimum water content for compaction.
 Most embankment dams are not homogeneous but are of zoned construction, the detailed section 
depending on the availability of soil types to provide fill for the embankment. Typically a dam will 
consist of a core of low- permeability soil with shoulders of other suitable material on each side. The 
upstream slope is usually covered by a thin layer of rockfill (known as rip- rap) to protect it from erosion 
by wave or other fluid actions. The downstream slope is usually grassed (again, to resist erosion). An 
internal drainage system, to alleviate the detrimental effects of any seeping water, would normally be 
incorporated. Depending on the materials used, horizontal drainage layers may also be incorporated to 
accelerate the dissipation of excess pore water pressure. Slope angles should be such that stability is 
ensured, but overconservative design must be avoided: a decrease in slope angle of as little as 2–3° (to 
the horizontal) would mean a significant increase in the volume of fill for a large dam.
 Failure of an embankment dam could result from the following causes: (1) instability of either the 
upstream or downstream slope; (2) internal erosion; and (3) erosion of the crest and downstream slope 
by overtopping. (The third cause arises from errors in the hydrological predictions.)
 The factor of safety for both slopes must be determined as accurately as possible for the most critical 
stages in the life of the dam, using the methods outlined in Section 12.3. The potential failure surface 
may lie entirely within the embankment, or may pass through the embankment and the foundation soil 
(as in Figure 12.15). In the case of the upstream slope, the most critical stages are at the end of construc-
tion and during rapid drawdown of the reservoir level. The critical stages for the downstream slope are at 
the end of construction and during steady seepage when the reservoir is full. The pore water pressure 
distribution at any stage has a dominant influence on the factor of safety of the slopes, and it is common 
practice to install a piezometer system (see Chapter 6) so that the actual pore water pressures can be 
measured and compared with the predicted values used in design (provided an effective stress analysis 
has been used). Remedial action could then be taken if, based on the measured values, the slope began to 
approach the ULS.
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 If a potential failure surface were to pass through foundation material containing fissures, joints or 
pre- existing slip surfaces, then progressive failure (as described in the previous section) would be a pos-
sibility. The different stress–strain characteristics of various zone materials through which a potential 
failure surface passes, together with non- uniformity of shear stress, could also lead to progressive 
failure.
 Another problem is the danger of cracking due to differential movements between soil zones, and 
between the dam and the abutments. The possibility of hydraulic fracturing, particularly within the 
clay core, should also be considered. Hydraulic fracturing occurs on a plane where the total normal 
stress is less than the local value of pore water pressure. Following the completion of construction the 
clay core tends to settle relative to the rest of the embankment due to long- term consolidation; con-
sequently, the core will be partially supported by the rest of the embankment. Thus vertical stress in 
the core will be reduced and the chances of hydraulic fracture increased. The transfer of stress from 
the core to the shoulders of the embankment is another example of the arching phenomenon (Section 
11.7). Following fracture or cracking, the resulting leakage could lead to serious internal erosion and 
impair stability.

End of construction and long- term stability
Most slope failures in embankment dams occur either during construction or at the end of construction. 
Pore water pressures depend on the placement water content of the fill and on the rate of construction. A 
commitment to achieve rapid completion will result in the maximisation of pore water pressure at the 
end of construction. However, the construction period of an embankment dam is likely to be long enough 
to allow partial dissipation of excess pore water pressure, especially for a dam with internal drainage. A 
total stress analysis, therefore, would result in an overconservative design. An effective stress analysis is 
preferable, using predicted values of ru

.

 If high values of ru are anticipated, dissipation of excess pore water pressure can be accelerated by 
means of horizontal drainage layers incorporated in the dam, drainage taking place vertically towards the 
layers: a typical dam section is shown in Figure 12.16. The efficiency of drainage layers has been exam-
ined theoretically by Gibson and Shefford (1968), and it was shown that in a typical case the layers, in 
order to be fully effective, should have a permeability at least 106 times that of the embankment soil: an 
acceptable efficiency would be obtained with a permeability ratio of about 105.
 After the reservoir has been full for some time, conditions of steady seepage become established 
through the dam, with the soil below the top flow line in the fully saturated state. This condition must be 
analysed in terms of effective stress, with values of pore pressure being determined from a flow net (or 
using the numerical methods described in Section 2.7). Values of ru up to 0.45 are possible in homogen-
eous dams, but much lower values can be achieved in dams having internal drainage. Internal erosion is 
a particular danger when the reservoir is full because it can arise and develop within a relatively short 
time, seriously impairing the safety of the dam.

Figure 12.16 Horizontal drainage layers.
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Rapid drawdown
After a condition of steady seepage has become established, a drawdown of the reservoir level will result 
in a change in the pore water pressure distribution. If the permeability of the soil is low, a drawdown 
period measured in weeks may be ‘rapid’ in relation to dissipation time and the change in pore water 
pressure can be assumed to take place under undrained conditions. Referring to Figure 12.17, the pore 
water pressure before drawdown at a typical point P on a potential failure surface is given by

  (12.27)

where h′ is the loss in total head due to seepage between the upstream slope surface and the point P. It is 
again assumed that the total major principal stress at P is equal to the fill pressure. The change in total 
major principal stress is due to the total or partial removal of water above the slope on the vertical 
through P. For a drawdown depth exceeding hw,

 

From Equation 8.57, the change in pore water pressure Δu can then be expressed in terms of Δσ1 by

 (12.28)

Therefore the pore water pressure at P immediately after drawdown is

 

Hence

  (12.29)

The soil will be undrained immediately after rapid drawdown. An upper bound value of ru for these con-
ditions can be obtained by assuming  

__
 B  = 1 and neglecting h′. Typical values of ru immediately after draw-

down are within the range 0.3–0.4.
 Morgenstern (1963) published stability coefficients for the approximate analysis of homogeneous 
slopes after rapid drawdown, based on limit equilibrium techniques.
 The pore water pressure distribution after drawdown in soils of high permeability decreases as pore 
water drains out of the soil above the drawdown level. The saturation line moves downwards at a rate 
depending on the permeability of the soil. A series of flow nets can be drawn for different positions of 
the saturation line and values of pore water pressure obtained. The factor of safety can thus be deter-
mined, using an effective stress analysis, for any position of the saturation line. Viratjandr and 
Michalowski (2006) published stability coefficients for the approximate analysis of homogeneous slopes 
in such conditions, based on limit analysis techniques.
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12.5 An introduction to tunnels

Tunnels are the final class of problem that will be considered in this chapter, for which self- support of 
the soil mass controls the design. Shallow tunnels onshore may be constructed using the cut- and-cover 
technique; this is where a deep excavation is made, within which the tunnel is constructed, which is then 
backfilled to bury the tunnel structure. The design of such works may be completed using the techniques 
described in Chapter 11, and this class of tunnel will not be considered further here. In marine and off-
shore applications, sections of tunnel structure are floated out to site, flooded to lower them into a 
shallow trench excavated on the riverbed/seabed and connected underwater, followed by pumping out of 
the internal water. These are known as immersed tube tunnels. Some of the terminology related to 
tunnels is shown in Figure 12.18.
 In this chapter, the design of deep tunnels which are formed by boring deep within the ground are 
considered. In certain conditions (namely undrained soil response and a shallow running depth) the 
tunnel may be self- supporting. For deeper excavations in undrained soil and for excavation in drained 
materials, the tunnel will need to be supported by an internal pressure to prevent collapse of the soil 
above the tunnel into the excavation (the ULS); this is known as earth pressure balance construction. 
Once the tunnel is complete this internal support pressure describes the structural loading which the 
tunnel lining must be able to resist and is used in the structural design of the tunnel lining. In addition to 
maintaining the stability of the tunnel (ULS condition), the design of tunnelling works also requires con-
sideration of settlements at the ground surface which are induced by the tunnelling procedure to ensure 
that these movements do not damage buildings and other infrastructure (SLS).

p

h

hw h'

Figure 12.17 Rapid drawdown conditions.
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Figure 12.18 Terminology related to tunnels.



 

Stability of self-supporting soil masses

491

Stability of tunnels in undrained soil
Figure 12.19 shows an element of soil above the crown of the tunnel (i.e. within the cover depth, C). 
This element of soil is loaded similarly to that around a pressuremeter test (PMT, Figure 7.10(b)), though 
tunnel collapse involves the collapse of the cylindrical cavity (tunnel) rather than expansion in the PMT. 
As the stresses and strains are now in a vertical plane (rather than the horizontal plane for the PMT), the 
weight of the soil must also be considered. The volume of the soil element is given by

  (12.30)

The second term in Equation 12.30 is very small compared to the first, and can be neglected. Resolving 
forces vertically then gives

 (12.31)

Equation 12.31 is similar to Equation 7.15; the sign of the (σr – σθ) term has changed (cavity collapse 
instead of expansion) and there is an additional unit weight term. As in Chapter 7, the associated 
maximum shear stress is τ = (σr – σθ)/2, and in undrained soil at the point of failure, τ = cu. Substituting 
these expressions into Equation 12.31 and rearranging gives

  (12.32)

At the tunnel (cavity) wall, r = D/2 and σr = p (where p is any internal pressure within the tunnel); refer-
ring to Figure 12.18, at the ground surface r = C + D/2 and σr = σq where σq is the surcharge pressure. 
Equation 12.32 may then be integrated using these limits to give

 (12.33)
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Figure 12.19 Stress conditions in the soil above the tunnel crown.
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Equation 12.33 may be used to determine the required support pressure based on the soil properties (cu, 
γ), any external loading (σq) and geometric properties (C, D). Equation 12.33 is often expressed as a 
stability number Nt, where

 (12.34)

For deep tunnels C >> D, so that comparing Equations 12.33 and 12.34 gives an approximate expression 
for Nt, suitable for preliminary design purposes:

  (12.35)

The foregoing analysis has considered collapse of the crown of a long tunnel (a plane- strain analysis was 
conducted). While this is appropriate for the finished tunnel, during construction there may additionally 
be collapse of soil ahead of the tunnel (the heading) into the face. This involves a more complex three- 
dimensional failure mechanism/stress field. In the case of undrained materials, Davis et al. (1980) pre-
sented stability numbers for use in Equation 12.34 for the case of a circular tunnel heading where

  (12.36)

Equations 12.35 and 12.36 are compared in Figure 12.20, which shows that the stability of the tunnel 
behind the excavation is usually critical (a lower Nt requires a higher support pressure to be supplied by 
the tunnel, from Equation 12.34).

0
0

1

2

3

4

5

6

7

8

9

2

Plane-strain collapse (equation 12.35)
Heading collapse (equation 12.36)

4
C/D

N
t

6 8 10

Figure 12.20 Stability numbers for circular tunnels in undrained soil.
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Stability of tunnels in drained soil
Under drained conditions, the relationship between the radial and horizontal effective stresses is 
σ′q = Kpσ′r. Rewriting Equation 12.31 in terms of effective stresses and substituting then gives

  (12.37)

Equation 12.37 can be simplified for integration by substitution of x = σ′r/r, so that dσ′r/dr = r(dx/dr) + x, 
giving

  (12.38)

Equation 12.38 is integrated between the same limits as before, but with σ′r = σ′q where σ′q is the effective 
surcharge pressure. This gives x = 2p′/D at r = D/2 and x = σ′q/(C + D/2) at r = C + D/2, so that

  (12.39)

Equation 12.39 may be rearranged to find the effective radial pressure applied by the overlying soil 
which the tunnel must support (p′). If the soil is dry, the total support pressure p = p′, and γ in Equation 
12.39 is that for dry soil. If the soil is submerged, then p = p′ + u, where u is the pore water pressure at the 
level of the springing and γ = γ′ (buoyant unit weight) in Equation 12.39 for a tunnel with an imperme-
able lining.
 Equation 12.39 is plotted for various different values of φ′ in Figure 12.21(a) for the case of σ′q = 0. As 
expected, as the shear strength of the soil increases (represented by φ′), the required support pressure 
reduces. It can also be seen that for most common values of φ′ (> 30°) a maximum support pressure is 
reached even for shallow tunnels (low C/D). From Equation 12.39, this value is

 (12.40)

Equation 12.40 is plotted in Figure 12.21(b), which demonstrates that long- term stresses (after consoli-
dation is complete in the case of fine- grained soils) in tunnel linings are generally very small and inde-
pendent of tunnel depth.
 Further information regarding heading collapse in drained materials may be found in Atkinson and 
Potts (1977) and Leca and Dormieux (1990).

Serviceability criteria for tunnelling works
As material is excavated from the face of a tunnel, the soil ahead of the tunnel will slump towards the 
tunnel face under the action of its own self- weight. This will tend to lead to over- excavation of material, 
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which will generate a settlement trough at the ground surface due to the loss of soil volume over and 
above that of the tunnel (Figure 12.22). This trough will have a maximum settlement immediately above 
the crown of the tunnel, reducing with radial distance from the tunnel. Any buildings or other infrastruc-
ture will therefore be subject to differential settlement as the ground beneath them subsides (see Section 
10.2). The minimisation of damage to existing infrastructure is the main serviceability consideration in 
tunnelling in an urban environment.
 Observation of tunnelling works has shown that the settlement trough can be described by

  (12.41)

where sg is the settlement of the ground surface at a point defined by position x, smax is the maximum set-
tlement (above the crown of the tunnel), and i is the trough width parameter governing the shape of the 
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Figure 12.21  (a) Support pressure in drained soil for shallow and deep tunnels 
(σ ′q = 0), (b) maximum support pressure for use in ULS design (σ ′q = 0).
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Figure 12.22 Settlement trough above an advancing tunnel.
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curve, which is a function of soil type. In clays, i = 0.5(C + D/2); in sands and gravels, i = 0.35(C + D/2). 
The parameter i can also be expressed as a function of depth, so that the settlement profile can be found 
at any point between the ground surface and the tunnel; this can then be used to check differential move-
ments of pipelines or other existing buried services.
 The class of equation described by Equation 12.41 is also known as a Gaussian curve. The volume 
of over- excavated material per metre length of the tunnel (Vsoil) can be found by integrating Equation 
12.41 from x = –∞ to x = ∞, giving

  (12.42)

(this is a standard result for a Gaussian curve). The volume of over- excavation in Equation 12.42 is 
usually normalised so that it can be expressed as a percentage of the tunnel volume, Vt = πD2/4 per metre 
length. The resulting percentage is known as the volume loss (VL):

 (12.43)

The volume loss depends on the tunnelling technique used and on the quality control that can be 
achieved during construction. A perfectly constructed tunnel would only excavate just enough soil for 
the tunnel so that VL = 0 and smax = 0 from Equation 12.43. In practice this is not possible, and volume loss 
is typically between 1% and 3% in soft ground. Volume loss may be minimised using modern earth 
pressure balance (EPB) tunnel boring machines. In these computer- controlled machines the cutting 
face is pressurised with the aim of matching the in- situ horizontal stresses within the ground; however, 
even these are not perfect. In design to SLS, a conservative (higher) value of VL is selected based on pre-
vious experience in similar soils. Equation 12.43 is then used to determine smax, from which the ground 
settlement profile is found using Equation 12.41. These settlements are then applied to infrastructure 
within the area affected by the settlement trough and checked for damage from differential settlement 
and tilt using the methods outlined in Section10.2.

Summary

1 Trenches and open shafts may be excavated to a limited depth in fine- grained 
soils under undrained conditions (i.e. for temporary works only) and in bonded/
cemented coarse- grained soils (having c′ > 0). These excavations may be extended 
in depth using fluid support in the trench (e.g. bentonite). Fluid support also 
allows for such excavations to be made in cohesionless soil. The overriding 
design criterion is preventing collapse of the excavation (ULS).

2 Limit analysis techniques may be applied to the stability of slopes and vertical 
cuttings in homogeneous soil. Limit equilibrium techniques may also be applied 
using the method of slices, which can also account for variable pore water 
pressure distribution and hence cases where seepage is occurring, and consider 
both rotational and translational slips. For both techniques, optimised failure 
surfaces must be found which give the most critical conditions. As for trenches, 
the overriding design criterion is preventing collapse of the slope and the 
occurrence of catastrophically large slip displacements (ULS).

3 In undrained materials, unsupported tunnels may be made to a limited depth in 
the short term. Under drained conditions and at deeper depths in cohesive 
material, internal support pressure must be applied along the axis of the tunnel 
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Problems

12.1 A diaphragm wall is to be constructed in a soil having a unit weight of 18 kN/m3 and design shear 
strength parameters c′ = 0 and φ′′ = 34°. The depth of the trench is 3.50 m and the water table is 
1.85 m above the bottom of the trench. Determine whether the trench is stable to EC7 DA1b if the 
unit weight of the slurry is 10.6 kN/m3 and the depth of slurry in the trench is 3.35 m. Determine 
also the maximum depth to which the trench could be excavated if the slurry is maintained at the 
same level below the ground surface.

12.2 For the given failure surface, determine whether the slope detailed in Figure 12.23 is stable in terms 
of total stress to EC7 DA1a. The unit weight for both soils is 19 kN/m3. The characteristic 
undrained strength (cu) is 20 kPa for soil 1 and 45 kPa for soil 2. How would the answer change if 
allowance is made for the development of a tension crack?

4.00 m

1.50 m

3.00 m

45°

45°

W

Area

41.7 m2

2.00 m 1.90 m

20 kPa

Soil (1)

Soil (2)

r = 9.00 m

Figure 12.23 Problem 12.2.

12.3 A cutting 9 m deep is to be excavated in a saturated clay of unit weight 19 kN/m3. The characteristic 
shear strength parameters are cu = 30 kPa and φu = 0. A hard stratum underlies the clay at a depth of 
11 m below ground level. Determine the slope angle at which failure would occur. What is the 
allowable slope angle if the slope is to satisfy EC7 DA1b, and what is the overall factor of safety 
corresponding to such a design?

(from the tunnel lining) and at the face while excavation is proceeding. This 
information may be used to determine the earth pressures acting on a tunnel 
lining when the tunnel is completed, for structural design of the lining system 
at both ULS and SLS. In addition to preventing collapse of the tunnel (ULS), the 
design must also consider the ground settlement profile above the tunnel due 
to volume loss and the potential damage to surface or buried infrastructure due 
to gross or differential settlement in this region (SLS).
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12.4 For the given failure surface, determine whether the slope detailed in Figure 12.24, is stable to EC7 
DA1b using the Fellenius method of slices. The unit weight of the soil is 21 kN/m3, and the charac-
teristic shear strength parameters are c′ = 8 kPa and φ′ = 32°.

4.00 m

19.30 m

13.00 m

0 5 10 20 30 m

24.80 m 4.25 m

1.37 m

r = 32.60 m

Figure 12.24 Problem 12.4.

12.5 Repeat the analysis of the slope detailed in Problem 12.4 using the Bishop routine method of slices.
12.6 Using the Bishop routine method of slices, determine whether the slope detailed in Figure 12.25 is 

stable to EC7 DA1-a in terms of effective stresses for the specified failure surface. The value of ru 
is 0.20 and the unit weight of the soil is 20 kN/m3. Characteristic values of the shear strength para-
meters are c′ = 0 and φ′′ = 33°.

48.0 m

17.5 m
2

1

Figure 12.25 Problem 12.6.
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12.7 A long slope is to be formed in a soil of unit weight 19 kN/m3 for which the characteristic shear 
strength parameters are c′ = 0 and φ′ = 36°. A firm stratum lies below the slope. It is to be assumed 
that the water table may occasionally rise to the surface, with seepage taking place parallel to the 
slope. Determine the maximum safe slope angle to satisfy EC7 DA1-b, assuming a potential failure 
surface parallel to the slope. Determine also the overall factor of safety for the slope angle deter-
mined above if the water table were well below the surface.

12.8 A circular tunnel of diameter 12 m is to be bored in stiff clay with cu = 200 kPa and γ = 19 kN/m3 
(both constant with depth). A structure with a footprint of 16 × 16 m2 is situated directly above the 
tunnel, which is 16 m high and has masonry load bearing walls. The tunnelling method can be 
assumed to induce a volume loss of 2.5%. Determine a suitable running depth of the tunnel (at the 
tunnel centerline).
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Learning outcomes
After working through the material in this chapter, you should be able to:

1 Select characteristic values of engineering parameters from laboratory or in- 
situ data which are suitable for use in engineering design;

2 Understand the principal of operation of field instrumentation used to 
measure the response of geotechnical constructions, and be able to select 
appropriate instrumentation for verifying design assumptions;

3 Understand how the Observational Method may be used in geotechnical 
construction;

4 Apply the limit state techniques presented in Chapters 8–12 to the analysis 
and design of real geotechnical constructions in practice, to begin to develop 
engineering judgement.

Chapter 13

Illustrative cases

13.1 Introduction

There can be many uncertainties in the application of soil mechanics in geotechnical engineering prac-
tice. Soil is a natural (not a manufactured) material, therefore some degree of heterogeneity can be 
expected within a deposit. A ground investigation may not detect all the variations and geological detail 
within soil strata, so the risk of encountering unexpected conditions during construction is always pos-
sible. Specimens of relatively small size, and subject to some degree of disturbance even with the most 
careful sampling technique, are tested to model the behaviour of large in- situ masses which may exhibit 
features which are not included in the test specimen (e.g. fissures in a heavily overconsolidated clay). 
Results obtained from in- situ tests can reflect uncertainties due to heterogeneity (e.g. values of Nk in 
Figure 7.22). Consequently, judgements must be made regarding the characteristic soil parameters which 
should be used in design. In clays, the scatter normally apparent in plots of undrained shear strength 
against depth is an illustration of the problem of selecting characteristic parameters (e.g. Figure 5.38). A 
geotechnical design is based on an appropriate theory which inevitably involves simplification of real 
soil behaviour and a simplified soil profile. In general, however, such simplifications are of lesser signifi-
cance than uncertainties in the values of the soil parameters necessary for the calculation of quantitative 
results. Details of construction procedure and the standard of workmanship can result in further 
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uncertainties in the prediction of the performance of geotechnical constructions. Section 13.2 discusses 
the interpretation of ground investigation data, and the selection of characteristic values for use with the 
design techniques outlined in Chapters 8–12.
 In most cases of simple, routine construction, design is based on precedent/experience and serious 
difficulties seldom arise. In larger or unusual projects, however, it may be desirable, or even essential, to 
compare the actual performance to that predicted during design. Lambe (1973) classified the different types 
of prediction. Class A predictions are those made before the event. Predictions made during the event are 
classified as Class B, and those made after the event are Class C: in both these latter cases no results from 
observations are known before predictions are made, though further independent ground data may be avail-
able at these later stages to develop more reliable characteristic values of the soil parameters. If observa-
tional data are available at the time of prediction these types are classified as B1 and C1, respectively, with 
the observational data usually being used to infer what the values of the soil parameters must be to give the 
observed response (this procedure is also sometimes referred to as back- calculation).
 Studies of particular projects (case studies), as well as showing whether or not a safe and economic 
design has been achieved, provide the raw material for advances in the theory and application of soil 
mechanics. Case studies normally involve the monitoring over a period of time of quantities such as 
ground movement, pore water pressure and stress. Comparisons are then made with theoretical or pre-
dicted values, e.g. the measured settlement of a foundation could be compared with the calculated value. 
If failure of a soil mass has occurred and the profile of the slip surface has been determined, e.g. in the 
slope of a cutting or embankment, the mobilised shear strength parameters could be back- calculated and 
compared with the results from laboratory and/or in- situ tests. Empirical design procedures are based on 
in- situ measurements from case studies, e.g. the design of braced excavations is based on measurements 
of strut loads in different soil types (see Figure 11.37).
 The measurements required in case studies depend on the availability of suitable instrumentation 
(described in Section 13.3), the role of which is to monitor soil or structural response as construction 
proceeds so that decisions made at the design stage can be evaluated and if necessary revised. The use of 
measurements to continuously re- evaluate design assumptions (Class B1 analyses) and refine the design 
or modify/control construction techniques is known as the Observational Method (Section 13.4). 
Instrumentation can also be used at the ground investigation stage to obtain information for use in design 
(e.g. details of groundwater conditions, as outlined in Chapter 6). However, instrumentation is only justi-
fied if it can lead to the answer to a specific question; it cannot by itself ensure a safe and economic 
design and the elimination of unpredicted problems during construction. It should be appreciated that a 
sound understanding of the basic principles of soil mechanics is essential if the data obtained from field 
instrumentation are to be correctly interpreted.
 Section 13.5 will introduce a set of case histories covering a range of different geotechnical construc-
tions. A detailed evaluation is not given in the main text, but each may be found as a self- contained 
docu ment which may be downloaded from the Companion Website. In these cases, the basic ground 
investigation data will be given, from which characteristic values will be interpreted using the methods 
outlined in Section 13.2. The appropriate limit states will then be verified to Eurocode 7 as fully worked 
examples, and the results compared with the observed performance to demonstrate that the limit state 
design procedures described within this book produce designs which are acceptable.

13.2 Selection of characteristic values

In practical situations, the material property data derived from laboratory and in- situ testing will exhibit 
scatter. In order to perform the calculations described in the earlier chapters, it will be necessary to ideal-
ise the data from the ground investigation by a adding a fitting line (normally linear to ease subsequent 
calculation) which will remove the scatter and describe the variation in the material properties with 
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depth. In layered soils, separate fitting lines can be used to characterise the different layers, and by using 
a sub- layering approach even very complex property variations may be idealised. These idealisations 
will then represent the characteristic values which will be used in the design phase. In determining char-
acteristic values, Eurocode 7 recommends that this should represent a ‘cautious estimate of the values 
likely to affect the limiting state considered’.
 If a layer of soil has uniform properties with depth (also known as homogeneous) then the soil test 
data may be analysed statistically, with each data point representing a measurement of the uniform 
strength. The simplest fit to such a set of data would be to determine the mean value of the test data 
(Xmean). By definition, there will be a significant number of measured datapoints below the mean value, 
so this is not often used for ULS calculations where it might be unsafe. Schneider (1999) proposed that, 
instead, characteristic values should be taken as the value at 0.5 standard deviations below the mean, i.e.

  (13.1)

where sX is the standard deviation of the soil parameter X. In practice, however, there will normally be only 
a limited amount of test data available due to the desire to keep ground investigation (GI) costs as low as 
possible. Under these circumstances the use of Equation 13.1 is questionable due to small sample size.
 While the mean and standard deviation of a given parameter are likely to vary greatly from soil to 
soil, it has been shown that the coefficient of variation (COV) of a given property lies within narrow 
ranges over a wide range of soil types. The coefficient of variation is defined as

  (13.2)

The implication of this is that the variation in the standard deviation is linked to the variation in mean 
value for different soils at different sites. Conservative values of COV for different mechanical proper-
ties based on studies of large databases of soil tests are given in Table 13.1 after Schneider (1999). Using 
Equation 13.2, Equation 13.1 may be rewritten in terms of Xmean and COV, replacing the arbitrary value 
of 0.5 with a coefficient kn:

  (13.3)

The coefficient kn is a function of the number of test data points (n) used to calculate Xmean, and is based 
on the assumption that the data are normally distributed. A robust estimate of the mean characteristic 
value corresponding to a 95% confidence level that this is below the true mean value of the soil (value 
assuming that an infinite number of tests could be done) is found using

  (13.4)

Values of Xk calculated using Equations 13.3 and 13.4 will be almost identical to those from Equation 
13.1 if n is relatively large. If n is small Equation 13.1 will give poorer results, as sX can be heavily influ-
enced by one or two individual data points. Equations 13.3 and 13.4 should be used instead, as the statis-
tical variation about the mean (defined by COV) is based on a large database (values in Table 13.1), even 
though the mean value is based on the smaller amount of test data from the GI.
 Characteristic values calculated using the aforementioned techniques are particularly suitable for use 
in SLS calculations, where the aim is to predict the actual response as closely as possible. For ULS cal-
culations a lower value may be desirable, in which none (or only a tiny fraction) of the measured test 
data falls below the characteristic value selected. Such values may be determined using Equation 13.3, 
with an alternative expression for kn given by
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 (13.5)

The values of Xk so derived represent a 5% fractile value, implying that there is only a 5% probability that 
somewhere in the layer (perhaps at an un- measured location) there is an element of soil having a strength 
lower than Xk. It is recommended to use the 5% fractile value if there is significant variation within the 
data (i.e. if it only loosely approximates a uniform distribution); a value between the 95% mean and the 5% 
fractile values may be used when the variation is small, based on previous experience in similar soils.
 If the soil has a non- uniform linear variation with depth, the mean variation may be found by fitting a 
linear trendline to the data over the depth range of interest, usually using a least- squares fitting procedure. 
This profile may be used for SLS calculations. The intercept of this line may then be reduced manually until 
most or all of the test data points lie above the line when determining a lower value for ULS calculations. 
Statistical techniques may be applied to fitting linear trendlines, as described in Chapter 2 of Frank et al. 
(2004), but are beyond the scope of this book.
 To demonstrate the application of the foregoing techniques, Figure 13.1 shows test data for undrained 
shear strength from three different fine- grained soil sites, from which characteristic profiles have been 
derived. Figure 13.1(a) shows data for a layer of predominantly clay- based glacial till from Cowden, near 
Kingston- upon-Hull (data from Lunne et al., 1997). Both CPTU and UU triaxial testing on retrieved samples 
was conducted. The CPTU data was processed using Equation 7.37 with Nk = 22, representing the upper end 
of the range for glacial tills given in Figure 7.22(a), and therefore a lower bound (conservative) value for cu. 
The use of Equations (7.38) and (7.39) is not appropriate in this case as the values of Bq within the layer are 
mostly negative, due to sand and gravel- sized material contained within the clay matrix. It can clearly be 
seen that cu is approximately uniform with depth. Assuming that the triaxial data are more reliable (the 
CPTU data are derived from an empirical correlation), and basing the value of cuk on this only for simplicity, 
the mean of the 40 triaxial tests is 110 kPa. For n = 40, kn = 0.26 for the 95% mean value (Equation 13.4) and 
kn = 1.66 for the 5% fractile (low) value. Taking COV = 0.4 for cu from Table 13.1 gives cuk,mean = 99 kPa and 
cuk,low = 37 kPa. These values are shown in Figure 13.1(a). In this case it would be reasonable to use a charac-
teristic value closer to the 95% mean value, as both the triaxial and CPTU data show that the distribution is 
very uniform, with any variation generally serving to increase the strength. The 5% fractile value appears to 
be unrealistically conservative in this case.
 Figure 13.1(b) shows triaxial data from an overconsolidated clay (Oxford Clay) at Tilbrook Grange in 
Cambridgeshire (after Clarke, 1993). In this example, data are shown from three spatially separated bore-
holes and the aim is to derive a single characteristic strength profile for a ULS check of a shallow founda-
tion. As such, the data from the separate boreholes are assumed to represent one large database. Initially the 
variation of properties appears more complex compared to that in Figure 13.1(a), though it is possible to dis-
tinguish three different regions of increasing mean strength, being 0–7 m, 7–20 m and 20–30 m depth within 
each of which a uniform profile may be derived. This is the sub- layering approach described earlier. The 
techniques detailed in the previous example are now applied separately to the test data in each of the sub- 
layers, the results being summarised in Table 13.2 and shown in Figure 13.1(b).

Table 13.1 Coefficients of variation of various soil properties

Soil property COV

φ′ 0.1

cu, c′ 0.4

mv 0.4

γ 0
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 Compared to the previous example, there is significantly more variation in properties within the sub- 
layers specified and greater scatter. In this case it would be more appropriate to use the 5% fractile value 
for a ULS calculation, as it can be seen that some of the test values fall close to this line (particularly 
around the sub- layer interfaces). This is only one possible interpretation; a more accurate variation may 
be determined by using more sub- layers. However, the advantage of using the distribution in Figure 
13.1(b) is that for most small shallow foundations it would be possible to use the two- layer approach at 
the ULS (Figure 8.11). This example therefore demonstrates that it is important to bear in mind what the 
characteristic values will ultimately be used for, as this may influence their determination.
 Figure 13.1(c) shows UU triaxial test data for a heavily overconsolidated fissured clay (Gault Clay) in 
central Cambridge, taken prior to piling work. At this particular site, both small 38-mm diameter samples 
and larger 98-mm ones were tested. As mentioned previously in Section 7.5, small triaxial samples are 
unlikely to account for the fissures, as they may happen to have been taken from intact clay between fis-
sures. From Figure 13.1(c), the larger samples suggest lower strengths than the smaller samples, and 
demonstrate that it is important to consider site observations of the soil fabric and geological information 
about the unit in interpreting characteristic values. In this case, the 98-mm data would be used in prefer-
ence to the 38-mm data. A mean line is fitted to the data by a least- squares fit, where cu = 3.73z + 58.4 

Table 13.2 Example calculations for sub-layering approach

Sub-layer n cuk,mean (kPa) COV kn (95% mean) cuk,mean (kPa) kn (5% fractile) cuk,low (kPa)

0–7 m 15 342 0.4 0.42 284 1.69 110

7–20 m 36 440 0.4 0.27 393 1.66 148

20–30 m 31 562 0.4 0.29 496 1.67 188
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Figure 13.1  Examples of characteristic value determination (for undrained shear 
strength): (a) uniform glacial till, (b) layered overconsolidated clay, 
(c) overconsolidated fissured clay.
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(kPa) where z is the depth below ground level in metres. Reducing the intercept to give cuk = 3.73z (kPa) 
would provide an appropriate characteristic profile for ULS design of a piled foundation.
 A final note should be made regarding the selection of characteristic values of drained strength para-
meters. In most cases of design where the aim is to avoid failure, critical state strength properties should 
be used if available, with φ′ = φ′cv and c′ = 0. While φ′cv is clearly representative of the ultimate strength of 
contractile (‘loose’) soil, if peak strength values are used for dilative (‘dense’) soils, failure will be char-
acterised by a sudden failure (a brittle response). The use of lower critical state strength parameters for 
such soils therefore provides some additional margin of safety against collapse. Furthermore, laboratory 
and in- situ tests measure soil behaviour in a largely undisturbed state, where there may be apparent cohe-
sion/interlocking due to the previous depositional history and/or true cohesion as a result of cementation/
bonding. However, if the soil is subsequently worked during construction (e.g. excavation followed by 
recompaction), these destructive procedures will break down any pre- existing structural effects such that 
critical state parameters are most appropriate.
 For some calculations, however, it may be desirable to select a high estimate of strength properties. 
An example would be determining the capacity of a pile so that a sufficiently sized piling rig can be 
specified. For such a calculation it is more conservative to over- predict the pile’s capacity, to ensure that 
the piling rig will have sufficient capacity with a margin of safety (partial factors would also not be used 
for such an estimate). Under these conditions, it would be more appropriate to use peak strength values.

13.3 Field instrumentation

The most important requirements of a geotechnical instrument are reliability and sensitivity. In general, 
the greater the simplicity of an instrument, the more reliable it is likely to be. On the other hand, the sim-
plest instrument may not be sensitive enough to ensure that measurements are obtained to the required 
degree of accuracy, and a compromise may have to be made between sensitivity and reliability. Instru-
mentation can be based on optical, mechanical, hydraulic, pneumatic and electrical principles; these 
principles are listed in order of decreasing simplicity and reliability. It should be appreciated, however, 
that the reliability of modern instruments of all types is of a high standard. The most widely used instru-
ments for the various types of measurement are described below (N.B. measurement of pore water pres-
sures is not described here, having been covered in Section 6.2).

Vertical movement
The most straightforward technique for measuring surface settlement or heave is precise levelling. A 
stable bench mark must be established as a datum, and in some cases it may be necessary to anchor a 
datum rod, separated by a sleeve from the surrounding soil, in rock or in a firm stratum at depth. For set-
tlement observations of the foundations of structures, durable levelling stations should be established in 
foundation slabs or near the bottom of columns or walls. A convenient form of station, illustrated in 
Figure 13.2, consists of a stainless steel socket into which a round- headed plug is screwed prior to level-
ling. After levelling, the plug is removed and the socket is sealed with a perspex screw.
 To measure the settlement due to placement of an overlying fill, a horizontal plate, to which a vertical 
rod or tube is attached, is located on the ground surface before the fill is placed, as shown in Figure 13.3(a). 
The level of the top of the rod or tube is then determined. The settlement of the fill itself could be deter-
mined from surface levels, generally using levelling stations embedded in concrete. Vertical movements in 
an underlying stratum can be determined by means of a deep settlement probe. One type of probe, illus-
trated in Figure 13.3(b), consists of a screw auger attached to a rod which is surrounded by a sleeve to 
isolate it from the surrounding soil. The auger is located at the bottom of a borehole, and anchored at the 
required level by rotating the inner rod. The borehole is backfilled after installation of the probe.
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 The rod extensometer, shown in Figure 13.3(c), is a simple and accurate device for measuring move-
ment. The rods used are generally aluminium alloy tubes, typically 14 mm in diameter. Various lengths 
of rod can be coupled together as required. The lower end of the rod is grouted into the soil at the bottom 
of a borehole, a ragged anchor being threaded onto the rod, and the upper end passes into a reference 
tube grouted into the top of the borehole. The rod is isolated inside a plastic sleeve. The relative move-
ment between the bottom anchor and the reference tube is measured with a dial gauge or displacement 
transducer operating against the top of the rod. An adjustment screw is fitted into a threaded collar at the 
upper end of the rod to extend the range of measurement. A multiple rod installation with rods anchored 
at different levels in the borehole enables settlement over different depths to be determined. The bore-
hole is backfilled after installation of the extensometer. The use of rod extensometers is not limited to the 
measurement of vertical movement; they can be used in boreholes inclined in any direction.
 Settlement at various depths within a soil mass can also be determined by means of a multi- point 
extensometer, one such device being the magnetic extensometer, shown in Figure 13.3(d), designed for 
use in boreholes in clay. The equipment consists of permanent ring magnets, axially magnetised, 
mounted in plastic holders which are supported at the required levels in the borehole by springs. The 
magnets, which are coated with epoxy resin as a guard against corrosion, are inserted around a plastic 
guide tube placed down the centre of the borehole. If necessary for stability, the borehole is filled with 
bentonite slurry. The levels of the magnets are determined by lowering a sensor incorporating a reed 
switch down the central plastic tube. When the reed switch moves into the field of a magnet, it snaps 
shut and activates an indicator light or buzzer. A steel tape attached to the sensor enables the level of the 
station to be obtained to an accuracy of 1–2 mm. Greater accuracy can be obtained by locating, inside the 
guide tube, a measuring rod to which separate reed switches are attached at the level of each magnet, 
each switch operating on a separate electrical circuit. The measuring rod, which consists of hollow stain-
less steel tubing with the electrical wiring running inside, is drawn upwards by means of a measuring 
head incorporating a screw micrometer, the level of each magnet being determined in turn. As a precau-
tion against failure, two switches may be mounted at each level.
 The settlement of embankments can be measured by means of steel plates with central holes which 
are threaded over a length of vertical plastic tubing and laid, at various levels, on the surface of the fill as 
it is placed. Subsequently, the levels of the plates are determined by means of an induction coil which is 
lowered down the inside of the tubing.
 Hydraulic settlement gauges, which are used mainly in embankments, provide another means of deter-
mining vertical movement. In principle, the hydraulic overflow settlement cell (Figure 13.4) consists of a 
U- tube with limbs of unequal height: water overflows from the lower limb when settlement occurs, causing 
a fall in water level, equal to the settlement, in the higher limb. The cell, which is cast into a concrete block 
at the chosen location, consists of a sealed rigid plastic cylindrical container housing a vertical tube acting 
as an overflow weir. Polythene- coated nylon tubing leads from the weir to a vertical graduated standpipe 
remote from the cell. A drain tube leading from the base of the cell allows overflow water to be removed, 
and another tube acting as an air vent ensures that the interior of the cell is maintained at atmospheric 
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Figure 13.2 Levelling plug.
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pressure. The water tube is filled with de- aired water until it overflows at the weir. The standpipe is also 
filled and, when connected to the water tube from the cell, the water level in the standpipe will fall until it is 
equal to that of the weir. De- aired water is used to prevent the formation of air locks, which would affect the 
accuracy of the gauge. The use of back air pressure applied to the cell enables it to be located below the level 
of the manometer. The system gives the settlement at one point only, but can be used at locations which are 
inaccessible to other devices, and is free of rods and tubes which might interfere with construction.
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Figure 13.3  Measurement of vertical movement: (a) plate and rod, (b) deep 
settlement probe, (c) rod extensometer, and (d) magnetic extensometer.
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Horizontal movement
In principle, the horizontal movement of stations relative to a fixed datum can be measured by means of 
a theodolite, using precision surveying techniques. However, in many situations this method is impracti-
cal due to site conditions. Movement in one particular direction can be measured by means of an exten-
someter, of which there are several types.
 The tape extensometer (Figure 13.5(b)) is used to measure the relative movement between two reference 
studs with spherical heads, which may be permanent or demountable, as shown in Figure 13.5(a). The 
extensometer consists of a stainless steel measuring tape with punched holes at equal spacings. The free end 
of the tape is fixed to a spring- loaded connector which locates onto one of the spherical reference studs. The 
tape reel is housed in a cylindrical body incorporating a spring- tensioning device and a digital readout 
display. The end of the body locates onto the second spherical stud. The tape is locked by engaging a pin in 
one of the punched holes and tension applied to the spring by rotating the front section of the body, an indi-
cator showing when the required tension has been applied. The distance is obtained from the reading on the 
tape at the pinned hole and the reading on the digital display. An accuracy of 0.1 mm is possible.
 For relatively short measurements, a rod extensometer (Figure 13.5(c)) incorporating a micrometer can 
be used. The instrument consists of a micrometer head with extension rods of different lengths and two end 
pieces, one with a conical seating and another with a flat surface, which locate against spherical reference 
studs. The rods have precision connectors to minimise errors when assembling the device. An appropriate 
gauge length is selected and the micrometer is adjusted until the end pieces make contact with the reference 
studs. The distance between the studs is read from the graduated micrometer barrel. A typical rod exten-
someter can measure a maximum movement of 25 mm, to the accuracy of the micrometer.
 The tube extensometer (Figure 13.5(d)) operates on a similar principle. One end piece has a conical 
seating as above; the other consists of a slotted tube with a coil spring inside. The slotted end piece is 
placed over one of the spherical reference studs, compressing the spring and ensuring firm contact 
between the second stud and the conical end piece at the other end of the extensometer. The distance 
between the outside end of the slotted tube and the reference stud is measured by means of a dial gauge, 
enabling the movement between the two studs to be deduced. Movements up to 100 mm can be meas-
ured using a tube extensometer.
 The potentiometric extensometer consists of a rectilinear resistance potentiometer inside a cylindrical 
housing filled with oil. Contacts attached to the piston of the extensometer slide along the resistance 
wire. The piston position is determined by means of a null balance readout unit calibrated directly in 
displacement units. Extension rods coupled to the instrument are used to give the required gauge length. 
Movements of up to 300 mm can be measured, to an accuracy of 0.2 mm.
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Figure 13.4 Hydraulic settlement cell.
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 Various extensometers using transducers have also been developed. One such instrument uses a 
vibrating wire strain gauge, a diagram of which is shown in Figure 13.6. The wire is made to oscillate 
by means of an electromagnet situated approximately 1 mm from the wire. The oscillation induces alter-
nating current, of frequency equal to that of the wire, in a second magnet. A change in the tension of the 
wire causes a change in its frequency of vibration, and a corresponding change in the frequency of the 
induced current. The meter recording the output frequency can be calibrated in units of length. One end 
of the device is fixed to the first reference point by a pinned connector, the other end consisting of a 
sliding head which moves with the other reference point. The vibrating wire is fixed at one end, and is 
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Figure 13.5  Measurement of horizontal movement: (a) reference studs, (b) tape 
extensometer, (c) rod extensometer, and (d) tube extensometer.
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connected to the moving head through a tensioned spring. When a displacement occurs there is a change 
in spring tension, resulting in turn in a change in the frequency of vibration of the wire which is a func-
tion of the movement between the reference points. Movements of 200 mm can be measured to an accu-
racy of 0.1 mm. A number of extensometer units can be joined together by lengths of connecting rod to 
enable movements to be measured over a considerable length.
 Horizontal movements at depth within a soil mass are often required in sloping ground to deter-
mine the moving mass and the likely location of the slip surface. Such measurements can be deter-
mined by means of the inclinometer, illustrated in Figure 13.7(a). The instrument operates inside a 
vertical (or nearly vertical) access tube which is grouted into a borehole or embedded within a fill, 
enabling the displacement profile along the length of the tube to be determined. The tube has four 
internal keyways at 90° centres. The inclinometer probe (known as the torpedo) consists of a stain-
less steel casing which houses a force balance accelerometer. The casing is fitted with two diametri-
cally opposite spring- loaded wheels at each end, enabling the probe to travel along the access tube, 
the wheels being located in one pair of keyways, the accelerometer sensing the inclination of the tube 
in the plane of the keyways. The principle of the force balance accelerometer is shown in Figure 
13.7(c). The device consists of a mass suspended between two electromagnets – a detector coil and a 
restoring coil. A lateral movement of the mass induces a current in the detector coil. The current is 
fed back through a servo- amplifier to the restoring coil, which imparts an electromotive force to the 
mass equal and opposite to the component of gravitational force which causes the initial movement. 
Thus, the forces are balanced and the mass does not, in fact, move. The voltage across a resistor in 
the restoring circuit is proportional to the restoring force and, in turn, to the angle of tilt of the probe. 
This voltage is measured, and the readout can be calibrated to give both angular and horizontal dis-
placements. The vertical position of the probe is obtained from graduations on the cable attached to 
the device. Use of the other pair of keyways enables movements in the orthogonal direction to be 
determined. Readings are taken at intervals (δ) along the casing, and horizontal movement is calcu-
lated as shown in Figure 13.7(b). Depending on the readout equipment, movements can be deter-
mined to an accuracy of 0.1 mm.
 In recent years, the shape acceleration array (SAA) has emerged as an alternative to the inclinome-
ter. This device consists of a series of hinged rigid links which are connected together, each of which 
contains miniature accelerometers, to form a long jointed ‘cable’. This can be fed from a spool into a 
borehole from the surface, requiring little specialist equipment other than the instrument itself. Changes 
in acceleration measured by each of these sensors can be integrated to determine the displacements along 
the length of the SAA using a computer. Such an instrument has become possible as a result of MEMS 
(micro electro- mechanical machines) acceleration technology, which provides highly miniaturised 
sensors at low cost. Compared to an inclinometer, an SAA is easier and quicker to install (as it has less 
separate components), cheaper, and more robust.
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Figure 13.6 Vibrating wire strain gauge.
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 The slip indicator is a simple device to enable the location of a slip surface to be detected (though 
not to accurately measure the magnitude of the deformation). A flexible plastic tube, to which a base-
plate is attached, is placed in a borehole. The tube, typically 25 mm in diameter, is surrounded by a stiff 
sleeve. The tube is surrounded with sand, the sleeve being withdrawn as the sand is introduced. A probe 
at the end of a cable is lowered to the bottom of the tube. If a slip movement takes place, the tube will 
deform. The position of the slip zone is determined both by raising the probe and by lowering a second 
probe from the surface until they meet resistance.
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Figure 13.7  Inclinometer: (a) probe and guide tube, (b) method of calculation, and (c) 
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Strain measurement

Vibrating wire strain gauges (described above) may also be attached to reinforcing bars in reinforced 
concrete elements including piles (where the axial strains may be used to infer the axial load carried by 
the pile) or retaining walls (where the difference in strain across the section is indicative of the induced 
bending moment in the wall). The measurement of bending strains in concrete foundation elements is 
important in determining the onset of cracking within the concrete, which may lead to water ingress, cor-
rosion of reinforcement, and a consequent degradation in strength and stiffness.
 In recent years, fibre- optic sensors have presented an alternative to traditional strain gauges. This 
involves installing a length of optical fibre within the concrete, with access provided to one end of the 
fibre. From this, the strain distribution along the length of the fibre can be determined using the Brillouin 
optical time domain reflectometry technique (BOTDR). This involves attaching an analyser unit to 
one end of the fibre along which light is passed, the strains being determined from analysis of the reflec-
tion information received. A single optical fibre can be used in place of a number of strain gauges, saving 
both time and cost. A fibre- optic system is also more robust, requiring only the fibre itself to be embed-
ded within the structure, with the sensitive electronics (the analyser) being required only when the instru-
ment is to be read. An example of the use of a BOTDR sensor system within a tunnel lining may be 
found in Chueng et al. (2010).

Total normal stress

Total stress in any direction can be measured by means of pressure cells placed in the ground. Cells are 
normally disc- shaped, and house a relatively stiff membrane in contact with the soil. Such cells are also 
used for the measurement of soil pressure on structures. It should be appreciated that the presence of a 
cell, as well as the process of installation, modifies the in- situ stresses due to arching and stress redistri-
bution. Cells must be designed to reduce stress modification to within acceptable limits. Theoretical 
studies have indicated that the extent of stress modification depends on a complex relationship between 
the aspect ratio (the thickness/diameter ratio of the cell), the flexibility factor (depending on the soil/cell 
stiffness ratio and the thickness/diameter ratio of the diaphragm) and the soil stress ratio (the ratio of 
stresses normal and parallel to the cell). The central deflection of the diaphragm should not exceed 
1/5000 of its diameter, and the cell should have a stiff outer ring. Cell diameter should also be related to 
the maximum particle size of the soil.
 There are two broad categories of instrument, known as the diaphragm cell and the hydraulic cell, 
represented in Figure 13.8. In the first category, the deflection of the diaphragm is measured by means of 
sensing devices such as electrical resistance strain gauges, linear transducers and vibrating wires, the 
readout in each case being calibrated in stress units. The hydraulic cell normally consists of two stainless 
steel plates welded together around their periphery, the interior of the cell being filled with oil. The oil 
pressure, which is equal to the total normal stress acting on the outside of the cell, is measured by a 
transducer (generally of the pneumatic or hydraulic type) connected to the cell by a short length of steel 
tubing. Thin spade- shaped cells, which can be jacked into the soil, are useful for the measurement of in- 
situ horizontal stress.

Load

The cells described above can be calibrated to measure load, the hydraulic type being the most widely 
used for this purpose. Such cells are used, for example, in the load testing of piles and the measurement 
of strut loads in braced excavations. Cells with a central hole can be used to measure tensile loads in tie- 
backs. The use of surface- mounted strain gauges (based on electrical resistance or vibrating wire princi-
ples) is an alternative method for the measurement of load in struts and tie- backs. Load cells based on 
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the principle of photo- elasticity are also used. The load is applied to a cylinder of optical glass, the cor-
responding strains producing interference fringe patterns which are visible under polarised light. The 
number of fringes is observed by means of a fringe counter, the load being obtained by multiplying the 
fringe count by a calibration factor. Another method of determining the load in a structural member such 
as a tie- back is by using a tell- tale. A tell- tale is an unstressed rod attached to the member at one end, 
and running parallel to it. The change in length of the member under load is measured, using the free end 
of the tell- tale as datum. The load can then be determined from the change in length, provided the elastic 
modulus of the member is known.

13.4 The observational method

The main uncertainties in geotechnical prediction are the degree of variation and continuity of strata, 
pore water pressures (which may be dependent on macro- fabric features) and the values of soil para-
meters. Standard methods of coping with these uncertainties are the use of partial factors (which are 
useful only at ULS) and the making of assumptions related to general experience, which ignores the 
danger of the unexpected. The observational method, as described by Peck (1969), offers an alternative 
approach. The method is one of the design approaches listed in Eurocode 7 by which it can be verified 
that no relevant limit state is exceeded.
 The philosophy of the observational method is to base the design initially on whatever informa-
tion can be obtained, then to set out all conceivable differences between assumptions and reality. 
Calculations are then made, on the basis of the original assumptions, of relevant quantities which can 
be measured reliably in the field – e.g. settlement, lateral movement, pore water pressure. Predicted 
and measured values are compared as construction proceeds, and the design or the construction pro-
cedure is modified if necessary. The engineer must have a plan of action, prepared in advance, for 
every unfavourable situation that observations might disclose. It is essential, therefore, that the 
appropriate instrumentation to detect all such situations should be installed. If, however, the nature 
of the project is such that the design cannot be changed during construction if certain unfavourable 
conditions arise, the method is not applicable. In such circumstances, a design based on the least 
favourable conditions conceived must be adopted even if the probability of their occurrence is very 
low. If an unforeseen event were to arise for which no strategy existed, then the project could be in 
serious trouble. The potential advantages of the method are savings in cost, savings in time, and 
assurance of safety.
 There are two distinct situations in which the method may be appropriate:
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Figure 13.8 (a) Diaphragm pressure cell, and (b) hydraulic pressure cell.
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Projects in which use of the method is envisaged from conception, known as ‘ab initio’ applications. ●●

It may be that an acceptable working hypothesis is not possible, and that use of the observational 
method offers the only hope of achieving the objective.
Situations in which circumstances arise such that the method is necessary to ensure successful com-●●

pletion of the project, known as ‘best- way-out’ applications. It should be appreciated that projects do 
go wrong, and the observational method may then offer the only satisfactory way out of the difficult-
ies encountered.

 The comprehensive application of the method involves the following steps. The extent to which all 
steps can be followed depends on the type and complexity of the project.

1 Ground investigation to establish the general nature, sequence, extent and properties of the strata, but 
not necessarily in detail.

2 Assessment of the most probable conditions and the most unfavourable conceivable deviations from 
these conditions, geological conditions usually being of major importance.

3 Design process based on a working hypothesis of behaviour under the most probable conditions.
4 Selection of quantities to be observed as construction proceeds, and calculation of their anticipated 

values on the basis of the working hypothesis (e.g. using the principles in Chapters 8–12).
5 Calculation of values of the same quantities under the most unfavourable conditions compatible with 

the available data on ground conditions.
6 Decision in advance on a course of action or design modification for every conceivable deviation 

between observations and predictions based on the working hypothesis.
7 Measurement of quantities to be observed and evaluation of actual conditions.
8 Modification of design or construction procedure to suit actual conditions.

A simple example, given by Peck, of the use of the method planned from the design stage is the case of 
a braced excavation in clay, with struts at three levels. The excavation, to a depth of 14 m, was for the 
construction of a building in Chicago. The design of the struts was based on an assumed pressure distri-
bution against the walls (see Section 11.9), based on an envelope of strut load measurements reported 
from a variety of sites. For a particular site, therefore, most of the struts could be expected to carry 
loads significantly less than those predicted from the diagram. For the site in question the struts were 
designed for loads equal to two- thirds of those given by the envelope, and the load factor used was rel-
atively low. On this basis, a total of 39 struts was required. The probability then existed that a few 
struts would be overloaded and would fail. The procedure adopted was to measure the loads in every 
strut at critical stages of construction, and to have additional struts available for immediate insertion if 
necessary. Only three additional struts were required. The extra cost of monitoring the loads and in 
having additional struts available was low compared to the overall saving in using struts of smaller 
section loaded much closer to their capacity. The procedure also ensured that no strut became over-
loaded. If a much higher number of additional struts had been required, the overall cost might have 
been higher and construction might have been delayed; such a risk was judged to be minimal and, in 
any case, safety would still have been ensured.

13.5 Illustrative cases

On the Companion Website, seven detailed case histories may be found from projects in the UK and 
Northern Europe, as shown in Figure 13.9. These cover a range of different geotechnical constructions, 
including foundations (shallow and deep), excavations and slopes, in a variety of soil conditions as listed 
below:
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Case study 1: Cellular raft on sand, Belfast, UK●●

Case study 2: Raft on clay, Glasgow, UK●●

Case study 3: Driven tubular pile in clay, Shropshire, UK●●

Case study 4: Piled raft in clay, London, UK●●

Case study 5: Deep excavation in clay, London, UK●●

Case study 6: Failure of a cutting in clay, Oslo, Norway●●

Case study 7: Motorway embankment construction, Belfast, UK.●●

In each case a short description of the construction is given, followed by the available ground investiga-
tion data (including both laboratory and in- situ test data where applicable). This is interpreted following 
the recommendations in Section 13.2 to determine simplified profiles of characteristic soil properties for 
use in design. Design calculations to Eurocode 7 at both ULS and SLS (as appropriate) are then detailed, 
to demonstrate how the methods described in the earlier chapters may be applied to real design situ-
ations. The resulting predictions are then compared to the observed performance to demonstrate that the 
design methods provided give acceptable designs, satisfying all limiting states.

6

2

3

4,5

1,7

Figure 13.9 Location of illustrative cases.
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1 Characteristic values should always represent a cautious estimate of the values 
likely to affect the limiting state considered. Linearised distributions are 
normally most amenable to use in design, and their determination can be 
informed by statistical techniques. Complex ground conditions may be divided 
into a series of linearised sections using sub- layering. In the selection of 
characteristic values, the reliability of the test methods should be considered, 
as should the analytical techniques for which the characteristic values are 
desired.

2 A wide range of common field instrumentation exists for measuring vertical 
and horizontal movements, strains, total stress and load. Instrumentation of a 
project alone will not guarantee a successful outcome – it must always be 
installed with the aim of answering a particular question or verifying a 
particular design assumption.

3 The Observational Method involves the use of instrumentation to continuously 
measure performance during construction and modify/refine the design or 
alter construction procedures as construction proceeds, thereby ensuring that 
limiting states are always satisfied. This can be particularly useful for complex 
projects in difficult ground conditions where soil behaviour may be difficult to 
predict.

4 Seven illustrative cases (case studies) covering a range of geotechnical 
constructions are presented on the Companion Website, which demonstrate 
the selection of characteristic values (point 1) and the application of the 
techniques described earlier in the book to real- world situations. In this way, 
the reader can begin to develop engineering judgement (which is principally 
developed in engineering practice). It is also demonstrated that the limit state 
design procedures presented in this book give adequate designs and predictions 
of performance for use in routine geotechnical design.

Summary
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Further reading
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Designers’ Guide to EN 1997–1 Eurocode 7: Geotechnical Design – General Rules, Thomas Telford, 
London.

This book contains further detail regarding the statistical derivation of characteristic values, with addi-
tional examples and further background on the statistical methods underlying the EC7 recommenda-
tions.

For further student and instructor resources for this chapter, please  
visit the Companion Website at www.routledge.com/cw/craig

http://www.routledge.com/cw/craig
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Principal symbols

Roman

A Air content
A	 Pore	pressure	coefficient	(related	to	major	principal	stress	increment,	axial	symmetry)
A	 Cross-	sectional	area
Af	 Plan	area	of	foundation
Ap,	Api	 Area	of	pile	cross-	section
As	 Pore	pressure	coefficient	(related	to	major	principal	stress	increment,	plane	strain)
B	 Pore	pressure	coefficient	(related	to	isotropic	stress	increment)
B	 Footing	width
B′	 Effective	footing	width	(accounting	for	uplift)
Bp	 Width	of	square	pile
Bq	 Pore	pressure	parameter	(CPT)
Br	 Width	of	raft	or	pile	cap
C	 Change	in	undrained	shear	strength	per	unit	depth	(undrained	strength	gradient)
C	 Cover	depth	(e.g.	to	a	tunnel)
C1	 Correction	factor	for	footing	depth	(Schmertmann	method)
Cb	 Correlation	factor	between	SPT	and	pile	base	resistance
Cc	 Compression	index
Ccpt	 Correlation	factor	between	CPT	and	pile	base	resistance
Ce	 Expansion	index
Cs	 Correlation	factor	between	SPT	and	pile	shaft	resistance
Cu	 Coefficient	of	uniformity
Cz	 Coefficient	of	curvature
CA	 Limiting	value	of	an	action	effect	(SLS)
CN	 Overburden	correction	factor	(SPT)
COV	 Coefficient	of	variation
D	 Diameter
D0	 Outside	diameter	(e.g.	of	a	pile)
D10	 Particle	size	(diameter)	for	which	10%	of	the	particles	are	smaller
D50	 Mean	particle	size
Db	 Pile	base	diameter
Ds	 Pile	shaft	diameter
E	 Young’s	modulus
E′	 Young’s	modulus	of	soil	for	drained	conditions
E′oed	 Constrained	modulus
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Eb	 Operative	Young’s	modulus	below	the	base	of	a	pile
Ep	 Equivalent	Young’s	modulus	of	a	solid	circular	pile
Epi	 Young’s	modulus	of	pile	material
Eu	 Young’s	modulus	of	soil	for	undrained	conditions
EA	 Action	effect	(SLS)
ER	 Energy	ratio	(SPT)
F	 Factor	of	safety
Fh	 Normalised	horizontal	foundation	stiffness	factor
Fi	 Intake	factor
Fp	 Pile	slenderness	correction	factor
Fr	 Friction	ratio	(normalised	sleeve	friction,	CPT)
Fs	 Shape	factor	(Burland	and	Burbidge	method)
Ft	 Time	factor	(Burland	and	Burbidge	method)
Fz	 Non-	dimensional	factor	for	bearing	capacity	in	undrained	soil	with	a	strength	gradient
FI Depth	factor	(Burland	and	Burbidge	method)
Fα	 Diffraction	factor
Fφ	 Normalised	rotational	foundation	stiffness	factor
G	 Shear	modulus
G0	 Small-	strain	shear	modulus
Gs	 Specific	gravity	(of	soil	particles)
 
__

 G Lc	 Median	value	of	shear	modulus	over	the	critical	length
H	 Thickness	of	soil	layer
H	 Horizontal	load	(action)
Hult	 Sliding	resistance	of	a	foundation
Hw	 Height	of	wall
Ic	 Soil	behaviour	type	index	(CPT)
Ic	 Compressibility	index	(Burland	and	Burbidge	method)
Iqr	 Influence	factor	(for	stress,	under	rectangular	loaded	area)
Is	 Influence	factor	(for	settlement)
Iz	 Strain	influence	factor
Izp	 Influence	factor	(Schmertmann’s	method)
ID	 Relative	density
IL	 Liquidity	index
IP	 Plasticity	index
IQ	 Influence	factor	(for	stress,	under	point	load)
J	 Seepage	force
K	 Lateral	earth	pressure	coefficient
K0	 Lateral	earth	pressure	coefficient	at	rest	(in-	situ)
K0,NC	 Lateral	earth	pressure	coefficient	at	rest	for	normally	consolidated	soil
Ka	 Active	earth	pressure	coefficient
Kbi	 Pile	base	stiffness
Kf	 Overall	(foundation)	vertical	stiffness	of	a	piled	raft
Kh	 Horizontal	stiffness	of	shallow	foundation
Kp Passive	earth	pressure	coefficient
Kr	 Raft	vertical	stiffness
Krs	 Normalised	raft–soil	stiffness
Kpg	 Pile	group	vertical	stiffness
Kpile	 Overall	pile-	head	stiffness	of	a	single	pile
Ksi	 Pile	shaft	stiffness
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Kv	 Vertical	stiffness	of	shallow	foundation
Kφ	 Rotational	stiffness	of	shallow	foundation
L	 Length
L0	 Length	of	pile	not	contributing	to	shaft	load	transfer
La	 Length	along	slip	plane
Lc	 Critical	length
Lp	 Pile	length
Lr	 Length	of	raft	or	pile	cap
Lsi	 Length	of	pile	shaft
Lw	 Length	of	wall
M	 Gradient	of	the	critical	state	line	in	q–p′	space
M	 Moment	(action)
Mmax	 Maximum	bending	moment
Mp	 Plastic	moment	capacity	of	a	pile	(yield	moment)
Ms	 Shaft–soil	flexibility	factor
MA	 Driving	moment	(an	action)
MR	 Restoring	moment	(a	resistance)
N	 Specific	volume	on	an	unload–reload	line	at	p′	=	1	kPa
N′	 Corrected	 SPT	 blowcount	 accounting	 for	 driving-	induced	 pore	 water	 pressure	 (Burland	 and	

Burbidge	method)
 
__

 N		 Average	SPT	blowcount
N(60)	 SPT	N-	value	(corrected	for	energy	transfer)
(N1)60	 Normalised	SPT	blowcount	(effects	of	overburden	pressure	removed)
Nc	 Bearing	capacity	factor
Nd	 Number	of	equipotential	drops	(in	a	flow	net)
Nf	 Number	of	flow	channels	(in	a	flow	net)
Nk	 Calibration	factor	for	determining	cu	from	CPT	data
Nkt	 Calibration	factor	for	determining	cu	from	CPTU	data
Nq	 Bearing	capacity	factor
Ns	 Stability	number	(slope)
Nt	 Stability	number	(tunnel)
Nγ	 Bearing	capacity	factor
OCR	 Overconsolidation	ratio
Pa	 Total	active	thrust
P′a	 Effective	active	thrust
Pp	 Total	passive	thrust
P′p	 Effective	passive	thrust
Q	 Applied	point/concentrated	load	(or	action)
Qbu	 Base	resistance	(of	a	deep	foundation)
Qf	 Total	load	carried	by	piled	raft	foundation
Qpg	 Load	carried	by	pile	group
Qr	 Load	carried	by	raft
Qsu	 Shaft	resistance	(of	a	deep	foundation)
Qt	 Normalised	cone	resistance	(CPT)
R	 Bearing	resistance
Ra	 Asperity	height	(roughness)
Ravg	 Mean	value	of	characteristic	resistance	from	a	population
Rk	 Characteristic	resistance
Rmin	 Lowest	value	of	characteristic	resistance	from	a	population
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Rs	 Resultant	reaction	force	on	a	failure	plane
RΩ	 Resistivity
S	 Spacing	(centre-	to-centre)
Se	 Spacing	(edge-	to-edge)
Sr	 Saturation	ratio
St	 Sensitivity
Sx	 Horizontal	spacing
Sz	 Vertical	spacing
T	 Tension	force
Ta	 Traction	force	(active)
Tbi	 Pile	base	load
Tf	 Pull-	out	resistance	(of	anchorage)
Tp	 Traction	force	(passive)
Tr	 Time	factor	(consolidation,	pore	water	drainage	in	radial	direction)
Ts	 Surface	tension	force
Tsi	 Pile	shaft	load
Tv	 Time	factor	(consolidation,	pore	water	drainage	in	vertical	direction)
Tw	 Total	tensile	force	resisted	by	all	reinforcing	elements	(reinforced	soil)
U	 Resultant	pore	water	pressure	thrust
Ur	 Degree	of	consolidation	(pore	water	drainage	in	radial	direction)
Uv	 Degree	of	consolidation	(pore	water	drainage	in	vertical	direction)
V	 Vertical	load	(action)
V	 Volume
Vs	 Shear	wave	velocity
Vsoil	 Volume	of	over-	excavated	soil	due	to	tunnelling	works
Vt	 Tunnel	volume
VL	 Volume	loss
W	 Vertical	force	due	to	soil	mass	(i.e.	weight)
X	 Material	property	(generic)
Xmean	 Mean	value	of	a	soil	property
a	 Area	correction	factor	for	a	cone	penetrometer
c′	 Cohesion	intercept
ch	 Coefficient	of	consolidation	(pore	water	drainage	in	horizontal	direction)
cu	 Undrained	shear	strength
cu0	 Undrained	shear	strength	at	the	founding	plane
cuFV	 Undrained	shear	strength	measured	in	FVT	(uncorrected)
cv	 Coefficient	of	consolidation	(pore	water	drainage	in	vertical	direction)
d	 Embedment	depth	(foundations),	Embedded	length	(retaining	structures)
da	 Anchor	depth
e	 Voids	ratio
em	 Eccentricity
emax	 Maximum	possible	voids	ratio	(loosest	packing)
emin	 Minimum	possible	voids	ratio	(densest	packing)
ep	 Exponent	relating	to	pile	group	efficiency
fs	 Shaft	friction	measured	along	friction	sleeve	(CPT)
h	 (pressure)	Head
h	 Horizontal	displacement
h	 Height	of	retained	soil	(alternatively,	depth	of	excavation)
i	 Hydraulic	gradient
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i	 Trough	width	parameter	(settlement	above	tunnels)
ic	 Inclination	factor	(bearing	capacity)
icr	 Critical	hydraulic	gradient
ie	 Exit	hydraulic	gradient
iq	 Inclination	factor	(bearing	capacity)
j	 Seepage	pressure
k	 Coefficient	of	permeability	(or	hydraulic	conductivity)
kn	 Parameter	used	in	the	statistical	analysis	of	soil	data
mv	 Coefficient	of	volume	compressibility
n	 Porosity
n	 Number
p	 Cavity	pressure	(PMT)/internal	(support)	pressure	within	a	tunnel
p	 Mean	total	stress	(triaxial	conditions)
p′	 Mean	effective	stress	(triaxial	conditions)
p′0	 (Effective)	Earth	pressure	at	rest
pa	 Active	earth	pressure
pc	 Compaction-	induced	lateral	pressure
p′c	 Preconsolidation	pressure	(isotropic	compression	in	triaxial	cell)
pp	 Passive	earth	pressure
py	 Cavity	pressure	at	soil	yield	(PMT)
pL	 Limit	pressure	(PMT)
q	 Deviatoric	stress	(triaxial	conditions)
q	 Volumetric	flow	rate	(seepage)
q	 Bearing	pressure	(foundation)
qc	 Cone	resistance
 
__

 qc		 Average	cone	resistance
qf	 Bearing	capacity
qn	 Net	pressure	(foundation)
qt	 Cone	resistance,	corrected	for	pore	water	pressure	effects	(CPT)
r	 Radius
rc	 Cavity	radius
rd	 Drain	radius
rm	 ‘Maximum’	radius	(pile	settlement)
ru	 Pore	water	pressure	ratio
s	 Settlement
s	 Parameter	used	in	PMT	interpretation	in	coarse-	grained	soil
s	 Mean	total	stress	(biaxial/plane	strain	conditions)
s′	 Mean	effective	stress	(biaxial/plane	strain	conditions)
sb	 Pile	base	settlement
sc	 Shape	factor	(bearing	capacity)
sc	 Consolidation	settlement	(general	term)
se	 Elastic	shortening	(of	a	pile)
sg	 Ground	surface	settlement
si	 Immediate	settlement
soed	 One-	dimensional	consolidation	settlement	(as	measured	in	oedometer)
sq	 Shape	factor	(bearing	capacity)
sr	 Pile-	head	settlement	of	a	rigid	pile
ss	 Pile	shaft	settlement
sX	 Standard	deviation	(of	parameter	X)
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sγ	 Shape	factor	(bearing	capacity)
t	 Time
t	 Deviatoric	stress	(biaxial/plane	strain	conditions)
t90	 Time	for	90%	of	primary	consolidation	to	be	complete
tc	 Construction	period
tr	 Thickness	of	raft
u0	 Initial	or	in-	situ	pore	water	pressure	(also	initial	back	pressure	in	a	triaxial	test)
u1	 Pore	water	pressure	measurement	made	on	a	CPT	cone
u2	 Pore	water	pressure	measurement	made	at	the	shoulder	of	a	CPT	cone
u3	 Pore	water	pressure	measurement	made	at	the	upper	end	of	the	friction	sleeve	(CPT)
ua	 Pore	air	pressure
uc	 Suction	pressure	due	to	capillary	rise
ue	 Excess	pore	water	pressure
ui	 Initial	excess	pore	water	pressure
us	 Static	pore	water	pressure
uss	 Steady-	state	seepage	pore	water	pressure
u(w)	 Pore	water	pressure
v	 Specific	volume
v0	 Initial	specific	volume
vd	 Velocity	(of	pore	water	flow)
vfan	 Velocity	within	a	shear	fan
vs	 Seepage	velocity
w	 Batter	angle	(of	retaining	structure)
w	 Water	content
wopt	 Optimum	water	content
wL	 Liquid	limit
wP	 Plastic	limit
x	 Distance	behind	excavation
yc	 Displacement	at	the	cavity	wall	(PMT/tunnel)
z	 Elevation	head	and	depth
z0	 Depth	of	tension	zone	in	active	(undrained)	soil
zc	 Critical	depth
zf0	 Influence	depth	(Schmertmann’s	method)
zfp	 Depth	of	peak	influence	(Schmertmann’s	method)
zI	 Depth	of	influence	(beneath	a	shallow	foundation)

Greek

Δ	 Differential	settlement
Γ	 Specific	volume	on	the	critical	state	line	at	p′	=	1	kPa
α	 Adhesion	factor
αj	 Interaction	factor	(pile	group	settlement)
αrp	 Raft–pile	interaction	factor
αFV	 Empirical	correlation	factor	for	determining	OCR	from	FVT	data
β	 Slope	angle	(to	the	horizontal)
β	 Drained	interface	strength	parameter
βd	 Angular	distortion
χ	 Parameter	describing	the	effect	of	suction	on	effective	stress	in	partially	saturated	soil
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δ′	 Interface	friction	angle
δ′des	 Design	value	of	interface	friction	angle	(after	applying	partial	material	factor)
εa	 Axial	strain
εc	 Cavity	strain
εr	 Radial	strain
εs	 Deviatoric	shear	strain	(triaxial)
εt	 Tensile	strain
εv	 Volumetric	strain
εx,y,z	 Normal	strain	(in	x-,	y- or z- direction)
εθ	 Circumferential	strain
ηg	 Pile	group	efficiency
ηw	 Viscosity	of	water
γ	 Unit	weight	(weight	density)
γw	 Unit	weight	of	water	(=	9.81	kN/m3)
γ(xz)	 Shear	strain
γy	 Shear	strain	at	soil	yield
γc	 Partial	factor	on	cohesion	intercept	(c′)
γcu	 Partial	factor	on	undrained	shear	strength
γA,dst	 Partial	factor	on	destabilising	action
γA,stb	 Partial	factor	on	stabilising	action
γA	 Partial	factor	on	action
γR	 Partial	factor	on	resistance
γRa	 Partial	factor	on	pull-	out	resistance
γRb	 Partial	factor	on	base	resistance
γRe	 Partial	factor	on	earth	pressures	(when	acting	as	a	resistance)
γRr	 Partial	factor	on	gravitational	actions	and	shear	resistance	(slopes)
γRh	 Partial	factor	on	sliding	resistance
γRs	 Partial	factor	on	shaft	resistance
γRv	 Partial	factor	on	vertical	bearing	resistance
γRC	 Partial	factor	on	total	(pile)	compressive	resistance
γRT	 Partial	factor	on	total	(pile)	tensile	resistance
γX	 Partial	factor	on	material	property
γtan	φ	 Partial	factor	on	tan	φ′
γγ	 Partial	factor	on	unit	weight	(weight	density)
κ	 Slope	of	the	isotropic	unload–reload	line
λ	 Slope	of	the	isotropic	compression	line
μ	 Correction	factor	for	FVT
μ0	 Elastic	settlement	factor	for	finite	thickness	layer
μ1	 Elastic	settlement	factor	for	finite	thickness	layer
μc	 Settlement	coefficient	(Skempton-	Bjerrum	method)
ν	 Poisson’s	ratio
ν′	 Poisson’s	ratio	for	drained	conditions
νu	 Poisson’s	ratio	for	undrained	conditions	(=	0.5)
θ	 Rotation	(angle)
θfan	 Fan	angle
φ′	 Angle	of	shearing	resistance
φ′cv	 Critical	state	angle	of	shearing	resistance
φ′des	 Design	value	of	angle	of	shearing	resistance	(after	applying	partial	material	factor)
φ′max	 Peak	angle	of	shearing	resistance
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φ′mob	 Mobilised	angle	of	shearing	resistance	(within	sloping	ground)
φ′u	 Angle	of	shearing	resistance	under	undrained	conditions	(=	0	for	saturated	soil)
φ′μ	 True	angle	of	friction	(between	soil	particles)
ρ	 Bulk	(mass)	density
ρc	 Homogeneity	factor	(laterally	loaded	piles)
ρd	 Dry	density
ρd0	 Zero-	air	voids	dry	density
ρs	 Particle	density
ρw	 Bulk	density	of	water	(=	1000	kg/m3)
σ	 Total	stress
σ′	 Effective	normal	stress	(σ′	=	σ	–	u)
σ′1,2,3	 Effective	principal	stresses
σa	 Axial	stress
σh0	 In-	situ	horizontal	total	stress/lift-	off	pressure	(PMT)
σ′max	 Preconsolidation	pressure
σn	 Total	normal	stress
σ′n	 Effective	normal	stress
σq	 Total	surcharge	pressure	(foundation)
σ′q	 Effective	surcharge	pressure	(foundation)
σr	 Radial	stress
σv0	 In-	situ	vertical	total	stress	(total	overburden	pressure)
σ′v0	 In-	situ	vertical	effective	stress	(effective	overburden	pressure)
σθ	 Circumferential	stress
Δσz Change	in	vertical	(total)	stress
τ	 Shear	stress
 
__

 τ0		 Average	shear	stress	acting	on	pile	shaft
τf	 Shear	stress	at	failure
τint	 Interface	shear	strength
τmob	 Mobilised	shear	stress	(within	a	slope)
τw	 Shear	strength	along	wall
ξ1	 EC7	correlation	factor	(pile	load	test)
ξ2	 EC7	correlation	factor	(pile	load	test)
ξ3	 EC7	correlation	factor	(in-	situ	test)
ξ4	 EC7	correlation	factor	(in-	situ	test)
ψ	 Dilation	angle
ζ	 SPT	correction	factor
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Chapter 1

Activity Ratio of the plasticity index to the clay fraction of a soil. Soils of high activity have a greater 
change in volume when the water content is changed.

Aggregation Group of particles acting as a single larger unit.
Air content (A) Ratio of the volume of air to the total volume of the soil.
A- line Boundary line dividing silts and clays on the plasticity chart for classifying soil (Figure 1.12).
Alluvium  Soil deposit formed of material transported by fluvial processes (e.g. rivers).
Base exchange Replacement of cations in the water in the void space between clay mineral particles.
Bulk density/mass density Ratio of the total mass to the total volume of soil.
Clay fraction Percentage of clay- size particles in a soil.
Coarse- grained (soil) Soil deposit consisting mainly of sand and gravel size particles (single grain 

structure).
Coefficient of curvature (Cz)  Coefficient describing the shape of a particle size distribution curve.
Coefficient of uniformity (Cu)  Coefficient describing the slope of a particle size distribution curve.
Cohesion  Strength of a soil sample when it is unconfined (true cohesion). Not to be confused with the 

shear strength parameter c′ which is often termed apparent cohesion.
Colloidal Description of soil particles of size <0.002 mm.
Compactive effort Amount of energy supplied by compaction equipment.
Delta Soil deposit formed by deposition of material at an estuarine location.
Dispersed (structure) Structural arrangement of clay mineral particles consisting of a face- to-face ori-

entation of particles (Figure 1.9a).
Drift deposits Recently deposited sediment.
Effective size Alternative term for D10, the particle size of a soil for which 10% of the material is finer.
End- product compaction  Compaction specification where the required minimum dry density is specified.
Engineered fill  Soil which  has  been  selected,  placed  and  compacted  to  an  appropriate  specification 

with the object of achieving a particular engineering performance.
Fine- grained (soil) Soil deposit consisting mainly of clay and silt size particles (clay minerals may 

exert a considerable influence over soil behaviour).
Flocculated (structure) Structural arrangement of clay mineral particles consisting of an edge- to-face 

or edge- to-edge orientation of particles (Figure 1.9b).
Gap- graded A coarse grained soil consisting of particles of both large and small sizes but with a rela-

tively low proportion of particles of intermediate size.
Glacial till Soil deposit formed of material transported by glaciation.
Interbedded/inter- laminated Deposit consisting of layers of different soil types.
Interstratified Deposit with alternating layers of varying soil types or with bands or lenses of other 

materials.
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Isomorphous substitution Partial replacement of silicon and aluminium by other elements in clay 
minerals.

Liquid limit (wL)  Water content above which the soil flows like a liquid (slurry).
Liquidity index (IL) Water content relative to plasticity index, Equation 1.2 (IL = 0 – soil at plastic 

limit; IL = 1 – soil at liquid limit).
Lithification  The conversion of loose sediment (soil) into sedimentary rock.
Loess Soil deposit formed of wind- blown sediment.
Method compaction  Compaction specification where the type and mass of equipment, the layer depth 

and the number of passes are specified.
Modified AASHTO test  Standard  test  for  compaction  characteristics  (4.5-kg  mass  falling  freely 

through 450 mm, 27 blows). Used in the specification of engineered fills, usually for heavier compac-
tion equipment of higher compactive effort.

Moisture condition value (MCV) Parameter describing soil suitability for compaction, determined 
using the Moisture condition test (Section 1.7).

Optimum water content (wopt) Water content at which the maximum value of dry density is obtained.
Organic soil  Soil containing a significant proportion of dispersed vegetable matter (e.g. peat). As the 

strength of  the  vegetable matter  decreases,  the  soil may be  described  as fibrous,  pseudo- fibrous  or 
amorphous.

Particle density Density of solid particles.
Particle size distribution (PSD) The relative proportions of differently- sized particles within a soil 

deposit.
Partings Bedding surfaces within a soil deposit which separate easily.
Pediment  A  broad,  gently  sloping  rock  surface,  often  covered  in  sediment  at  the  base  of  a  steeper 

slope such as a mountain in arid regions where there is little vegetation to hold the overlying soil.
Plastic limit (wP) Water content below which the soil is brittle.
Plasticity index (IP) Range of water content over which a soil exhibits plasticity (= wL – wP).
Playa  An area of flat, dried- up land, esp. a desert basin from which water evaporates.
Poorly graded A coarse- grained soil having a high proportion of the particles within narrow size 

limits (also termed uniform soil).
Porosity (n) Ratio of the volume of voids to the total volume of the soil (alternative to void ratio).
Proctor test  Standard test for compaction characteristics (2.5-kg mass falling freely through 300 mm, 

27 blows). Used in the specification of engineered fills, usually for lighter compaction equipment of 
lower compactive effort.

Relative density (ID)  Degree  of  packing  i.e.  current  void  ratio  relative  to minimum  and maximum 
values, Equation 1.23 (ID = 0 – soil at loosest state, e = emax; ID = 1 – soil at densest state, e = emin).

Residual soil  Sediment formed of weathered rock which has not been transported appreciably from the 
site of weathering.

Saturation line Relationship between zero air voids dry density and water content.
Saturation ratio (Sr)  Percentage of the pore space taken up by water.
Sedimentation  Process involving settling of fine soil particles through water in a sedimentation tube 

to determine a soil’s particle size distribution (for finer particles).
Shrinkage limit Water content at which the volume of a soil reaches its lowest value as it dries out.
Sieving Process involving passing soil through standardised test sieves of increasingly smaller aper-

ture size, normally by vibration to determine a soil’s particle size distribution (limited to coarser 
particles).

Single grain (structure) Structural arrangement of soil particles where each particle is in direct 
contact with adjoining particles without there being any bond between them.

Solid (geology)  Class of geological material including rocks and older soil deposits which have under-
gone significant consolidation.
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Specific gravity (Gs) Ratio of the density of the solid particles to the density of water.
Specific volume (v) Total volume of soil containing a unit volume of solids.
Transported soil  Sediment  formed  of weathered  rock which  has  been  transported  from  the  site  of 

weathering by ice, water or wind.
Unit weight/weight density (γ) Ratio of the total weight to the total volume of soil.
Vibrating hammer test  Alternative test used in the specification of engineered fills.
Void ratio (e) Ratio of the volume of voids to the volume of solids (i.e. an indicator of the particle 

packing).
Water content (w) Ratio of the mass of water in the soil to the mass of solid particles.
Well graded A coarse- grained soil which has no excess of particles in any size range and no interme-

diate sizes are lacking.
‘Zero air voids’ dry density (ρd0) Maximum possible value of dry density.

Chapter 2
Aquiclude A zone of impermeable material surrounding water- bearing ground (creating perched con-

ditions).
Aquitard A zone of low permeability material surrounding water- bearing ground (creating perched 

conditions).
Artesian Pore water pressure governed not by the local water table level, but by a higher water table 

level at a distant location.
Constant- head (permeability) test  Laboratory  test  for  determining  the  coefficient  of  permeability 

(hydraulic conductivity) in soils of relatively high permeability (e.g. coarse- grained).
Equipotential  Line of constant pressure head (perpendicular to flow lines).
Falling- head (permeability) test  Laboratory  test  for  determining  the  coefficient  of  permeability 

(hydraulic conductivity) in soils of relatively low permeability (e.g. fine- grained).
Finite Difference Method (FDM) Computational technique for solving complex problems by divid-

ing the system of interest into a series of smaller parts. The value of a particular parameter within 
each part is related to the parts it is connected to, so that by applying suitable boundary conditions a 
complete solution may be obtained.

Flow channel  Area of soil between two adjacent flow lines in a flow net.
Flow line  Line of groundwater flow (perpendicular to equipotential lines).
Flow net  Graphical construction of flow lines and equipotentials which can be used to solve steady- 

state seepage problems.
Flow rate  Volume of pore water flowing per unit time.
Hydraulic conductivity  Soil parameter describing  the ease of pore water flow  through  soil. A high 

hydraulic conductivity means water flows easily. Also called coefficient of permeability.
Hydraulic gradient (i) Difference in pressure head between two points divided by the distance 

between them. A hydraulic gradient is required for pore water flow (seepage).
Perched (water table) Water bearing material existing above the water table.
Phreatic surface Location where the pore water is under atmospheric pressure (also called the water 

table).
Piping The process whereby voids in the form of channels or ‘pipes’ are created due to erosion where 

high hydraulic gradients exist.
Seepage  Process of pore water flow.
Stratified Soil deposit which is layered.
Underseepage Seepage beneath a structure (as opposed to through it in the case of an earthen dam).
Water table Location where the pore water is under atmospheric pressure (also called the phreatic 

surface).
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Chapter 3

Consolidation Reduction in volume and increase in effective stress as positive excess pore water pres-
sure dissipates.

Critical hydraulic gradient (icr) hydraulic gradient corresponding to zero resultant body force (onset 
of liquefaction).

Dissipation  The reduction of excess pore water pressure as drainage takes place.
Drained conditions Soil state in which any excess pore water pressure has fully dissipated (i.e. con-

solidation is complete). Also referred to as ‘long- term’.
Dynamic/seismic liquefaction Process by which the critical hydraulic gradient is reached (i.e. soil 

becomes liquefied) due to a reduction in volume of the soil skeleton during dynamic loading (includ-
ing earthquakes).

Effective normal stress (σ′)  Represents  the overall  stress  transmitted  through  the soil  skeleton only 
(due to interparticle forces).

Excess pore water pressure (ue) Pore water pressure increment induced by an increment of total 
stress, before seepage (consolidation) has started.

Heave Upward movement of soil.
Liquefied (soil) Soil in which the critical hydraulic gradient has been reached due to seepage, meaning 

that effective stress is zero, is said to be liquefied.
Net stress Effective stress, compensated for pore air pressure in partially saturated soil. In fully satu-

rated soil (wet or dry), net stress = effective stress (σ′)
Pore water pressure (u)  Pressure of the water filling the void space between the solid particles.
Principle of Effective Stress  Total stress is equal to the sum of effective stress (reaction of soil skel-

eton) and pore pressure, σ = σ′ + u.
Resultant body force Resultant force acting on a soil mass due to the combined effects of gravity and 

seepage.
Seepage force (J)  Frictional drag, acting in the direction of flow on the solid particles during seepage.
Static liquefaction Process by which the critical hydraulic gradient is reached (i.e. soil becomes lique-

fied) due to seepage.
Static pore water pressure (us) Initial pore water pressure before the application of an increment of 

total stress, when seepage is not occurring. In the absence of artesian conditions, this is the hydro-
static pressure due to the position of the water table.

Steady- state seepage pore water pressure (uss) Initial pore water pressure before the application of 
an increment of total stress, when seepage is occurring.

Swelling Increase in volume and reduction in effective stress as negative excess pore water pressure 
dissipates.

Total normal stress (σ) Force per unit area transmitted in a normal direction across a plane, imagining 
the soil to be a solid (single- phase) material.

Undrained conditions Soil state immediately after an increment of total stress is applied and before 
consolidation has started, in which the stress increment is entirely carried as an increment of excess 
pore water pressure. Also referred to as ‘short- term’.

Chapter 4

Band drain  Prefabricated vertical drain consisting of a flat plastic core indented with drainage chan-
nels, surrounded by a layer of filter fabric.

Coefficient of consolidation (cv, ch) Soil parameter governing the rate at which consolidation occurs. 
Subscript ‘v’ denotes pore water drainage in vertical direction, subscript ‘h’ denotes pore water drain-
age in horizontal direction.
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Coefficient of volume compressibility (mv) Soil parameter describing the volume change per unit 
volume per unit increase in effective stress (alternatively, ratio of volumetric strain to applied stress).

Compression index (Cc) Slope of the virgin compression line (1DCL) on an e–log σ′ plot.
Consolidation settlement Vertical displacement of the soil surface corresponding to the volume 

change at any stage of the consolidation process.
Constrained modulus (E′oed) Elastic modulus calculated under one- dimensional loading conditions 

(i.e. zero lateral strain), as in the oedometer. Reciprocal of coefficient of volume compressibility.
Degree of consolidation Measure of the amount of consolidation which is complete at a given time – 

the ratio of current effective stress minus initial effective stress to the expected change in effective 
stress when consolidation is complete.

Expansion index (Ce) Slope of the unload–reload line on an e–log σ′ plot.
Half- closed layer Layer of soil which is free to drain to only one of its boundaries (also called single 

drainage).
Heave Upward vertical displacement due to soil expansion.
Initial compression Compression of small quantities of air in the soil occurring before consolidation, 

resulting in a small amount of volume change.
Isochrone Curve showing the variation of a parameter with depth at a given instant in time.
Normally consolidated Description of stress history when the current effective stresses applied to an 

element of soil are also the maximum to which the soil has ever been subjected.
Open layer Layer of soil which is free to drain to both its upper and lower boundaries (also called 

double drainage).
Overburden pressure Alternative term for vertical stress.
Overconsolidated Description of stress history when the effective stresses at some time in the past 

have been greater than the present value.
Overconsolidation ratio (OCR)  Numerical parameter quantifying the stress history of a soil, equal to 

the ratio of maximum effective vertical stress (the preconsolidation pressure) to current effective ver-
tical stress. A normally consolidated soil has OCR = 1; an overconsolidated soil has OCR > 1. OCR 
can never be less than 1.

Preconsolidation pressure (σ′max) The maximum effective vertical stress that has acted on a soil since 
it was deposited.

Pre-loading Application of a large overburden stress to soil to induce a state of overconsolidation, 
preparing soil for use in foundations. The applied stress is larger than that applied by the subsequent 
construction, so that volume changes during construction and operation will be along the unload–
reload line and therefore small, reducing potential structural distress.

Primary consolidation Consolidation due to pore water drainage, following Terzaghi’s theory of con-
solidation; the general term ‘consolidation’ is normally taken to mean the primary consolidation.

Sandwick drain  Prefabricated vertical drain consisting of a filter stocking, usually of woven polypro-
pylene, filled with sand.

Secondary compression Further slow compression of the soil occurring after primary consolidation is 
complete due to soil creep, continuing for an indefinite period of time.

Smear Reduction in the values of the soil properties for the soil immediately surrounding vertical 
drains (or any other inclusion) due to remoulding during installation.

Stress history The sequence of stresses (loading and unloading) that a soil deposit has been subjected 
to since it was initially deposited. This includes both natural (geological/hydrological) and man- made 
loadings.

Surcharge pressure Vertical stress applied on a given horizontal plane (usually the ground surface or 
founding plane) within a soil deposit.

Time factor  Non- dimensional time during the consolidation process.
Virgin (one- dimensional) compression line (1DCL) Relationship between void ratio and (logarithm 

of ) effective stress when the soil is in a normally consolidated state.
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Chapter 5

Air entry value Difference between the pore air and pore water pressures, below which air will not 
pass through a material.

Angle of dilation (ψ) Ratio of volumetric to shear strain, expressed as an angle (direction of move-
ment) = tan–1(dεv/dγ).

Angle of shearing resistance (φ′)  Line fitting constant used in the Mohr–Coulomb model.
Anisotropy Having different values of a given property or characteristic in different directions.
Apparent cohesion Description of the stress- independent shear strength (c′)  derived  from  a Mohr–

Coulomb (straight line) failure envelope due to the line- fitting procedure (the soil  in reality may be 
cohesionless).

Cohesion intercept (c′)  Line fitting constant used in the Mohr–Coulomb model.
Constitutive model  Generalised relationship between stress and strain, linking the equations of equi-

librium and compatibility.
Critical state angle of shearing resistance (φ ′cv)  Equivalent angle of shearing resistance defining the 

slope of the critical state line on a τ–σ′ plot.
Critical state line (CSL)  Failure  envelope  defining  all  possible  critical  states  for  a  soil  in  terms of 

void ratio and effective stresses.
Critical state Soil state (combination of stress and volume) in which the application of shear strain 

causes no further change of shearing resistance or soil volume.
Deviatoric stress invariant Stress parameter, which is a function of the principal stresses, causing 

only shear strain within an element of soil.
Dilatancy The increase in volume of a dense (coarse- grained) soil during shearing, usually due to par-

ticle interlocking and over- riding.
Elastic–perfectly plastic model Constitutive model in which soil strains as a function of applied stress 

(elasticity) until a limiting stress is reached, at which point the soil yields and unrestricted plastic flow 
occurs (perfect plasticity).

Elastic–strain hardening plastic model Constitutive model in which soil strains as a function of 
applied stress (elasticity) until a limiting stress is reached (yield point); following yield, further stress 
is required to cause further strain (i.e. the soil gets stronger – this is known as hardening).

Elastic–strain softening plastic model Constitutive model in which soil strains as a function of 
applied stress (elasticity) until a limiting stress is reached (yield point); if the applied shear stress is 
maintained following yield, then large strains will rapidly occur, resulting in catastrophic failure.

Equation of compatibility Equation describing the relationship between strain components within a 
soil element such that they are physically acceptable (compatible).

Equation of equilibrium Equation describing the equilibrium of a static element of soil under applied 
external stress (normal and shear) and self weight.

Extrasensitive Description of a clay with 8 < St < 16.
Intermediate principal stress Under general triaxial conditions there are three principal stresses – the 

intermediate value lies between the major and minor values.
Isotropic compression line (ICL) Virgin compression line due to isotropic (rather than one- 

dimensional) consolidation.
Isotropic consolidation  Consolidation under uniform confining pressure, equal strain occurring in all 

directions. This is not the same as one- dimensional consolidation, where lateral strain is prevented.
Isotropy Having the same value of a given property or characteristic in all directions.
Laboratory vane  Simple and quick laboratory test for measuring the undrained shear strength of fine- 

grained soils.
Mean stress invariant Stress parameter, which is a function of the principal stresses, causing only 

volumetric strain within an element of soil.
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Mohr circle Graphical construction representing the stress states on all possible planes within an 
element of soil.

Mohr–Coulomb criterion  A specific example of a rigid- perfectly plastic constitutive model, which is 
commonly used for describing the strength of soil.

Poisson’s ratio (ν) Elastic constant expressing the ratio of strains in the two perpendicular directions 
to strain in the loading direction under uniaxial loading.

Pore water pressure coefficients (A,B)  Coefficients  relating  to  the  changes  in  pore water  pressure 
under increments of total stress.

Principal stress difference Difference between major and minor principal stresses (= deviatoric stress 
invariant, q).

Principal stresses Stresses acting on a plane within a soil element where there is no resultant shear 
stress. The smallest value is the minor principal stress; the largest value is the major principal stress. 
The principal stresses can be used to define the position and size of a Mohr circle.

Quick Description of a clay with St > 16.
Rigid–perfectly plastic model Constitutive model in which the initial elastic behaviour is ignored, i.e. 

when only failure of the soil is of interest. This is commonly used for analysis of geotechnical struc-
tures at the ultimate limiting state (ULS).

Sensitive Description of a clay with 4 < St < 8.
Sensitivity (St) Ratio of the undrained strength in the undisturbed state to the undrained strength, at the 

same water content, in the remoulded state.
Shear modulus (G)  Elastic material parameter defined as the ratio of shear stress to shear strain.
Shearbox/direct shear apparatus (DSA) Laboratory test apparatus for determining the shear strength 

of soil. Can also be used to find the (interface) shear strength of soil–structure interfaces.
Simple shear apparatus (SSA) Laboratory test apparatus for determining the shear strength of soil 

under a state of simple shear. Cannot be used to measure interface shear strength.
Stress path cell Computer- controlled triaxial apparatus in which the radial and axial stresses and 

sample pore water pressure can be independently controlled, allowing for any stress conditions to be 
applied to an element of test soil.

Stress path Line plotting deviatoric stress against mean stress. If the effective mean stress is used, the 
effective stress path (ESP) is described; if the total mean stress is used, the total stress path (TSP) is 
described.

Stress ratio Deviatoric (shear) stress normalised by mean effective (volumetric) stress, e.g. τ/σ′.
Triaxial apparatus Laboratory test apparatus for determining the full constitutive behaviour of soil 

(both shear strength and shear stiffness).
Triaxial compression Loading regime within a triaxial cell in which shear stress is induced in a 

sample of soil by increasing axial stress while holding radial stress (confining pressure) constant.
Triaxial extension Loading regime within a triaxial cell in which shear stress is induced in a sample 

of soil by reducing axial stress while holding radial stress (confining pressure) constant.
Triaxial shear strain  = deviatoric shear strain, i.e. 2/3 of the difference between the major and minor 

principal strains.
True cohesion Stress- independent shear strength (c′)  derived  from  actual  cementation  or  bonding 

between soil particles.
True triaxial (conditions) General stress state in which σ′1 > σ′2 > σ′3 (i.e. all three principal stresses are 

distinct).
Unconfined compression test  Triaxial test in which the confining pressure σ3 = 0 (i.e. the sample is not 

held within a water bath).
Unconfined compressive strength (UCS) Major principal (axial) stress (= deviatoric stress) at failure 

in an unconfined compression test.
Undrained (shear) strength (cu) Shear strength of soil under undrained conditions (only).
Young’s Modulus (E)  Elastic material parameter defined as the ratio of normal stress to normal strain.
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Chapter 6

(Continuous) Flight auger  Steel rod surrounded by a helix which traps soil between the flights as it is 
rotated into the ground. Used in rotary boring (ground investigation and bored pile construction). A 
continuous flight auger has a helix running along its entire length so that the borehole can be exca-
vated to full depth without requiring intermediate emptying.

Borehole Deep circular hole which is augered or drilled for the purposes of determining the location and 
thickness of soil and rock strata, taking soil samples for laboratory testing and undertaking in- situ testing.

Bucket auger  Rotary boring tool which traps clay within a large bucket as it is rotated into the ground.
Chisel  Tool used in percussion boring for breaking- up boulders, cobbles and hard strata.
Clay cutter  Tool used in percussion boring in fine- grained soils. Similar  to a shell, but relies on the 

undrained strength of fine- grained soils to retain the spoil within the shell.
Cone penetrometer  Tubular device ending in a cone- shaped tip which is jacked into the ground. The 

probe  is  instrumented  and  data  logged  from  these  instruments  can  be  used  for  soil  identification, 
ground profiling and determination of mechanical properties.

Core- catcher  A short length of tube with spring- loaded flaps, fitted between a sampling tube and the 
cutting shoe to prevent loss of cohesionless (coarse- grained) soil.

CPT sounding In- situ test using a cone penetrometer, the data from which can be used for soil identi-
fication and ground profiling (in addition to determining soil parameters).

Desk study Collation and interpretation of previously existing material relating to a site, including details 
of topology (mapping), geology and geotechnics, services, prior construction, contamination etc.

Disturbed sample Samples having the same particle size distribution as the in- situ soil but in which 
the in- situ structure has not been preserved.

Heading A short tunnel, with temporary support, that may be excavated from the bottom of a deep 
shaft or into a hillside to investigate the ground conditions.

In- situ In the soil at the site in question.
Inversion  Back- calculation procedure involving the determination of a ground model having specified 

characteristics (e.g. transfer function for the passage of shear waves).
Investigation point Location on the ground surface at which one (or more) investigative techniques 

will be applied.
Multi- channel analysis of surface waves (MASW) A geophysical technique for determining ground 

profile, derived from SASW but using multiple simultaneous measurements of wave arrival to provide 
greater reliability, particularly in ‘noisy’ urban areas.

Non- targeted sampling Investigation points are distributed uniformly over a wide area in cases where 
sources of contamination or other hazards are unknown/unexpected.

Piezocones (CPTU) Cone penetrometer incorporating one or more pore water pressure transducers.
Piezometer Instrument used to measure pore water pressure.
Push rods Hollow tubes inserted between a cone penetrometer (or any other device) and the thrust 

machine to connect the two.
Response time  Time taken for the water level in a borehole to stabilise following boring.
Shear wave velocity (Vs) Speed at which shear waves travel through an elastic medium (such as soil). 

Can be used to determine small strain shear modulus, G0.
Shell Tool used in percussion boring in coarse- grained soil consisting of a hollow tube which is driven 

into the ground by percussive force. A one- way valve at the bottom of the tube allows the soil into the 
tube and closes when the shell is withdrawn.

Standard Penetration Test (SPT) In- situ soil test involving driving a thin- walled sampling tube over 
a  specified penetration  and  counting  the number of  percussive blows  required  to  achieve  this. The 
blowcount is an indicator of soil density/strength.
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Targeted sampling  Investigation points are targeted around a particular known (or suspected) source 
of contamination/hazard, with the aim of determining its extent in a systematic way.

Thrust machine  Vehicle or mounting consisting of hydraulic jacking equipment and a means of pro-
viding a reaction, used to drive a cone penetrometer into the ground.

Trial pit Shallow excavation made for the purposes of investigating near- surface layers, and their 
lateral extent.

Undisturbed sample Samples in which the in- situ soil structure has been essentially preserved 
(making them suitable for laboratory strength and stiffness testing).

Chapter 7

Split- barrel sampler Standardised sampling tube that can be split in half along its length for sample 
removal. This is the tool used to penetrate the test soil in the Standard Penetration Test (SPT).

Drop hammer  A known mass falling under gravity from a known height, used to drive the split- barrel 
sampler in the SPT.

SPT blowcount (N)  Number  of  blows  of  the  drop  hammer  required  to  achieve  penetration  of  the 
sample tube by 300 mm in the SPT.

Normalised blowcount (N1)60 SPT blowcount which has been normalised to account for the overbur-
den pressure (σ′v0) at the test depth.

Vane  Steel rod with a cruciform section which is rotated in fine- grained soils to measure the undrained 
shear strength of soft fine- grained soils (cu).

Pressuremeter A device which is inserted into a borehole, capable of expanding the walls of the bore-
hole radially. By continually measuring the internal pressure required and the resultant deformations, 
soil strength and stiffness data can be derived.

Cavity strain (εc) Radial strain at the borehole (cavity) wall during a pressuremeter test.
Self- boring pressuremeter (SBPM) Pressuremeter which includes a cutting head at its tip, designed 

to install itself into the test soil with minimal disturbance.
Plane strain Also described as biaxial or 2-D stress conditions in which the soil may only strain in a 

single plane (i.e. the problem in question is so long in the third direction that strains in this direction 
can be neglected).

Lift- off pressure (σh0)  Cavity pressure within a pressuremeter at which non- zero cavity strain is first 
recorded, implying that the in- situ horizontal total stress has been reached.

Limit pressure (pL)  Theoretical cavity pressure within a pressuremeter test which would lead to infi-
nite radial expansion in the soil (impossible to achieve in practice).

Coefficient of lateral earth pressure (at rest, K0) The ratio of horizontal effective stress to vertical 
effective stress. The value depends on the amount of strain within the soil: if no strain has occurred, 
such as in the in- situ condition, the soil is said to be ‘at rest’.

Chapter 8

Action effect The response of a construction to an applied action (e.g. foundation settlement under an 
applied load).

Action A load or displacement which is applied to a construction.
Analysis  Characterisation of the response of an existing construction (of known size/properties).
Associative flow rule  Rule for plastic flow in drained materials for which soil dilation is a maximum 

(ψ = φ′) and the normality principle applies.
Bearing capacity (qf ) Pressure acting over the foundation area which would cause shear failure of the 

supporting soil immediately below and adjacent to a foundation.
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Bearing capacity factor  Non- dimensional factor describing the bearing capacity of a foundation.
Bearing resistance (R)  Maximum  load which  a  footing  can  carry  before  collapse  (i.e.  defining  the 

ULS).
Bulb of pressure Zone of soil beneath a foundation within which the vertical stresses are greater than 

20% of the applied footing pressure, representing the zone of soil which is expected to contribute sig-
nificantly to the settlement of the foundation.

Characteristic value Cautious estimate of the value of a property affecting a limiting state.
Creep effect Increase of strain or movement with time, under constant applied stress.
Deep foundation  Any foundation whose depth is significantly greater than its width.
Design value  Characteristic value which has been modified by the application of a partial factor.
Design Determination of the required size/properties of a construction to satisfy a limiting state.
Effective (buoyant) unit weight (γ′) Saturated unit weight minus the unit weight of water, i.e. in a fully 

saturated soil with the water table at the surface, γ′z will directly give the effective vertical stress.
Favourable An action is favourable if it reduces the total applied loading.
Flexible Having negligible bending stiffness.
Footing Generic term for an individual shallow foundation element which is usually part of a larger 

foundation system.
Founding plane The level of the underside of the foundation.
General shear failure Failure mode of a shallow foundation in which continuous failure surfaces 

develop between the edges of the footing and the ground surface, a state of plastic equilibrium being 
fully developed throughout the soil above the failure surfaces.

Hodograph Diagram showing relative velocities.
Immediate settlement (si) Settlement occurring prior to consolidation (i.e. under undrained con-

ditions).
Influence factor  Non- dimensional factor describing the stress distribution within an elastic medium
Kinematically admissible (mechanism) A valid mechanism in which the motion of the sliding soil 

mass must remain continuous and be compatible with any boundary restrictions.
Limit state Performance requirement at which a foundation (or other construction) will become 

unsuitable/unsafe.
Local shear failure  Failure mode of a shallow foundation in which there is significant compression of 

the soil under the footing and only partial development of a state of plastic equilibrium.
Lower bound (theorem) If a state of stress can be found, which at no point exceeds the failure crite-

rion for the soil and is in equilibrium with a system of external loads, then collapse cannot occur; the 
external load system thus constitutes a lower bound to the true collapse load.

Normality principle As applied to a slip line, when the direction of movement is perpendicular to the 
resultant force, so that there is no energy dissipated in shearing.

Pad Footing supporting a single column or pier within a structure.
Permanent action Action which always acts on a construction during its design life, e.g. dead load of 

a structure.
Pile  A type of deep foundation acting like a column which is used to support large concentrated loads 

or when poor quality soil exists close to the ground surface.
Punching shear failure Failure mode of a shallow foundation in which there is relatively high 

compression of the soil under the footing, accompanied by shearing in the vertical direction around 
the edges of the footing.

Raft Shallow foundation which extends over the entire footprint of a structure as a single continuous 
element.

Rigid  Infinitely stiff in bending.
Serviceability limit state (SLS) Limit state at or above which a construction will cease to be suitable 

for its intended function (but will be safe).
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Shallow foundations  Any foundation whose width is significantly greater than its depth.
Shear fan/fan zone Rotational plastic zone within which all soil is undergoing relative slip and within 

which the principal stress directions are continuously rotating.
Soil–structure interaction Transmission of load between a structure and the supporting (or surround-

ing) soil.
Strip footing Footing which is very long compared to its width, usually supporting a row of columns.
Ultimate limit state (ULS) Limit state at or above which a construction will suffer a catastrophic 

failure.
Unfavourable An action is unfavourable if it will increase the total applied loading – e.g. a down-

wards vertical load acting on a foundation.
Upper bound (theorem)  If, in an increment of displacement, the work done by a system of external 

loads is equal to the dissipation of energy by the internal stresses within a kinematically admissible 
mechanism of plastic collapse, then collapse must occur; the external load system thus constitutes an 
upper bound to the true collapse load.

Variable action Action which acts only intermittently, e.g. wind or other environmental loading.
Weight density Alternative term for unit weight used in Eurocode 7.

Chapter 9

Adhesion factor (α) Proportion of the undrained shear strength which can be mobilised along an inter-
face.

Base resistance (Qbu) Resistance of a deep foundation derived from end- bearing at the tip (base).
Block failure (of a pile group)  Failure mode in which the whole block of soil beneath the pile cap and 

enclosed by the piles fails as a single large pier.
Cast- in-situ pile Pile formed by placing concrete as a driven steel tube is withdrawn.
Constant rate of penetration test (CRP) Displacement- controlled pile load test conducted at a con-

stant penetration rate of 0.5–2 mm/min (in compression, slower in tension) until either a steady ulti-
mate load is reached or the settlement exceeds 10% of the pile diameter/width.

Continuous Flight Auger (CFA) pile  Specific  type of bored pile  in which a helical auger  is drilled 
into the ground over the desired pile length in a single process. The plug of soil trapped between the 
flights is then withdrawn from the ground as concrete is pumped into the shaft through a tube running 
down the centre of the auger.

Correlation factor  Empirical factor in Eurocode 7 used in defining a characteristic value of pile resist-
ance from test data based on the amount of testing undertaken.

Design Verification Load (DVL)  The expected working load carried by the pile in the final foundation.
Displacement pile Pile where installation involves displacement and disturbance of the soil around the 

pile.
Driving shoe Rigid cap placed over the tip of the pile to protect it from damage under high local 

driving stresses.
Dynamic (pile) test  Non- destructive test of a pile in which a stress wave is passed along the pile.
(pile group) Efficiency (ηg) The ratio of the average load per pile in a group at failure to the resistance 

of a single pile.
Freestanding (pile group) When the pile cap is clear of the ground surface.
Hyperbolic method  Empirical  method  used  for  predicting  pile  settlement  based  on  load- deflection 

behaviour being well- approximated by a curve of hyperbolic shape.
Interface friction angle (δ′) Angle of shearing resistance along a soil–structure interface.
Interface shear test Direct shear test in which half of the shearbox contains a structural material and 

the other half soil, the purpose being to measure the shear strength along the interface.
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Jacked (pile) Push- in method of installing a displacement pile, avoiding the noise associated with 
driving.

Kentledge  Dead weight consisting of blocks (usually of precast concrete or iron).
Maintained Load Test (MLT) Load- controlled pile test in which load is applied to the pile over a 

series of stages, each of which is maintained for a period of time.
Model factor Empirical factor in Eurocode 7 functioning as an additional partial resistance factor 

accounting for unreliability/uncertainty in the correlations used when deriving a characteristic value 
of pile resistance from test data.

Negative skin friction Situation when a consolidating layer around a deep foundation settles further 
than the pile so that the direction of skin friction in this layer is reversed, exerting an additional action 
on the pile (rather than contributing to the resistance).

Neutral plane Depth at which soil and pile settlement are equal, demarcating zones of negative and 
positive skin friction.

Non- displacement (bored) pile Pile which is installed without soil displacement. Soil is removed by 
boring or drilling to form a shaft, concrete then being cast in the shaft to form the pile.

Pier/caisson Type of deep foundation which has a much smaller length to diameter ratio than a pile.
Pile cap A slab cast on top of the piles in a group which distributes load between the piles. It is often 

in contact with the underlying soil.
Plugged A hollow pile is plugged when the plug of soil within the pile has a resistance from enhanced 

interface friction along the interior walls which is higher than the base pressure acting upwards on the 
plug. The pile will subsequently have the resistance of a closed- ended pile of the same outside dia-
meter.

Proof load  150% of the working load (i.e. 1.5 × DVL).
Randolph and Wroth method Simple linear elastic method for predicting pile settlement, considering 

purely elastic behaviour of the soil and idealised soil conditions.
Scour  Erosion of soil from around a construction as a result of tidal, wave or flow actions.
Shaft resistance/skin friction (Qsu) Resistance of a deep foundation derived from interface friction 

between the foundation material and the soil along the shaft.
Shell pile  Tubular pile filled subsequently with concrete after driving.
Slenderness ratio (Lp/D0) Ratio of pile length to diameter (or width).
Statnamic (pile) test Rapid load test in which an explosive charge is used to reduce the reaction mass 

required in a load test.
Tapered pile A pile where the diameter or width decreases with depth.
Trial/test piles Piles which are constructed solely for the purposes of load testing, usually before the 

main piling works commence, and which can be taken to the ULS.
T–z method  Numerical technique for predicting pile settlement utilising a finite difference scheme in 

the solution. Any type of soil–pile interaction may be modelled (linear or non- linear) allowing more 
complicated soil and pile geometry to be considered.

Under- ream Enlarged base in a bored pile, used to increase base resistance and tensile capacity.
Working/contract piles  Piles that will be part of the final foundation and as such are loaded to only 

150% of the working load that the pile will ultimately carry in a load test, allowing for the SLS to be 
verified.

Yield stress ratio (cu/σ′v0) Strength normalisation which incorporates the effects of overconsolidation 
in undrained soil. Normally consolidated soils which are fully saturated usually have cu/σ′v0 = 0.2 – 0.25. 
Overconsolidated soils have higher values (as cu is larger at the same depth).

α-method Determination of shaft resistance in undrained conditions (i.e. with interface friction charac-
terised by αcu).

β-method Determination of shaft resistance in drained conditions (i.e. with interface friction character-
ised by σ′tan δ′).
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Angular distortion, (βd)  Rotation occurring between two points due to differential settlement (= Δ/L).
Cellular raft  Thick  raft within which voids are  formed  to  reduce bearing pressure without dramati-

cally reducing bending stiffness of the raft.
Critical length (Lc) Point along a pile below which the displacement of a pile under lateral load, 

applied at the head, is negligible.
Deep basement A hollow structure below ground level, providing usable space and also acting as a 

heavily embedded shallow foundation.
Differential settlement (Δ) Difference in settlement between two parts of a building (or other) struc-

ture.
Footprint The plan area covered by a building (or other) structure.
Inclination factor (ic)  Modification  factor  used  in  determining  bearing  capacity  to  account  for  the 

application of horizontal load alongside vertical load (the resultant of these forces is inclined to the 
vertical, hence the name).

Piled raft  A very large pile group in which the cap (raft) is relatively flexible.
Plunge column A column from a building structure which is cast directly into the head of a concrete 

pile used to support it.
Raked (pile) A pile installed at an angle to the vertical so that part of the axial resistance may be used 

to carry a component of any horizontal loading.
Tilt Overall (gross) rotation of a structure.
Uplift (hydraulic) Failure mode in which a foundation or other underground structure becomes 

buoyant.
Uplift The process whereby moment loading causes part of the foundation to lift- off the soil, losing 

contact and reducing the area of the foundation contributing to bearing capacity.
Yield surface Surface representing combinations of actions (e.g V, H and M) which will result in a 

state of plastic equilibrium being reached.
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Active condition Condition where the value of horizontal stress decreases to a minimum value due to 
relative soil- structure movement such that a state of plastic equilibrium develops for which the major 
principal total and effective stresses are vertical.

Active earth pressure (pa) Total stress acting normal to a retaining structure associated with active 
conditions within the soil mass. The minimum limit pressure.

Active earth pressure coefficient (Ka)  Lateral  earth  pressure  coefficient  describing  the  minimum 
lateral (active) earth pressure that can occur within a soil deposit as a function of the vertical effective 
stress (associated with lateral extension of the soil).

Arching Redistributions of lateral pressure from yielding to unyielding sections of a soil mass.
Backfill Soil that is placed (usually compacted) behind a retaining structure after it has been con-

structed. Also, used to refer to any soil that is used to fill an excavation. The term is also used as a 
verb to describe the process of backfilling.

Basal heave Heave of the soil at the bottom of a deep excavation due to stress relief on excavation.
Bentonite A colloidal suspension (slurry) of montmorillonitic clay in water, used to provide temporary 

fluid support to the sides of an excavation.
Bond failure Slippage between reinforcement elements and soil.
Coherent gravity method Analysis method for reinforced soil retaining structures considering pro-

gressive failure of reinforcing elements.
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Composite wall Reinforced- soil retaining structure, formed from alternating layers of soil and rein-
forcement.

Contiguous pile wall Concrete retaining wall formed from a row of non- overlapping bored piles.
Diaphragm wall A relatively thin reinforced concrete membrane used as a retaining structure, cast in 

a trench prior to excavation.
Earth pressure at- rest (p′0) Lateral earth pressure when the lateral strain in the soil is zero.
Filter cake  Skin of very low permeability (a few millimetres thick) formed by the deposition of ben-

tonite particles on excavated soil faces.
Fixed anchor length (L) The grouted length of tendon in a ground anchor, through which force is 

transmitted to the surrounding soil.
Flexible retaining wall Flexible retaining structure which resists soil movement by bending.
Free anchor length  The length of tendon between the fixed anchor length and the bearing plate in a 

ground anchor, over which no force is transmitted to the soil.
Geotextiles Family of polymeric materials used in sheet form. Geogrids having an open structure and 

high tensile strength are used as soil reinforcement; geomembranes are closed sheets used as imper-
meable drainage barriers.

Gravity retaining wall  Large, monolithic retaining structure which keeps the retained soil stable due 
to its mass.

Ground anchor Anchorage consisting of a high- tensile steel cable or bar (tendon), one end of which 
is held securely in the soil by a mass of cement grout or grouted soil; the other end of the tendon is 
anchored against a bearing plate on the structural unit to be supported.

Limit equilibrium Analysis technique which involves postulating a failure mechanism as in upper 
bound limit analysis. While the latter considers an energy balance during a virtual movement of the 
mechanism, limit equilibrium considers equilibrium of the limiting forces acting on the mechanism at 
the point of failure.

Limit pressures General term for the active (minimum) and passive (maximum) lateral earth pres-
sures.

Method of Characteristics Lower bound limit analysis technique, involving the formation of a slip 
line field.

Overdig Reduction in soil level in front of a retaining wall for design purposes to allow for the possi-
bility of future planned or unplanned excavation in front of the wall.

Panel Section of a diaphragm wall.
Passive condition Condition where the value of horizontal stress increases to a maximum value due to 

relative soil–structure movement such that a state of plastic equilibrium develops for which the major 
principal total and effective stresses are horizontal.

Passive earth pressure (pp) Total stress acting normal to a retaining structure associated with passive 
conditions within the soil mass. The maximum limit pressure.

Passive earth pressure coefficient (Kp)  Lateral  earth  pressure  coefficient  describing  the maximum 
lateral (passive) earth pressure that can occur within a soil deposit as a function of the vertical effect-
ive stress (associated with lateral compression of the soil).

Reinforced earth General term describing soil containing geosynthetic or other reinforcement.
Resultant thrust Force per unit length of wall representing the integrated effect of the lateral earth 

pressure distribution.
Retained soil Soil mass supported by a retaining structure, that would not stand without support.
Secant pile wall Concrete retaining wall formed from a row of overlapping bored piles.
Tie- back wedge method Analysis method for reinforced soil retaining structures which is an exten-

sion of Coulomb’s method (considering the forces acting on a wedge of soil from which a force 
diagram can be drawn).

Tie- backs  Ground anchors used to provide additional restraint to flexible retaining structures.
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Tremie pipe Pipe through which concrete is pumped which can be lowered into an excavation.
Virtual back Vertical plane through the retained soil for a cantilever wall over which the lateral earth 

pressure is assumed to act.

Chapter 12

Compound slip Slope failure mode in which the failure surface consists of both curved and plane sec-
tions.

Cut- and-cover  Method  of  constructing  underground  space  involving  making  a  deep  excavation, 
within which the structure is constructed, backfilling being used to bury the construction.

Earth pressure balance (EPB) tunnel boring machine Computer- controlled tunnelling machine, 
cylindrical in shape, in which the excavation process is carefully controlled to maintain balanced 
earth pressures at the face and hence minimise volume loss.

Earth pressure balance construction Technique used for constructing tunnels in which a support 
pressure is applied to the face being excavated to prevent collapse into the tunnel and subsequent 
over- excavation (ground- loss).

Gaussian curve Mathematical expression which can be used to describe the shape of a settlement 
trough above a tunnel.

Hydraulic fracturing Process occurring when the total normal stress on a plane is less than the local 
value of pore water pressure, resulting in cracking and pore water leakage (due to the increased per-
meability along the cracks).

Immersed tube tunnel Underwater tunnel constructed in sections which are prefabricated onshore, 
floated out to site, flooded to lower them into a shallow trench excavated on the riverbed/seabed, con-
nected underwater and, finally, pumped out of the internal water.

Pore water pressure ratio (ru) Pore water pressure normalised by total vertical stress.
Rip- rap  Thin layer of rockfill placed on the upstream slope of an embankment dam to protect it from 

erosion by wave or other fluid actions.
Rotational slip Slope failure mode in which the failure surface in section is a circular arc or a non- 

circular curve.
Running depth Depth below ground surface of the centreline of a tunnel.
Stability number  Non- dimensional number describing slope or tunnel stability, analogous to a bearing 

capacity factor in foundation analysis.
Translational slip Slope failure mode in which the failure surface tends to be plane and roughly paral-

lel to the slope surface.
Volume loss (VL) Volume of over- excavated soil normalised by tunnel volume, expressed as a per-

centage.

Chapter 13

5% fractile value Characteristic value Xk for which there is only a 5% probability that somewhere 
in the layer (perhaps at an unmeasured location) there is an element of soil having a strength lower 
than Xk.

Back- calculation Determination of soil properties that would need to exist to give an observed 
response.

Brillouin Optical Time Domain Reflectometry (BOTDR) Analysis technique that can be used with 
optical fibres for measuring strains along long structures.

Deep settlement probe Instrument for measuring vertical settlement within a borehole.
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Extensometers Family of devices for measuring displacement along a given axis (used for measuring 
horizontal displacement).

Heterogeneity  Non- uniformity (opposite of homogeneity).
Hydraulic settlement gauge Device measuring at a single point only, but can be used at locations 

which are inaccessible to other devices and is free of rods and tubes which might interfere with con-
struction.

Inclinometer  Device for measuring a profile of horizontal displacement over a vertical line (e.g. along 
a borehole).

Multi- point extensometer  Extensometer capable of making measurements at multiple depths within a 
borehole.

Observational Method The use of measurements to continuously re- evaluate design assumptions and 
refine the design or modify/control construction techniques.

Precise levelling Surveying technique for measuring vertical settlement of surface structures capable 
of higher accuracy than conventional levelling.

Rod extensometer Simple and accurate device for measuring relative vertical movement within a 
borehole.

Shape acceleration array (SAA) Modern alternative to the inclinometer which is more robust, 
cheaper and easier to install.

Slip indicator Simple device to enable the location of a slip surface to be detected within a slope 
(though not the amount of displacement).

Tell- tale Unstressed rod attached to a structural member at one end and running parallel to it. The 
change in length of the member under load is measured using the free end of the tell- tale as datum.

Vibrating wire strain gauge Device used for measuring strain (and therefore displacement) based on 
the change in natural frequency of a wire with the instrument as it stretches.
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455, 436–8, 473
limit states 269, 536, 316–23, 335–7, 378, 418–21, 447, 

455, 436–8, 473
line load 297, 297
linear elasticity 149–50, 243–4
liquefaction 91–7, 174, 530
liquefied soil 91, 530
liquid limit 10, 11–12, 22, 193, 528
liquidity index 10, 191, 192, 529
lithification 3, 528
load testing 350–3; correlation factors 353; field 

instrumentation 513–14
local shear failure 271, 536
loess 4, 528
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Index

log time method 121–2, 121
lower bound (LB) theorem 272, 277–80, 288–90, 536
lower bound stress field 277–8, 278, 279, 381, 384, 405, 

410, 470

macro-fabric 14–15
magnetic extensometer 508
maintained load tests (MLT) 351, 538
mass density 23, 527
maximum density 25
maximum negative pressure 40
mean stress invariant 160, 532
mechanical augers 205–6
Ménard pressuremeter 241
method compaction 29, 528
Method of Characteristics 406, 540
method of slices 477–82, 478
minimum density 25
model factors 341, 538
modified AASHTO test 27, 528
Mohr circles 153–5, 533
Mohr–Coulomb criterion 148, 153, 155, 174, 533
Mohr–Coulomb model 153–5
moisture condition test 34, 34
moisture condition value (MCV) 34, 528
moisture content 22
montmorillonite 8–9, 9, 11
moraine, transportation 4
multi-channel analysis of surface waves (MASW) 225, 

534
multi-point extensometer 507, 542

National Geological Records Centre 202
natural clays, structure 9, 9
nature of soils 6–10
negative skin friction 358–9, 358, 538
net stress 87
neutral plane 359, 538
Nicoll Highway collapse 439
Niigata earthquake 97
non-displacement piles 330–1, 330, 538
non-homogeneous soil conditions 18, 59–60, 59
non-linear soil shear modulus 151
non-targeted sampling 228, 534
normal consolidation 104
normalised blowcount 233, 535
normality principle 285, 536
normally consolidated soil 104, 531

observational method 502, 514–15, 517, 542
oedometer 102; hydraulic 124, 124
oedometer test 102–9, 102, 103
one-dimensional elastic modulus 105

open drive samplers 212–13
open layer 117, 531
open standpipe piezometer 209–10, 209
optimum water content 27, 528
organic content, measuring 16
organic soils 16, 528
origins, of soils 3
overburden correction factor 234
overburden pressure 105, 531
overconsolidated soil 104, 531
overconsolidation 104, 175
overconsolidation ratio (OCR) 104, 238, 255, 256, 416, 

531
overdig 420, 540
overturning 382

pad/strip 270, 536
pad/strip foundation systems 371
panels 456, 540
partially saturated soils 87, 88
particle density 24, 528
particle size 3, 4; analysis 13–14, 20–2; distribution 

curves 21; particle size distribution (PSD) 5–6, 13, 5, 
528

partings 18, 528
passive condition 404, 540
passive earth pressure 405, 408–9, 410, 421, 540
passive earth pressure coefficient 390, 406, 412, 540
peak strengths 171, 172
peats 16
pediment 4, 528
perched water table 39, 529
percussion boring 203–4, 204
permanent actions 318, 536
permeability and testing 41–6, 216, 261
permeability ellipse 58
phase diagrams 23
phase relationships 22–6
phreatic surface 39, 529
piers 327, 538
piezocones 218, 220, 252, 534
piezometers 124, 208–10, 210, 534
pile caps 353, 355, 538
pile groups 353–8, 354, 398
pile resistance 340, 340
pile settlement 341–9, 343, 345, 348
piled foundation systems 374–7
piled rafts 366, 376, 377, 539
piles 271, 327, 536; bearing capacity factors 332–3; 

capacity under combined loading 395–8; capacity 
under horizontal and moment loading 389–94; 
constant rate of penetration tests (CRP) 351; critical 
failure mode 392, 394; critical length under lateral 
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loading 396; displacement from elastic solutions 
395–8; drained interface strength in drained fine-
grained soils 336; dynamic testing 353; examples 
337–9; freestanding 353; installation 329–31; 
interpretation of capacity using Chin’s method 352; 
jacked 331, 538; lateral capacity 392, 394; lateral 
loading 391, 393; load testing 350–3; maintained 
load tests (MLT) 351; partial resistance factors for 
ULS design 336; principal types 331; resistance 
328–9; resistance and limit state design 335–7; 
resistance from in-situ test data 340–1, 341; 
resistance under compressive loads 331–9; resistance 
under tensile loads 349–50; serviceability limit states 
(SLS) 341; shaft friction in tension 350; shape 
factors 332; static load testing 351; Statnamic test 
353; ultimate limit states (ULS) 336–7

piping 71, 529
piston samplers 213
plane strain 242, 404, 535
plastic limit 10, 11, 12–13, 193, 528
plasticity 10–13, 15
plasticity chart 18, 19
plasticity index 10, 528
plate anchors 447–8, 448
plate loading tests (PLT) 232
playa 4, 528
plugged piles 329, 538
plunge column construction 366, 539
pneumatic-tyred rollers 30
point load 295, 296, 296
Poisson’s ratio 149, 533
poorly graded soil 14, 528
pore pressure coefficient 165, 305, 533
pore water pressure 40, 80–1, 83–4, 120, 208, 308–9, 

441–2, 530
pore water pressure ratio 480, 541
porosity 23, 26, 42, 528
portable augers 206
potentiometric extensometer 509
power rammers 31
pre-loading 106, 140–1, 141
precautions, ground investigation 227
precise levelling 506, 542
preconsolidation pressure 105–6, 106, 175, 531
preloading 140–1, 141, 531
pressure cells 513
pressuremeter testing 240–51, 244
pressuremeters 240, 241, 535
primary consolidation 122, 531
principal stress difference 162, 533
principal stress rotation across a frictional stress 

discontinuity 279, 289
principal stresses 153, 153, 160, 161, 533

principle of effective stress 80–3, 530
problems: advanced foundation topics 399; basic 

characteristics 35–6; consolidation 142–3; deep 
foundations 359–61; effective stress 98–9; retaining 
structures 461–4; seepage 74–7; self-supporting soil 
masses 496–8; shallow foundations 324–5; shear 
196–7; in-situ tests 262–4

Proctor test 26–7, 528
proof load 352, 538
punching shear failure 271, 536
push rods 218, 534

quick clays 180, 533

rafts 270, 372, 373–4, 373, 536
raked piles 389, 539
Randolph and Wroth method 342, 346–7, 538
Rankine’s theory of earth pressure 406–8, 407
rapid assessment procedures 15
rapid drawdown, embankment dams 489, 490
rectangular area carrying uniform pressure 298, 298
reference studs 510
reinforced soil 458–60, 459, 540
relative density 25, 528
residual friction angle 194, 194
residual soil 3, 528
residual strength 188–9, 189, 194
resistance 328–9, 331–9
resistivities, geotechnical materials 227
response time 208, 534
resultant body force 88, 530
resultant thrust 421, 422, 423, 540
retained soil 404, 405, 540
retaining structures: anchored and propped walls 

437–41; backfilling and compaction-induced earth 
pressures 434–6; braced excavations 452–6; 
cantilever walls 436–7; contiguous pile wall 457; 
Coulomb’s theory of earth pressure 429–31; 
diaphragm walls 437, 456–7; earth pressure at rest 
415–18; effect of wall properties 409–13; examples 
408–9, 423–8, 432–3, 443–7, 451–2; free earth 
support analysis, anchored and propped walls 
438–41; gravity retaining walls 418–28; ground 
anchorages 447–52; limiting lateral earth pressures 
404–6; minimum deformation conditions 418; Mohr 
circles for zone 1 soil, drained and undrained 
conditions 415; Mohr circles for zone 2 soil, drained 
conditions 413; Mohr circles for zone 2 soil, 
undrained conditions 411; overview 403–4; pore 
water pressure 441–2; pressure distributions and 
resultant thrusts, drained soil 423; pressure 
distributions and resultant thrusts, undrained soil 
422; problems 461–4; Rankine’s theory of earth 
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retaining structures continued
 pressure 406–8; reinforced soil 458–60, 459; 

resultant thrust 421; rotation of principal stresses due 
to wall roughness and batter angle 410; secant pile 
wall 457; sloping retained soil 413–15; stresses due 
to line load 435; summary 460–1

rigid 536
rigid–perfectly plastic model 147, 148, 272, 533
rigidity 300–1
ring shear test 188–9, 189
rip-rap 487, 541
Rissa landslide 180, 181
rock cycle 4
rod extensometer 507, 508, 509, 510, 542
root time method 122–3, 123
rotary drilling 207–8, 207
rotation 385, 396
rotational slips 472–82, 541
roughness 335, 409–13
running depth 490, 541

sagging 369–70
sampling 210–16, 215, 228, 534, 535
sand, definition 16
sandwick drain 136, 531
satellite imagery 201
saturation line 28, 528
saturation ratio 23, 24, 528
scour 327, 538
scree 4
secant pile wall 457, 457, 540
secondary compression 122, 126–7, 127, 531
sedimentation 13, 528
seepage 39, 432, 529; adjacent to sheet piling 92; 

anisotropic soil conditions 57–9; determination of 
head at an FDM node 61; examples 54–6, 61–2, 
69–71, 72–3, 94–5, 432–3; finite difference method 
(FDM) 60–2; flow lines and equipotentials 50; flow 
nets 51–6; influence on effective stress 87–91; non-
homogeneous soil conditions 59–60, 59; 
permeability and testing 41–6; problems 74–7; soil 
water 39–40; summary 74; through embankment 
dams 64–71; transfer condition 63–4, 63

seepage between two flow lines 50
seepage control 71–4, 72
seepage force 88, 530
seepage induced liquefaction 91–5
seepage pressure 90, 442
seepage theory 46–50
seepage through a soil element 48
seismic cones (SCPTU) 253, 256
seismic refraction 222–4, 224
seismic waves 222–3

seismographs 223
self-boring pressuremeter (SBPM) 240–1, 241, 535
self-supporting soil masses: embankment dams 487–90; 

examples 476–7, 481–2, 484; limit equilibrium 
analysis 471, 475; overview 467; problems 496–8; 
rotational slips in drained soil 477–82; rotational 
slips in undrained soil 473–7; slope failure 473; 
slopes 472–87; summary 495–6; translational slips 
483–4; tunnels 490–5; vertical cuttings and trenches 
468–72

sensitive soils 180, 533
sensitivity 180, 192, 192, 533
serviceability limit states (SLS) 269, 419, 536; braced 

excavations 455–6; cantilever walls 437–8; deep 
foundations 341, 395–7; load testing 351–2; pile 
groups 354–8; shallow foundations 322–3, 385–7; 
tunnels 493–5

settlement 109–12, 131; above tunnels 494; behind 
excavations 455; consolidation theory 304–10; 
damage to walls 370, 371; differential 366–71, 372; 
elastic theory 300–4; examples 303–4, 309–10, 
356–8, 373–4; from in situ tests 311–6; limits 322; 
measuring 506–9; measuring instruments 508; piles 
341–9;

settlement coefficient, shallow foundations 308, 309
settlement-reducing piles 377
settlement trough 493, 494
shaft resistance 328, 329, 333–5, 538
shafts 203
shallow foundations 319–22, 537; analysis using CPT 

data 313–16; analysis using lower bound theorem 
277–80, 288–90; analysis using SPT data 311–13; 
analysis using upper bound theorem 273–7, 285–8; 
bearing capacity and limit analysis 271–3; bearing 
capacity factors 281–5, 290–1; bearing capacity in 
drained materials 285–94; bearing capacity in 
undrained materials 273–85; bearing capacity under 
combined loading 380–9; combining upper and 
lower bounds 281; contact pressure distribution 
under rigid areas 301; contours of equal vertical 
stress 299; depth of influence and foundation width 
312; design 316–17, 270; displacement from elastic 
solutions 385–7; distribution of strain influence 
factor 314; elastic parameters 302–4; examples 294, 
299–300, 303–4, 309–10, 315–16, 319–23, 387–9; 
limit state design 316–23; line load 297, 297; lower 
bound (LB) theorem 272; overview 269–71; point 
load 295, 296; problems 324–5; rectangular area 
carrying uniform pressure 298, 298; serviceability 
limit states (SLS) 322–3, 385–7; settlement 
coefficient 308, 309; settlement from consolidation 
theory 304–10; settlement from elastic theory 300–4; 
settlement from in-situ test data 311–16; shape 
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factors under drained conditions 293; soil element 
under major principal stress increment 305; stability 
from limit analysis 380–5; stress paths 306; stresses 
beneath 295–300; strip area carrying uniform 
pressure 297, 297; strip foundations 282–4; summary 
323–4; ultimate limit states (ULS) 317–21, 380–5; 
upper bound (UB) theorem 272–7

shape acceleration array (SSA) 511, 542
shear: continuum mechanics 145–8; critical state 

framework 183–8; dense soil 168–9; direct shear test 
156–7; effect of drainage conditions on shear 
strength 155; estimating soil strength 189–94; 
example 173; laboratory shear tests 156–68; linear 
elasticity 149–50; liquefaction 174; Mohr–Coulomb 
model 153–5; non-linear elasticity 150–1; problems 
196–7; residual strength 188–9; soil as frictional 
material 151–2; stress ratio 170; summary 195; 
triaxial test 157–67; undrained shear strength and 
sensitivity 191–3; see also coarse-grained soils; fine-
grained soils 

shear fan 276, 287, 537
shear modulus 149, 151, 533
shear stress 145
shear wave velocities 223, 534
shearbox 157, 533
shearing resistance 154, 190–1
sheepsfoot rollers 30
sheet piling 91–5, 92
shell 203–4, 534
shell piles 329, 538
short-flight augers 205
shrinkage limit 11, 528
sieving 13, 528
silt, definition 16
simple shear apparatus (SSA) 168, 533
single drainage 117
single grain structure 6–7, 7, 528
Single Particle Optical Sizing (SPOS) 13–14
Skempton–Bjerrum method 305, 309
skin friction 328, 538
slenderness ratio 334, 538
slip indicator 512, 542
slopes 473, 476–7, 483–7, 483, 486
sloping retained soil 413–15, 414
slurry-supported excavations 469, 470, 471, 472
smear 139, 531
smooth-wheeled rollers 30
soil behaviour type classification charts (CPT) 219, 221, 

222
soil elasticity 149–51
soil element under isotropic stress increment 165
soil element under major principal stress increment 305
soil layers, identification by resistivity sounding 226

soil masses, self-supporting see self-supporting soil 
masses 

soil parameters, derivation of see coarse-grained soils; 
fine-grained soils, in situ tests, permeability and 
testing

soil plasticity models 151–5
soil strength, estimating from index tests 189–94
soil–structure interaction 269, 537
solid geology 4, 528
specific gravity 24, 529
specific volume 23, 529
spectral analysis of surface waves (SASW) 225
split-barrel samplers 213, 232, 535
SPT blowcount 232, 535
SPT correction factor 233
stability coefficients, embankment dams 489
stability numbers 475, 476, 492, 492, 541
standard penetration test (SPT) 213, 232–6, 233, 235, 

236, 311–13, 340, 340, 534
standards, laboratory testing of soil 11, 13, 16, 19, 27, 

43, 102, 156, 166, 
static liquefaction 91–5, 530
static load testing 351, 351
static pore water pressure 83, 530
stationary piston samplers 213
Statnamic test 353, 538
steady-state seepage pore water pressure 84, 530
step-graded soil 14
strain hardening and strain softening elastic–plastic 

models 148
strain measurement 513
stratified soils 41, 529
stress history 104, 531
stress path triaxial cell 167, 416, 533
stress paths 170, 171, 172, 177, 184, 306, 533
stress ratio 170, 533
stresses due to line load 435
stresses, strip area carrying uniform pressure 297, 297
strip footing 270, 282–4, 283, 284, 537
strut forces 453–4
sub-layering 110, 302, 504–5, 505
surcharge pressure 109, 273, 405, 531
surface wave 223
Swedish solution 479
swelling 84, 101, 530

T–z method 342, 344–7, 345, 538
tamping rollers 30
tape extensometer 509, 510
tapered piles 329, 538
targeted sampling 228, 535
tell-tale 514, 542
terminology, groundwater conditions 40
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Terzaghi’s theory of one-dimensional consolidation 
115–20

test piles 350, 351, 538
Teton Dam, Idaho 65
thin-walled samplers 213
thrust machine 218, 535
tie-back wedge method 459–60, 540
tie-backs 437, 540
tie rods see ground anchorages 
till, glacial 4
tilt 367, 367, 368, 539
time factor 117, 120, 138, 531
time–settlement curve 131
topographical maps 201
total stress path (TSP) 170
toughness test 15
transfer condition 63–4, 63
transformation for embankment dam section 68
translational slips 473, 483–4, 483, 541
transportation 3–4
transported soil 3, 529
tremie pipe 456, 541
trenches 468–72, 469, 470, 471
trial piles 350, 351, 538
trial pits 202, 203, 535
triaxial apparatus 158, 533
triaxial compression 157, 533
triaxial extension 163, 533
triaxial shear strain 164, 533
triaxial test 157–67; consolidated–drained (CD) 166, 

175, 176; consolidated–undrained (CU) 166, 175–6; 
examples 178, 181, 187–8; failure envelopes and 
stress paths 172, 177; limitations and corrections 
159–60; stiffness 163–4; strength 160–3; testing 
under back pressure 164–6; types 166–7; 
unconsolidated–undrained (UU) 166, 179–80

true cohesion 171, 533
true triaxial conditions 160, 533
tube extensometer 509, 510
tunnels 490–5, 490, 491, 492, 494
turbostratic structure 9, 10
two-dimensional induced state of strain in an element of 

soil 147
two-dimensional state of stress in an element of soil 146

ultimate limit states (ULS) 269, 317–21, 336–7, 537; 
anchored and propped walls 438–9; cantilever walls 
437–8; deep basements 378; deep foundations 395; 
gravity retaining walls 418–21; load testing 350–1; 
partial factors 318; pile groups 353–4; reinforced soil 
458; shallow foundations 270–1, 380–5; tunnels 490

uncertainty 501–2
unconfined compression test 167–8, 167, 533
unconfined compressive strength (UCS) 167
under-ream 330, 335, 538
underseepage 71, 529
undisturbed samples 156, 210–11, 216, 535
undrained condition 84, 149, 530
undrained shear strength 155, 179–80, 191–3, 533
undrained strength of cohesive soils 193
unfavourable actions 318, 537
Unified Soil Classification System (USCS) 19
unit weight 24, 25, 529
uplift 378, 382, 539
upper bound (UB) theorem 285–8, 537

V-H loading 380–2, 381, 382, 383, 384, 386, 395
V-H-M loading 382, 383, 385, 386
van der Waals forces 9
vane 168, 237, 535
variable actions 318, 537
velocity diagram see hodographs
vertical cuttings 468–72, 469, 470, 471
vertical displacement 301, 301, 302, 506–9, 508
vertical drains 136–8, 136
vibrating hammer test 27, 529
vibrating plates 31
vibrating wire strain gauge 510–11, 511, 513, 542
vibratory rollers 31
virgin compression line (1DCL) 104, 531
virtual back 425, 541
void ratio 23, 26, 529
void ratio–effective stress relationship 104
volume loss 495, 541
volumetric behaviour during shear 183–4, 184

wall properties 409–13
wash boring 206–7, 207
water content 10, 22, 25, 529
water table (WT) 39, 529
weathering, chemical 7
weight density 24, 529, 537
well graded soil 14, 529
well pumping tests 44–5, 45
window sampler 214–15
working piles 351, 538

yield stress ratio 333, 538
yield surface 381, 382, 383, 386, 395, 539
Young’s modulus 149, 533

‘zero air voids’ dry density 27, 28, 529
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