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PREFACE

This book contains lecture notes, albeit not covering all materials, delivered at the

course on Advanced Earthquake Engineering Analysis that took place at CISM Udine

in July 3-7, 2005.

During the last decade, the state of the Art in Earthquake Engineering Design has

made significant steps towards a more rationale analysis of structures. Scientists have

long recognized that earthquake design is guided by displacements and deformations

rather than forces. However due to the historical background of structural engineers

in static analyses, effects of earthquake on structures have been viewed as forces

acting on the structures. All presently available design building codes are developed

along these lines.

Our knowledge of ground motion characteristics, earthquake geotechnical

engineering, structural behavior (design and numerical analyses) and model tests

have advanced to a point where it is possible to anticipate a significant move from

force based design approaches to displacements based design approaches. Although

displacement based design approaches constitute the kernel of most research

programs, they have not yet been incorporated in the State of Practice.

The purpose of the course was to review the fundamentals of displacement based

methods, starting from engineering seismology, earthquake geotechnical engineering,

to focus on design, analysis and testing of structures with emphasis on buildings and

bridges.

The five main topics presented during the course are detailed below. Each topic

started with the fundamentals and then focused on advanced, State of the Art, subjects.

The lectures were heavily illustrated with examples drawn from actual projects in

which the lecturers are deeply involved.

Engineering Seismology: measurement and characterisation of seismic

motions; prediction of ground motions with empirical attenuation relationships;

physics behind earthquake signals; site effects.

Geotechnical Engineering : non linear soil behavior under cyclic loading ; non

linear site response analyses; soil-structure interaction including non linear

effects; earthquake resistant design of foundation; performance based design.

Seismic Analyses: introduction to structural response and computer modelling;

overview of linear elastic analysis methods; non linear inelastic analyses;

pushover analyses; non linear time history analysis.

Seismic Design: need for displacement based design; fundamentals for direct

displacement based design and assessment; strength and deformation capacity.



Seismic Testing: introduction to seismic testing; shake table tests; pseudo

dynamic tests; centrifuge testing; special topics and illustration.

The coordinator of the course wishes to express his gratitude to P.Y. Bard, G.M

Calvi, R. Pinho, N.Priestley and P. Sollogoub for their active participation in the

elaboration, preparation and delivery of the course. He and the lecturers are also

indebted to Pr. Jean who, as non resident Rector at CISM, suggested the

topic of the course and provided several constructive suggestions during its

preparation. They also want to express their gratitude to the Secretariat staff of CISM

for their efficient handling of administrative matters before and during the course.
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Soil Behaviour under Cyclic Loading 

Alain Pecker1 ,2 

1  Solid Mechanics Laboratory, CNRS UMR 7649, Department of Mechanics, 
Ecole Polytechnique, Palaiseau, France 

2   Géodynamique et Structure, Bagneux, France 

Abstract. Fundamental characteristics of soil behaviour during earthquakes are reviewed; 
field and laboratory evidences of non linearities and energy dissipation mechanisms are 
presented. Different kinds of soil constitutive models are discussed with special emphasis on 
the equivalent linear viscoelastic model commonly used in engineering practice. 

1 Field Observation of Soil Behaviour during Earthquakes 

Field observations made on sites during earthquakes clearly point out the influence of the geo-
technical nature of the soil profile on the recorded ground surface motion. This fact has been 
acknowledged more than twenty years ago with the pioneering work of Seed et al (1976) and lead 
to the consideration, in design practice and in seismic building code, of different spectral shapes to 
specify the seismic action.    

All recent major earthquakes recorded worldwide (Mexico, 1985; Loma Prieta, 1989; North-
ridge, 1994; Kobe, 1995) have all confirmed the following observation: in general, soft alluvial 
deposits tend to amplify the incident ground motion, especially in the low frequency range. To 
illustrate that proposal, let us consider the records from the Loma Prieta earthquake; on rock sites, 
in the town of San Francisco, all records exhibit a peak acceleration of the order of 0.1g; records 
from the same earthquake, at the surface of alluvial sites, exhibit peak accelerations two to three 
times larger (Table 1, AFPS, 1990) and acceleration response spectra with significant amplification 
in the low frequency range. Since the epicentre of the earthquake is remote from the recording 
stations (approximately 85 km), this amplification cannot be attributed to a source directivity 
effect; accordingly, all the recording sites being close to one another (within a radius of a few 
kilometres), it cannot either be attributed to a path affect between the focus and the site. The only 
parameter that can affect the ground recorded motion is the geotechnical nature of the soil profile, 
i.e. the mechanical characteristics of the soil layers close to the ground surface. 

However, the previously reported observations, and several others like in Mexico City, must 
not be misleading: alluvial deposits do not invariably amplify the incident ground motion. Looking 
again at observations made in San Francisco, but during the 1957 earthquake, it appears that 
although the recorded accelerations on the rock sites were again of the order of 0.1g (because of the 
smaller magnitude but closer distance to the town), the recorded accelerations on the soil sites were 
between 1.5 and 2 times smaller than on the rock (Table 1).  
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Table 1. Recorded peak ground acceleration in San Francisco 

Recording station Soil profile Peak ground surface acceleration 
(g)

1957 1989

Golden Gate Park Rock 0.13

Market/Guerrero St Rock 0.12

State Building Sand  

+ clayey sand (60 m) 

0.10

Mason/Pine St Rock 0.10

Alexander Building Clayey silt + Sand (45 m) 0.07 0.17 

Southern Pacific B. Soft clay 0.05 0.20

Rincon Hill Rock 0.10 0.09 

Oakland City Hall Clay, Sand (30 m) 

+ Stiff clay (270 m) 

0.04 0.26 

The previous observations clearly show that the response of a soil deposit depends on the fre-
quency content of the incident motion: the 1957 event has a smaller magnitude and a closer 
distance to the recording sites; its frequency content is richer in high frequencies than the larger, far 
away event. Another factor, which has a significant impact on the ground response, is the level of 
shaking induced by the earthquake; the higher this level, the larger the strains induced in the 
ground. These large strains induce a non linear response of the soil as shown in Figure 1. This 
figure depicts the Fourier amplitude spectra of the main shock (solid line) and of the aftershocks 
(shaded area), scaled by the same quantity at a rock outcrop, of Loma Prieta earthquake records at 
Treasure Island.  Obviously would the soil profile behave linearly, the amplification with respect to 
the rock outcrop would be independent of the generating event. In this case smaller amplifications 
occur for the strongest event, which is consistent with the larger strains induced in the profile 
creating softening of the soil deposit. 

In order to be able to predict such phenomena a deep understanding of the soil behaviour under 
cyclic loading is mandatory. It can be stated that nowadays, although many aspects still remain to 
be clarified, our knowledge of soil behaviour has advanced to a point where constitutive modelling 
can be reliably employed to allow for accurate prediction in engineering practice. 



Figure 1. Fourier amplitude spectra of the main shock (solid line) and of the aftershocks (shaded area) of the 
Loma Prieta records at Treasure Island (after Jarpe et al, 1989) 

2 Experimental Description of Soil Behaviour 

It is commonly admitted for site response analyses, or for soil structure interaction problems, to 
consider that the seismic horizontal motion is caused by the vertical propagation of horizontally 
polarized shear waves. Under those conditions, a soil element within the soil profile is subjected 
to stress cycles similar to those presented in Figure 2.

Figure 2. Idealized stress cycle during an earthquake 

Initially, for a horizontally layered profile, the soil element is in equilibrium under the vertical 

effective stress v  and the horizontal effective stress 0 vK  where 0K  is the at rest earth pres-

sure coefficient. When the wave travels trough the soil profile an additional shear stress t  is 

superimposed on the horizontal faces of the soil element and, hence on the vertical ones to maintain 
equilibrium conditions. Under the action of this stress the soil element undergoes a shear strain, 
which for an elastic material is accompanied by a zero volumetric strain. The shear strain, also 
called distortion, is defined by (eq.(1)):  
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Figure 3. Shear stress-shear strain curves for constant amplitude cyclic loading 

When cycles of constant amplitude are reproduced in the laboratory on a soil sample, the stress 
strain curves depicted in Figure 3 are obtained. In the ( , ) plane the behaviour is characterized by 
an hysteresis loop, the surface and inclination of which depend on the strain amplitude. The larger 
the shear strain the wider the hysteresis loop and the flatter it is on the horizontal axis. Furthermore, 
experimental evidence shows that the shape of the loop is not affected by the loading rate. As soon 
as the cycles have no longer a constant amplitude, the description of the behaviour becomes more 
complex. One example is depicted in Figure 4. 

Figure 4. Arbitrary cyclic loading 

Until point b is reached, the stress strain curve is identical to the one depicted in Figure 3 (first 
loading curve, also called backbone curve, followed by the unloading curve); at point b, such that 

b< a the sign of the loading is reversed; the path is given by the curve bc, then eventually by ce if 
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the loading sign is again reversed at c. If, on the contrary, the loading is continued beyond c the path 
is given by ca and then follows the backbone curve.  

The shear stress strain behaviour described above is accompanied by volumetric strains (Figure 
5).

Figure 5. Volumetric strains under cyclic loading 

These volumetric strains point out that the behaviour is no longer elastic, even non linear elas-
tic. In a dry material they induce a hardening behaviour. Therefore, even for symmetric closed 
cycles with identical strain amplitudes, the hysteresis loop measured during, for example, the fourth 
cycle is different from the loop obtained during the first cycle. The latter is less inclined on the 
horizontal axis and exhibits a smaller area. For an impervious saturated material, strains occur 
under constant volume conditions because the pore water does no have time to drain from the 
sample. The volume change tendency is compensated by a pore pressure build up, hence by a 
decrease of the effective stresses. 

The (over)simplified examples described above illustrate the complexity of soil behaviour, 
which is highly non linear and inelastic. The constitutive model adopted in practice, and described 
hereafter, only takes into account the deviatoric behaviour (Figure 3); the volumetric changes are 
often neglected, at least for soil structure interaction analyses, except in the case of true elasto-
plastic constitutive laws.  

3 Modelling of Soil Behaviour 

A complete description of the behaviour is obtained if, starting from an equilibrium state charac-
terized by a stress field and an associated strain field  it is possible, for any strain increment 

d  (or any stress increment d ), to determine the new stress field (respectively strain field) 

Sand type : Ottawa sand 
Relative density 47% 
OCR=4 ; K0 =0.96 



corresponding to a new equilibrium state. In the most general situation, time is also a variable that 
must be taken into consideration in the constitutive law; however, for most soils, this parameter can 
be neglected because soils are not rate dependent materials in the range of loading rates induced by 
earthquakes. The development of a complete constitutive relationship is the ultimate goal of soil 
modelling; however, in view of the complexity of the behaviour this task constitutes a real chal-
lenge and it can be stated that, at the present time, there does not exist a universal constitutive 
model. Every model available in the literature has its own advantages but also its drawbacks and 
limitations. 

Facing that challenge the earthquake geotechnical engineer often favours, in engineering prac-
tice, a more straightforward approach, traditional in soil mechanics. According to this approach, the 
loading path to which the soil element will be subjected during an earthquake is anticipated and 
reproduced in the laboratory, or possibly in the field. The parameters measured during those tests 
are then directly used in the computations. For instance, in soil mechanics, the settlement of a finite 
thickness compressible clay layer under a wide spread load is studied from a one dimensional 
compressibility test with zero radial strain. 

It must be realized that this approach is not similar to the development of a constitutive model, 
even if the measured stress-strain curves are represented by mathematical relationships. This kind 
of modelling remains valid only for the stress paths for which they were established, or for similar 
stress paths. Its extrapolation to fundamentally different stress paths is erroneous and not permis-
sible. Furthermore, more than often, this approach is only an imperfect modelling of the actual 
physical phenomena; for example, the equivalent linear visocelastic model does not take into 
account the volumetric strains (settlements) that the soil experiences under shear loading. In addi-
tion, the stress paths duplicated in the experiments represent ideal, somewhat crude, representations 
of the actual paths. This kind of approach is a good compromise between the actual phenomenon to 
be modelled and its easy implementation. When used with care it can be a very powerful tool. 

Before describing the experimental observations and their mathematical modelling, it is im-
portant to realize that, given the time scale of earthquake loading, most soils behave under 
undrained conditions during the earthquake. The soil permeability is not large enough (with respect 
to the rate of loading) to allow for drainage and dissipation of excess pore pressures. Consequently, 
the approach described previously is implemented in terms of total stresses; again, this imple-
mentation is an oversimplification of the actual situation as soil behaviour is governed by effective 
stresses.

Finally, in the rest of the chapter we will restrict ourselves to the description and modelling of 
the pre-failure behaviour of soils. The modelling of soil behaviour at failure is a matter of specific 
approaches. When a true constitutive law is available, that distinction is not required; the constitu-
tive model allows for an accurate modelling of soil behaviour from very small strains (quasi elastic 
behaviour) to very large strains associated with failure. 

For a more detailed description of soil behaviour, the reader can refer to Hardin (1978), Pecker 
(1984) or Prevost (1998). 

As evidenced by the experimental observations described in paragraph 2, the soil cannot be 
modelled with a linear constitutive relationship, at least as soon as strains become significant. The 
strain thresholds for which non linearities appear are usually very small (10-6 to 10-4). It is however 
fundamental to make a distinction between recoverable, or quasi elastic, strains and irrecoverable 
strains that develop for larger thresholds (10-4 to10-3). The values of these two thresholds, which 



will be denoted s and v, depend on the nature of the material that can be roughly characterized by 
its plasticity index (Vucetic, 1984). Table 2 and Figure 6 delineate both domains as well as the 
mathematical description that can be used in numerical analyses. 

Table 2. Strain thresholds for cyclic loading 

CYCLIC SHEAR 

STRAIN AMPLITUDE BEHAVIOUR
ELASTICITY and 

PLASTICIY

CYCLIC

DEGRADATION in 

STAURATED SOILS 
MODELLING

Very small 0 s Practically linear Practically elastic Non degradable Linear 

Small s v Non-linear 
Moderately

elasto-plastic

Practically

non-degradable 
Equivalent linear 

Moderate to 

large
v  Non-linear Elasto-plastic Degradable Non-linear 

Strain amplitudes induced by major earthquakes in the European context are capable of creating 
significant non linearities, and possibly irrecoverable deformations ( s or v). As indicated in 
Table 2 a different behaviour corresponds to each domain and must be characterized by specific 
constitutive parameters. 

Figure 6. Threshold values for cyclic shear strains 

3.1 Mathematical Description for Small Strains s : Elastic Model 

Typically for strains smaller than 10-6 – 10-4 soils behave elastically. Some saturated materials may 
however exhibit some viscous energy dissipation. The natural soil constitutive model to use will 
therefore be the linear elastic, possibly viscoelastic, model. For an isotropic material the shear 
modulus G (equivalent to the Lamé coefficient  of continuum mechanics) and the bulk modulus B
completely describe the model. Alternatively, one can use the elastic wave propagation velocities 
VS (shear wave) and VP (dilatational wave), which are related to the previous quantities:  
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where  stands for the material mass density. 
Characterization of soil behaviour within its elastic domain, although not very useful in earth-

quake engineering, is nevertheless important for a whole class of problems including machine 
vibration, geophysical measurements, etc… 

3.2 Mathematical Model for Moderate Strains s v : Equivalent Viscoelastic Model 

In that strain range, more or less pronounced non linearities and energy dissipation become ap-
parent in the shear-strain curve. As linear viscoelastic model exhibits under harmonic loading 
hysteresis loops it is tempting to model the soil behaviour with such models (Figure 7). However, 
the viscoelastic model lends itself to an energy dissipation mechanism that is frequency dependent, 
in contradiction with experimental observation (paragraph 2). 

Figure 7. Viscoelastic model 

To overcome that difficulty Jennings (1964) proposed to establish an equivalence between the 
actual material and the model, based on the equality of the energy dissipated in the material and at 
resonance in the model. For the Kelvin-Voigt model (Figure 7), the one dimensional shear 
stress-shear strain relationship writes: 

G C                           (3) 
where G and C are the spring and dashpot coefficients;  and  are the shear strain and shear 

strain rate. For harmonic loading: 

m ei t                            (4) 
equation (3) becomes: 

m m m1 *C
G i G

G
                 (5) 

where G* is a complex valued modulus. The energy dissipated during one cycle of loading is 
equal to: 

2 2
m mIm *W C G                (6) 

where Im(G*) represents the imaginary part of G*.

G

C = 
G



C being a constant it is obvious that the dissipated energy depends on the loading fre-
quency 2f / .

Referring to Figure 3, and without entering into details, it is possible to define for a material 
with rate independent energy dissipation a normalized relationship for the dissipated energy W
during one cycle of loading. The normalizing quantity is the elastic energy W stored during one 
cycle:

2
m

1
2

W G                           (7) 

the equivalent damping ratio , or the loss coefficient , are frequency independent 

1
2

2
W

W
                       (8) 

The dissipated energy during one cycle of loading, which is then frequency independent, can 
then be written: 

2
mW G                         (9) 

Equivalent linear viscoelastic models are defined by a constitutive relationship (for one di-
mensional loading) of the type: 

m m
*G                           (10) 

where G* is a complex valued secant modulus that must be defined to yield the same stiffness 
and damping properties as the actual material. Several models have been proposed to achieve that 
purpose. Their characteristics are defined in Table 3. 

Table 3. Characteristics of equivalent viscoelastic linear constitutive models 

COMPLEX MODULUS 
*G

DISSIPATED ENERGY 

IN ONE CYCLE W
MODULUS

*G

MATERIAL 2
mG G

MODEL 1 1G i 2
mG 21G

MODEL 2 
e

2sin 2

iG 2
2
mG   1 - 

4
G

MODEL 3 21 +G i 2
mG G

The first two models were developed by Seed and his co-workers (Seed et al, 1970); the third 
one is due to Dormieux (1990). Examination of Table 3 shows that the first model adequately 
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duplicate the dissipated energy but overestimates the stiffness; the second one duplicates the stiff-
ness but underestimates the dissipated energy and the third one is the only one fulfilling both 
conditions. In standard practice, the most commonly used model is the second one.  

An alternative representation of the data depicted in Figure 3 is obtained by plotting the secant 
shear modulus and the equivalent damping ratio (or the loss coefficient) as a function of the shear 
strain (Figure 8). This figure clearly shows the existence of the shear strain threshold beyond which 
the secant modulus is no longer constant, as well as its dependence on the plasticity index.

Figure 8. Typical variations with shear strain  
of shear modulus and equivalent damping ratios for clays (Vucetic & Dobry, 1991) 

Correlatively, Figure 9 shows that for cyclic shear strains smaller than 10-4 to 10-3 the volu-
metric strain remains negligible, although shear non linearities have already occurred. As a 
consequence, in saturated impervious soils, significant variations in the pore pressure do not take 
place below this threshold. In that strain range, soil behavior is highly non linear, but approximately 
elastic; permanent changes in the soil microstructure remain negligible.  

In the equivalent viscoelastic linear modeling described above, the soil characteristics (secant 
shear modulus and equivalent damping ratio) are chosen at variance with the “average” induced 
shear strain in order to reproduce, at least in an approximate manner, soil non linearities.  



Figure 9. Pore pressure (top) and irrecoverable volumetric strain (bottom) 

The results presented here above within the framework of one dimensional shear loading can be 
easily generalized to more general harmonic loading paths, bearing in mind all the limitations 
already mentioned on the validity of the constitutive model. The constitutive law is written as 
Hooke’s generalized law:  

:*                           (11) 

where ,  are the second order strain and stress tensors and  the fourth order tensor of 

elasticity built from the two complex valued parameters (for an isotropic material) G* and B* (see 
Table 3) defined from the secant shear and bulk moduli and their associated equivalent damping 
ratios. In practice, the same damping ratio is used for both moduli.  

The equivalent viscoelastic model described above is extensively used in engineering practice. 
When used in combination with an iterative process to choose properties (G, B and ) compatible 
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with the average induced shear strain, they provide results for accelerations and stresses which are 
in good agreement either with observations or with more sophisticated (truly non linear) models. 
One of the greatest advantages of these models, beyond their simplicity, is the small number of 
required parameters: G, B, and . Their main limitation is their limited range of validity and their 
inability to calculate irrecoverable shear or volumetric strains. To have access to these quantities 
more sophisticated models are required. 

3.3 Mathematical Models for Large Strains v  : Non Linear Models 

In that strain range significant changes occur in the soil microstructure (grain rearrangement) 
inducing irrecoverable shear and volumetric strains (Figure 5 and Figure 9). These changes induce 
settlements in dry or unsaturated soils and pore pressure build up in saturated impervious soils. 
Pore pressures may rise to a condition where the effective stresses become equal to zero and, 
consequently, the soil shear resistance drops to a very small value; this phenomenon is known as 
liquefaction. Even if liquefaction is not reached, the pore pressure increase induces a drop in the 
soil stiffness (Figure 10). These two factors, shear stiffness degradation and loss of shear strength, 
make saturated soils subjected to strains larger than v highly non linear. This behaviour, with 
irrecoverable strains, can only be described with non linear models. Past experience, experimental 
evidences and site observations reveal that elastoplastic models with hardening are the mot ap-
propriate models (Prevost, 1978, 1987). These models must be written in terms of effective 
stresses; in saturated soils, coupling between the fluid phase and the solid phase needs to be taken 
into account within the framework of porous media mechanics (Prevost, 1980). 

Figure 10. Stiffness degradation with the number of cycles

Except for exceptional situations, these non linear models are seldom used in engineering 
practice. The reasons stem from the difficulty to choose the most appropriate model (there is not a 
universal model), the difficulties in measuring the parameters entering the constitutive model, and 
the expertise required for running non linear dynamic analyses. 
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Determination of Soil Characteristics 

Alain Pecker1 ,2 

1  Solid Mechanics Laboratory, CNRS UMR 7649, Department of Mechanics, 
Ecole Polytechnique, Palaiseau, France 

2   Géodynamique et Structure, Bagneux, France 

Abstract. Determination of soil characteristics is a key aspect in constitutive modelling. The 
most sophisticated constitutive models are useless if the input parameters are incorrect or not 
properly defined. The strain range of interest for earthquake engineering goes from very 
small strains up to 10-3 and requires the use of especially dedicated tests. A combination of 
field and laboratory tests is the most effective way to achieve a reliable definition of oil 
behaviour.

1 Introduction 

The determination of soil characteristics constitutes one of the key aspects of Soil Mechanics, in 
general, and more particularly of Soil Dynamics. The most sophisticated constitutive models are 
useless if the input parameters are incorrect or not properly defined. If the theoretical aspects of Soil 
Dynamics have very often taken over the experimental ones, during the last two decades significant 
improvements have been made in the latter aspects and new measuring techniques have emerged. 
The most significant improvements deal with the determination of elastic or pseudo-elastic char-
acteristics, i.e. in a strain range extending from 10-6 to approximately 10-4. This range is typical of 
the strains encountered in earthquake engineering and is well distinct from the strain range covered 
in Soil Mechanics where strains smaller than 10-2 are seldom encountered. Alike in Soil Mechanics, 
laboratory and in-situ techniques are developed in parallel. In any case, these two different ap-
proaches are not exclusive of each other; they are more than often complementary and should be 
systematically used to achieve a reliable definition of soil behaviour. Each of them has its advan-
tages, but also its limits, which must be known to ascertain its domain of application and validity. 

The state of practice for the description of soil behaviour usually makes a distinction between 
the pre-failure behaviour and the behaviour at failure (liquefaction, for instance). Not all techniques 
allow for testing the soil up to failure. The field tests and some laboratory tests are restricted to the 
measurement of characteristics in the small or medium strain range and therefore are well-suited for 
the determination of the soil parameters entering the definition of the equivalent visco-elastic 
constitutive model used in everyday practice. 

Among all the testing techniques, it is possible to make a distinction between those which allow 
for a direct measurement of a soil parameter and those which define this parameter from experi-
mental correlations. Laboratory tests and some field tests (wave velocities measurements) belong 
to the first category while the second category is restricted to field tests (SPT, cone penetration 
tests,…); the experimental correlations between a given soil parameter and the measured property 
(blow count, penetration resistance,…) are established from the observed behaviour of a soil 
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deposit during an actual earthquake. These correlations are mostly dedicated to the assessment of 
the liquefaction resistance of soils and, as such, will not be dealt with in this lecture. Finally, all the 
testing methods used for assessing the global behaviour of a structure, in a broad sense, are not 
treated hereafter. Among these methods, one can list the measurement of ambient vibrations to 
determine the vibrational characteristics of a soil deposit, shaking table or centrifuge tests used for 
the soil-structure interaction studies. 

2 Field Tests

2.1 Generalities 

Nowadays, all field tests for the direct measurements of a soil parameter are based on the meas-
urement of wave propagation velocities (Ballard – Mac Lean 1975; Woods 1994). The principle 
consists in generating in the soil an impulse wave of a known type (compression wave P, shear 
wave S, Rayleigh wave R) and in measuring the time t required for the wave to propagate between 
two receivers separated by a known distance d. The wave propagation velocity is: 

V d t                (1) 

where V represents either VP, VS or VR.
In an elastic isotropic medium, the wave propagation velocity is related to the two parameters 

describing the elastic constitutive behaviour: 
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where G (shear modulus) and represent the Lamé parameters and  the soil mass density. It is 
often more convenient to relate VS and VP to the shear modulus G and to some other parameters 
which may be Poisson’s ratio , bulk modulus B or Young’s modulus E. These parameters are 
related to VS and VP by: 
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Except for the ideally homogeneous isotropic elastic medium, which does not exist, the inter-
pretation of measurements in terms of Rayleigh waves is more difficult; the spectral analysis of 
surface waves (SASW) described hereafter is based on the measurement of this wave propagation 
velocity. In a homogeneous medium, the knowledge of VR allows for the computation of VS once 
Poisson’s ratio is known; the ratio VR/VS varies between 0.92 and 0.96 when  increases from 0.25 
to 0.5. 

In all tests, the mechanical device for generating the impulse wave does not involve a large 
energy and consequently the induced strains in the soil remain small and the soil behaves elasti-
cally. Equations (2) to (4), derived from the theory of elasticity, are applicable and the computed 



moduli of deformation are associated with the elastic, or small strain values (strains smaller than 
10-6).

2.2 Measurement of Material Damping 

Theoretically, the variation of the wave amplitude between the receivers gives the wave attenua-
tion. This attenuation is composed of two terms: one is related to the inelastic attenuation of the 
medium in which the wave propagates, which is small since the soil behaves quasi elastically, and 
one is related to the geometric attenuation arising from the expansion of the wave front from the 
source. These two terms are referred to as material damping and geometric (or radiation) damping 
respectively. The radiation damping is a function of subsurface topography (profile, discontinui-
ties,…), wave type and distance from the source to the receiver; it is predominant and could 
theoretically be evaluated. In practice, in view of our partial knowledge of the subsurface topog-
raphy, the accuracy of such a computation is poor and does not allow for the evaluation of the 
material damping which is an order of magnitude smaller than the radiation damping. 

To avoid the explicit computation of the radiation damping, Stewart and Campanella (1993) 
have proposed an interpretation method, named Spectral Ratio Slope (SRS). The material damping 
is computed from: 
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in which the double differentiation (with respect to frequency f and depth z) eliminates the 
contribution of radiation damping. In equation (5), A0 and AR represent the Fourier transform 
amplitudes of the reference and recorded signals at depth z where material damping is computed. 

2.3 Determination of Propagation Time 

All methods require an accurate determination of the propagation time t of a wave between two 
receivers (equation(1)). Two techniques can be used: 

Direct measurement from the temporal signals; 
Indirect measurement from the cross-correlation function of the signals, computed either 
in the time domain or in the frequency domain. 

Direct measurement 
Traditionally, direct measurements are more often used. The main difficulty lies in an accurate 

identification of the time of arrival of a given wave. If for the compression wave P, the fastest one, 
the identification is easy, the situation is trickier for the shear wave S which reaches the receiver 
embodied in the wave train. Equations (2) and (3) point out the advantage of picking up the shear 
wave arrival, which allows for a direct computation of the shear modulus. In order to favour the 
formation of shear waves, mechanical sources have been developed which must be preferred to 
explosive sources; the small imparted energy developed by these mechanical sources does not 
constitute a limitation of the method since it is always possible to sump up many signals to produce 
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signals with a high signal to noise ratio. Figure 1 illustrates the direct determination of a shear wave 
propagation time between two receivers located in adjacent boreholes. 

Figure 1: Direct determination of shear wave travel time 

In order to facilitate the detection of shear waves, some mechanical sources offer the possibility 
of inverting the direction of the impulse. This inversion induces a different polarity for the shear 
wave, the detection of which on the traces of the signals is easier; the polarity of the compression 
wave is not affected. 

Indirect measurement 
With the development of computers, data processing techniques allow for a more accurate 

determination of the wave propagation time, which, in addition, can be automated. These indirect 
determinations are based on the computation of the cross-correlation function of two signals. Let 
g(t) and h(t) be two records obtained simultaneously at two receivers; their cross-correlation func-
tion is defined by: 

0
d
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where T is the total duration of the signal and  the time lag. If both functions g(t) and h(t) are 
proportional, but if one is shifted by a quantity t* with respect to the other, the cross-correlation 
function (t) is maximum for = *. This value t* represents the time required for the wave to 
propagate from one receiver to another. In practice, the wave forms at both receivers are not iden-
tical because of dispersion and inelastic attenuation but the cross-correlation function of both 
signals exhibits a maximum at a time approximately equal to the wave propagation time. Figure 2 



presents the cross-correlation function of both signals of Figure 1; the maximum is obtained for 
t=11.64msec, to be compared to 11.55msec read off the traces from a direct determination, i.e. a 
difference of 0.8%. 

Figure 2: Cross- correlation function of signals of figure 1. 

2.4 Distance Measurement 

Equation (1) shows that the accuracy of the wave velocity determination V is related to the quality 
of the evaluation of t and of the distance between the receivers. This last measurement does not 
pose any particular difficulty when the receivers are at the ground surface; on the other hand, for 
in-hole measurements, it is mandatory to measure the verticality of holes to accurately know the 
exact distance between receivers at the depth of measurement; even high quality boreholes can 
deviate by 1% to 2%. It is worth noting that for some in-hole measurement techniques, suspension 
logging, the distance between receivers is fixed and therefore is not a cause of error. 

3 Field Measurement Techniques 

The geophysical tests can be classified in two categories: 

Tests realized from the ground surface, such as seismic refraction or spectral analysis of 
surface waves. These tests have the definite advantage of being easy to realize and have a 
comparatively low cost. The counterpart is the difficulty in the interpretation of the re-
sults which either requires crude schematization of the medium or very sophisticated 
numerical modelling. 

Tests realized in holes or between holes. These tests are more difficult to implement and 
have a higher cost, but they give more comprehensive and easier to interpret information. 

During the last decade, in-situ testing techniques have moved very fast towards a reduction in 
cost and easier implementation; this trend is equally applicable to measurements from the ground 
surface (SASW) and to in-hole measurements (seismic cone). They should allow for the determi-
nation of the dynamic soil parameters on a routine basis, even for projects of secondary importance. 
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3.1 Tests Realized from Ground Surface 

Seismic refraction 
This method is well suited for preliminary site investigations but its implementation could be 

difficult. Theory and exploration techniques are well known and have been described in details in 
textbooks (Richart et al, 1970). The method consists in determining the propagation time of body 
waves (P or S) generated by a surficial source to a linearly aligned network of receivers. According 
to the soil profile beneath the receivers, the waves propagate either directly towards the receivers, 
or along refracted paths at interfaces between layers. For a three layers soil profile (two soil layers 
overlying a bedrock), the refraction paths are indicated in Figure 3.  

Figure 3: Seismic refraction 

The slopes of the straight lines obtained by plotting the propagation time versus the distance are 
equal to the wave velocities. The source should preferably give rise to shear waves, which is 
achieved by horizontally hitting a block laid on the ground and vertically loaded. With this tech-
nique, an almost pure shear wave propagates perpendicularly to the source. Interpretation of the 
tests is done assuming that the wave velocity increases with depth. If this condition is not satisfied 
significant errors can affect the interpretation. Likewise, the presence of a soft layer (with a smaller 
wave velocity) entrapped between two stiff layers cannot be detected. Finally, in this method, the 
waves propagate near the layers interfaces; it is therefore impossible to sample an average wave 
velocity for the layer under consideration. 

Spectral analysis of surface waves 
This method represents an extension, and an improvement, of the harmonic vibration of a block 

foundation resting on the ground surface (Stokoe – Nazarian, 1985). In this older method, the wave 

17m

10 20

10

20

30

Distance (m)

T
im

e 
(m

s)

V1=400 m/s

V2=1220 m/s
V3=3050 m/s

7.3m

Silt-loam

Gravels

Rock

Geophone

Source

3m

8.5m

17m

10 20

10

20

30

Distance (m)

T
im

e 
(m

s)

V1=400 m/s

V2=1220 m/s
V3=3050 m/s

7.3m

Silt-loam

Gravels

Rock

Geophone

Source

3m

8.5m



length R of a Rayleigh wave generated by the block foundation vibrating at frequency f is meas-
ured with a geophone moved on the ground surface. In a homogeneous soil profile, this velocity is 
frequency independent. In a layered profile, the wave propagation is frequency dependent and the 
relationship between frequency and wave velocity is called the dispersion curve; this phenomenon 
arises from waves with different wave lengths propagating in different layers: high frequency 
waves (short wave lengths) propagate near the layers interfaces; low frequency waves propagate in 
shallow and deep layers. Altering the vibration frequency allows to sample different depths and to 
derive a Rayleigh wave velocity profile and, if Poisson’s ratio is known or estimated, a shear wave 
velocity profile. 

The SASW method takes advantage of a more refined analysis of the records for the layered 
profile and of an easier and faster implementation. The generation of Rayleigh waves is produced 
by an impulse loading at the ground surface. Recorded signals are digitized and transferred into the 
frequency domain, the phase shift (f) between two recorded signals is determined, from which the 
propagation time and the wave propagation velocity are computed. Repeating these steps for 
different frequencies, the dispersion curve can be established. Figure 4 presents a dispersion curve 
constructed from the SASW method (Stokoe et al, 1994). 

Figure 4. SASW test 

The theoretical curve is compared to the experimental one and the wave velocity profile altered 
until a good agreement is reached between both curves. The wave velocity profile computed at the 
last iteration is deemed to represent the actual velocity profile. This procedure is illustrated in 
Figure 4 (Stockoe et al, 1994) which shows the evolution of the velocity profile with the iterations 
and the measured dispersion curve. The final wave velocity profile has been compared to meas-
urements from a nearby cross-hole test, validating the results. However, the SASW method yields a 
stepped wave velocity profile as opposed to the more continuous variation obtained from a 
cross-hole test; this arises from the sampling method which is more global in the SASW method. 

3.2 In-Hole Testing

In-hole tests can be grouped into two categories: those which require the prior drilling of bore-
hole(s) in which measuring devices are lowered down (cross-hole, down-hole, suspension logging) 
and those for which the measuring device is lowered with the drilling tool (seismic cone). For the 
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first category, tubing of the hole with a PVC casing is required and the annular space between the 
casing and the hole must be grouted to ensure a good coupling with the surrounding soil. These 
operations are time and cost-consuming; in addition, as previously mentioned, it is absolutely 
mandatory to measure the holes inclinations. 

Down-hole tests 
The measurement of the wave propagation velocity is performed along one hole. The source is 

placed at the ground surface and the receivers are placed inside the casing. The use of adequate 
sources (horizontal impact of a block foundation) gives rise to predominant shear waves. In its 
simplest version, only one receiver is used and lowered in the hole at successive depths. More 
elaborate techniques take advantage of a set of receivers clamped on the same frame which allow 
for a simultaneous recording of the same input signal. The accuracy in the determination of the 
wave velocity is better because the distances between receivers are perfectly known and because 
the signals are issued from the same impulse. Velocities measured in a down-hole test correspond 
to values along the vertical wall of the hole, for a vertically propagating wave. In-plane variations 
of these velocities cannot be assessed. On the other hand, with a sufficiently small spacing between 
the receivers, it is possible to sample layers with lower characteristics, even if they are entrapped in 
between two stiffer layers. This is one of the major advantages of the method. Figure 5 presents an 
example of a down-hole record. 

Figure 5. Down-hole record 

Suspension logging 
This method, for the measurements of P and S wave velocities, uses only one, preferably un-

cased, hole. The borehole is filled with water or drilling mud. The receivers and the source are 
clamped on the same frame and lowered down at the same time (Figure 6). The source, with the 
capability of inverting the wave polarity, is made of a horizontally oriented solenoid which gener-
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ates a pressure wave in the fluid. When hitting the borehole wall, this pressure wave induces a 
radial displacement in the soil which gives rise to radially and vertically propagating body waves in 
the soil. The propagation and displacement of the boreholes wall in turn induce pressure waves in 
the fluid which are recorded by biaxial geophones. The separating distance between two geo-
phones is 1m which permits an accurate resolution of the signal. The frame with a total length of 
7m is suspended with a wire line from the ground surface; this test set-up makes possible the 
investigation at great depths, in excess of 100m (Nigbor – Imai, 1994). 

Figure 6. Suspension logging test set-up 

Seismic cone 
This is the only in-hole measuring technique which does not require the prior drilling of a 

borehole. The equipment is similar to the one used for cone penetration tests (CPT); in addition to 
the gages for measuring the point resistance, the skin friction, possibly the excess pore pressure, the 
cone is provided with a piezo-resistive gage for the detection of seismic waves and with incli-
nometers for the measurement of verticality (Campanella and Stewart, 1992). The seismic wave is 
generated at the ground surface by any appropriate mechanical device that favours the generation 
of shear waves. Recordings of the signals are made at stops during penetration, every 0.5m or 1m. 
In order to compare the amplitudes of the signals at various depths and to compute the material 
damping (§ 2.2), the source must be capable of generating reproducible signals. The test interpre-
tation is straightforward and resorts to the computation of the propagation time of the wave 
between two successive positions of the receiver. 

The major advantage of the test is, besides its low cost and quick realization, to allow within the 
same test for the determination of different parameters that can be used to characterize the site from 
a geotechnical standpoint: point resistance, friction ratio, pore pressure ratio, permeability, and 
wave propagation velocities. The limitations of the test are similar to those of the down-hole test: 
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good definition of the velocity profile only along the hole, limitation of the sampled depth because 
of the limiting capacity of the source. 

Cross-hole test
Unlike the other in-hole techniques, the cross-hole tests require the drilling of at least two cased 

boreholes equipped with PVC tubings, grouted to the soil. To improve the test quality, it is better to 
use three, or more, aligned boreholes (Figure 7), spaced by a few meters (typically 3m to 10m). The 
impulse is imparted in the emitting borehole and the generated waves are recorded in the receiving 
boreholes with triaxial geophones located at the same depth as the source. The source and the 
receivers are lowered in the holes and clamped to the casing with pneumatic or hydraulic packers. 

Figure 7: Cross-hole test set-up 

The most commonly used sources are mechanical hammers with a vertically oriented stroke 
imparting a shear displacement to the borehole wall; this stroke gives primary rise to shear waves 
propagating horizontally in the soil. This type of sources allows for an inversion of the direction of 
the stroke, which modifies the polarity of the shear waves; in addition, it is possible to sum up the 
signals from different, reproducible, strokes. Use of at least two receiving holes present many 
advantages: 

the propagation time is computed from differential measurements between receiving 
holes, while with a two holes set-up, it is computed between the source and the receiver; 
the coupling between the emitting source and the casing being weaker than the coupling 
between the geophones and the casing, the determination of the initial time (time zero) 
may be subjected to errors. When only two holes are used, it is mandatory to have a geo-
phone stick to the source; 
identification of refraction paths in stiffer layers located at shallow depths below the 
measuring depth is possible. Refraction paths in stiffer layers are a common source of 
error in cross-hole tests (Stokoe and Hoar, 1978). 

The major advantage of cross-hole tests with respect to other in-holes measuring techniques is 
the possibility of obtaining mechanical characteristics within a horizontal plane and not along a 
borehole. Owing to the geological deposition of sedimentary deposits, the variation of soil char-
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acteristics is more pronounced in the vertical direction than in the horizontal one and the cross-hole 
test is therefore well-suited. If the receiving boreholes are arranged along different azimuthal 
directions (usually two mutually perpendicular directions), it is possible to measure the in-plane 
anisotropy of a layer; this possibility might be interesting in highly tectonized rock formations. 

The cross-hole test, owing to its high versatility, and despite its relatively high cost, is the most 
powerful used test for important structures. Depths as deep as 100m can easily be reached in 
cross-hole tests. 

3.3 Conclusions on field tests

All the previously described field techniques require, for an accurate interpretation, an accurate 
knowledge of the soil profile: for the cross-hole tests, it prevents from mistakes in the interpreta-
tion; for SASW it gives an initial guess for the iterative calculations; for all the tests, it helps 
defining a measuring depth increment adapted to the soil profile. It is therefore of paramount 
importance, for an accurate interpretation of the tests, to have a continuous log of a borehole close 
to the test. For the down-hole or suspension logging tests, it can be the testing hole; for the 
cross-hole test, it can be one of the holes. 

In-situ testing techniques differ by the possibilities they offer and the information they provide. 
On the one hand, depths reached with geophysical tests performed from the ground surface 
(seismic refraction, SASW, down-hole, seismic cone) are limited, typically of the order of 50m; on 
the other hand, techniques in which the source is lowered in the hole, maintaining a limited distance 
between the source and the receiver (suspension logging, cross-hole), may sample larger depths, in 
excess of 100m. 

Techniques involving only one hole (suspension logging, down-hole, seismic cone) give only 
local information on the soil characteristics, those of the soil in the immediate vicinity of the hole; 
however, they allow for an accurate definition of the profile. Seismic refraction or SASW tests 
provide global information on the medium, but do not allow for an accurate definition of the soil 
profile. Cross-hole tests are a good compromise giving average in-plane characteristics, at a scale 
of approximately 10m, while maintaining a good accuracy for the definition of the soil profile. 

The main limitation of field tests, besides their inability, in the present state of practice, to in-
duce large strains in the soils and therefore to test the soil behaviour beyond its elastic range, lies in 
the fact that the characteristics are evaluated under the stress field prevailing in the soil profile at the 
time of testing. More than often, constructions involve significant modifications to the stress field 
in the soil: these variations are related to excavations, backfills, modification of the hydraulic 
regime, stress increase due to buildings… Since elastic soil properties (shear modulus, for instance) 
depend upon the effective stresses supported by the soil, these modifications to the initial stress 
field lead to significant variations of the soil mechanical properties which must be assessed. It is 
therefore necessary to evaluate the in-situ stress field at the time of realization of the tests and 
complement the tests with laboratory tests in which variable stress fields can be imposed to the 
sample. For projects of secondary importance, with a limited budget, the variation with stress of the 
soil properties can be assessed on the basis of the classification tests, together with experimental 
published correlations on similar materials.  

Finally, it is mandatory to complement the in-situ geophysical tests with an accurate description 
of the materials and with laboratory tests including, as a minimum, classification tests (water 
content, dry unit weight, grain size distribution, Atterberg limits,…) and, better, tests characterizing 
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the general soil behaviour (compressibility tests, triaxial tests) and the cyclic and dynamic behav-
iour. In addition, the geophysical investigation should give an estimate of the horizontal and 
vertical effective stresses in the soil at the time of the survey to allow for a correct interpretation of 
the tests and for an extrapolation of the results to other stress conditions. 

4 Laboratory testing 

Some aspects of dynamic soil behaviour are easier to study in a laboratory, under controlled stress 
conditions. In addition, a comprehensive understanding of the soil behaviour under cyclic loading 
requires the realization of numerous tests carried out under various stress conditions and load paths. 
These conditions can only be achieved in a laboratory. However, to be representative of the actual 
soil behaviour, these tests have to be performed on truly undisturbed samples, which are capable of 
restoring the past history of the deposit in terms of strain and stress paths. This stress-strain history 
induces, from the microstructure standpoint, specific grains arrangements and bonding conditions 
between the grains. Since it is not conceivable to reproduce this microstructural arrangement, one 
has to rely on truly undisturbed samples which preserve this structure. This requirement of using 
truly undisturbed samples is the main difficulty which has to be faced for laboratory testing. 

If sampling techniques of fine, cohesive materials (clay, mud, clayey silts) are well-established 
and efficient, it has always been a challenge to sample cohesionless, uniformly graded, materials. 
During the last decade, new techniques have emerged but their costs remain high for common 
projects. Among these techniques, one can list the freezing technique which has given satisfactory 
results and a new one, still in an experimental phase, which consists in filling the voids, by a 
temperature rise, with natural polymer, Agarose (Sutterer et al, 1996). Both techniques appear 
capable of preserving the particles arrangement during sampling and setting in the laboratory 
apparatus; soil disturbance is reduced to a minimum.  

Among the laboratory tests, it is possible to make a distinction between the tests which can 
apply only one stress path from those which can impose various stress paths. As a rule, the first 
category of tests have been developed to duplicate as closely as possible the stress-strain path 
followed in-situ by a representative soil element. In those tests, the testing procedure is almost 
always the same: the undisturbed sample is consolidated under a (isotropic or anisotropic) stress 
state. For the test, this state of stresses is not necessarily identical to the in-situ stress state; however, 
for the interpretation of the test and its transposition to field conditions, it is necessary to evaluate 
this state of stresses with respect to peculiar states (in-situ stresses, preconsolidation pressure,…). 
After consolidation, the drainage valves are closed and the cyclic load is applied under undrained 
conditions. If the sample is saturated, no volume change takes place during loading; for unsaturated 
sample, some volume change takes place but its measurement is almost impossible. The testing 
procedure (consolidation followed by undrained loading) is close to actual field loading conditions. 
As a matter of fact, in the frequency range of interest (0.5Hz to 10Hz), most soils can be considered 
as loaded under undrained conditions. Resonant column tests and cyclic simple shear tests belong 
to this category. 

The second category of tests have the capability of testing samples under various initial stresses 
and stress (or strain) paths, still preserving a uniform stress conditions within the sample, a good 
control on the volume change,… These tests can be used for the determination of parameters 
entering a general stress-strain constitutive law. On that account, the environmental testing condi-



tions may widely differ according to the objective: tests may be performed under drained or 
undrained conditions with pore pressure measurement. Cyclic torsional shear tests on hollow 
cylinder and cyclic triaxial tests belong to that category. 

Generally speaking, it is also possible to group the laboratory tests into three categories (Wood, 
1978): free vibration tests, resonant tests and forced vibration tests for the measurement of hys-
teresis loops. The latter tests are usually performed at much lower frequencies (or the order of 1Hz) 
than the resonant tests; they are the only ones capable of loading the sample up to failure. Meas-
urements of propagation wave velocities are seldom used for soil samples. This classification is 
adopted in the following. 

4.1 Free Vibration Tests

The basic principle of the test consists in applying an initial displacement to the sample and to let it 
come back to its initial position in free vibration. According to the initial deformation, the vibration 
can be longitudinal, transverse or torsional. Measurement of the vibration frequency and of the 
attenuation of the vibration amplitude, allows for the computations of a modulus of deformation 
and of the logarithmic decrement which is related to the material damping. With this method, soil 
characteristics can be measured in a strain range extending from 10-5 to 10-2 (Seed – Idriss, 1970). 
In everyday practice, this technique is seldom used. 

4.2 Resonant Tests 

The basic principle of the test consists in applying forced vibrations to the sample and to tune the 
frequency of excitation until resonance occurs. The applied vibration can be longitudinal, trans-
verse or torsional. Transverse vibrations can be applied with shaking tables and longitudinal or 
torsional vibrations with resonant column apparatus. A simplified sketch of a resonant column 
apparatus, which has been studied in details by Drnevich (1977), is given Figure 8. 

Figure 8: Resonant column test 
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The load is applied with electrical coils placed in a magnetic field. The input frequency of the 
alternating current is modified until resonance (for the first mode) occurs. The sudden stop of the 
applied load allows the sample to come back to its initial position under free vibrations; the material 
damping can be computed from the attenuation of amplitudes. Alternatively, material damping can 
be computed from the phase shift between the applied force and the induced displacement. 
Knowledge of the resonant frequency and of the associated mode shape (generally the fundamental 
one) is sufficient to compute the modulus of deformation, provided the constitutive relationship is 
fixed, a priori. In the resonant column test, in view of the small induced strains, elastic, or 
quasi-elastic, soil behaviour is assumed. For torsional loading, if  denotes the rotation angle of the 
sample cross-section, J0 and J the mass moment of inertia of the top mass and of the sample, the 
sample height and VS its shear wave velocity, the frequency equation of motion is: 

0 S S

tan
J
J V V

                        (7)

In the testing procedure, the input frequency is increased from a small value, of the order of 
10Hz, until resonance is detected, either with a velocity transducer or an accelerometer placed on 
top of the sample. In the first case, the figure produced on an x-y oscilloscope is a straight line; in 
the second case, it is an ellipse with horizontal and vertical axes. At resonance, the displacement at 
the top is obtained from the accelerometer (or velocity transducer) and the shear strain computed. 
Increasing the current intensity in the electromagnetic coils increases the induced strain. Material 
damping is computed either in steady state vibration from the phase shift between the force and 
the displacement or from the logarithmic decrement  measured under free vibration after 
switching off the power (eq.(8)). 

tan 2 2,                 (8) 

The resonant column test is as flexible as the cyclic triaxial test with possibilities of drainage 
control, pore pressure measurement, large range of consolidation stresses. On the other hand, the 
load path is unique: either a torque to measure the shear modulus G, or a longitudinal force to 
measure the Young’s modulus E. Commercial apparatus have both capabilities, with successive 
applications on the same sample of both types of loading; they can therefore be used to evaluate all 
the elastic parameters, at least for an isotropic material. To compute the elastic parameters, only the 
resonant frequency and the geometric characteristics of the sample of the apparatus are required; 
neither strain nor displacement, measurements are necessary. The accuracy is therefore higher than 
in a test where the modulus is computed from force and displacement measurements. 

The resonant column test measures the soil characteristics in a strain range included between 
10-6 to approximately 5 10-4 for torsional tests and at smaller strains in axial tests. With hollow 
cylinders, strains up to 10-2 can be reached (Anderson, 1974). These latter tests have the advantage 
of creating a uniform strain field within the sample, but render the sample set-up extremely diffi-
cult. For strain amplitudes smaller than 10-4, most soils behave elastically and the test is non 
destructive; it is then possible to perform several tests on the same sample by varying the ambient 
conditions (stresses, temperature,…). 
To conclude, it is worth noting that resonant column tests are accurate and reproducible. 
Skoglund et al (1976) have shown that results obtained from six different laboratories, with 



different apparatus, but with the same soil material and testing procedures, are in good agree-
ment. At the present stage, the test has been standardized (Drnevich et al, 1978). 

4.3 Forced Vibration Tests 

These tests were originally intended to duplicate as closely as possible, in the laboratory, the stress 
(or strain) paths followed by a soil element in the field; the cyclic simple shear test has been de-
veloped for that purpose. In these tests, a known cyclic stress (or strain) is applied to the soil sample 
and the induced strain (or stress) is measured. Typically, tests are performed at frequencies of the 
order of 1Hz (0.3 to 2Hz). The hysteresis loop is determined and, according to the stress path, the 
relevant parameters for the characterization of the soil behaviour are computed: for instance, in a 
simple shear test, the secant shear modulus and the equivalent damping ratio for the visco-elastic 
linear equivalent soil constitutive model. Nowadays, with the increasing development of more and 
more sophisticated constitutive relationships, numerous and complex parameters are required. 
Measurement of these parameters has become possible with the significant technological advances 
in the apparatus, test driving and servo-control equipment, data acquisition systems provided by 
micro computers. 

Cyclic triaxial tests or torsional cyclic tests on hollow cylinders have the capability of applying 
widely different complex stress paths, which makes possible the determination of other parameters 
than a modulus of deformation or a hysteresis loop. More generally, forced vibration tests are 
well-suited for measuring characteristics in a strain range extending to 5 10-4 up to failure. It is no 
possible with commercial apparatus to reach smaller strains, associated with displacements of a few 
microns for standard size laboratory samples (diameter of the order to 70mm). In fact, evaluation of 
a modulus requires the measurement of a force and of a displacement; this latter quantity, with 
usual LVDT’s, is not accurate because contact deformations at the cap and base of the sample may 
reach a few microns. Only specially designed devices give access to smaller deformations. As a 
general rule, forced vibration tests are a good complement to resonant column tests for the 
evaluation of soil characteristics in a higher strain range. Figure 9 (adapted from Woods, 1978) 
summarizes the domain of validity of each test. 

Figure 9 : Domains of application of laboratory tests 

Cyclic triaxial test 
The cyclic triaxial test has first been used by Seed and Lee (1966) and is presently the most 

widely used laboratory apparatus, especially for the evaluation of the cyclic strength. Conceptually, 
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the apparatus is similar to the triaxial apparatus used in Soil Mechanics for monotonic tests; some 
adaptations are however required to increase the accuracy of the measurements, especially at small 
strains. One can mention: a stiffer frame, the absolute requirement of having the load gage located 
inside the triaxial cell to get rid of piston friction,… With these modifications, the cyclic triaxial 
apparatus presents all the needed versatility and most of the advantages one can expect from a 
laboratory equipment: good definition of an otherwise homogeneous stress field, possibility of 
saturation of samples, capability of applying isotropic or anisotropic consolidation stresses, pore 
pressure measurement devices,…To improve the accuracy of the strain measurements, El Hosri 
introduced proximity transducers located in the central third of the sample; the displacement 
measurement is done without any contact with an induction coil and a metallic target placed in the 
magnetic field of the coil. The accuracy on displacements is of the order of 0.2 m (strain of the 
order of 10-6). Increasing the sample diameter from 30mm to 300mm, preserving the aspect ratio of 
2, also increases significantly the accuracy, since the same strain, 10-5, corresponds to à 0.8 m
displacement for a 38mm diameter sample to 1.4 m for 70mm and to 6 m for 300mm (Dupas et al, 
1988).

In everyday practice, the cyclic triaxial test is used for the evaluation of Young’s modulus 
which can be converted into shear modulus provided Poisson’s ratio is known, or for the undrained 
cyclic strength. In those tests, the sample is isotropically consolidated and subjected, under constant 
volume condition (undrained loading on a saturated sample) to an increase of the axial stress by a 
quantity d/2. Cyclic triaxial tests can be performed under strain, force or stress controlled condi-
tions. Young’s modulus is calculated from the ratio of the axial stress to the axial strain . The shear 
modulus (secant modulus) and the shear strain  are computed from these parameters. The 
equivalent damping ratio  is obtained either directly from the area of the hysteresis loop, or from 
the phase shift between the force and the displacement (eq. (8)). Data processing techniques de-
scribed for field tests (cross correlation function) can be used to evaluate the phase shift. 

The cyclic triaxial test is also used for the evaluation of the cyclic undrained strength of sands. 
In that case, the test is performed under force, or better stress, controlled conditions. The test is 
pursued until failure of the sample by liquefaction occurs; during the test, the applied stress, in-
duced strain and pore pressure are continuously recorded. Cyclic triaxial tests are reliable and 
reproducible; cyclic undrained strengths measured on the same material with similar testing pro-
cedures in eight different laboratories using different equipment proved to be similar (Silver et al, 
1976).

Cyclic simple shear test
The cyclic simple shear-test has been developed to study the stress-strain behaviour of soils 

under pure shear stress fields. Samples can be tested under plane strain conditions with possible 
rotation of the principal stresses during the test. It must not be confused with the direct shear test, 
developed by Casagrande, which is not suited for the study of the stress-strain behaviour. This test 
has long been considered as the test which most closely duplicates the field stress conditions in a 
soil element subjected to the vertical propagation of shear waves. The first tests under cyclic loads 
have been reported by Peacock and Seed (1968) and Silver and Seed (1971). 

Presently, the most commonly used apparatus are derived from the original Norwegian Geo-
technical Institute (NGI) device; the cylindrical sample is wrapped in a reinforced rubber 
membrane. The sample is consolidated under a vertical effective stress ’v and is radially confined 



by the reinforced membrane under a horizontal stress K0 ’v (K0, coefficient of earth pressure at 
rest). The cyclic shear stress is applied at the top horizontal plane of the sample with a hydraulic or 
pneumatic device; the membrane stiffness enforces a near simple shear deformation of the sample. 
Undrained tests are performed by keeping the volume constant, assuming that the vertical stress 
variation required to maintain the sample height constant is equal to the pore pressure variation that 
would be measured in truly undrained tests (De Groot et al, 1991). 

Numerous numerical studies (Hvorslev – Kaufman, 1952; Roscoe, 1953; Duncan – Dunlop, 
1969; Prevost – Hoëg, 1976) have pointed out the role played by the missing complementary shear 
stress on the vertical sides of the sample; to satisfy the equilibrium conditions, the resultant of the 
normal stresses on the top and bottom faces induces a moment which counterbalances the moment 
developed by the shear stresses on the same planes. Therefore, the distribution of shear and normal 
stresses is no longer uniform. However, experimental studies (Finn et al, 1971, Vucetic – Lacasse, 
1982; De Groot et al, 1994) have shown that, except for the behaviour at large strains, beyond the 
peak shear stress, tests results do not seem to be affected by this lack of homogeneity. The use of 
the simple shear device is therefore justified. However, the versatility of the test is less than for the 
triaxial test (difficulty to control the volume change, no control on the radial stress, only one 
possible stress path,…). This test is however used either for the measurement of stress strain 
properties (shear modulus) or for the evaluation of the cyclic undrained shear strength. 

Torsional cyclic shear tests
To ensure more homogeneous stress fields within the sample and to have control on the radial 

stress, Hardin et Drnevich (1972) have developed a torsional cyclic shear device to test hollow 
cylinders. Obviously, this apparatus cannot be used for testing undisturbed cohesionless samples 
and poses many difficulties for the set-up of cohesive samples. It is therefore not used in everyday 
practice. With the capability of executing on the same sample resonant column tests and forced 
vibration tests, this device gives access to the cyclic stress strain behaviour over the whole strain 
range of interest. It can also be used for the evaluation of the undrained cyclic shear strength. 
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Abstract. Usually in the seismic design of ordinary building, soil structure interaction is 
neglected and the dynamic response of the structure is evaluated under the assumption of a 
fixed based response. However during seismic loading the soil undergoes deformations 
which are imposed to the foundation; the question naturally arises of knowing if the motion 
in the vicinity of the structure is altered by the presence of the structure and how the structure 
response is modified by the compliance of the supporting soil. This interaction between the 
structure and the soil is named soil-structure interaction (SSI). The purpose of this chapter is 
to illustrate whether and under which conditions SSI is important and what are its conse-
quences on the dynamic response of the structure. 

1 Fundamentals of Soil Structure Interaction 

The earthquake design loads applied to the foundation arise from the inertia forces developed in the 
superstructure and from the soil deformations, caused by the passage of seismic waves, imposed on 
the foundations.  These two phenomena are referred in the technical literature as inertial and ki-
nematic loading.  The relative importance of each factor depends on the foundation characteristics 
and nature of the incoming wave field. 

The generic term encompassing both phenomena is Soil-Structure Interaction (SSI). However, 
more often, design engineers refer to inertial loading as SSI, ignoring the kinematic compo-
nent.  This situation stems from the fact that: 

kinematic interaction may in some situations be neglected; 
aseismic building codes, except for very few exceptions like Eurocode 8, do not even 
mention it; 
kinematic interaction effects are far more difficult to evaluate rigorously than inertial in-
teraction effects. 

Figure 1 illustrates the key features of the problem under study (Gazetas-Mylonakis, 1998).  It 
is presented in the general situation of an embedded foundation supported on piles but all the 
conclusions are valid for any foundation type. The soil layers away from the structure are subjected 
to seismic excitation consisting of numerous incident waves: shear waves (S waves), dilatational 
waves (P wave), surface waves (R or L waves).  The nature of the incoming waves is dictated by 
seismological conditions but the geometry, stiffness and damping characteristics of the soil deposit 
modify this motion; this modified motion is the free field motion at the site of the founda-
tion.  Determination of the free field motion is in itself a challenging task because, as pointed out by 
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Lysmer (1978), the design motion is usually specified at only one location, the ground surface, and 
the complete wave field cannot be back-calculated from this incomplete information; that is the 
problem is mathematically ill posed.  Assumptions have to be made regarding the exact composi-
tion of the free field motion and it can be stated that no satisfactory solution is available to date. 

Figure 1 : Illustration of soil structure interaction on the structure response 

Let us now consider the motion around the structure and its foundation: the seismically de-
forming soil will force the piles and the embedded foundation to move, and subsequently the 
supported structure.  Even without the superstructure, the motion of the foundation will be different 
from the free field motion because of the differences in rigidity between the soil on the one hand, 
and the piles and foundations on the other hand; the incident waves are reflected and scattered by 
the foundation and piles which in turn are stressed developing curvatures and bending mo-
ments.  This is the phenomenon of kinematic interaction. The motion induced at the foundation 
level generates oscillations in the superstructure which develop inertia forces and overturning 
moments at its base.  Thus the foundation, the piles, and eventually the surrounding soil experience 
additional dynamic forces and displacements.  This is the phenomenon of inertial interaction. 

Obviously the foundation, in a broad sense, must be checked for the combined inertial and 
kinematic loading. 

For the evaluation of SSI effects of linear systems the most appropriate constitutive model for 
the soil is either the linear elastic or, more commonly, the equivalent viscoelastic linear model. 
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However, as it will be shown, soil non linearities can often be accounted for in an approximate 
manner, just by choosing appropriate values for the soil parameters. 

2 Illustration of SSI on a simple example 

The effect of soil structure interaction can be illustrated with the simple idealized model of the 
structure depicted in Figure 2 (Wolf, 1985). 

Figure 2: Idealized model for SSI illustration 

The structure is modeled by a mass, a spring and a dashpot placed at an elevation h above the 
foundation. The connection between the structure and the foundation is ensured by a rigid beam. 
The foundation rests on the soil deposit and its interaction with the soil is, for the time being, 
modeled by springs and dashpots, called foundation impedances that will be defined later. The 
spring represents the stiffness of the supporting medium and the dashpot reflects the dissipation of 
energy arising from the soil itself (material damping) and from the radiation of the seismic waves 
away from the foundation. For the sake of simplicity, material damping is neglected with respect to 
radiation damping, which is a valid approximation for homogeneous soil deposits at moderate 
strain amplitudes. The system depicted in Figure 2 possesses 3 degrees of freedom: 

The horizontal displacement of the mass um

The horizontal displacement of the foundation u0

The rotation  of the foundation 

It is subjected to a horizontal harmonic support displacement with circular frequency  and 
amplitude ug. The dynamic equilibrium equations of the system can be easily established from 
Lagrange equations with the following generalized coordinates 

1q u       the relative displacement of the mass with respect to A 

2 0q u      the horizontal displacement of the foundation 

3q       the rotation of the foundation 
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The absolute displacement ut of the mass is related to the previous parameters by : 

t
g 0u u u u h (1) 

The kinetic energy of the system is given by 
2

0

1
2

(2) 

And its potential energy by: 

2 2 2
0

1
2

(3) 

The work of the non conservative forces is coming from the dashpots: 

0 0 (4) 

Introducing the dimensionless damping ratios  

2
,

2 2
                (5) 

the dynamic equilibrium equations in the frequency domain are: 
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An elimination of the variables u0 and  between the three equations (6), introducing the nota-

tions 2, ,  given that , h,  1 leads to the relative 

displacement of the mass: 

g2
s

2

2

2

h2
h

2

2
s

2

uu)i2i21()i2i21(i21     (7) 

The response of a one degree of freedom oscillator with the same mass m, an eigenfrequency 

and a damping ratio  subjected to a harmonic displacement with amplitude and fre-

quency  at its base is equal to: 

2 2

2 2
1 2                     (8) 

The one degree of freedom oscillator will have the same response as the SSI system provided 
the following relations hold:  



2 2 2 2

1 1 1 1

2 2 2

2 2 2
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Examination of equations (9) shows that the effect of soil structure interaction is  

To decrease the frequency of vibration of the fixed base structure ( );

To increase the damping ratio of the system ( ) with respect to the fixed base 

structure;
To decrease the amplitude of the effective input motion at the base of the structure 
( ).

The previous conclusions are illustrated in Figure 3 which presents for a circular foundation 
resting on the surface of a homogeneous elastic halfspace the variations of the quantities 

, ,  as a function of the dimensionless parameters  

3
, , (10) 

Whre r is the radius of the foundation, Vs and  the shear wave velocity and mass density of the 
halfspace. Figure 3 clearly shows that soil structure interaction is more pronounced for soft soil 
conditions (increasing s) and for heavy structures (increasing m).

3 Formulation of a Soil Structure Interaction Problem 

Before examining the different ways to take into account SSI in a dynamic analysis, it is useful, and 
illustrative, to formulate the problem in a general sense. That formulation is presented within the 
framework of the finite element method. In fact the complexity of the problem to solve is beyond 
the capability of closed form solutions and numerical solutions are required. However, other 
numerical techniques can be used, such as boundary element techniques; nevertheless, the concepts 
that are presented below are general and not restricted to finite element solutions; as a matter of fact 
the results could also have been obtained from the Principle of Virtual Rate of Work. The dynamic 
equilibrium equations are obtained with reference to Figure 4, which is a schematic representation 
of a SSI problem. 

Denoting and,  the mass, damping and stiffness matrices the dynamic equi-

librium equations are: 

(11) 
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Figure 3 : Illustration of the influence of soil structure interaction 
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Figure 4 : Decomposition of a SSI problem 

The source of the incident motion (earthquake focus) is usually not included within the finite 
element model; therefore, the loading vector {Qf} has non zero values on the boundary of the 
model. This boundary is assumed to be sufficiently remote from the structure in order that the 
motion at the boundary is not influenced by the presence of the structure. Without the structure the 
equations of motion are identical to equations (11) with indices “f” representing the quantities 
related to the free field soil: 

           (12) 

It is worth noting that equation (12) can only be solved provided some hypotheses are made 
with respect to the nature and direction of the incident motion. Introducing the interaction dis-
placement {ui} defined by: 

(13) 

The equation satisfied by {ui} is 

           (14) 

with 

   (15) 

The load vector {Qi} is determined from the free field displacements. For linear systems equa-
tions (13) to (15) show that the SSI problem is decomposed in the sum of a site free field response 
analysis (equation (12)) and of a source problem in which the load vector {Qi} has only non zero 
components at the nodes common to the structure and to the soil (basement) as illustrated in Figure 
4. The total displacement for the SSI problem is then given by equation (13).  

Equation (15) clearly points out that there is interaction as soon as there is a difference in stiff-
ness and/or mass between the soil and the structure. To simplify the demonstration let us leave out 
the damping term in equation (15) and restrict our problem to that of a structure at the surface of a 
horizontally layered soil profile subjected to the vertical propagation of body waves. Under these 
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conditions, in the free field, all the points at the soil surface move in phase; if the foundation is 
infinitely stiff the last term in equation (15) vanishes; the load vector reduces to: 

                   (16) 

The forces {Qi} at the base of the structure give rise to a support motion, equivalent to an in-
ertial force field in the superstructure. Consequently, interaction is only generated by inertial forces 
in the structure; this phenomenon is named inertial interaction.

Let us consider now an embedded structure, the mass of which is zero above the ground and 
equal and equally distributed to the soil mass for the embedded part. The load vector becomes: 

                    (17) 

These forces arise only from the difference in stiffness for the embedded part between the 
structure and the soil. Even with the same mass, there is interaction; this kind of interaction is 
named kinematic interaction. It arises from the stiffness of the foundation that prevents it from 
following the displacements imposed by the soil. That kind of interaction may be equal to zero as 
shown previously for surficial foundations, or negligible under certain circumstances, like very 
flexible piled foundations. However, for stiff embedded structures it may be very significant. 

In the most general situation, soil structure interaction arises from both phenomena: inertial and 
kinematic interaction. Figure 4 and the previous developments illustrate the two broad approaches 
for evaluating SSI; Figure 4(a) corresponds to the direct methods the solution of which is obtained 
by a direct solution of equation (11). This approach does not involve any superposition and is 
therefore well suited for non linear systems. Alternatively, substructure methods take advantage of 
the decomposition of Figure 4(b) and (c), or of similar decompositions, to solve the global problem 
in successive steps. These methods are obviously only applicable to linear problems. 

4 Superposition Theorem for Soil Structure Interaction 

Decomposition of SSI in inertial interaction and kinematic interaction, as exposed in paragraph 3 is 
not only convenient to illustrate the fundamentals of SSI but also give rise to solution techniques 
based on sub-structuration methods. The validity of these methods relies on the superposition 
theorem established by Kausel (1978) and Roesset (1973). This theorem states that the response of 

the system depicted in Figure 4(a), subjected to a base acceleration  can be obtained by: 

Either with a direct solution of equation    (18) 

with 
      the vector of relative displacement with respect to the base f the model 
       a unit vector giving the direction of load application 

and   the mass and stiffness matrices 

or in two steps by defining the vector of relative displacement  as the sum of kine-

matic interaction displacement  and of inertial interaction displacements :



kin iner (19)

and by solving the simultaneous system of differential equations 

Soil kin kin Soil g (20) 

iner iner St kin g  (21) 

in which Soil Stand  represent the mass matrices of the soil substructure and of the 

structure Soil St .

Equivalence between equation (18) and equations (20)-(21) is established by simple addition 
taking into account equation (19) and the previous definition of the mass matrices. 

Figure 5 : Superposition theorem (Kausel, 1978) 

Equation (20) gives the response of a massless structure to the incident motion g . Its solution 

provides the kinematic interaction motions that are used as input motions for the solution of equa-
tion (21). In the solution of equation (21) the soil can be modeled with finite elements or 
equivalently by a stiffness matrix representing the condensation of all the foundation-soil degrees 
of freedom at the interface; this condensation is only possible in the frequency domain. In that 
framework the stiffness matrix is formed with the complex valued moduli taking into account 
material damping. The stiffness matrix is composed of a real part (the stiffness) and of an imaginary 
part representing the energy dissipation arising either from material damping and/or from radiation 
damping. The terms in the matrix are frequency dependent. 

For a rigid foundation, it is legitimate to replace the (N x N) stiffness matrix (N being the 
number of degrees of freedom at the interface) by a (6 x 6) matrix providing the rigid body motions 
of the foundation. This matrix is called the impedance matrix and can be conceptually viewed as an 
assemblage of springs and dashpots. It follows that the kinematic interaction motions are the rigid 
body motions of the massless structure. 
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The structure of equation (21) reveals that the solution  can be interpreted as the vector 

of relative displacements with respect to a fictitious support subjected to the rigid body motions of 
the foundation. Therefore, under the assumption of a rigid foundation, it is pertinent to split the 
global problem into there sub-problems: 

determination of the motion of the massless rigid foundation subjected to the seismic 
design motion; this steps represents the solution of equation (20); 
determination of the foundation impedance matrix; this matrix is composed of a real and 
an imaginary component, both being frequency dependent; 
calculation of the dynamic response of the structure connected to the foundation imped-
ances and subjected, at its support, to the kinematic interaction motions. 

As long as the foundation is perfectly rigid, this three steps approach is strictly equivalent to the 
resolution of the global problem (equation (18)). The advantage of this decomposition is obvious if 
one of the successive steps can be simplified or ignored: the first step always exists except for a 
surficial foundation resting at the surface of a horizontal layered soil profile subjected to the up-
ward propagation of body waves; in the latter situation solution to step 1 is identical to solving the 
free field site response since kinematic interaction is nil. Solution to the second step can be sim-
plified for common geometries by using published results in the literature. The third step is always 
required; however it is simpler and more common to structural engineers since it resorts to classical 
dynamic analyses. 
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Abstract. Earthquake foundation design is a challenging task that requires analytical capa-
bilities and extensive understanding of soil behaviour and soil structure interaction. The 
classical approach involves the determination of the forces applied to the foundation, the 
seismic demand, and the verification of the bearing capacity, the seismic capacity. However 
not all situations can be tackled with analyses. Seismic building codes and in particular their 
chapters on foundation detailing are fundamental to achieve a safe design. 

1 Overview of Foundation Design 

Design of foundations still remains a challenging task for the earthquake geotechnical engi-
neer. Leaving aside the seismic retrofit of existing foundations, which is an even more difficult 
issue, the design of new foundations raises issues which are far from being totally resolved. One of 
the main reasons stems from the complexity of the problem which requires skills in soil mechanics, 
foundation engineering, and soil-structure interaction along with, at least, some knowledge of 
structural dynamics. 

A parallel between static design and seismic design reveals some similarity but also very 
marked differences. In the early days, static design of foundations put much emphasis on the 
so-called bearing capacity problem (failure behavior); with the introduction of an appropriate 
safety factor, close to 3, the short term settlements were deemed to be acceptable for the structure. It 
is only with the increase in the understanding of soil behavior and the development of reliable 
constitutive models that sound predictions of settlements could be achieved. Not surprisingly, 
earthquake geotechnical engineers have focused their attention on the cyclic non linear behavior of 
soils and on the evaluation of the cyclic deformations of foundations. This was clearly dictated by 
the need for an accurate evaluation of the soil-structure interaction forces which govern the struc-
tural response. It is only during the last decade that seismic bearing capacity problems and 
evaluation of permanent displacements have been tackled. These studies have clearly been moti-
vated by the foundation failures observed in the Mexico City (1985) and Kobe (1995) earthquakes. 

These two aspects of foundation design have reached a state of development where they can be 
incorporated in seismic building codes; Eurocode 8 - Part 5 is certainly a pioneering code in that 
respect.  Nevertheless, a new trend is emerging in earthquake engineering, known as "Performance 
Based Design" (PBD), which definitely needs to be accounted for in earthquake foundation engi-
neering. In this lecture we will focus only on the evaluation of the seismic demand and seismic 
capacity and review the code approach, and foundation detailing, the earthquake resistant desin of 
foundations. 
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2 Aseismic Design Process  

The aseismic design process for foundations is a "very broad activity requiring the synthesis of 
insight, creativity, technical knowledge and experience" (Pender, 1995).  Information is required 
and decisions have to be made at various stages including (Pecker and Pender, 2000): 

1. the geological environment and geotechnical characterization of the soil profile; 
2. the investigation of possible solutions 
3. the definition of the loads that will be applied to the foundation soil by the facility to be 

constructed; 
4. information about the required performance of the structure; 
5. the evaluation of load capacity, assessment of safety factors and estimates of deformations; 
6. consideration of construction methods and constraints that need to be satisfied (finance and 

time); 
7. exercise of judgment to assess potential risks. 

Obviously the process described above is not a linear progression. Several iterations may be 
required, at least from step (2) to step (7), before arriving at a feasible, reliable and economic 
design. In the following we will focus on steps (3) and (5). We will assume that all the required 
information related to the soil characterization and structural performance is available. This in no 
way means that these two items are of secondary importance; the data listed under these items are 
probably the most difficult to assess and considerable experience is required as well as the exercise 
of judgment. 

3 Code Approach to Foundation Design 

In almost every seismic building code, the structure response and foundation loads are computed 
neglecting soil-structure interaction; the dynamic response is obtained from a fixed base analysis of 
the structure.  The belief is that SSI always plays a favorable role in decreasing the inertia forces; 
this is clearly related to the standard shape of code spectra which almost invariably possess a gently 
descending branch beyond a constant spectral acceleration plateau.  Lengthening of the period, due 
to SSI, moves the response to a region of smaller spectral accelerations (Figure 1).  However there 
is evidence that some structures founded on unusual soils are vulnerable to SSI.  Examples are 
given by Gazetas and Mylonakis (1998) for instance. 

This has been recognized in some codes.  Eurocode 8 states that:  
"The effects of dynamic soil-structure interaction shall be taken into account in the case of: 

structures where P-  effects play a significant role; 
structures with massive or deep seated foundations; 
slender tall structures; 
structures supported on very soft soils, with average shear wave velocity less than 100 m/s. 

The effects of soil-structure interaction on piles shall be assessed..." 

In addition, an annex to the code describes the general effect of SSI and a specific chapter 
analyzes its effects on piles and the way to deal with it.  To the best of our knowledge Eurocode 8 is 
the only code which recognizes the importance of kinematic interaction for piled foundations: 



"Bending moments developing due to kinematic interaction shall be computed only when two 
or more of the following conditions occur simultaneously : 

the subsoil profile is of class C (soft soil), or worse, and contains consecutive layers with 
sharply differing stiffness, 
the zone is of moderate or high seismicity,  > 0.10, 
the supported structure is of importance category III or IV." 

Note that implicitly for "normal" soil profiles and ordinary buildings kinematic interaction need 
not be computed. 

Figure 1: Standard spectral shape 

4 Evaluation of Seismic Demand 

4.1 Linear systems 

The standard practice in earthquake foundation design is, on the one hand, to evaluate the seismic 
forces acting at the foundation (seismic demand) and, on the other hand, to check the foundation 
capacity (seismic bearing capacity).

With the tremendous development of computer facilities, there does not seem to be any rational 
reason for neglecting soil-structure interaction.  Most building codes now require that the structural 
response be evaluated using a multimodal analysis, as opposed to a former monomodal analysis 
and this can be performed with most computer codes available on the market. Referring to the 
multistep approach (Kausel, 1978), the last step of an SSI analysis (response of the structure con-
nected to the impedances) can be performed on a routine basis provided that: 
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the system remains linear; 
kinematic interaction can be neglected; 
dynamic impedance functions are readily available. 

Although the superposition theorem is exact for linear soil, pile and structure, it can neverthe-
less be applied to moderately non linear systems.  This can be achieved by choosing reduced soil 
characteristics which are compatible with the free field strains induced by the propagating seismic 
waves: this is the basis of the equivalent linear method, pioneered by Idriss and Seed (1968).  This 
engineering approximation implies that all the soil non linearities arise from the passage of the 
seismic waves and that additional non linearities, developed around the edges of a mat foundation 
or along the piles shafts, are negligible.  Experience shows that it is a valid approximation in many 
situations where large soil instabilities do not occur.  

For some situations, kinematic interaction can be neglected and the second step of the multistep 
approach can be bypassed.  It must be realized however that, if kinematic interaction is thought to 
be significant, there is no simple means for evaluating it; as a matter of fact, evaluation of kinematic 
interaction is almost as difficult as solving the complete SSI problem.  Obviously kinematic in-
teraction is exactly zero for shallow foundations in a seismic environment consisting exclusively of 
vertically propagating shear waves or dilatational waves.  Gazetas (1984) has demonstrated that 
when the piles are flexible with respect to the surrounding soil, kinematic interaction is significant 
for small to medium frequencies. During the last decade, numerous solutions for the dynamic 
impedances of any shape foundations and of piles have been published (Gazetas, 1990).  They are 
available for homogeneous soil deposits but also for moderately heterogeneous ones.  In addition, 
simplified methods are available in the case of pile foundations to account for the group effect 
(Dobry and Gazetas, 1988). 

Figure 2 : Rocking dynamic impedances – example 

Therefore provided all the aspects listed above are properly covered, seismic soil structure in-
teraction can be dealt with at a minimal cost and reduces to the last step of the multistep approach: 
dynamic response of the structure connected to the impedance functions and subjected to the free 
field motion (equal to the kinematic interaction motion).  However to be fully efficient, and to 
allow for the use of conventional dynamic computer codes, the impedance functions which are 
frequency dependent (Figure 2) must be represented by frequency independent values.  The sim-
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plest version of these frequency independent parameters is the so-called springs and dashpots 
assembly.  From the published results, it appears that only under very restrictive soil conditions 
(homogeneous halfspace, regular foundations) can these dynamic impedances be represented by 
constant springs and dashpots.  Nevertheless, structural engineers still proceed using these values 
which, more than often, are evaluated as the static component (zero frequency) of the impedance 
functions. 

However, fairly simple rheological models can be used to properly account for the frequency 
dependence of the impedance functions.  These models can be developed using curve fitting 
techniques, or with physical insight, such as the series of cone models developed by Wolf 
(1994).  Figure 3 shows examples of such models: Figure 3a is the model proposed by De Barros 
and Luco (1990) based on a curve fitting technique; Figure 3b is a class of cone models proposed 
by Wolf.  With such models, which are most conveniently used in time history analyses, the actual 
dynamic action of the soil can be properly accounted for; even "negative stiffnesses", which are 
frequently encountered in layered soil profiles, can be apprehended with those models.  As an 
illustrative example, Figure 2 presents the application of model 3a to an actual bridge pier foun-
dation; the foundation is a large circular caisson, 90 m in diameter, resting on a highly 
heterogeneous soft soil profile.  The "exact" impedances were computed using a frequency domain 
finite element analysis.  Note the very good fit achieved by the model (square symbols) even for the 
negative stiffness of the rocking component.  Clearly, implementation of such simple rheological 
models does not impose a heavy burden to the analyst and represents a significant improvement 
upon the lengthy and tedious iteration process in which springs and dashpots are updated to 
become compatible with the SSI frequencies. 

Figure 3 : Example of cone models 

Before moving to consideration of nonlinear SSI, there in one section of Eurocode 8 which 
provides for a transition between the linear elastic approach discussed above and non linear 
methods discussed below. Table 1 (taken from Eurocode 8) acknowledges that with increasing 
ground acceleration the soil adjacent to a shallow foundation will experience increasing shear 
strains and consequently the stiffness will decrease and the material damping increase. Table 1 
suggests how the apparent average shear modulus and material damping of the soil adjacent will 
change with increasing peak ground acceleration and envisages that an elastic SSI calculation 
would be done with the modified values for the soil stiffness and damping. (Following this sim-

(a) (b)
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plification there is, of course, no frequency dependence on the stiffness and damping parameters 
for the foundation). 

Table  1: Average soil damping factors and average reduction factors (± one standard deviation) for shear 
wave velocity vs and shear modulus G within 20 m depth.(vs max =  average vs value at small strain (< 10-5), not 

exceeding 300 m/s. Gmax =  average shear modulus at small strain.) 

4.2 Non linear systems 

One of the main limitations of the multistep approach is the assumption of linearity of the system 
for the superposition theorem to be valid.  As noted previously, some non linearities, such as those 
related to the propagation of the seismic waves, can be introduced but the non linearities specifi-
cally arising from soil-structure interaction are ignored. The generic term "non linearities" covers 
geometrical non linearities, such as foundation uplift, and material non linearities, such as soil 
yielding around the edges of shallow foundations, along the shafts of piles, and the formation of 
gaps adjacent to pile shafts.  Those non linearities may be beneficial and tend to reduce the forces 
transmitted by the foundation to the soil and therefore decrease the seismic demand.  This has long 
been recognized for foundation uplift for instance (see ATC 40). 

Giving up the mathematical rigor of the superposition theorem, an engineering approximation 
to these aspects can be reached by substructuring the supporting medium into two sub-domains 
(Figure 4). 

Figure 4 : Conceptual subdomains for dynamic soil structure analyses 
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a far field domain, which extends a sufficient distance from the foundation for the soil 
structure interaction non linearities to be negligible; non linearities in that domain are only 
governed by the propagation of the seismic waves, 
a near field domain, in the vicinity of the foundation where all the geometrical and material 
non linearities due to soil structure interaction are concentrated. 

The exact boundary between both domains is not precisely known but its location is irrelevant 
for practical purposes.  This concept of far field and near field domains can be easily implemented 
if one assumes that the degrees of freedom of the foundation are uncoupled: the far field domain is 
modeled with the linear (or equivalent linear) impedance functions whereas the near field domain is 
lumped into a non-linear macro-element.  A simplified rheological representation of this 
sub-structuring is shown in Figure 5 (Pecker, 1998): the macro-element is composed of a finite 
number of springs and Coulomb sliders which are determined from curve fitting to the non-linear 
force-displacement (or moment-rotation) backbone curve, computed for instance with a static finite 
element  analysis (push over analysis). 

Figure 5 : Non linear rheological model for SSI 

Damping in the near field domain arises only from material damping and obeys Masing's law; 
damping in the far field domain is of the viscous type.  Calibration of this simplified rheological 
model against a rigorous 2D dynamic finite element analysis, including all the non linearities 
mentioned previously, shows very promising results. This model can be extended in a more rig-
orous way to account for the coupling between the various degrees of freedom of the foundation, 
especially between the vertical and rotational ones when uplift occurs (Cremer et al, 2000). 

5 Evaluation of Seismic Capacity : Foundation Bearing Capacity 

Once the forces transmitted to the soil by the foundation are determined, the design engineer must 
check that these forces can be safely supported: the foundation must not experience a bearing 
capacity failure or excessive permanent displacements.  At this point a major difference appears 
between static, permanently acting loads, and seismic loads.  In the first instance excessive loads 
generate a general foundation failure whereas seismic loads, which by nature vary in time, may 
induce only permanent irrecoverable displacements.  Therefore, failure can no longer be defined as 
a situation in which the safety factor becomes less than unity; it must rather be defined with ref-
erence to excessive permanent displacements which impede the proper functioning of the 
structure.  Although this definition seems rather simple and the methodology has been successfully 
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applied to dam engineering (Newmark, 1965), its implementation in a code format is far from being 
an easy task. One of the difficulties is to define acceptable displacements of the structure in relation 
to the required performance. Another difficulty obviously lies in the uncertainty linked to the 
estimation of permanent displacements. 

5.1 Code approach 

As an example of code documentation Eurocode 8 states that "The stability against seismic bearing 
capacity failure taking into account load inclination and eccentricity arising from the inertia forces 
of the structure as well as the possible effects of the inertia forces in the supporting soil itself can be 
checked with the general expression and criteria provided in annex F.  The rise of pore water 
pressure under cyclic loading should be considered either in the form of undrained strength or as 
pore pressure in effective stress analysis.  For important structures, non linear soil behavior should 
be considered in determining possible permanent deformation during earthquakes." 

More specifically, in most seismic codes the design engineer is required to check the following 
general inequality : 

d d                             (1) 

where Sd is the seismic design action and Rd the system design resistance.  These two terms are 
explained below. 

The design action represents the set of forces acting on the foundations.  For the bearing ca-
pacity problem, they are composed of the normal force Nsd, shear force Vsd, overturning moment 
Msd and soil inertia forces F developed in the soil.  The actions Nsd, Vsd, and Msd arise from the 
inertial soil-structure interaction.  The inertia force, F =  a (  mass density, a acceleration), arises 
from the site response analysis and kinematic interaction.  The term design action is used to reflect 
that these forces must take into account the actual forces transmitted to the foundation i.e. including 
any behavior and over-strength factors used in inelastic design. 

The design resistance represents the bearing capacity of the foundation; it is a function of the 
soil strength, soil-foundation interface strength and system geometry (for instance foundation 
width and length). Obviously, inequality (1) must include some safety factors.  One way is to 
introduce partial factors, as in Eurocode 8.  This is not the only possibility and some other codes, 
like the New Zealand one, choose the Load and Resistance Factored Method (LRFD) and factor the 
loads and resistance (Pender, 1999).  The Eurocode approach is preferred because it gives more 
insight in the philosophy of safety; on the other hand it requires more experimental data and nu-
merical analyses to calibrate the partial factors. 

With the introduction of partial factors inequality (1) is modified as follows: 

d F d
Rd m

1 strength parameters
actions geometry, (2)

where "actions" represent the design action and "strength" the material strength (soil cohesion 
and /or friction angle, soil-foundation friction coefficient). 



F is the load factor applied to the design action: F is larger than one for unfavorable actions 
and smaller than 1.0 for favorable ones. 

m is the material factor used to reflect the variability and uncertainty in the determination of 
the soil strength.  In Eurocode 8, the following values are used: 1.4 on the undrained shear 
strength and cohesion and 1.25 on the tangent of the soil friction angle or interface friction 
coefficient.

Rd is a model factor.  It acts like the inverse of a strength reduction factor applied to the 
resistance in an LRFD code.  This factor reflects the fact, that to evaluate the system re-
sistance some approximations must be made: a theoretical framework must be developed to 
compute the resistance and like any model it involves simplifications, and assumptions 
which deviate from reality.  It will be seen later on that the model factor is essential and can 
be used with benefit to differentiate a static problem from a seismic one. 

5.2 Theoretical framework for the evaluation of the foundation bearing capacity 

Since the devastating foundation failures reported after the Mexico earthquake (Auvinet and 
Mendoza, 1986) a wealth of theoretical and experimental studies have been carried out to develop 
bearing capacity formulae which include the effect of the soil inertia forces (Sarma and Iossifelis 
1990, Budhu and Al Karni, 1993, Richards et al 1993, Zeng and Steedman, 1998). The theoretical 
studies mentioned above are based on limit analysis methods (Chen 1975, Salençon 1983); al-
though they represent a significant improvement over the previous analyses, which neglected the 
soil inertia forces, they suffer from limitations that restrict their use (Pecker, 1994): 

the horizontal accelerations of the soil and of the structure are assumed to have the same 
magnitude; 
the results are derived from an assumed unique failure mechanism that does not allow for 
foundation uplift; 
the methods only consider upper bound solutions without any indication on how close they 
are to the exact solution. 

At the same time numerous studies have been initiated in France and Europe with the objective 
of providing more general solutions (Pecker and Salençon 1991, Dormieux and Pecker 1994, 
Salençon and Pecker 1994 a-b, Paolucci and Pecker 1997, PREC8, 1996).  The solutions were 
developed within the framework of the yield design theory (Salençon 1983, 1990): the loading 
parameters N, V, M and F are considered as independent loading parameters thereby allowing for 
any combination of actions to be analyzed; many different kinematic mechanisms are investigated 
and lower bound solutions are also derived to (i) obtain the best possible approximation to the 
bearing capacity, (ii) bracket the true value to obtain a quantitative measure of the goodness of the 
solution.  It is interesting to note that the results have been later completed by additional lower 
bound solutions which confirm the merit of the upper bound solutions and help to narrow the gap 
between upper and lower bound solutions (Ukritchon et al, 1998 ).  Finally the results, mainly 
based on the upper bound solutions are cast in the general format (Pecker, 1997): 

0, , , (3)
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where  ( ) = 0 (Figure 6) defines in the loading parameter space the equation of a surface de-
fining the ultimate loads of the system. 

Figure 6 : Ultimate loads surface for cohesive soils 

Inequality (3) expresses the fact that any combination of the loading parameters lying outside 
the surface corresponds to an unstable situation; any combination lying inside the bounding surface 
corresponds to a potentially stable situation.  The word potentially is used to point out that no 
assurance can be given since the solutions were derived from upper bound solutions.  Indications 
on the merit of the solutions are obtained by comparison with the lower bound solutions and the 
model factor of Eq.(2) is introduced to account for that uncertainty.  The uncertainty is twofold: the 
solution is obtained from an upper bound approach and, although various kinematic mechanisms 
were investigated, their number remains necessarily limited when a comprehensive implementa-
tion of the upper bound theorem would require that all the conceivable mechanisms be 
investigated. 

These results are put in a simple mathematical expression and implemented in the current ver-
sion of Eurocode 8 (Annex F) and are applicable to cohesive and purely frictional materials. The 
equation, (Pecker, 1997), is: 
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Nmax is the ultimate bearing capacity of the foundation under a vertical centered load, NSd, VSd,
and MSd are the design action effects at the foundation level, B the foundation width, and Rd the 

model factor. The soil inertia forces are accounted for by the normalized parameter F  equal to 
aB/cu for cohesive soils and to a/g tan  for frictional soils. The other parameters entering equation 

(4) are numerical parameters derived by curve fitting to the "exact" bearing capacity, the values of 
which can be found in Pecker, 1997. Recent ongoing research (Chatzigogos et al, 2006) has shown 



that equation (4) is still approximately valid for a circular foundation provided the value of Nmax  for 
circular foundation is used. 

5.3 Evaluation of permanent displacements 

As noted previously and as recommended in Eurocode 8, in seismic situations, the permanent 
displacements should be evaluated.  However such an evaluation is anything but an easy 
task.  Probably the most rigorous approach would be to use a global model (finite element model) 
including both the soil and the structure.  Obviously, the results depend on the non linear consti-
tutive relationship used to model the soil behavior and are only meaningful if a realistic model is 
used.  Owing to this constraint, to computer limitations, and to the required skill from the analyst in 
geotechnical engineering, structural engineering, soil-structure interaction and numerical analysis, 
such an approach is seldom used in everyday practice. 

The alternative approach, once the seismic forces are known, is to rely on a Newmark type of 
approach (Newmark, 1965).  The bounding surface defined by Eq.(3) is used as the surface de-
fining the onset of permanent displacements.  Sarma and Iossifelis (1990), Richards et al (1993) 
used the Newmark's approach assuming that the soil moves together with the foundation in a rigid 
body motion.  The method has been further extended by Pecker and Salençon (1991) considering a 
deformable soil body corresponding to the assumed kinematic failure mechanism.  Using the 
kinetic energy theorem, these authors computed the foundation angular velocity, and by integration 
over time, the foundation permanent rotation. When applied to actual case histories the method 
proved to be reliable (Pecker et al, 1995).  

A potential use of the method can be found for the development of a code like ap-
proach.  Computed permanent displacements develop when the resultant of the design action lies 
outside the bounding surface: the larger the distance to the bounding surface, the greater the dis-
placements. This can be expressed mathematically by writing that for such situations: 

d dS R (5)

with  > 1 ;  = 1 corresponds to the onset of permanent displacements. 
Comparing Eq.(5) to Eq.(2), it is readily apparent that allowing Sd to reach regions outside the 

bounding surface is equivalent to specifying a model factor Rd smaller than 1.0.  Therefore, Rd can 
be used, in addition to reflecting the uncertainties in the model, to relax the constraint that at any 
time the resistance shall be larger than the action, recognizing the fundamental difference between 
a static problem and a seismic one in which forces vary in time. 

This approach has been implemented in Eurocode 8 and the tentative values proposed in its 
Annex F are intended to allow for the development of small permanent displacements in potentially 
non dangerous materials (medium to dense sand, non sensitive clay). These values range from 1.0 
(medium dense to dense sands, non sensitive clays) to 1.5 (loose saturated sands) with intermediate 
values of 1.15 for loose dry sands.  If this phenomenon was disregarded, Rd values would always 
be larger than 1.0 (in the range 1.2 to 1.5). In the case of non sensitive clays further justification for 
setting Rd equal to 1.0 is the observation that shallow foundations in clay have generally been 
observed to perform well under seismic loading. A reason for this may be the enhanced undrained 
shear strength available under rapid loading (Romo 1995, and Ahmed-Zeki et al 1999).  
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5.4 Unresolved issues and further developments 

One of the strong assumptions underlying the seismic bearing capacity checks is the independence 
between the computed design actions and soil yielding.  Except for the sophisticated approaches 
involving the partition in near and far fields, the design actions are computed assuming quasi-linear 
foundation behavior.  However it is recognized that partial yielding of the foundation may affect 
the forces.

Attempts have been made by Nova and Montrasio (1991) for monotonic static loading based on 
the concept of a macro-element modeling the soil and foundation; the constitutive law for the 
macro-element is rigid plastic strain hardening with non associated flow rule.  That concept of 
macro-element expressed in global variables at the foundation level has been extensively used in 
mechanics but seldom applied to soil-structure interaction.  Paolucci (1997) and Pedretti (1998) 
have extended the method to seismic loading.  These last two studies definitively prove that 
yielding of the foundation cannot be ignored in the evaluation of the design action. 

A more general formulation has been proposed recently by Cremer et al (2000).  The developed 
macro-element taking advantage of the partition between near field and far field describes the 
cyclic behavior of the foundation, reproduces the material non-linearities under the foundation 
(yielding) as well as the geometrical non-linearities (uplift), and accounts for wave propagation in 
the soil.  The strength criterion for the macro-element is represented by the bounding surface 
defined by the bearing capacity formula and a non associated flow rule with kinematic and iso-
tropic hardening is used to compute the pre-failure displacements; the plastic model is coupled with 
an uplift model to integrate the influence of soil yielding on the uplift.  Although still under de-
velopment the model shows some promising capabilities and should represent a step forward in the 
evaluation of permanent seismic displacements of shallow foundations. 

6 Stiffness and Capacity of Pile Foundations 

As for shallow foundations, the ultimate capacity of the piles, or pile groups, has to be checked 
once the applied inertia loads acting at the pile cap are known. Two failure modes must be exam-
ined: bearing failure with a vertical force exceeding the available tip and shaft resistance and lateral 
failure when the available lateral resistance is mobilized along part the pile shaft. The latter failure 
mode is more likely to occur although bearing capacity failures of floating piles have been ob-
served, for instance in Mexico City in the 1985 earthquake. 

As well as capacity, the stiffness of the pile, or pile group, needs to be evaluated for the cal-
culation of kinematic and inertial interaction. Kinematic effects are known not to have a great effect 
on pile head motions. The pile head lateral and rotational stiffness is highly nonlinear. 

6.1 Single pile stiffness 

Dealing first with the stiffness and considering initially a single vertical pile, we need the stiffness 
of the pile head to vertical, lateral and moment loading; in addition we need to be able to estimate 
the response of the pile shaft to soil movements which occur in kinematic interaction.  The linear 
response is well documented. Two models are commonly used: the elastic continuum and the 
Winkler spring. There is an important difference between the vertical stiffness of a pile, particularly 
if the length of the pile is modest and it bears on a firm stratum, and the lateral stiffness. The axial 



stiffness of a vertical pile is larger than the lateral stiffness; it may involve soil-pile interaction over 
the full length of the pile shaft, whereas the lateral stiffness mobilizes a relatively short portion of 
the pile shaft.  

Elastic continuum
The deflected shape of a pile which has horizontal lateral load applied at the ground surface 

extends a distance of several pile diameters into the soil profile. Beneath this there is negligible 
lateral displacement. The length over which the lateral displacement occurs is known as the active 
length and it is a function of pile diameter, the elastic modulus of the soil, and the ratio of pile 
modulus to soil modulus. Expressions for the active length for both static and dynamic lateral 
loading are given by Gazetas (1991). If the length of pile shaft is greater than this amount then the 
components of the pile head stiffness matrix are independent of the length of the pile shaft. Gazetas 
(1991) also gives expressions for the components of the pile head stiffness matrix for a variety of 
soil modulus distributions with depth; these are included in Eurocode 8. A very important finding 
about the dynamic lateral pile head stiffness is that the values are only slightly affected by loading 
frequency, thus a very good first approximation to the pile head stiffness components is given by 
the static stiffness of the pile. For dynamic loading there is, of course, damping. It has been found 
that for frequencies less than the natural period of the clay layer there is no radiation damping so the 
only damping is material damping in the soil adjacent to the pile. For frequencies higher than the 
natural frequency of the layer radiation damping, which increases with increasing frequency, is 
added to the material damping. Gazetas (1991) gives expression for the frequency effect on pile 
head stiffness and also expressions for the radiation damping. Thus, as stated above, simple equa-
tions are available for the elastic dynamic pile head stiffness coefficients which are needed for 
inertial interaction. The potential limitation that these are available only for homogeneous or simple 
variations of soil modulus with depth is not such a problem as the depth of soil involved in the 
interaction is limited by the active length of the pile shaft. Gazetas also provided simple expressions 
for the vertical stiffness and radiation damping for piles. However, the appropriateness of these 
may be limited by layering in the soil profile. 

Winkler model 
When dealing with layered soil profiles the elastic continuum model is not applicable, but, 

fortunately, the Winkler model is useful for this case. This model consists of a series of inde-
pendent horizontal (lateral) or vertical (axial) springs distributed along the beam (pile) length.  It 
has long been used in offshore engineering to compute the pile head deflection and settlement 
under static loading at the pile head (Matlock and Reese, 1960).  Based on field experiments, the 
approach models the soil response at a particular depth in terms of a p-y curve for lateral loading or 
t-z curve for axial loading; p and y (t, z) denote the resultant lateral (axial) soil reaction per unit 
length of pile and the associated lateral (axial) pile deflection.  Matlock and Reese give a method of 
estimating the spring stiffness based on laboratory test data on soil samples. Another approach is 
given in the French code using a tri-linear backbone curve for static design of foundations (Fas-
cicule 62, 1992). The slopes of the three portions are related to the pressuremeter modulus 
(Menard's modulus). The two break points in the distributed force per unit length of the pile shaft 
occur at pfD, and plD, where pf and pl are the creep and limiting pressures measured in a pres-
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sumeter test and D the pile diameter.  In this approach a reduction is applied to the parameters near 
the ground surface because it is very unlikely that the soil near the ground surface contributes fully 
to the pile resistance. A further alternative, (Pender, 1993), uses an empirical approach to estimate 
the initial spring stiffness, evaluates the maximum lateral pressure from the shear strength of the 
soil, and has a hyperbolic transition between these two limits. For dynamic loading the soil-pile 
interaction is modeled not only with distributed springs but also with dashpots, which are fre-
quency independent.  Many different methods are available to determine the springs and dashpots 
in the linear, or quasi linear, case (Gazetas et al, 1992; Makris and Gazetas, 1992; Kavvadas and 
Gazetas, 1993).

Figure 7 : Dynamic Winkler model for soil-pile interaction analyses 

The Winkler model is also used for calculating kinematic interaction between a pile and a soil 
profile. The difference between Matlock and Reese's model and this dynamic model stems from the 
location of the applied excitation; in the dynamic model (Figure 7) the extremities of the springs 
and dashpots are connected to the free field where the soil response, computed independently, is 
imposed; in the static model those extremities are fixed. These calculations are presented by 
Kavvadas and Gazetas (1993) and Makris and Gazetas (1992).  Tabesh and Poulos (1999) suggest 
that quite useful design information can be obtained for kinematic effects using an essentially static 
analysis of the pile shaft provided information about the free field displacement profile is available; 
they use a one dimensional site response analysis to obtain this.  

Along the same lines as for the shallow foundation, the Winkler model can be extended to non 
linear situations. The springs and dashpots of Figure 7 model the far field domain.  The near field 
domain is modeled with non linear, hysteretic, springs.  The back bone curve for these springs 

Layer j

PileSoil

Kx(z)

Cx(z)

Vertical
Shear waves

Free field motion Pile motion



would be the p-y curves, or any experimentally based curve for which the series of springs and 
sliders of Figure 5 constitute a piecewise linear approximation.  Gapping is a nonlinear phe-
nomenon and the Winkler model was used to calculate it. Dobry and Gazetas (1984) provide a 
simplified method for estimating nonlinear pile head stiffness and damping in layered soil deposits; 
they use a Winkler approach to estimate the pile head lateral stiffness and suggest a method for 
estimating the damping based on the deflected shape of the pile shaft. An alternative to calculations 
with a nonlinear Winkler spring model is equations given by Davies and Budhu (1986) and Budhu 
and Davies (1987) which give nonlinear relations between lateral load and pile head displacement 
and rotation. These relations were developed for static lateral loading of piles; the justification for 
using them in a dynamic context is finding that the pile head stiffness is not greatly affected by 
frequency. 

Single pile capacity 
The vertical capacity can be estimated using standard methods. For dynamic loads the capacity 

is likely to be greater than static because of enhanced soil strength mentioned above. Similarly 
there are standard methods for estimating lateral capacity. However for earthquake loading there 
are likely to be simultaneous vertical and lateral cyclic loads so the question of the capacity under 
this combined loading arises. As the lateral capacity is generated in the upper part of the pile shaft, 
over a length similar to the active length used for stiffness, one could allocate this length to gen-
erating lateral resistance – even if this is likely to be expensive in most cases. Another issue is the 
effect of the cyclic vertical capacity on the pile shaft. It is well known that severe cyclic degradation 
of the pile shaft capacity can occur, although this is unlikely to be serious as long as there is no 
reversal of shear stress along the pile shaft. 

Pile group stiffness 
Once again the need is to consider stiffness for inertial and kinematic interaction as well as 

group capacity. No special kinematic interaction calculation is necessary for pile groups as it has 
been found from numerical investigations that kinematic effects for pile groups are little different 
from those for individual piles. In evaluating the dynamic stiffness of a pile group the interactions 
between the piles are important, in just the same way as they are for the static stiffness of a pile 
group. Early investigations using boundary element calculations (Kaynia and Kausel, 1982) re-
vealed frequency dependence rather more complex than that for a single pile. Fortunately, a quite 
remarkable simplification was discovered (Dobry and Gazetas, 1988) which enables the dynamic 
stiffness components of a pile group to be evaluated by means of simple formulae, the essence of 
which is representing the interaction between the piles in the group by the propagation of cylin-
drical waves. Thus the expressions for the interaction coefficients between the piles are given in 
terms of pile spacing, excitation frequency, and the velocity of waves through the soil between the 
piles. If one models a building on a pile group foundation as an equivalent single degree of freedom 
system using the Dobry and Gazetas equations to handle the pile group, then it is found that the 
stiffness of the system exhibits much less frequency dependence than the pile group alone, Pender 
(1993). If the response spectrum method is used to estimate the maximum building displacement it 
is found that the values obtained using simply the static stiffnesses are very similar to those ob-
tained using the frequency dependent stiffness and damping terms for the pile group. 
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Pile group capacity 
Under earthquake loading a pile group may be subjected to horizontal shear and moment 

loading in addition to changes in any static vertical load it will be required to carry. This suggests a 
surface similar to that in Figure 6 for a shallow foundation. Such a treatment has not been devel-
oped and would involve interactions between the vertical capacity of the pile group, shear capacity 
and moment capacity. In many applications the interaction between vertical and moment capacity 
is likely to be more critical as the moment resistance, or the greater part of it, comes from the axial 
capacity of the piles. Some preliminary work has been done on this for 2x2 and 3x3 pile groups by 
Pender (1993).  Any moment capacity using the axial capacity of the pile shafts is subject to the 
potential degradation of the capacity mentioned above for single piles. This is not likely to be 
serious as long as there is no reversal of the shear stress on the pile shaft; whether or not reversal 
occurs is dependent on the ratio of the static vertical load carried by the group to the cyclic moment. 
Horizontal shear can often be equilibrated with lateral earth pressures at the sides of the raft rather 
than being transferred to the pile shafts.  

7 Construction Detailing 

Although the safety of a constructed facility does not rely only upon a blind application of seismic 
codes and standards which are used for its design and construction, those documents help signifi-
cantly to minimize the most commonly encountered causes of deficiencies and failures. Because all 
phenomena described previously cannot be analyzed with the necessary mathematical rigor and are 
not often relevant to even sophisticated calculations, construction detailing must always be en-
forced in seismic design of foundations.  This is one of the major merits of seismic codes. 

Many of these detailing practices, which are found in the most recent codes, are little more than 
common sense and by no means, the points raised herein constitute an exhaustive list.  However 
based on the author's experience, they represent the most common mistakes made in design by 
non-experienced designers : 

Foundations must not be located close to (or across) major active faults.  Ground motions in 
the near field are far from being predictable and attempts to design buildings to accom-
modate such movements, especially the static co-seismic displacements associated with 
fault rupture, are almost hopeless. 
Liquefiable deposits and unstable slopes must always be treated before construction.  Even 
if a piled foundation can survive the cyclic deformations of a liquefied deposit, the quasi 
static displacements imposed by the post-earthquake ground flow are an order of magnitude 
larger and cause distress of the foundation as evidenced in the Kobe earthquake. 
The foundation system under a building must be as homogenous as possible unless con-
struction joints are provided in the structure.  In particular, for individual footings, the 
situation where some of them rest on a man-made fill and some on in-situ soils must always 
be avoided.  It is also highly desirable that the foundations respect the symmetries of the 
building. 
The choice of the foundation system must always account for possible secondary effects 
such as settlements in medium-dense or loose dry sands, the post-earthquake consolidation 
settlements of clay layers, the settlements induced by the post-earthquake dissipation of 
pore pressures in a non liquefiable sand deposit.  Raft foundations or end bearing piles are to 



be preferred whenever the anticipated magnitude of the settlements is high or when they can 
be highly variable across the building. 
Individual footings must always be linked with tie beams at the foundation level.  These 
longitudinal beams must be designed to withstand the differential settlements between the 
footings. 
Piles must be reinforced along their whole length, even if calculations do not require rein-
forcement.  Special care must be given to the connections with the raft or to soil layers 
interfaces when two layers in contact present marked differences in stiffness.  For instance, 
the connection with the raft can be detailed to allow for a plastic ductile hinge as allowed in 
Eurocode 8. 
Inclined piles must preferably be avoided: they can be subjected to parasitic bending 
stresses due to soil densification following an earthquake, they induce large forces onto pile 
cap and, if their arrangement is not symmetric, permanent rotations may develop due to 
different stiffness of the pile group in each direction of loading. 
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Abstract. It is widely recognized that nonlinear time-history analysis constitutes the most 
accurate way for simulating response of structures subjected to strong levels of seismic ex-
citation. This analytical method is based on sound underlying principles and features the 
capability of reproducing the intrinsic inelastic dynamic behaviour of structures. Nonethe-
less, comparisons with experimental results from large-scale testing of structures are still 
needed, in order to ensure adequate levels of confidence in this numerical methodology. 
The fibre modelling approach employed in the current endeavour inherently accounts for 
geometric nonlinearities and material inelasticity, without a need for calibration of plastic 
hinges mechanisms, typical in concentrated plasticity models. The resulting combination of 
analysis accuracy and modelling simplicity, allows thus to overcome the perhaps not fully 
justifiable sense of complexity associated to nonlinear dynamic analysis. The fibre-based 
modelling approach is employed in the framework of a finite element program for seismic 
response analysis of framed structures, freely downloaded from the Internet. The reliability 
and the accuracy of the program are demonstrated by numerically reproducing pseudo-
dynamic tests on full-scale structures. Modelling assumptions are discussed, together with 
their implications on numerical results of the nonlinear time-history analyses, which were 
found in good agreement with experimental results. 

1 Introduction 

Old generation of design codes based on equivalent elastic force approaches proved to be ineffec-
tive in preventing earthquake destructive consequences. After recent major earthquakes (e.g. 
Northridge 1994, Kobe 1995, Kocaeli 1999), the necessity for using ever more accurate methods, 
which explicitly account for geometrical nonlinearities and material inelasticity, for evaluating 
seismic demand on structures, became evident. Within this framework, two analysis tools are 
currently offered with different levels of complexity and of required computational effort; nonlin-
ear static analysis (pushover) and nonlinear dynamic analysis (time-history). Even if the latter is 
commonly considered to be complex and not yet mature enough for widespread professional use, 
it constitutes the most powerful and accurate tool for seismic assessment. In the latest generation 
of seismic regulations, dynamic analysis of three dimensional structural models is indeed recom-
mended for the assessment of existing critical structures in zones of high seismic risk, as well in 
the planning and design of appropriate retrofitting strategies. 

Given its conspicuous increased computational effort and analytical complexity, the common 
use of nonlinear finite element (FE) methods in design applications requires first a clear demon-
stration of its accuracy and reliability. Within this scope, the current work tries to establish the 
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ability of a fibre-modelling approach in predicting the seismic response of reinforced concrete 
structures, through the reproduction of pseudo-dynamic tests carried out at the Joint Research 
Centre of Ispra on a continuous span bridge (Pinto et al., 1996) and a four-storey frame (Pinto et
al., 2002). The employed numerical algorithm allows for automatic accounting of both local 
(beam-column effect) and global (large displacements/rotations effects) sources of geometric 
nonlinearity, together with proper modelling of material cyclic inelasticity. 

Further, the nonlinear analysis software package employed in this endeavour is freely 
downloadable from the Internet, thus giving readers the opportunity to try hands-on the proposed 
numerical scheme in a graphical-interfaced software package adequate for general use, and in this 
way overcome, at least partially, the sense of complexity associated to nonlinear dynamic analy-
sis.

2 Modelling Approaches for Inelastic Analysis 

Nonlinear time-history analyses are a very powerful tool, provided they are supported by proper 
approximations and modelling. The analysis is inherently complex and may be very time-
consuming, depending on the choice of the integration time-step, of the integration scheme, of the 
nonlinear incremental iterative algorithm strategy, and of the size of the mesh: an optimum bal-
ance among all these features will cater for accurate solutions with relatively reduced 
computational effort. 

As described by Spacone (2001), a suitable classification of the different modelling strategies 
available may be based on the objective of the numerical study. 

1. In Global Models (or Lumped Parameters Models), the nonlinear response of a structure is 
represented at selected degrees of freedom. 

2. In Discrete FE Models (also called Member Models, or Structural Elements Models, or 
Frame Models) the structure is characterised as an assembly of interconnected frame ele-
ments with either lumped or distributed nonlinearities. 

3. Microscopic Finite Element Models use the FE general method of structural analysis, in 
which the solution of a problem in continuum mechanics is approximated by the analysis 
of an assemblage of two or three-dimensional FEs which are interconnected at a finite 
number of nodal points and represent the solution domain of the problem. 

The level of refinement of the model depends on the required accuracy and on the available 
computational resources. While refined FE models might be suitable for the detailed study of 
small parts of the structure, such as beam-column joints, frame models are currently the only 
economical solution for the nonlinear seismic analysis of structures with several hundred mem-
bers. In other words, member FE models are the best compromise between simplicity and 
accuracy, as they represent the simplest class of models that nonetheless manage to provide a 
reasonable insight into both the seismic response of members and of the structure as a whole. 

Assumptions and simplifications on the model with respect to the real structure are necessary, 
but need careful consideration because of their influence on results, which must be critically ana-
lysed accordingly. In the particular case of bridges, for instance, the structural subsystems that 
may be potentially hit by intense seismic action are the deck, the bearing structure and the founda-
tion system. Due to the cost and technical difficulties in its repairing, foundations are usually 



protected from damage, whilst for reasons of life safety, the deck is kept elastic (though cracking 
is inevitably allowed for). Indeed, the most common trend in earthquake-resistant design of 
bridges assigns therefore to the bearing structure, and by means of inelastic deformation mecha-
nisms, a key role in dissipating the energy introduced by the earthquake loads, for which reason 
these are normally the elements requiring the most accurate modelling. 

2.1 Representation of Inelasticity 

Two different modelling philosophies are commonly employed in the analytical reproduction of 
the inelastic response of structures subjected to seismic action; the ‘concentrated plasticity’ and 
the ‘distributed inelasticity’ modelling approaches. 

As stated by Spacone (2001), due to the typical concentration of inelasticity of RC frames at 
the extremities of it structural elements, “an early approach to modelling this behaviour was by 
means of nonlinear springs at the member ends (Clough and Johnston, 1966, Giberson, 1967, and 
Takizawa, 1976). Among the lumped plasticity constitutive models proposed, some include stiff-
ness degradation in flexure and shear (Clough and Benuska, 1967, Takeda et al., 1970, and 
Brancaleoni et al., 1983), ‘pinching’ under load reversal (Banon et al., 1981, Brancaleoni et al.,
1983), and fixed end rotations at the beam-column joint interface to simulate the effect of bar 
pull-out (Otani, 1974, Filippou and Issa, 1988)”. Such concentrated plasticity approach should be 
used with care, since accuracy of the analysis may be compromised whenever users are not highly 
experienced in the calibration of the available response curves, needed to characterise the lumped 
plasticity elements. The limitations of lumped models are discussed in several studies, such as 
Charney and Bertero (1982) and Bertero et al. (1984), amongst others. 

The ‘distributed inelasticity’ modelling describes more accurately the continuous structural 
characteristics of reinforced concrete members, requiring simply geometrical and material charac-
teristics as input data. The constitutive behaviour of the cross-section can be either formulated 
according to the classical plasticity theory in terms of stress and strain resultants, or explicitly 
derived by discretising the cross section into fibres. The latter approach, known as “fibre model-
ling”, represents the spread of material inelasticity both along the member length and across the 
section area, thus allowing an accurate estimation of the structural damage distribution even in the 
highly inelastic range. 

Quoting Spacone (2001) again, “the first elements with distributed nonlinearity were formu-
lated with the classical stiffness method using cubic hermitian polynomials to approximate the 
deformations along the element (Hellesland and Scordelis, 1981, Mari and Scordelis, 1984). Me-
negotto and Pinto (1973) interpolated both section deformations and section flexibilities and 
accounted for the axial force-bending moment interaction. Shear effects were first included in the 
model proposed by Bazant and Bhat (1977).” More recently, alternative flexibility-based formula-
tions have been developed by Mahasuverachai and Powell (1982), Kaba and Mahin (1984), Zeris 
and Mahin (1988, 1991), however these posed difficulties with regards to their implementation in 
FE programs. To overcome such complications, Ciampi and Carlesimo (1986) proposed a consis-
tent flexibility-based method for formulating frame member models, later applied by Spacone 
(1994) to the formulation of a fibre beam-column element. A detailed discussion on the differ-
ences between stiffness-based and flexibility-based approaches may be found in Papaioannou et
al. (2005), for instance. 
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For the purpose of the current work, a classical stiffness-based formulation, as developed by 
Izzuddin (2001), has been adopted. 

3 Fibre Modelling Approach 

In fibre modelling, the sectional stress-strain state of the elements is obtained through the integra-
tion of the nonlinear uniaxial stress-strain response of the individual fibres in which the section is 
subdivided, distinguishing steel, confined and unconfined concrete, as illustrated in Figure 1. The 
adopted stiffness-based element cubic formulation then allows both the representation of the 
spread of inelasticity along the member length as well as the implicit incorporation of interaction 
between axial force and transverse deformation of the element. The use of a sufficient number of 
elements per structural member permits the reproduction of plastic hinge (in their full length), 
typical of members subjected to high levels of material inelasticity. The spread of inelasticity 
across the section and along the member length is thus achieved without requiring expertise cali-
bration of any lumped plasticity element.  

L/2  3 L/2

node B

node A

A

B

Gauss
Section a

Gauss
Section a

Gauss
Section b

RC Section Unconfined 
Concrete Fibres

Steel FibresConfined 
Concrete Fibres

Figure 1. Discretization of a typical reinforced concrete cross-section 

Structural members are represented by means of frame elements, with finite length and as-
signed cross-sections. Structural and non-structural inertia mass may also be introduced, in either 
lumped or distributed fashion, whilst joint/link elements, defined as spring-type elements joining 
coincident locations, can be used to model discontinuous connections. By means of such element 
types, a number of different element classes (columns, beams, walls, beam-column joints, etc.), 
non-structural components (energy dissipating devices, inertia masses, etc.) and different bound-
ary conditions (flexible foundations, seismic isolation or structural gapping and pounding) can be 
represented.



The fibre-discretization renders possible a realistic modelling of the different materials, and 
their distribution, that make up a given member cross-section. The employable material models 
may feature different levels of accuracy/complexity in their definition; the bilinear, the Mene-
gotto-Pinto (1973) and the Monti-Nuti (1992) models are among the most used models for steel, 
whilst concrete may be characterized by tri-linear, nonlinear with constant or variable confine-
ment constitutive laws (see Scott et al., 1982, Mander et al., 1987). Many other material 
constitutive laws are available in the literature. 

4 Assembling a FE Model for Dynamic Analyses for Reinforced Concrete Structures 

Some recommendations for nonlinear analyses of reinforced concrete models can be summarised 
as follows: 

i. At the onset of the development of a FE model, a sensitivity study will allow the attainment 
of reliable models: a too fine mesh may cause numerical instabilities, whilst, on the other hand, if 
the mesh is exaggeratedly coarse the analysis will not be sufficiently accurate. The meshing of the 
structure can be optimally carried out by refining critical structural locations, such as the zones 
where high inelasticity is expected or where abrupt changes in the stiffness of joined elements are 
present, such as plastic hinges locations, elements connections, and structural boundaries. 

ii. The modelling of each structural element should be based on its expected behaviour: some 
examples are the linear behaviour of the deck or the modelling of the plastic hinge length to ac-
count for the flexibility of foundations. In this case, the use of inelastic fibre elements allows the 
explicit consideration of the spread of inelasticity. 

iii. Model accuracy can be improved by using realistic materials property values and by prop-
erly defining boundary conditions. Considering soil-structure interaction allows a more realistic 
prediction of the seismic response of the model. In its simplest form, this may be implemented 
through boundary springs to which reasonable stiffness values, obtained from site investigation, 
are assigned. 

iv. The use of preliminary eigenvalue analysis will assist in the verification of the correct as-
semblage of the model, in terms of stiffness allocation to structural members and mass 
distribution. In addition, the frequency characterisation of the structure is also commonly em-
ployed for the calibration of viscous damping, if the latter is deemed necessary, and will also 
provide some first insight into the expected response of the structure to a particular input motion. 

4.1 Dynamic Analysis Features 

As stated earlier, dynamic analysis is used to predict the nonlinear inelastic response of a structure 
subjected to earthquake loading: the seismic action may be introduced by means of acceleration 
loading curves at the supports, which may also be different at each support so as to represent 
asynchronous ground excitation. Mass and damping elements must be defined. 

Dynamic analysis involves the direct integration of the equations of motion, which may be ac-
complished using the numerically dissipative-integration algorithm (Hilber et al., 1977) or, as a 
special case of the latter, the well-known Newmark scheme (Newmark, 1959). The nonlinearity 
of the analysis scheme calls for the use of an incremental iterative solution procedure: this means 
that loads are applied in predefined increments, equilibrated through an iterative scheme, whereby 
the internal forces corresponding to a displacement increment are computed until either conver-
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gence is achieved or the maximum number of iterations is reached. At the completion of each 
incremental solution, before proceeding to the next load increment, the stiffness matrix of the 
model is updated to reflect nonlinear changes in structural stiffness. The solution algorithm may 
feature a hybrid incremental algorithm, obtained from a combination of the Newton-Raphson and 
the modified Newton-Raphson procedures, whereby the stiffness matrix is updated only in the 
first few iterations of a load step, thus obtaining an acceptable compromise between velocity in 
achieving convergence and required computational effort. The reader is referred, for instance, to 
the work of Cook et al. (1989) and Crisfield (1997) for further discussion on these topics. 

In nonlinear analysis, automatic time-step adjustment controls load step sizes for optimum ac-
curacy and efficiency: if the convergence is achieved easily, automatic time stepping will increase 
the load increment up to a selected maximum load step size, whilst if convergence is hard to 
achieve, automatic time stepping will bisect the load increment until a selected minimum load 
step size.

Different convergence check schemes, which may make use of three distinct criteria (dis-
placement/rotation, force/moment, energy based), can be employed to check the convergence of a 
solution at the end of each iteration. The displacement/rotation criterion provides a direct local 
control over the precision obtained in the solution of the problem, usually ensuring overall accu-
racy. The force/moment criteria are suggested if a displacement convergence check is not 
sufficient for the internal forces of the elements to be adequately balanced. The maximum accu-
racy and solution control is obtained by combining the displacement and force convergence check 
criteria, while the maximum analysis stability is obtained if convergence is achieved for one of 
the two criteria checked, at a price of lower analytical precision. Tolerances in convergence crite-
ria should be carefully defined.  

5 Case Study 1: Multi-Span Continuous Deck Motorway Bridge 

In the framework of an integrated European programme of pre-normative research in support of 
Eurocode 8 (CEN, 2002), six bridge prototypes, representative of typical multi-span continuous 
deck motorway bridges, have been designed (Pinto et al., 1996) with different procedures for a 
PGA of 0.35g, in medium soil conditions (soil type B), applying the EC8 provisions. Correspond-
ing large-scale (1:2.5) bridge models have then been constructed and tested in pseudo-dynamic 
(PsD) fashion at the Joint Research Centre at Ispra (Italy). 

A PsD test, despite being carried out quasi-statically, employs on-line computer calculations 
and control together with experimental measurement of the properties of the real structure, to 
provide a realistic simulation of its dynamic response. Inertial and viscous damping forces are 
modelled analytically, and an earthquake ground acceleration history is given as input data to the 
computer running the pseudo-dynamic algorithm. The horizontal displacements of the controlled 
degrees of freedom are calculated and then applied to the test structure by servo-controlled hy-
draulic actuators fixed to the reaction wall. The PsD testing of the bridge was performed using the 
sub-structuring technique, in which the piers were physically tested and the deck was numerically 
simulated on-line. Further details and references can be found in Pinto et al. (1996), Pinho (2000), 
Sullivan et al. (2004), amongst others. 



5.1 Description of the Model 

The tested bridge model labelled as B213C consists of three piers 5.6, 2.8 and 8.4 m high and a 
continuous deck with four identical 20 m spans. For what concerns the boundary conditions, the 
deck is considered to end at the abutments with shear-keys, with the extremities free to rotate, as 
shown in Figure 2; the deck-piers connections are assumed to be hinged (no transmission of mo-
ments), transmitting lateral forces due to the engaging of the sub and superstructure in the 
transversal direction by means of the aforementioned shear keys. 

The piers have rectangular hollow section with 160 mm wall thickness (Figure 2). The mini-
mum diameter of the longitudinal rebars and of the stirrups is 8 mm and 6 mm, respectively. The 
reinforcement layout of the pier models are shown in Figure 3. The mechanical characteristics of 
materials (B500 Tempcore steel with E = 206 GPa for longitudinal rebars and C25/30 concrete) 
and the mechanical characteristics of the pier cross-sections are shown in Table 1 and Table 2. 

Figure 2. Bridge configuration and member cross sections 

Figure 3. Reinforcement layout 
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Table 1. Steel mechanical properties (Guedes, 1997) 

Diameter 
(mm) 

Yield Strength 
(MPa)

Ultimate Strength
(MPa)

Yield Strain
(%)

Ultimate Strain
(%)

Hardening

6 363.7 430.4 0.177 15.10 0.0022 
8 503.4 563.0 0.244 12.30 0.0024 

10 489.3 572.3 0.238 14.50 0.0028 
12 558.2 646.8 0.271 12.80 0.0034 
14 477.2 577.7 0.232 13.00 0.0038 

Table 2. Summary of the pier cross section characteristics of the bridge (Guedes, 1997) 

Pier
Section 
Type

Height 
(m) 

Longitudinal steel 
(%)

Cubic concrete strength (MPa) 
(Compressive/tensile) 

Table 3. Deck cross section geometrical and mechanical characteristics (Guedes 1997) 

EA  EI2 EI3 GJ 
(kN) (kNm2) (kNm2) (kNm2)

2.7837E+07 1.3544E+07 5.6517E+07 2.8017E+07 

The deck is a hollow-core pre-stressed concrete girder 5.6 m wide, as depicted in Figure 2. In 
the PsD test, it was simulated numerically with 32 linear elastic Timoshenko eccentric beam ele-
ments, whose mechanical characteristics are presented in Table 3, where A is the cross-section 
area, I2 and I3 are the two moments of inertia with respect to the local principal axes, J is the 
torsional constant and E is the Young Modulus of 25 GPa. The inertia characteristics of the deck 
are based on a specific weight of 25 kN/m3. As the deck is assumed to behave elastically, the sub-
structured part included a Rayleigh damping matrix, featuring a damping ratio  = 0.016 associ-
ated to the two lower transversal natural frequencies of the complete bridge. 

At the top of each pier, an axial force N = 1700 kN was applied by means of actuators, so as 
to simulate the vertical load that is transmitted from the deck. The input ground motion was repre-
sented by an adequately scaled accelerogram with duration of 4 seconds and a nominal peak 
acceleration of 0.875 g, as shown in Figure 4. Two pseudo-dynamic tests were performed on the 
structure: one with the input motion corresponding to the design earthquake and another defined 
on the basis of the estimated ultimate capacity of the bridges, and thus equal to 1.2 times the de-
sign earthquake. 



Figure 4. Input ground motion, design earthquake (Guedes, 1997) 

5.2 Modelling of the Structure in the FE Program 

The program employed in the current work, SeismoStruct (SeismoSoft, 2005), is a fibre–
modelling FE package for seismic analysis of framed structures freely downloadable from the 
Internet. The program is capable of predicting the large displacement behaviour and the collapse 
load of any framed type of structural configuration under static or dynamic loading, accounting 
for geometric nonlinearities and material inelasticity. 

As the structural details of a real structure are complex, simplification is needed in developing 
a FE bridge model, in order to produce predictions accurate enough with relatively reduced com-
putational effort: a proper balance is required to avoid numerical instability and, on the other 
hand, to obtain results with a sufficient level of accuracy. Among the most common simplifica-
tions/assumptions requiring thoughtful consideration: (i) the structural mass is generally 
concentrated at the top of the pier, representing one single translational DOF, which however 
might not be accurate enough when the transversal size of the deck section is large with respect to 
the pier height, thus requiring an additional rotational DOF of the deck, (ii) the top concentrated 
mass assumption may be no longer acceptable when piers are massive with respect to the deck, 
(iii) the soil-structure interaction can be neglected or modelled with different levels of complexity, 
(iv) the influence of the shear deformation needs adequate analytical characterisation on squat 
members, for which shear collapse modes and flexure-shear interaction are relevant, (v) the pene-
tration of plasticization at the base of piers may be modelled by extending the actual pier length, 
(vi) the influence of the spatial variability and/or loss of coherence of the ground motion may be 
represented by means of asynchronous input definition, (vii) connections among foundations, 
piers and deck can be modelled with different levels of complexity and detail. 

In what follows, a description of geometry and discretisation of the model, its element connec-
tions, boundary conditions and loading state is given Adopted nonlinear analysis procedures and 
convergence criteria are also explained in some detail. 

Modelling the bridge piers.  As discussed previously, the piers are the elements in which inelas-
tic deformation will be concentrated, therefore, a good level of accuracy in the characterization of 
materials and in the discretization of the mesh should be ensured. The piers have thus been mod-
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elled through a 3D inelastic beam-column element capable of capturing geometric and material 
nonlinearities. The number of fibres used in section equilibrium computations was set to 400; the 
selection of such number guarantees an adequate reproduction of the stress-strain distribution 
across the element cross-section, considering the shape and material characteristics of the latter, 
and the degree of material inelasticity that it is likely to reach.

The pier cross-section has thus been defined through a RC rectangular hollow section of 0.8 m
x 1.6 m, with a wall width of 0.16 m, a concrete cover of 8 mm, and a steel layout reproducing the 
test specimen of Figure 3. The specimen sections contain steel rebars with different mechanical 
properties, as illustrated in Table 1, however, given the possibility of specifying only one steel 
material per section in the computer code used, an equivalent steel has been defined for each 
section (see Table 4), weighting its properties, i.e. yielding strength fy and strain hardening pa-
rameters, proportionally to the distance from the sectional centre of gravity and to the area of each 
rebar.

Table 4. Equivalent steel properties per section 

Section 
Yield

strength 
Hardening

section 1 468 MPa 0.0027 
section 4 496 MPa 0.0036 

The stress-strain behaviour of the employed reinforcing steel (see Figure 5, left) has been de-
scribed by the nonlinear model of Menegotto and Pinto (1973), as modified by Filippou et al.
(1983) to include isotropic strain hardening. This is an accurate and convenient model, due to its 
computational efficiency and its very good agreement with experimental results. It utilises a dam-
age modulus to represent more accurately the unloading stiffness, and has been modified and 
improved by Fragiadakis et al. (2006) to attain better stability and accuracy. The concrete has 
been represented through a nonlinear constant confinement concrete model (Figure 5, right), as a 
good compromise between simplicity and accuracy: it is an uniaxial nonlinear model following 
the constitutive relationship proposed by Mander et al. (1988), later modified by Martinez-Rueda  

Figure 5. Menegotto-Pinto steel model, with Filippou isotropic hardening (left), and nonlinear constant 
confinement concrete model (right) 



Table 5. Parameters for the Menegotto-Pinto steel model, with Filippou isotropic hardening 

Parameter Sec 1 Sec 4 
Modulus of elasticity (MPa) 203000 203000 

Yield strength (MPa) 468 496 
Strain hardening parameter 0.0027 0.0036 

Transition curve initial shape parameter (default value) 20 20 
1st transition curve shape coefficient (default value) 18.5 18.5 
2nd transition curve shape coefficient (default value) 0.15  0.15 

1st isotropic hardening coefficient (default value) 0.025  0.025 
2nd isotropic hardening coefficient (default value) 2  2 

Table 6. Parameters for the nonlinear constant confinement concrete model 

Parameter Pier 1 Pier 2 Pier 3 
Cylinder compressive strength (MPa) 31.5 35.0 42.9 

Tensile strength (MPa) 3.1 3.1 3.1 
Strain at unconfined peak stress 

(m/m) 
0.002 0.002 0.002 

Constant confinement factor 1.2 1.2 1.2 

and Elnashai (1997) for reasons of numerical stability under large deformations. The constant 
confinement factor is defined as the ratio between the confined and unconfined compressive 
stress of the concrete. The model calibrating parameters, fully describing the mechanical proper-
ties of steel and concrete, have been set as shown in Table 5 and Table 6, where the concrete 
cylinder strength has been estimated as being equal to 85% of the cubic resistances listed in Table 
6.

After the PsD testing of the bridges, the tall and the medium piers were tested cyclically until 
failure (Pinto et al., 1996, Guedes, 1997), respectively up to 230 and 150 mm of top displacement, 
under the imposed displacement history shown in Figure 6. Additional cyclic tests (up to 72 mm
at the top of the pier) were carried out on a short pier similar to the one tested in pseudo-dynamic 
fashion. These cyclic tests on the piers are numerically reproduced herein through a static time-
history analysis, so as to enable a first check on the accuracy of the model being assembled. The 
numerical reproduction of the cyclic test has been performed imposing on the piers the displace-
ment history resulting from the PsD test (Figure 6). In addition, the steel young modulus of the 
medium-height pier was halved, as suggested by Pinto et al. (1996), in order to reproduce the 
reduction in the stiffness due to the shear damage that this pier suffered prior to this cyclic test (it 
is recalled that these cyclic tests were carried out after the PsD testing); no reduction in the steel 
properties was applied to the tall pier, as it was not damaged during the PsD test. 

Figure 7 to Figure 9 show a very good match between experimental and numerical results for 
all the piers; only the reduction in member strength at the very last cycle, when failure occurs, is 
not perfectly captured. 
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Figure 6. Cyclic test displacement histories 
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Figure 7. Cyclic Test Results for the Tall Pier 

Modelling the bridge deck.  Normally, the deck can be modelled as linear elastic, since this is 
typically the behaviour of real bridges under seismic actions: the deck in fact is generally pre- 
and/or post-stressed, which means that no damage nor plastic deformations are allowed to occur. 
Moreover, in the case of isolated bridges, the deck is protected by the isolating system, and it is 
hardly damaged.

The deck has been modelled with a 3D elastic nonlinear beam-column element, still capable 
of modelling local geometric nonlinearities. This type of element is fully described by the sec-
tional properties values, based on geometric and mechanical characteristics. In the current  
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Figure 8. Cyclic test results for the medium pier 
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Figure 9. Cyclic test results for the short pier 

application, the Young and shear modules have been taken respectively as 25 and 10 GPa, and 
the element parameters have been set as listed in Table 3. 

The deck has been located at the height of its centre of gravity, 0.602 m above the pier top, 
and connected to it by means of a rigid element. The deck can be either modelled as described, or 
located right at the top of the pier, provided that the moment of inertia with respect to the horizon-
tal axis is translated to that location. In the analysed case this brings to similar results, but the 
authors opinion is that the first choice is preferable, in order to model more accurately the deck 
displacement in case of non-rigid connections to the pier, e.g. when a relative rotation of the con-
nection contributes to the drift proportionally to its vertical location. 
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Before carrying out the nonlinear dynamic analyses, eigenvalue analysis has been run, in or-
der to compare the first transversal modes of the numerical structure (Table 7) with the initial 
dynamic characteristics of the bridge specimen, computed analytically: the match between test 
and numerical results is precise for the first mode (T = 0.183 s), and fairly good also for the other 
two transversal modes. 

Table 7. First three modal shapes in the transversal direction of the deck 

Period (s) Modal shapes Mode 
Test Analysis 

1st 0.183 0.183 

2nd 0.146 0.148 

3rd 0.085 0.076 

Element Discretization of the FE Model.  Each span of the deck has been discretized with four 
elements, of length equal to 10 %, 40 %, 40 % and 10 % of the span. The linear elastic behaviour 
of the element does not strictly call for this fine subdivision, but it has been nonetheless preferred, 
for sake of accuracy, to refine the mesh near the connections with the piers, where the change of 
stiffness and properties of the mesh are important. The extremities of the pier constitute the loca-
tions for potential plastic hinges, which may be assumed to extend for one twentieth to one tenth 
of the member length (Priestley et al., 1996), depending on the boundary conditions: as the dis-
cretization of the pier pursues the most accurate caption of this phenomenon, each pier has been 
subdivided into six elements, of length equal to 5 %, 10 %, 30 %, 40 %, 10 % and 5 % of the 
structural member.

A FE analysis requires a careful meshing of the model. The adequate mesh density is 
achieved when an increase in the number of elements has a negligible effect on the global results: 
in order to check the effectiveness of the meshing, a second finer discretization was applied, veri-
fying the matching of results in the two cases. It is noted that localization phenomena (i.e. 
dependence of obtained results on element size) is of reduced relevance here, since the objective 
is the modelling of the overall response of the bridge.  

Other Modelling Details.  Rigid connections have been modelled either through elastic frame or 
link elements: to represent an “infinitely” stiff connection, avoiding numerical difficulties, the 
stiffness of those elements is set 100 to 1000 times that of adjacent elements. The rigid arm con-
necting the top of the pier and the centre of gravity of the deck is constituted by an elastic 
element, whilst the connection between the base of the rigid arm and the top of the pier is mod-
elled as a hinge. The link element representing the latter connects two initially coincident 
structural nodes and requires the definition of an independent force-displacement (or moment-
rotation) response curve for each of its local six DOF: in order to model the engaging of the sub 



and superstructure of the pier-deck connection in the transversal direction by mean of shear keys, 
the link element is set as a spring with infinite stiffness in the vertical and transversal direction, 
and fully flexible in all the other four DOF. Boundary conditions are defined as restraints in 
global coordinates: the deck is simply supported at the first end and hinged at the other, whilst 
piers are fully fixed at the base. In Figure 10, the above described connection details are depicted.
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Figure 10. Details of the FE model of the bridge 

Modal and dynamic analyses require as a matter of necessity the definition of the masses, 
which can be either lumped nodal masses or distributed. The piers were characterized with a 
distributed mass element of 1.664 ton/m, whilst the deck mass was concentrated at the top of each 
pier for an amount corresponding to the tributary deck length (56 tons per pier), and distributed at 
the two half span deck extremities with an amount of 2.784 ton/m.

Equivalent viscous damping, with values typically ranging around 1 ÷ 2%, is customarily in-
troduced in order to somehow represent minor energy dissipation mechanism other from the 
hysteretic ones (e.g. friction across cracks, radiation through foundations, and so on). This usually 
involves the employment of Rayleigh damping matrices, whereby damping is defined as propor-
tional to the mass and stiffness of the structural members (see Clough and Penzien, 1994). 
However, given the uncertainties associated to the quantification of such equivalent viscous 
damping, and considering also the recent doubts raised with regards to the employment of 
Rayleigh damping in nonlinear dynamic analyses (Hall, 2005, Priestley and Grant, 2005), this 
minor source of dissipation has been conservatively neglected in the numerical simulations. 

A static load of 1700 kN has been applied at the top of each pier, representing the deck weight 
according to the test setup, whilst the time history described in Figure 4, including the 10 s inter-
val with no acceleration (needed to damp out the structure motion after the first earthquake run), 
has been imposed at the pier bases and at the abutments. In this manner, the cumulative damage 
effects caused by the testing of the same structure under to successive earthquake input motions 
are adequately modelled.   
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The time step for the dynamic analysis has been selected as 0.004 s, coincident with the input 
record sampling time step (hence the input motion is accurately considered), and sufficiently 
small with respect to the dominant vibration period of the structure (0.4 secs), so as to guarantee 
numerical stability. For what concerns the nonlinear solution algorithm, the Hilber-Hughes-
Taylor (1977) integration scheme was employed, associated to a displacement and force based 
convergence criterion. 

5.3 Comparisons Between Numerical and Experimental Results 

The current section presents the comparisons between numerical and experimental results, in 
terms of displacements and forces at the top of the short, medium and tall piers observed when the 
bridge was subjected to the second and stronger earthquake input motion. Figure 11 to Figure 13 
show results of the top displacement (left) and the top shear (right): there is a good agreement, in 
terms of both the amplitude and the frequency content of the response. Table 8 illustrates the 
ratios of the maximum absolute response obtained from numerical calculation to that from tests. It 
is noted that the force response of the squat pier is not reproduced with full accuracy, whereas 
displacements are instead very well predicted. The numerical overestimation of the action at the 
top of the short pier can be explained by the fact that the fibre-based element formulation em-
ployed did not feature the possibility of modelling shear flexibility (or section torsion/warping): 
the fact that the stiffness of this pier is not reduced, as it would be due to the shear damage. 
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Figure 11. Tall pier top displacements (left) and top shear (right) 

Table 8. Ratios of the absolute maximum response obtained from numerical calculation to that from tests 

Tall 
Pier

Med
Pier

Short
Pier

Displacement 88% 94% 102% 
Top Shear 90% 95% 188% 
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Figure 12. Medium pier top displacements (left) and top shear (right) 
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Figure 13. Short pier top displacements (left) and top shear (right) 

6 Case Study 2: Multi-storey RC Building 

6.1 Description of the model 

The second case study concerns the dynamic analysis of a multi-storey RC building. A four-
storey, three-bay reinforced concrete bare frame, Figure 14, was designed (Carvalho et al., 1999) 
and built at the European Laboratory for Structural Assessment (ELSA) of the Joint Research 
Centre (JRC) at Ispra, Italy (Pinto et al., 2002). The full-scale model was constructed for pseudo-
dynamic testing, under the auspices of the EU-funded ECOEST/ICONS programme. The frame 
was designed essentially for gravity loads and a nominal lateral load of 8 % of its weight. The 
reinforcement details attempted to mirror the construction practice of southern European coun-
tries in the 1950’s and 1960’s. A detailed description of the analytical tool, the modelling 
approach as well as the nonlinear dynamic analyses used is presented herein. 
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Figure 14. Elevation and plan views of the frame, after Carvalho et al. (1999) 

The four-storey bare frame examined in this section is known to have a soft storey at the third 
floor. This is attributed to a drastic change in strength and stiffness at this level through a reduc-
tion in both the reinforcement content and the section dimensions in the columns between the 
second and third storeys, coinciding also with the location of lap-splicing. Such characteristics are 
common in buildings designed predominantly for gravity-loading and the failure of a storey mid-
way up a building has been observed in past devastating earthquakes such as the Kobe earthquake 
of 1995 (e.g. EERI, 1997).

The columns were non-ductile, smooth reinforcing bars were used, capacity design principles 
were ignored and lap splicing occurred in critical regions (Figure 15). Detailed information on the 
frame and the set up of the experimental test can be found in Pinto et al. (2002) and Pinho and 
Elnashai (2000). 



Figure 15. Reinforcement detail of the columns, after Carvalho et al. (1999) 

Figure 16. Scheme of vertical loads for nonlinear analysis, after Carvalho et al. (1999). 
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The materials considered at the design phase were a low strength concrete class C16/20
(CEN, 1991) and smooth reinforcement steel class Fe B22k (Italian standards). The latter refers to 
smooth bars with a yield stress of 235 MPa and ultimate strength of 365 MPa.

The vertical loads considered in the design consisted of the self-weight of the slab and trans-
verse beams, finishes, infill walls and the quasi-permanent static load. Figure 16 shows the 
scheme of vertical loads applied to the structure. 

6.2 Modelling of the Structure in the FE Program 

As in the previous case-study, the finite element analysis program SeismoStruct (SeismoSoft, 
2005) is employed to run all analyses. Structural members have been discretised through the use 
of beam-column elements, which are recalled to take account of geometrical nonlinearity and 
material inelasticity. Also as discussed before, since a constant generalized axial strain shape 
function is assumed in the adopted cubic formulation of the element, it results that its application 
is only fully valid to model the nonlinear response of relatively short members and hence a num-
ber of elements (usually three to four per structural member) is required to accurate model the 
structural frame members.  

In total, 112 inelastic frame elements, capable of representing progressive cracking and spread 
of inelasticity, are used to model the RC frame. All member sections are represented explicitly 
and, for the purpose of strain/stress evaluation, are subdivided into a number of fibres (200 ÷ 300)
varying according to the section size. The length of the elements varies according to their loca-
tion, with smaller elements being used in the vicinity of beam-column connections where large 
levels of inelastic deformation are expected. 

All connections are assumed rigid and fully-fixed boundary conditions are adopted at the base 
of the building. Effective slab widths of 1.0 m and 0.65 m were adopted for the long and short 
spans, respectively, following the formulae presented in Eurocode 2 [CEN, 1991]. 

Vertical loads and masses are applied at each beam node and at the beam-column joints mir-
roring the load and mass distribution presented previously in Figure 16. 

Concrete is represented by a uniaxial constant confinement model (Mander et al., 1988) and is 
calibrated using the concrete characteristics values obtained during testing.  As for the reinforce-
ment bars, the Menegotto-Pinto (1973) steel model, with an isotropic hardening constitutive 
relationship (Filippou et al., 1983), was adopted. 

It is worth mentioning that shear strains across the element cross section are not modelled; in 
addition, warping strains and warping effects are not considered in the current formulation, either. 
Additionally, the elastic torsional rigidity is used in the formulation of the nonlinear frame ele-
ments; this clearly involves some degree of approximation for the case of reinforced concrete 
sections. 

No viscous damping was considered in any dynamic analysis, since energy dissipation 
through hysteresis is already implicitly included within the nonlinear fibre model formulation of 
the inelastic frame elements, and non-hysteretic type damping was assumed to be negligible 
within the scope of the present endeavour (see also previous discussion on this issue). 



6.3 Nonlinear Dynamic Analysis 

Earthquake input.  A collection of artificial records was available for use in the pseudo-dynamic 
experimental programme. The records were derived following a probabilistic seismic hazard 
analysis carried out by Campos-Costa and Pinto (1999). For the purpose of the experimental 
programme, the severity class “Moderate-High”, typical of Southern European countries, was 
chosen. A set of hazard-consistent time histories was artificially generated to fit the uniform risk 
spectra (URS) for return periods of 100, 475, 975 and 2000 years.

In Figure 17, the acceleration and displacement elastic response spectra for all accelerograms, 
computed for an equivalent viscous damping of 5 %, are shown. These indicate peak acceleration 
response for periods of vibration of up to 0.5 seconds, with values ranging from 0.3 g to 1.1g.
Figure 18 shows the artificial Acc-475 (475 years return period) and Acc-975 (975 years return 
period) accelerograms; only these two records will be considered in the nonlinear dynamic and 
pushover analyses carried out herein. As is common with artificial records, a wide range of fre-
quencies is present in the accelerograms. 
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Comparison of experimental and analytical results.  The bare frame specimen of Figure 14 
was subjected to a pseudo-dynamic test using the Acc-475 input motion and subsequently to a 
second test carried out with the Acc-975 input motion. The results of the tests showed that the 
deformation demand concentrated in the 3rd storey for the Acc-475 test and that collapse of the 3rd

storey was almost reached for the Acc-975 test (Pinho and Elnashai, 2000).
Nonlinear dynamic analyses of the model have been carried out for the two records by placing 

them consecutively in order to reproduce the testing sequence and better predict the behaviour of 
the frame. The top frame displacements, obtained for the experimental test, for the Acc-475 re-
cord and the Acc-975 record are shown in Figure 19a and Figure 19b, respectively. In addition, 
the top displacement response obtained by numerical simulation of each test has been superim-
posed. It may be concluded that the analytical prediction agrees with the results obtained through 
testing. 

TOP LEVEL DISPLACEMENTS

-100

-50

0

50

100

0 2 4 6 8 10 12 14

TIME (S)

D
IS

P
L

A
C

E
M

E
N

T
S

 (m
m

)

EXPERIMENTAL ANALYTICAL

(a)

TOP LEVEL DISPLACEMENTS

-150

-100

-50

0

50

100

150

0 2 4 6 8 10 12 14

TIME (S)

D
IS

P
L

A
C

E
M

E
N

T
S

 (m
m

)

EXPERIMENTAL ANALYTICAL

(b)

Figure 19. Analytical and experimental top frame displacement: (a) Acc-475; (b) Acc-975 



Inter-storey drift is a crucial parameter in terms of structural response since it is closely related 
to the damage sustained by buildings during seismic action.  The soft-storey in the test case frame 
can only be identified through observation of the inter-storey drift profile. Figure 20 shows the 
drift profiles at the peak displacement from both the analytical and experimental time-histories; it 
is clear that the analytical model is able to predict the soft-storey at the third floor.  Further re-
finement of the analytical model could perhaps produce a closer match between the analytical and 
experimental drift profiles but this is not within the scope of the present exercise. It suffices that 
the nonlinear fibre analysis can predict the soft-storey at the third floor and thus this will be the 
reference to which all other analytical analyses will be compared. Note that no post-test calibra-
tion has been carried out. The structure was modelled as it is. The differences between analysis 
versus experiment are likely to be due to the fact the third storey developed a shear failure 
mechanism, not yet incorporated in the program used. 
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Figure 20. Analytical and experimental drift profiles: (a) Acc-475; (b) Acc-975 
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7 Conclusions

Structural behaviour is inherently nonlinear, particularly in the presence of large displacements or 
material nonlinearities, the structural response can be accurately caught only by means of nonlin-
ear dynamic analyses. The fibre modelling approach employed in the current work is shown to be 
capable of associating simplicity of use, even for not highly experienced users. Moreover, its 
ability to simulate the nonlinear dynamic response of reinforced concrete bridges or buildings to 
seismic loads has been proven by simulating large-scale experimental pseudo-dynamic tests. 
Results of the dynamic and modal analyses performed reveal a good agreement with the pseudo-
dynamic tests, both in terms of displacements and forces at the top of the tall and medium-height 
piers. At present, shear strains across the element cross-section are not included in the fibre-
element formulation adopted, i.e. the strain state of a section is fully represented by the curvature 
at centroidal axial strains alone: this approach is not accurate enough for representing the squat 
pier deformation state, where shear deformations are of relevance. 

In closing, simple-to-calibrate fibre structural models can be employed to reproduce with 
good level of accuracy the nonlinear structural response of continuous span bridge structures and 
multi-storey RC buildings. In other words, it is believed that such an advanced analytical tool can 
be readily handled within a common engineering practise framework, provided a basic level of 
awareness on the decisions that the designer has to face, discussed in this paper, is available. 
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Using Pushover Analysis for Assessment  
of Buildings and Bridges 
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Abstract. Estimating seismic demands on structures requires explicit consideration of the 
structural inelastic behaviour: to this end, the use of nonlinear static procedures, or push-
over analyses, is inevitably going to be favoured over more complex nonlinear time-history 
analysis methods. Currently employed pushover methods are performed subjecting the 
structure to monotonically increasing lateral forces with invariant distribution until a target 
displacement is reached, basing both the force distribution and target displacement on the 
assumptions that the response is controlled by the fundamental mode, unchanged after the 
structure yields. However, these invariant force distributions cannot account for the contri-
butions of higher modes to response, nor for the redistribution of inertia forces because of 
structural yielding and the associated changes in the vibration properties: in order to over-
come drawbacks arising from conventional methods; an innovative displacement-based 
adaptive pushover technique for estimation of the seismic capacity of RC structures is illus-
trated. Analytical parametric studies show that, with respect to conventional pushover 
methods, the novel approach can lead to the attainment of significantly improved predic-
tions, which match very closely results from dynamic nonlinear analysis.  

1 Introduction 

It is unquestionable that nonlinear dynamic analysis is the most accurate method for assessing the 
response of structures subjected to earthquake action. Indeed, any type of static analysis will 
always be inherently flawed, given the conspicuous absence of time-dependent effects. However, 
as noted by Goel and Chopra (2005a), amongst others, such type of analysis is not without its 
difficulties or drawbacks, particularly for what concerns application within a design office envi-
ronment.  

Firstly, in order to employ dynamic analysis for seismic design/assessment of structures, an 
ensemble of site-specific ground motions compatible with the seismic hazard spectrum for the site 
must be simulated. As described by Bommer and Acevedo (2004), amongst others, this is, how-
ever, a far from simple task, since seismic design codes feature insufficient or inadequate 
guidance on procedures to either (i) generate artificial spectrum-compatible records, (ii) produce 
synthetic accelerograms from seismological models or (iii) select appropriate suites of real accel-
eration time-series, eventually modified to better fit a given code response spectrum. It is believed 
that until better guidance on record selection/generation will be made available to earthquake 
engineer designers, this first step will remain as a very difficult-to-overcome hurdle to the use of 
dynamic time-history analysis in design office applications.  
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Secondly, notwithstanding the significant increase in computing power witnessed in recent 
years, nonlinear time-history analysis remains computationally demanding, especially when fibre-
based (distributed inelasticity) structural analysis programs, which are simpler to calibrate than 
their plastic-hinge (concentrated plasticity) counterparts, are employed to model the seismic re-
sponse of large multi-storey irregular buildings, requiring 3D models with thousands of elements. 
This problem becomes even the more significant if one considers that the analyses will need to be 
repeated a significant amount of times, not only because design codes or guidance documents 
request for a relatively large number of earthquake records to be employed in order to warrant 
minimum probabilistic validity of the results, but also, and perhaps mainly, because the process of 
analysing any given structure is invariably an iterative one, given that modelling errors are com-
monly encountered as the design/assessment process evolves.  

Thirdly, even in those situations where the expertise and resources for running time-history 
analyses are available, it is often the case that preliminary simpler analysis (i.e. modal and static 
analyses) are run to enable a first check of the model; errors in the definition/assemblage of a 
finite elements model are difficult to detect from dynamic analysis results, whilst they tend to be 
relatively evident from the output of eigenvalue or pushover runs. As an example, inspection of 
the first modes of vibration of a given building model may be used to check if member stiffness 
has been correctly allocated or if the mass has been appropriately distributed, whilst examination 
of a force-displacement monotonic capacity curve may serve to quickly assess if member strength 
and ductility has been properly assigned. Static analyses, even if representing simplified methods, 
also provide important structural response information such as (i) identification of critical regions, 
where large inelastic deformations may occur, (ii) individuation of strength irregularities in plan 
and elevation that might cause important changes in the inelastic dynamic response characteris-
tics, (iii) evaluation of the force demand in potentially brittle elements, and (iv) prediction of the 
sequence of yielding and/or failure of structural members. In addition, the explicit insight that 
pushover-derived base shear vs. top displacement capacity curves provide into the stiffness, 
strength and ductility of a given structure, constitutes the type of qualitative data that is always 
most informative and useful within a design application, even when time-history analysis is then 
employed for the definitive verifications.  

The above constitute, in the opinion of the author, strong reasons for nonlinear static analysis 
methods to continue to be developed and improved, so that these tools can become even more 
reliable and useful when employed either as a replacement to time-history analysis in the seismic 
design/assessment of relatively simple non-critical structures, or as a complement to dynamic 
analysis of more complex/critical facilities. 

2 Definition and Scope 

The term pushover analysis describes a modern variation of the classical collapse analysis 
method, as fittingly described by Kunnath (2004). It refers to an analysis procedure whereby an 
incremental-iterative solution of the static equilibrium equations is carried out to obtain the re-
sponse of a structure subjected to monotonically increasing lateral load pattern. The structural 
resistance is evaluated and the stiffness matrix is updated at each increment of the forcing func-
tion, up to convergence. The solution proceeds until (i) a predefined performance limit state is 
reached, (ii) structural collapse is incipient or (iii) the program fails to converge. In this manner, 



each point in the resulting displacement vs. base shear capacity curve represents an effective and 
equilibrated stress-state of the structure, i.e. a state of deformation that bears a direct correspon-
dence to the applied external force vector. 

Within the framework of earthquake engineering, pushover analysis is employed with the ob-
jective of deriving, with relative ease, an envelope of the response parameters that would 
otherwise be obtained through a much more complex and time-consuming Incremental Dynamic 
Analysis (IDA) procedure, as can be construed by Figure 1. IDA is a parametric analysis method 
by which a structure is subjected to a series of nonlinear time-history analyses of increasing inten-
sity (Vamvatsikos and Cornell, 2002), with the objective of attaining an accurate indication of the 
“true” dynamic response of a structure subjected to earthquake action. 
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Figure 1. Maximum base-shear and top displacement values obtained with incremental dynamic analysis. 

Recent years have also witnessed the development and introduction of an alternative type of 
nonlinear static analysis, which involves running multiple pushover analyses separately, each of 
which corresponding to a given modal distribution, and then estimating the structural response by 
combining the action effects derived from each of the modal responses (i.e. each displacement-
force pair derived from such procedures does not actually correspond to an equilibrated structural 
stress state). Paret et al. (1996) first suggested the Multi-Modal Pushover procedure, which was 
then refined by Moghadam and Tso (2002). Chopra and Goel (2002), on the other hand, have 
developed and proposed a Modal Pushover Analysis (MPA) technique, which Hernández-Montes 
et al. (2004) have then adapted into an Energy-based Pushover formulation. A further refinement 
of such multiple-pushover procedures, with the aim to account for the alteration of local resis-
tance and modal characteristics of the structure induced by the accumulation of damage, consists 
in the employment of adaptive updating of the loading pattern (Gupta and Kunnath, 2000; Aydi-
noglu, 2003), effectively meaning that the methods may now be categorised as piecewise linear 
response spectrum analysis. As highlighted by their respective authors, the main advantage of this 
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category of static analysis procedures is that they may be applied using standard readily-available 
commercial software packages. The associated drawback, however, is that the methods are inevi-
tably more complex than running a single pushover analysis, as noted by Maison (2005). 
Furthermore, some of the proposed “multiple-run” procedures, either they have an adaptive or 
non-adaptive nature, lead to difficulties when applied within capacity-spectrum type of procedure 
due to the need to handle capacity curves associated with higher mode force patterns that display 
a reversal of the roof displacement as inelasticity develops in the structure (Hernàndez-Montes et
al. 2004; ATC 2005; Goel and Chopra 2005b). For all of the above, these multiple-pushover 
based approaches do not constitute the scope of the current presentation, where focus is placed 
instead on “single-run” pushover analysis procedures.  

In tandem with the present drive for performance-based seismic engineering, there is also cur-
rently a thrust for the development and code implementation of displacement or, more generally, 
deformation-based design and assessment methods. Therefore, it would seem that applying dis-
placement loading, rather than force actions, in pushover procedures would be an appropriate 
option for nonlinear static analysis of structures subjected to earthquake action. However, due to 
the unvarying nature of the applied displacement loading vector, conventional (non-adaptive) 
displacement-based pushover analysis can conceal important structural characteristics, such as 
strength irregularities and soft storeys, should the displacement pattern adopted at the start of the 
analysis not correspond to the structure’s post-yield failure mechanism. Consequently, when only 
non-adaptive static nonlinear analysis tools are available, as has been the case throughout the past, 
force-based pushover does constitute a preferable choice over its displacement-based counterpart. 

On the other hand, however, if one is able to apply displacements, rather than forces, in an 
adaptive fashion, that is, with the possibility of updating the displacement loading pattern accord-
ing to the structural properties of the model at each step of the analysis, then a conceptually 
appealing deformation-based nonlinear static analysis tool is obtained. 

3 Recent Developments in Single-Run Pushover Analysis 

According to recently introduced code provisions, such as FEMA-356 (BSSC, 2000) and Euro-
code 8 (CEN, 2002), pushover analysis should consist of subjecting the structure to an increasing 
vector of horizontal forces with invariant pattern. Both the force distribution and target displace-
ment are based on the assumptions that the response is controlled by the fundamental mode and 
the mode shape remains unchanged until collapse occurs. Two lateral load patterns, namely the 
first mode proportional and the uniform, are recommended to approximately bound the likely 
distribution of the inertia forces in the elastic and inelastic range, respectively.  

However, a number of recent studies, summarised in the FEMA-440 report (ATC, 2005), 
raise doubts on the effectiveness of these conventional force-based pushover methods in estimat-
ing the seismic demand throughout the full deformation range: (i) inaccurate prediction of 
deformations when higher modes are important and/or the structure is highly pushed into its 
nonlinear post-yield range, (ii) inaccurate prediction of local damage concentrations, responsible 
for changing the modal response, (iii) inability of reproducing peculiar dynamic effects, neglect-
ing sources of energy dissipation such as kinetic energy, viscous damping, and duration effects, 
(iv) difficulty in incorporating three-dimensional and cyclic earthquake loading effects. 



In  Figure 2 and Figure 3, examples of inadequate prediction of both the capacity curve as 
well as the deformation response characteristics of a 12-storey reinforced concrete frame sub-
jected to a natural earthquake recording (case-study RM15-NR2 in Antoniou and Pinho (2004a)) 
and of a 4-storey irregular frame subjected to an artificial accelerogram (ICONS full-scale test 
specimen, described in Pinho and Elnashai (2000)) are given. It is noted that although the 12-
storey building is regular in height, its response is heavily influenced by higher mode effects, 
effectively rendering its seismic behaviour highly irregular in height, as conspicuously shown by 
Figure 2a. The standard pushover results have been carried out using both triangular and uniform 
loading distributions, and are compared with the envelope of results obtained with incremental 
dynamic analysis. 
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Figure 2. Capacity curves of a 12-storey building, obtained with standard pushover. 
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Figure 3. Interstorey drift profiles of (a) 12-storey building and (b) 4-storey irregular frame, obtained with 
standard pushover. 
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The main reason behind the underperformance of these conventional pushover methods is the 
fact that they do not account for the effect that damage accumulation, induced by the increasing 
deformation levels imposed on the structure, has on the response of the latter. Cumulative mate-
rial straining introduces a reduction in stiffness, which, in turn, causes an elongation of the 
periods of vibration (Figure 4), which then, depending on the shape of the response spectrum 
being considered (or on the frequency content of an input record), may trigger significant changes 
in the response characteristics of the buildings (Figure 5). Krawinkler and Seneviratna (1998) 
summarised the above with a single statement: fixed load patterns in pushover analysis are limit-
ing, be they first modal or multimodal derived, because no fixed distribution is able of 
representing the dynamic response throughout the full deformation range. 
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Figure 4. Periods of vibration of 4-storey building under increasing levels of deformation. 
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As a result of the aforementioned limitations, recent years have witnessed the development 
and introduction of so-called Adaptive Pushover methods whereby the loading vector is updated 
at each analysis step, reflecting the progressive stiffness degradation of the structure induced by 
the penetration in the inelastic range (Figure 6). The response of the structure is thus computed in 
incremental fashion, through piecewise linearization (Figure 7), hence rendering it possible to use 
the tangent stiffness at the start of each increment, together with the mass of the system, to com-
pute modal response characteristics of each incremental pseudo-system through elastic eigenvalue 
analysis, and use such modal quantities to congruently update (i.e. increment) the pushover load-
ing vector. 
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Figure 6. Adaptive pushover: shape of loading vector is updated at each analysis step. 
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Force-based adaptive pushover procedures have been proposed by Reinhorn (1997), Bracci et
al. (1997), Satyarno et al. (1998), Requena and Ayala (2000), Elnashai (2001) and Antoniou et al.
(2002). With the exception of the work of Satyarno et al. (1998), where a single mode adaptive 
pushover pattern was employed, all other adaptive methodologies considered the effects of the 
higher modes and of the input frequency content. Furthermore, Elnashai (2001) and Antoniou et
al. (2002) implemented their adaptive algorithm within a fibre analysis framework, allowing for a 
continuous, rather than discrete, force distribution update to be carried out. Despite their apparent 
conceptual superiority, or at least despite their conspicuously more elaborated formulation, the 
improvement introduced by such Force-based Adaptive Pushover (FAP) procedures was not-
necessarily impressive, with respect to its traditional non-adaptive counterparts, particularly in 
what concerns the estimation of deformation patterns of buildings, which seemed to be poorly 
predicted by both types of analysis, as shown in Figure 8. As described by Kunnath (2004) and 
Antoniou and Pinho (2004a), the main reason for such underperformance seems to be the quad-
ratic modal combination rules (e.g. SRSS, CQC) used in computing the adaptive updating of the 
load vector; such rules will inevitably lead to monotonically increasing load vectors, since the 
possibility of sign change in applied loads at any location is precluded, whilst it may be needed to 
represent the uneven redistribution of forces after an inelastic mechanism is triggered at some 
location. 
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Figure 8. Interstorey drift profiles of (a) 12-storey building and (b) 4-storey irregular frame, 
obtained with Force-based Adaptive Pushover using SRSS modal combination. 

With the above in mind, Kunnath (2004) and López-Menjivar (2004) have proposed an alter-
native modal combination scheme, consisting of a weighted Direct Vectorial Addition (DVA) of 
the different modal shapes that can be mathematically expressed as: 



n

j
jjijjji SaMF

1
, Eq. 1 

where i is the storey number, j is the mode number, n is the highest mode of interest, j is the 
modal participation factor for the jth mode, i,j is the mass normalised mode shape value for the ith

storey and the jth mode, Mi is the mass of the ith storey and Saj represents the acceleration re-
sponse spectrum ordinate corresponding to the period of vibration of the jth mode. Finally, j is a 
weighting factor that aims at accounting for the varying relative importance that each mode j has 
on the maximum response of the structure. 

The employment of such alternative modal combination procedure, may indeed lead to the at-
tainment of improved results, as demonstrated by the interstorey drift profiles given in Figure 9, 
obtained through consideration of the first three modes of vibration of the buildings, and using 1

= 1.0, 2 = -1.0 and 3 = 1.0 in Eq. 1. However, the arbitrary nature of these weighting factors j

renders the method unfeasible for practical application, as explicitly acknowledged in Kunnath 
(2004) and demonstrated in López-Menjivar (2004). Indeed, in the latter work it is demonstrated 
how values of j that lead to optimum results for some building configurations, lead then to poor 
predictions in buildings with diverse characteristics. Therefore, and until a general procedure to 
correctly determine the values of the weighting factors is found, the DVA adaptive pushover 
modality cannot really be deemed as a valid solution for practical application.
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Figure 9. Interstorey drift profiles of (a) 12-storey building and (b) 4-storey irregular frame, obtained with 
Force-based Adaptive Pushover using DVA modal combination. 

4 Displacement-Based Adaptive Pushover (DAP) 

With a view to overcome all the limitations described above, Antoniou and Pinho (2004b) have 
proposed a paradigm shift in pushover analysis, by introducing the innovative concept of Dis-
placement-based Adaptive Pushover (DAP). Contrarily to what happens in non-adaptive 
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pushover, where the application of a constant displacement profile would force a predetermined 
and possibly inappropriate response mode, thus concealing important structural characteristics 
and concentrating inelastic mechanisms at a given location, within an adaptive framework, a 
displacement-based pushover is entirely feasible, since the loading vector is updated at each step 
of the analysis according to the current dynamic characteristics of the structure. 

4.1 DAP – Methodology 

The implementation of DAP can be structured in four main stages; (i) definition of the nominal 
load vector and inertia mass, (ii) computation of the load factor, (iii) calculation of the normalised  
scaling vector and (iv) updating of the loading displacement vector. Whilst the first step is carried 
out only once, at the start of the analysis, its three remaining counterparts are repeated at every 
equilibrium stage of the nonlinear static analysis procedure, as described in the following subsec-
tions. 

The loading vector shape is automatically defined and updated by the solution algorithm at 
each analysis step, for which reason the nominal vector of displacements, U0, must always feature 
a uniform (rectangular) distribution shape in height, so as not to distort the load vector configura-
tion determined in correspondence to the dynamic response characteristics of the structure at each 
analysis step. In addition, it is noteworthy that the adaptive pushover requires the inertia mass M
of the structure to be modelled, so that the eigenvalue analysis, employed in updating the load 
vector shape, may be carried out. 

The magnitude of the load vector U at any given analysis step is given by the product of its 
nominal counterpart U0, defined above, and the load factor  at that step (see Eq. 2). The latter is 
automatically increased, by means of a load control strategy (Antoniou and Pinho, 2004a), until a 
predefined analysis target, or numerical failure, is reached. 

Eq. 2 

The normalized modal scaling vector, D , used to determine the shape of the load vector (or 
load increment vector) at each step, is computed at the start of each load increment. In order for 
such scaling vector to reflect the actual stiffness state of the structure, as obtained at the end of the 
previous load increment, an eigenvalue analysis is carried out. To this end, the Lanczos algorithm 
(Hughes, 1987) is employed to determine the modal shape and participation factors of any given 
predefined number of modes. Modal loads can be combined by using either the Square Root of 
the Sum of the Squares (SRSS) or the Complete Quadratic Combination (CQC) methods. 

Since application to the analysis of buildings is the scope of the present work, use is made of 
the interstorey drift-based scaling algorithm, whereby maximum interstorey drift values obtained 
directly from modal analysis, rather than from the difference between not-necessarily simultane-
ous maximum floor displacement values, are used to compute the scaling displacement vector. 
This comes as a reflection of the fact that the maximum displacement of a particular floor level, 
being essentially the relative displacement between that floor and the ground, provides insuffi-
cient insight into the actual level of damage incurred by buildings subject to earthquake loading. 
On the contrary, interstorey drifts, obtained as the difference between floor displacements at two 
consecutive levels, feature a much clearer and direct relationship to horizontal deformation de-



mand on buildings. Readers are referred to Antoniou (2002) for further details on this formula-
tion. 

In such an interstorey drift-based scaling technique, the eigenvalue vectors are thus employed 
to determine the interstorey drifts for each mode ij, as shown in Eq. 3, while the displacement 
pattern Di at the ith storey is obtained through the summation of the modal-combined inter-storey 
drifts of the storeys below that level, i.e. drifts 1 to i:
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Since only the relative values of storey displacements (Di) are of interest in the determination 
of the normalised modal scaling vector D , which defines the shape, not the magnitude, of the 
load or load increment vector, the displacements obtained by Eq. 3 are normalised so that the 
maximum displacement remains proportional to the load factor, as required within a load control 
framework: 

i

i
i D

D
D

max
Eq. 4 

Once the normalised scaling vector and load factor have been determined, and knowing also 
the value of the initial nominal load vector, the loading vector Ut at a given analysis step t is ob-
tained by adding to the load vector of the previous step, Ut-1 (existing balanced loads), a newly 
derived load vector increment, computed as the product between the current load factor increment 

t, the current modal scaling vector tD  and the nominal vector U0, as mathematically translated 
into Eq. 5 and graphically depicted in Figure 10. 
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Figure 10. Updating of the loading displacement vector. 
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The DAP algorithm has been implemented in the computer code SeismoStruct (SeismoSoft 
2005), a fibre element-based program for seismic analysis of framed structures, freely download-
able from the internet. The program incorporates both local (beam-column effects) and global 
(large displacements/rotations effects) sources of geometric nonlinearity as well as the interaction 
between axial force and transverse deformation of the element. The spread of material inelasticity 
along the member length is explicitly represented through the employment of a fibre modelling 
approach, implicit in the formulation of the inelastic beam-column frame elements adopted in the 
analyses. Various verification studies have been carried out with the aforementioned program on 
a four-storey reinforced concrete frame (Figure 11), a reinforced concrete bridge (Figure 12a) and 
a two-storey steel frame (Figure 12b) all of which show the ability of the analytical models to 
replicate the seismic response of full-scale structures. 
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Figure 11. Verification of a fibre-element analytical model of a 4-storey RC frame (López-Menjivar, 
2004).
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Figure 12. Verification of fibre element analytical models of (a) a RC bridge (Casarotti et al., 2005) and 
(b) a 2-storey steel frame (Pietra, 2006). 



4.2 DAP – Illustrative results 

Two clearly distinct building frames, both of which featuring an irregular type of dynamic re-
sponse, are considered herein. The first of these is a 12-storey five-bay reinforced concrete 
structure designed according to Eurocode 8 (2002). It displayed a highly irregular dynamic be-
haviour (Figure 3) when subjected to an accelerogram (Hollister station, Loma Prieta earthquake, 
USA, 1989) that presented a very high amplification in the short-period and thus lead to a re-
sponse very much dominated by the 2nd and 3rd modes of vibration. Indeed, and as can be 
observed in Figure 13, these two higher modes (0.15 < T2, T3 < 0.30 secs) feature a spectral 
amplification, in acceleration, that is ten times higher than that corresponding to first mode of 
vibration (T1 > 1.4 secs). Further details on this case-study can be found in Antoniou et al.
(2002).
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Figure 13. (a) Acceleration and (b) displacement response spectra of accelerogram employed 
in the analysis of 12-storey building. 

The second structure is a 4-storey three-bay building refers to a full-scale test specimen, built 
to represent typical design and construction practice in most South-European countries in the 
1950's, and tested under pseudo-dynamic conditions (Pinho and Elnashai, 2000) at the JRC in 
Ispra (Italy). The frame was designed for gravity loads only, without any consideration of ductil-
ity provisions or capacity design principles. Consequently, it exhibited a soft-storey type of 
deformation mechanism at the third storey level (e.g. Figure 3) caused mainly by the drastic stiff-
ness/strength variation present at such location, as well as by inadequate lap-splicing and 
defective column shear capacity. The input motion consisted of artificial accelerograms aiming at 
being representative of European seismicity (Campos-Costa and Pinto, 1999). 

In Figure 14, the interstorey drift profiles of these two case-studies, as obtained with the em-
ployment DAP analyses, are given. It is observed that the predictions now match much closer the 
dynamic response of these two structures, which effectively means that the response irregularities 
caused by the flexibility of the 12-storey structure, and subsequent amplification of higher modes, 
as well as the strength irregularity of the 4-storey prototype, have been fully and correctly cap-
tured by the proposed static analysis algorithm.  
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Figure 14. Interstorey drift profiles of (a) 12-storey building and (b) 4-storey irregular frame, obtained 
with Displacement-based Adaptive Pushover using SRSS combination. 

In Figure 15, on the other hand, the capacity curves of the 12-storey building, as derived by 
both DAP and standard pushover curves are compared with the Incremental Dynamic Analysis 
envelope. The advantages of using an adaptive displacement-based pushover can be inferred also 
from this type of results. 
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Figure 15. Capacity curves of a 12-storey building, obtained with DAP and standard 
pushovers, and compared against IDA envelopes. 



The reason behind the most-improved predictions obtained with the displacement-based adap-
tive pushover procedure is the fact that storey forces or shears are no longer applied directly to the 
structure but rather come as a result of structural equilibrium to the applied displacement pattern, 
thus allowing for the reproduction of reversal of storey shear distributions, observed in dynamic 
analysis, even if a quadratic rule is employed to combine the contribution of the different modes. 
In effect, DAP drift profiles, despite carrying a permanently positive sign, do, in any case, feature 
changes of their respective gradient (i.e. the trend with which drift values change from one storey 
to the next), introduced by the contribution of higher modes. When such gradient variations imply 
a reduction of the drift of a given storey with respect to its adjacent floor levels, then the corre-
sponding applied storey horizontal force must also be reduced, in some cases to the extent of sign 
inversion, as observed in Figure 16.
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Figure 16. Storey shear distributions of a 12-storey building obtained with Displacement-based Adaptive 
Pushover as well as with standard non-adaptive pushovers. 

In other words, given that in DAP, shear distributions are automatically derived to attain struc-
tural equilibrium with the imposed storey drifts, rather than being a result of the loads directly 
applied to the structure, the previously described limitations evidenced by force-based adaptive 
schemes that use quadratic modal combination rules can be overcome and, consequently, results 
as whole (i.e. deformation profiles and capacity curves) become more accurate.  

4.3 DAP – Ease-of-use, Computational Effort and Numerical Stability 

When compared with nonlinear time-history analysis, pushover methods are advantaged by their 
(i) higher user-friendliness, (ii) reduced running time and (iii) increased numerical stability. 
Therefore, it is important that the proposed displacement-based algorithm, capable of producing 
improved structural response predictions in comparison with existing non-adaptive pushover 
techniques, does also feature these three advantages over dynamic analysis.
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From a usability point-of-view, the proposed displacement-based adaptive pushover algorithm 
effectively presents no additional effort and/or requirements with respect to its conventional non-
adaptive counterparts. In effect, the only element of novelty, in terms of analysis input, is the 
introduction of the building’s inertia mass, which, however, can readily be obtained directly from 
the vertical gravity loads, already included in any type of pushover analysis.  

With regards to computational effort, in general, the amount of time necessary to complete an 
adaptive pushover analysis is typically double the time necessary for a conventional procedure, 
approximately. Obviously, the duration of such finite element runs will vary according to the 
computing capacity of the workstation being used, as well as with the characteristics of the model 
(mainly the number of elements and level of fibre discretisation of the sections). In any case, 
adaptive pushover proved to be up to ten times quicker than nonlinear dynamic analysis of a same 
model (keeping in mind that fibre-based finite element modelling has been adopted for the current 
work), hence the time-advantage of static methods versus their dynamic counterparts is not lost 
with the addition of the adaptive features.

As far as numerical stability is concerned, no particular problems have been observed in the 
studies described above, and those given in subsequent sections, noting that structures were 
pushed well into their post-peak inelastic response range.  

5 Verification Parametric Studies 

In this Section, an analytical comparative study involving different pushover methods, either 
single or multi mode, adaptive or conventional, and dynamic nonlinear analysis of buildings and 
bridges is presented. The “true” dynamic response is deemed to be represented by the results of 
the Incremental Dynamic Analysis procedure (IDA) (e.g. Vamvatsikos and Cornell, 2002), which 
is a parametric analysis method by which a structure is subjected to a series of nonlinear time-
history analyses of increasing intensity.

5.1 Reinforced Concrete Frames 

Characteristics of input motion and structural models. Three different configurations of com-
mon RC structures were employed: a 12-storey regular frame, an eight storey irregular frame and 
a dual wall-frame system (Figure 17). The latter are based on buildings previously designed for 
different ductility classes and design ground acceleration, on medium soil type ‘B’ of EC8 
(Fardis, 1994), resulting in a total of 12 models, as described in Table 1. The overall plan dimen-
sions of the three configurations are 15 m by 20 m. The storey height is 3 m except the first storey 
of the irregular set, which is 4.5 m high. A detailed description of models and load conditions, as 
well as of their FE modelling, can be found in López-Menjivar (2004). 

Four input time-histories, consisting of one-artificially generated accelerogram (A975) and 
three natural records (Loma Prieta earthquake, USA, 1989), were employed: the selection of these 
four records aimed at guaranteeing a wide-ranging type of earthquake action, in terms of fre-
quency content, peak ground acceleration, duration and number of high amplitude cycles. Their 
acceleration response spectra are shown in Figure 18. Upper and lower bounds of the main char-
acteristics of the records are summarised in Table 2, where the significant duration is defined as 
the interval between the build up of 5% and 95% of the total Arias Intensity (Bommer and Marti-
nez-Pereira, 1999). 
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Figure 17. Geometric characteristics of the regular, irregular and dual systems. 

Table 1. Considered building systems 

Structural
System 

Storeys
(Height)

Structure
Reference

Ductility 
Level

Design 
PGA (g) 

Behavior 
Factor (q) 

Tuncracked

(s)
RH30 High 5.00 0.697
RM30 Medium

0.30
3.75 0.719

RM15 Medium 3.75 0.745
Regular 
Frame

12 (36 m)

RL15 Low
0.15

2.50 0.740
IH30 High 4.00 0.565
IM30 Medium

0.30
3.00 0.536

IM15 Medium 3.00 0.613
Irregular
Frame

8 (25.5 m)

IL15 Low
0.15

2.00 0.614
WH30 High 3.50 0.569
WM30 Medium

0.30
2.625 0.557

WM15 Medium 2.625 0.601

Regular 
Wall-
Frame

8 (24 m)

RH30 High
0.15

5.00 0.697

Table 2. Bounding characteristics of the employed set of records for buildings 

Peak Ground 
Acceleration

Peak Response 
Acceleration

5% Arias 
Intensity 
threshold 

Significant 
Duration 

teff

Total 
Duration  

ttot

teff / ttot

Min 0.12 g 0.50 g 1.02 s 7.24 s 10.0 s 22.3% 
Max 0.93 g 4.25 g 11.23 s 10.43 s 40.0 s 72.4% 
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Figure 18. Elastic response spectra of the four records (5% equivalent viscous damping). 

Analyses and results post-processing. The two non-adaptive pushover schemes, proposed in the 
NEHRP Guidelines (ATC, 1997), were applied to each set of buildings: the uniform distribution, 
whereby lateral forces are proportional to the total mass at each floor level, and the triangular 
distribution, in which seismic forces are proportional to the product of floor mass and storey 
height. The adaptive pushover algorithm was used in both its force and displacement-based vari-
ants, with spectrum scaling, employing SRSS or CQC modal combination rules.

The inter-storey drift profiles obtained from each pushover analysis are compared to the drift 
profiles from the nonlinear dynamic analysis and the standard error of the pushover results, with 
respect to the dynamic, is calculated as: 

n

1i iD

iPiD

n
1100(%)Error Eq. 6 

The interstorey drift profiles are monitored at four different deformation levels: the pre-yield 
state (0.5 % total drift), the point of global yielding (1.0 % and 1.5 %), where the stiffness 
changes significantly and the local distributions are rapidly updated, and the deeply inelastic 
range (2.5 %).

The Standard Error of the non-adaptive and adaptive pushover schemes was computed for all 
the structures and earthquake records considered. In order to identify the presence of possible 
response peculiarities introduced by individual input motions but smoothed out through results 
averaging, the standard error was computed separately for each time history analysis, as a unique 
value, averaging the standard error of all the storeys, in the building, and deformation levels. 



Obtained results.  The Mean Standard Error of the DAP, FAP, Triangular and Uniform push-
overs, considering all structures and ground motions, are 19.11 %, 30.90 %, 21.11 % and 38.76
%, respectively. These overall results seem to indicate only a marginal advantage of DAP with 
respect to non-adaptive triangular distribution. However, a closer inspection of interstorey drift 
profiles (Figure 19) for some particularly difficult cases, renders much more conspicuous the 
gains provided by the employment of displacement-based adaptive pushover in the prediction of 
the seismic demand/capacity of framed buildings subjected to seismic action. 

0

2

4

6

8

10

12

0.00% 1.00% 2.00% 3.00% 4.00% 5.00% 6.00%

INTERSTOREY DRIFT

S
T

O
R

E
Y

DAP-SRSS
DYNAMIC
TRIANGULAR
UNIFORM

Figure 19. Representative results obtained with model RM15 subjected to one of the natural accelerograms 
employed in this study (NR2). 

5.2 Steel Frames 

Characteristics of input motion and structural models. In order to enable a direct comparison 
with the extensive and most thorough parametric study described in FEMA-440 (ATC, 2005), the 
same structural models and earthquake records that have been used in such work have been 
adopted here. Hence, considered ground motions include Near-Field type records (NF records) as 
well as ordinary records (Ordinary Ground Motions, OGMs). Their main properties are summa-
rized in Table 3, whilst displacement response spectra are represented in Figure 20. OGMs (11 
records) consist of site class C accelerograms selected from strong-motion records that do not 
present near-fault or near-field characteristics (strong velocity pulses, short duration, high fre-
quency content, etc.). NF accelerograms, on the other hand, consist of motions recorded close to 
the epicentre and which contain very strong velocity pulses, originally included in the FEMA-440 
work with the objective of verifying, at least in preliminary fashion, the validity of employing 
pushover methods in areas where pulse-like near-fault ground motions are likely to occur. For 
further details the reader is referred to ATC (2005) and Somerville et al. (1997). 
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Table 3. Ground Motion characteristics (ATC, 2005) 

Identifier EQ Ms Station Component PGA 
[g] 

PGV 
[cm/s] 

Effective 
Length[s] 

Source 

Ordinary Ground Motions 
A1 Superstitn 

11-24-87 
6.6 El Centro Imp Co. Cent(01335) 000 0.358 46.4 23 CDMG 

A2 Northridge 
1-17-94 

6.7 Canyon Country-W Lost Cany 
(90057) 

000 0.41 43 11 USC 

A3 Loma Prieta 
10-18-89 

7.1 Gilroy Array #2 (47380) 090 0.322 39.1 14 CDMG 

A4 Chi-Chi, 
Taiwan 
8-20-99 

7.6 (TCU122) N 0.261 34 35 CWB 

A5 Loma Prieta 
10-18-89 

7.1 Gilroy Array #3 (47381) 090 0.367 44.7 17 CDMG 

A6 Northridge 
1-17-94 

6.7 Canoga Park-Topanga Can (90053) 196 0.42 60.8 14 USC 

A7 Chi-Chi, 
Taiwan 
8-20-99 

7.6 (CHY101) W 0.353 70.6 32 CWB 

A8 Superstitn 
11-24-87 

6.6 El Centro Imp Co. Cent(01335) 090 0.258 40.9 27 CDMG 

A9 Northridge 
1-17-94 

6.7 Canoga Park-Topanga Can (90053) 106 0.356 32.1 16 USC 

A10 Imperial 
Valley 

10-15-79 

6.9 El Centro Array #2 (5115) 140 0.315 31.5 17 USGS 

A11 Imperial 
Valley 

10-15-79 

6.9 El Centro Array #11 (5058) 230 0.38 42.1 18 USGS 

Near-Field Ground Motions 
ERZ Erzican 

3-13-92 
6.9 Erzican Station NA 0.442 126 7 EERL 

Caltech 
LUC Landers 

6-28-92 
7.3 Lucerne Valley Station 280 0.732 147 14 EERL 

Caltech 
RRS Northridge 

1-17-94 
6.7 Rinaldi Receiving Station 213 0.891 186 6.5 EERL 

Caltech 
SCH Northridge 

1-17-94 
6.7 Sylmar County Hospital Parking 

Lot 
190 0.865 138 5.5 EERL 

Caltech 

0 0.5 1 1.5 2 2.5
0

0.2

0.4

0.6

0.8

1

S
d 

[m
]

T [s]
0 0.5 1 1.5 2 2.5

T [s]

ERZMV1

LUCMV1
RRSMV1

SCHMV1

A1
A2

A3

A4

A5

A6
A7

A8

A9

A10
A11

            (a)            (b) 
Figure 20. Ground Motions: unscaled displacement response spectrum for (a) Ordinary- and (b) Near-

Field-type records (ATC, 2005). 



The prototype buildings analyzed in the current endeavour consist therefore of two steel mo-
ment-resisting frames (nine and three storeys, Figure 21 and Figure 22) designed as a part of the 
FEMA-funded SAC joint venture project (Gupta and Krawinkler, 1999). These frames were 
considered in both regular and irregular (weak-storey at the ground floor) configurations, thus 
leading to a total of four frames. 

Figure 21. 9-Storey frame considered in this study (ATC, 2005). 

Analyses and results post-processing. The pushover schemes considered include invariant static 
load patterns, such as (i) uniform [Uniform], (ii) inverted triangular [Triangular], (iii) first mode 
shape [1st Mode], (iv) a code-specified period-dependent distribution (where lateral forces 
changes from a linear distribution for low period systems to a parabolic shape for more flexible 
models) [Code], and the Displacement-based Adaptive Pushover [DAP]. In addition, an alterna-
tive adaptive approach has been tested in the case of OGMs, consisting in the employment of the 
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Figure 22. 3-Storey frame considered in this study (ATC, 2005). 

average response spectrum of all records to compute the modal spectral amplification that is con-
sidered in the calculation of the incremental adaptive loading vector (Displacement-based 
Adaptive Pushover with Average Spectrum scaling [DAP-AS]). Whilst such procedure might be 
adopted in the case of OGMs, where records have been scaled to meet the same target displace-
ment, it cannot be used for NF records, which were employed without scaling and thus involve 
different drift responses for the same prototype building. 

Verification of the pushover algorithm at the “global level” was carried out through compari-
sons between the base shear vs. top floor IDA envelopes (assumed as representative of the true 
behaviour of the frame) and the pushover curves. With the objective of assessing also the accu-
racy of DAP in estimating local response parameters, the dynamic response at different ductility 
demand levels has been considered, where each Ductility Level (DL) is identified by means of the 
total drift value (i.e. top floor displacement/building height). Three different drift levels are as-
sumed (0.5, 2 and 4%) and each ordinary record has been scaled in order to get the predefined 
drift for each prototype building. Response parameters of interest (displacement, drift, shear and 
moment) recorded in time-history analyses are then compared, at each level location, with those 
predicted by the pushover procedures at the same roof displacement magnitude. For the 9-Storey 
weak frame system an ultimate drift level of 2.7% has been selected (corresponding to a top floor 
displacement of 1m), instead of the 4% defined in a preliminary stage, since higher values were 
leading to the development of a global failure mechanism of the structure (corresponding to an 
ultimate steel strain in frame elements conservatively fixed in 15% (Ballio and Mazzolani 1987)) 
under several records, and would thus prevent a complete statistical evaluation of the results. 

The effectiveness of the different static procedures in predicting the local dynamic response is 
quantified and compared by means of error measure E1, which provides a direct insight on how 
inaccurate is the static method (evidently, the mean of a pushover response estimate is computed 
only in the case of record-dependent DAP analysis, for all other pushover schemes the single 
response value is used): 



DYNAMIC

DYNAMICPUSHOVER

Mean

MeanMean
E1 Eq. 7 

Obtained results. Figure 23 summarises the results obtained through this parametric study, put-
ting in evidence the fact that, when compared with other pushover procedures, DAP leads to 
higher accuracy in the prediction of global and local response parameters of steel buildings, par-
ticularly in those cases where the influence of higher modes of vibration is important (e.g. high-
rise buildings). It is also shown that the employment of an average response spectral shape leads 
to satisfactory results, thus rendering the procedure very much applicable within a design applica-
tion framework, where standard code spectral shapes are prescribed. 
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Figure 23. Mean values and standard deviation of error measure E1, averaged along the height of buildings 
models 3S and 9Sw at the intermediate drift level (top floor drift level of 2%). 

5.3 RC Continuous-Span Bridges 

Characteristics of input motion and structural models. The parametric study has considered 
two bridge lengths (50 m spans), with regular, irregular and semi-regular layout of the pier 
heights and with two types of abutments; (i) continuous deck-abutment connections supported on 
piles, exhibiting a bilinear behaviour, and (ii) deck extremities supported on pot bearings featur-
ing a linear elastic response. The total number of bridges is therefore twelve, as shown in Figure 
24, where the label numbers 1, 2, 3 characterise the pier heights of 7 m, 14 m and 21 m, respec-
tively. 

A sufficiently large number of records has been employed so as to bound all possible struc-
tural responses. The employed set of seismic excitation is defined by an ensemble of 14 large 
magnitude (6 ÷ 7.3) small distance (13 ÷ 30 km) records selected from a suite of historical earth-
quakes scaled to match the 10 % probability of exceedance in 50 years uniform hazard spectrum 
for Los Angeles (SAC Joint Venture, 1997). The bounding characteristics of the records are sum-
marized in Table 4. Further details on modelling and input can be found in Casarotti et al. (2005). 
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Figure 24. Analysed bridge configurations. 

Table 4. Bounding characteristics of the employed set of records for bridges 

Peak Ground 
Acceleration

Peak Response 
Acceleration

5% Arias 
Intensity 
threshold 

Significant 
Duration 

teff

Total 
Duration  

ttot

teff / ttot

Min 0.30 g 0.84 g 1.25 s 5.3 s 14.95 s 9%
Max 1.02 g 3.73 g 12.5 s 19.66 s 80.00 s 52%

Analyses and results post-processing.  The response of the bridge models is estimated through 
the employment of Incremental Dynamic Analysis (IDA), Force-based Conventional Pushover 
with uniform load distribution (FCPu), Force-based Conventional Pushover with first mode pro-
portional load pattern (FCPm), Force-based Adaptive Pushover with Spectrum Scaling (FAP) and 
Displacement-based Adaptive Pushover with Spectrum Scaling (DAP). Results are presented in 
terms of the bridge capacity curve, i.e. a plot of the reference point displacement versus total base 
shear, and of the deck drift profile.

Each level of inelasticity is represented by the deck centre drift, selected as independent dam-
age parameter, and per each level of inelasticity the total base shear Vbase and the displacements i

at the other deck locations are monitored. Results of pushover analyses are compared to the IDA 
median value out of the responses to the 14 records, of each response quantity R, be it total base 
shear or deck drift: 

IDAj,i14:1jIDA,i RmedianR Eq. 8 

Pushover analyses with spectrum scaling (i.e. adaptive pushovers) are statistically treated in 
an analogous way: medians of each response quantity represent that particular pushover analysis 
(i.e. FAP or DAP) with spectrum scaling. Finally, the results of each type of pushover are normal-
ized with respect to the corresponding “exact” quantity obtained from the IDA medians, as 
schematically illustrated in Figure 25, and translated in Eq. 9. Representing results in terms of 



ratios between the “approximate” and the “exact” procedures, immediately indicates the bias in 
the approximate procedure, as the ideal target value of the different pushovers is always one. 
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Figure 25. Normalised transverse deformed pattern. 

Given the fact that a “realistic” capacity curve does not imply reliable estimations of the ine-
lastic displacement pattern at increasing levels of inelasticity, the control of the deformed pattern 
is of the same relevance of the capacity curve prediction. 

Having the same unitary target value, all normalized deck displacements become comparable, 
and a bridge index BI can measure the precision of the obtained deformed shape. Per each level of 
inelasticity, such bridge index is defined as the median of results over the m deck locations (Eq. 
10), with the standard deviation measuring the dispersion with respect to the median (Eq. 11). 
The latter indicates the stability of the estimate of displacements along the deck: a small scatter 
means that predicted normalised displacements along the deck are averagely close to their median 
value BI.

)(medianBI pePUSHOVERty,im:1ipePUSHOVERty Eq. 10 

1m

BI
m

1i

2

pePUSHOVERtypePUSHOVERty,i

pePUSHOVERty

Eq. 11 

Obtained results.  Current code recommendations require performing pushover analysis by 
pushing the entire structure with distributed load. In case of bridges, the additional option of 
pushing only the deck has been investigated, observing that the superstructure is the physical 
location where the most of the structural mass, i.e. the source of the inertia forces on the bridge, is 
usually concentrated and where it is relatively free to be excited. A preliminary investigation 
indicated a significant improvement in terms of stability and velocity of analysis in case of DAP 
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and a very poor influence on results with the application of the latter option, which is thus rec-
ommended and employed in the parametric study.

Two main pertinent observations can be withdrawn from a scrutiny of the capacity curves ob-
tained by the different pushover analyses in Figure 26: first, FCPm tends to significantly 
underestimate the structural stiffness, mainly due to the fact that, for the same base shear, central 
deck forces are generally higher compared to the other load patterns, thus results in larger dis-
placement at that location. Then, on occasions, a “hardening effect” in the pushover curve occurs, 
which is sometimes reproduced only by employing DAP: once piers saturate their capacity, abut-
ments absorb the additional seismic demand, proportionally increasing shear response and 
hardening the capacity curve. 
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Figure 26. Capacity curve results. 

In Figure 27, the Bridge Index, as computed at each level of deck centre drift, is plotted as 
black filled marks so as to cater for an easier comparison with the IDA-normalised deck dis-
placements, represented as empty marks in the background. In this manner, it results immediately 
apparent the level with which each pushover analysis is able to capture the deformed pattern of 
the whole bridge, at increasing deformation levels. For the sake of succinctness, only two analysis 
types are considered, FCPm and DAP, which are those leading to the worst and best predictions, 
respectively.

Table 5 provides global averages of means, maximum and minimum values of BI and respec-
tive dispersion as well as of the normalised total base shear, over the whole bridge ensemble. It is 
noted that: (i) FCPm heavily underestimates predictions, featuring also a very high BI dispersion 
value, (ii) FCPu performs very well for regular bridges and underestimating otherwise, (iii) DAP 
features the best overall behaviour, despite the slight underprediction of deformed shape values, 
with the lowest values of scatter. 
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Figure 27. Prediction of the deformed pattern: BI and relative scatter. 

Table 5. Global averages of the summaries of results

Means Bridge Index Dispersion Normalised Base Shear
mean min max mean min max mean min max

FCPm 0.74 0.57 0.92  0.79 0.58 1.00  0.80 0.69 0.95
FCPu 0.87 0.75 1.03  0.24 0.17 0.34  1.03 0.92 1.18
FAP 0.88 0.78 1.01  0.22 0.13 0.34  0.99 0.89 1.10
DAP 0.87 0.78 0.99  0.19 0.14 0.27  1.03 0.95 1.13

6 Concluding Remarks 

Given that current performance-based design trends require simple, yet accurate methods for 
estimating seismic demand on structures considering their full inelastic behaviour, in the current 
work the effectiveness of pushover analysis applied to buildings and bridges has been investi-
gated. In particular, the effectiveness of applying a displacement-based adaptive pushover to 
estimate the seismic response of buildings and bridges subjected to earthquake action was inves-
tigated.

It is observed that the employment of such an innovative adaptive pushover technique lead to 
the attainment improved response predictions, throughout the entire deformation range, in com-
parison to those obtained by force-based methods, either adaptive or conventional. Indeed, 
prediction of the global behaviour (capacity curves), as well as of the deformed shapes and 
shear/moment distributions, proved to be very effective. 
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In other words, within the scope of buildings and bridge applications, whereas the application 
of a fixed displacement pattern is a commonly agreed conceptual fallacy, the present work wit-
nesses not only the feasibility of applying an adaptive displacement profile, but also its practical 
advantages, with respect to other pushover methods. 

It is important to observe that a static procedure will never be able to completely replace a dy-
namic analysis; nevertheless, a methodology has been searched to obtain response information 
reasonably close to that predicted by the nonlinear dynamic analyses. The innovative displace-
ment-based adaptive pushover method is therefore shown to constitute an extremely appealing 
displacement-based tool for structural assessment, fully in line with the recently introduced de-
formation- and performance-oriented trends in the field of earthquake engineering. 

Of equally noteworthy status is perhaps the fact that the proposed adaptive pushover scheme 
is as simple to use as standard pushover methods and has been implemented in an Internet-
downloadable Finite Element program, thus giving the chance to researchers and practitioners to 
test and use it, where and when deemed opportune. 
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The Need for Displacement-Based 
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Abstract. A brief description of current force-based design is given. The historical basis 
for current seismic design philosophy is mentioned. Conceptual problems for force-based 
design using initial stiffness to represent structural response, which are often not recog-
nized by designers are discussed. 

1 Equivalence of Force and Displacement in Elastic Design 

Although it has been traditional to consider seismic design in terms of forces, for reasons that will 
be discussed shortly, it can easily be shown that for elastic systems, it is at least as logical to de-
sign with a starting point of displacement. Consider the equivalent acceleration and displacement 
design spectra for 5% damping presented in Figure 1. 
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Figure 1. Equivalent Acceleration and Displacement Response Spectrum. 

Traditional seismic design has been based on the elastic acceleration spectrum (Figure 1(a). 
For an elastically responding single-degree-of-freedom (SDOF) structure, the response   accelera-
tion, a(T), corresponding to the fundamental period T, is found and the corresponding force, F 
and displacement   are given by 

*
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where K is the system stiffness, m is the system mass and g is the acceleration due to gravity. 
Alternatively the displacement spectrum of Figure 1(b) could be used directly. In this case the 

response displacement (T) corresponding to the elastic period is directly read, and the corre-
sponding force calculated as 

)(TKF (2)

In both cases the elastic period must first be calculated, but it is seen that working from the 
displacement spectrum requires one less step of calculation than working from the acceleration 
spectrum, since the mass is not needed once the period has been calculated. Although both ap-
proaches are directly equivalent, it would seem that using response displacement rather than 
response acceleration would be a more logical basis for design of elastic systems. We will show 
later that the reasons for using displacement spectra become more compelling when the seismic 
response of inelastic systems is considered. 

2 Historical Considerations 

The reason that seismic design is currently based on force (and hence acceleration) rather than 
displacement, is, as discussed above, based largely on historical considerations. Prior to the 
1930’s, few structures were specifically designed for seismic actions. In the 1920’s and early 
1930’s several major earthquakes occurred (Japan: 1925 Kanto earthquake, USA: 1933 Long 
Beach earthquake, New Zealand: 1932 Napier earthquake). It was noted that structures that had 
been designed for lateral wind forces performed better in these earthquakes than those without 
specified lateral force design. As a consequence, design codes started to specify that structures in 
seismic regions be designed for lateral inertia forces. Typically, a value of about 10% of the 
building weight, regardless of building period, applied as a vertically distributed lateral force 
vector, proportional to the mass vector, was specified. 

During the 1940’s and 1950’s, the significance of structural dynamic characteristics became 
better understood, leading to period-dependent design lateral force levels in most seismic design 
codes, by the 1960’s. Also in the 1960’s with increased understanding of seismic response, and 
the development of inelastic time-history analysis, came awareness that many structures had sur-
vived earthquakes capable of inducing inertia forces many times larger than those corresponding 
to the structural strength. This lead to development of the concept of ductility to reconcile the 
apparent anomaly of survival with apparently inadequate strength. Relationships between ductil-
ity and force-reduction factor, such as the “equal displacement” approximation (generally 
considered applicable for medium-period and long-period structures, and the “equal energy” 
approximation, which appeared more appropriate for short-period structures, were developed as a 
basis for determining the appropriate design lateral force levels. 

During the 1970’s and 1980’s  much research effort was directed to determining the available 
ductility capacity of different structural systems. Ductility considerations became a fundamental 
part of design, and key text books written in the 1960’s and 1970’s [e.g. Newmark and Rosen-



bleuth,1966; Park and Paulay,1976] have remained as the philosophical basis for seismic design, 
essentially till the present time. In order to quantify the available ductility capacity, extensive 
experimental and analytical studies were performed to determine the safe maximum displacement 
of different structural systems under cyclically applied displacements. This may be seen as the 
first turning away from force as the basis for design. Required strength was determined from a 
force-reduction factor that reflected the perceived ductility capacity of the structural system and 
material chosen for the design. Nevertheless, the design process was still carried out in terms of 
required strength, and displacement capacity, if directly checked at all, was the final stage of the 
design. The concept of “capacity design” was introduced (Park and Paulay,1976), where locations 
of preferred flexural plastic hinging were identified, and alternative undesirable locations of plas-
tic hinges, and undesirable modes of inelastic deformation, such as shear failure, were inhibited 
by setting their strength higher than the force levels corresponding to that of the desired inelastic 
mechanism. Ductility was perceived as more important than displacement capacity, though the 
two were clearly related. 

In the 1990’s, textbooks with further emphasis on displacement considerations and capacity 
design became widely used for seismic design of concrete and masonry structures [e.g. Paulay 
and Priestley,1992; Priestley et al, 1996], and the concept of “performance-based seismic design”, 
based largely on displacement considerations, became the subject of intense research attention. It 
may be seen from this brief description of the history of seismic design, that initially design was 
purely based on strength, or force considerations using assumed rather than valid estimates of 
elastic stiffness. As the importance of displacement has come to be better appreciated in recent 
years, the approach has been to attempt to modify the existing force-based approach to include 
consideration of displacement, rather than to rework the procedure to be based on a more rational 
displacement basis. These lectures present a different viewpoint, based on a complete re-
examination of the fundamental basis of seismic design. 

3 A Brief Review of Force-Based Seismic Design 

Although current force-based design is considerably improved compared with procedures used in 
earlier years,  there are many fundamental problems with the procedure, particularly when applied 
to reinforced concrete or reinforced masonry structures.   In order to examine these problems, it is 
first necessary to briefly review the force-based design procedure, as currently applied in modern  
seismic design codes. 

The sequence of operations required in force-based seismic design can be summarized as fol-
lows: 

1. The structural geometry, including member sizes is estimated.  In many cases these may be 
dictated by non-seismic load considerations.

2. Member elastic stiffnesses are estimated, based on preliminary estimates of member size. 
Different assumptions are made in different seismic design codes about the appropriate 
stiffnesses for reinforced concrete and masonry members. In some cases gross (uncracked 
section) stiffnesses are used, while in some codes reduced section stiffnesses are taken, to 
reflect the softening caused by expected cracking when approaching yield-level response. 



3. Based on the assumed member stiffnesses, the fundamental period (equivalent lateral force 
approach) or periods (multi-mode dynamic analysis) are calculated. For a SDOF represen-
tation of the structure, the fundamental period is given by: 

K
m

T e2 (3)

where me is the effective seismic mass (normally taken as the total mass). 
In some building codes a height-dependent fundamental period is specified, independent of 

member stiffness, mass distribution, or structural geometry. The typical form of this is given in 
equation (4): 
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where C1 depends on the structural system, and Hn is the building height. 
Lateral force levels calculated from stiffness-based periods (single mode or multi-mode) are 

not permitted to deviate from the forces based on the height-dependent period equation by more 
than some specified percentage. 
4. The design base shear VBE for the structure corresponding to elastic response with no 

allowance for ductility is given by an equation of the form 

)( eTBE gmICV (5)

where CT is the basic seismic coefficient dependent on seismic intensity, soil conditions and 
period T (e.g. Figure 1(a)), I is an importance factor reflecting different levels of acceptable risk 
for different structures, and g is the acceleration of gravity. 
5. The appropriate force-reduction factor R  (known in Europe as the behaviour factor Q)

corresponding to the assessed ductility capacity of the structural system and material is se-
lected. Generally R is specified by the design code and is not a design choice, though the 
designer may elect to use a lesser value than the code specified one. 

6. The design base shear force is then found from 

R
V
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The base shear force is then distributed to different parts of the structure to provide the vector 
of applied seismic forces. For building structures, the distribution is typically proportional to the 
product of the height and mass at different levels, which is compatible with the displaced shape of 
the preferred inelastic mechanism (beam-end plastic hinges plus column-base plastic hinges for 
frames; wall-base plastic hinges for wall structures). The total  seismic force is distributed be-



tween different lateral force-resisting elements, such as frames and structural walls, in proportion 
to their elastic stiffness. 
7. The structure is then analyzed under the vector of lateral seismic design forces, and the 

required moment capacities at potential locations of inelastic action (plastic hinges) is 
determined. The final design values will depend on the member stiffnesses.    

8. Structural design of the member sections at plastic hinge locations is carried out, and the 
displacements under the seismic action are estimated.   

9. The displacements are compared with code-specified displacement limits. 
10.If the calculated displacements exceed the code limits, redesign is required. This is nor-

mally effected by increasing member sizes, to increase member stiffness. 
11.If the displacements are satisfactory, the final step of the design is to determine the re-

quired strength of actions and members that are not subject to plastic hinging. The process 
known as capacity design [see Paulay and Priestley,1996] ensures that the dependable 
strength in shear, and the moment capacity of sections where plastic hinging must not oc-
cur, exceed the maximum possible input corresponding to maximum feasible strength of 
the potential plastic hinges.  Most codes include a prescriptive simplified capacity design 
approach.

The above description is a simplified representation of current force-based design. In many 
cases the force levels are determined by multi-modal analysis (sometimes called dynamic analy-
sis). The way in which the modal contributions are combined will be discussed in some detail in 
sections relating to different structural systems.  Some design codes, such as the New Zealand 
Loadings Code define inelastic acceleration design spectra that directly include the influence of 
ductility rather than using an elastic spectrum and a force-reduction factor. 

4 Inherent Problems with Force-based Seismic Design 

4.1 Initial Stiffness Estimation 

In force-based seismic design, the initial stiffness is used to estimate the period(s) of the structure, 
and hence the seismic forces. It is also used to distribute the design seismic force between struc-
tural elements. It is generally assumed in seismic design that if the dimensions of a structure are 
known, the stiffness can be directly estimated with sufficient accuracy for these purposes. That is, 
stiffness is independent of strength, if the dimensions are known. Required global strength is thus 
a function of the assumed global stiffness, and required local strength depends on the assumption 
of relative local stiffness. 

When concrete or masonry structures are considered, it is found that the assumption of stiff-
ness being independent of strength is invalid. Adopting the usual assumption that initial stiffness 
should be estimated at first-yield of reinforcement, it is found [Priestley,2003] that the yield cur-
vature of a bilinear approximation to the moment-curvature response of a given section is 
essentially constant over a wide range of  reinforcement and axial load levels. The stiffness of the 
section is thus proportional to strength, and may vary over a wide range. An example is presented 
in Fig.2 which plots stiffness of a rectangular column as a fraction of the gross-section stiffness 
(ignoring the stiffening effect of flexural reinforcement), as influenced by flexural reinforcement 
ratio, l, and axial load ratio Nu/f’cAg. As is seen from this example, the range of stiffness values 



corresponding to realistic reinforcement and axial load limits is eight-fold.  To assume that stiff-
ness is independent of strength is clearly an unacceptably coarse assumption. 
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Figure 2 Effective Stiffness Ratio for Large Rectangular Reinforced Concrete Columns. 

Analyses have shown that the yield curvature for a given reinforced concrete or masonry sec-
tion can be expressed in the form: 

hC yy / (7)

where C is a constant dependent on the section shape, y is the yield strain of the flexural rein-
forcement and h is the gross section depth [Priestley,2003]. The constant C varies little between 
different section shapes and is generally in the range 1.8 < C < 2.3. It has also been found that the 
yield drift of concrete frames is essentially independent of strength [Priestley,1998], and can be 
expressed by the rather simple expression 

b

b
yy h

l
5.0 (8)

where lb and hb are characteristic beam length and depth respectively. 
Since structural stiffness is proportional to strength, conventional design allocating strength on 

the basis on an assumed stiffness is inappropriate. It is clear that design can be improved by an 
iterative process, where the stiffness is modified after a preliminary design has been undertaken, 



and a new estimate of the strength  based on this stiffness is determined. This is time-consuming, 
and in our experience is rarely adopted. 

4.2 Use of a Constant Behaviour Factor 

Specification of a constant behaviour, or force reduction, factor for a given structural type and 
material (e.g. concrete structural wall), as is common in most seismic design codes does not ac-
count for the fact that ductility capacity is also a function of geometry within the structural type. 
Thus, as has been shown elsewhere [Priestley,2000] a slender bridge column has lower ductility 
capacity than a squat column with the same section properties and axial load level, provided shear 
is controlled. With ductile frames designed for a beam-sway inelastic mechanism, the ductility 
capacity is influenced by the ratio of contribution to the yield displacement resulting from beam 
flexure, and all other elastic mechanism, including column flexure and shear deformation, and 
joint shear deformation. Further, for almost all frame buildings, and most cantilever wall build-
ings, code drift limits will restrict actual ductility levels to values that are lower than those 
corresponding to the code behaviour factors, and hence the specified behaviour factors are irrele-
vant to design [Priestley,2003]. This essentially requires an extra level of iteration in a 
conventional design using initial stiffness, since the strength, and hence stiffness cannot be fully 
defined until the behaviour factor appropriate for the code drift limit can be determined. 

4.3 Displacement-Equivalence Rules for Initial Stiffness Design. 

A key tenet of initial-stiffness based seismic design is that displacement of the designed inelastic 
structure can be related to the elastic displacement of the initial-stiffness model by a displace-
ment-equivalence rule. The equivalence model [Newmark and Hall, 1987] implies that the equal-
displacement approx-imation applies for periods greater than about 0.5 sec, with equal accelera-
tion applying at T=0. At intermediate periods the equal acceleration approximation, which implies 
inelastic displacements that are larger than the elastic displacements is adopted. This equivalence 
rule, or variants of it, have been widely adopted in initial-stiffness design (see [Chopra and Goel, 
2001,e.g.], though some more recent models imply that in the moderate-period range (0.5s < T < 
3s), inelastic displacements are less than elastic displacements. 

In reviewing displacement-equivalence rules it is important to recall that it is common to spec-
ify a level of elastic damping in inelastic time-history analysis (ITHA) to represent damping in the 
initial stages of response, before hysteretic damping is activated. This is normally specified as a 
percentage, typically 5%, of critical damping. There are a number of ways this damping could be 
defined, as discussed subsequently, but the principal difference is whether the damping force is 
related to the initial or tangent stiffness. In initial-stiffness elastic damping the damping force is 
always related to the initial stiffness and the instantaneous velocity, while in tangent-stiffness 
damping, the damping force reduces when the stiffness reduces as a consequence of onset of 
inelastic response. 

Typically research papers reporting results on SDOF ITHA to develop displacement-
equivalence rules have assumed initial-stiffness damping. It is of interest to examine the relevance 
and consequences of this assumption.  

There are three main reasons for incorporating initial elastic damping in ITHA: 



1. The assumption of linear elastic response at force levels less than yield. Many hysteretic 
rules, including the common ones used to calibrate displacement-equivalence rules (e.g. 
elasto-plastic, bilinear, Takeda) make this assumption and therefore do not represent the 
non-linearity, and hence hysteretic damping within the elastic range , unless additional 
elastic damping is provided. 

2. Foundation damping: soil flexibility, nonlinearity and radiation damping are not normally 
in structural time-history analyses, and may provide additional damping to the structural 
response.

3. Non-structural damping: hysteretic response of non-structural elements in a building may 
result in an effective additional damping force. 

Discussing these reasons in turn, it is noted that hysteretic rules are generally calibrated to ex-
perimental structural response in the inelastic phase of response. Therefore additional elastic 
damping should not be used in the post-yield state to represent structural response except when 
the structure is loading and unloading elastically. Clearly tangent-stiffness damping would thus be 
more appropriate for modeling  structural response. 

If the structure deforms with perfect plasticity in the post-yield phase, then foundation forces 
will remain constant, and foundation damping will cease. Again, tangent-stiffness damping will 
best model this. 

It is conceivable that the non-structural damping force is displacement-dependent rather than 
force-dependent, and hence a constant damping coefficient may be appropriate for the portion of 
“elastic” damping that is attributable to non-structural action. However, calculations based on 
typical non-structural elements in office buildings indicate that an upper bound of about 0.5% 
equivalent viscous damping related to the structural response seems reasonable [Priestley and 
Grant, 2006]. 

The choice between initial-stiffness and tangent-stiffness damping has considerable signifi-
cance to displacement -equivalence rules. It is shown elsewhere (Priestley and Grant, 2006) that 
displacements predicted by ITHA using initial stiffness or tangent-stiffness elastic damping repre-
sentation can differ by as much as 50%, with the difference increasing at low initial periods, high 
ductility levels, and with hysteresis rules with low inherent energy absorption. 

4.4 Distribution of Required Strength in Force-Based Seismic Design 

In force-based seismic design, the initial stiffness estimate of different structural members is also 
used to distribute the total required strength (i.e. the base shear) to the various members. This can 
result in undesirable and illogical consequences. We consider a few cases in the following exam-
ples: 

Bridge with varying column heights 
Consider a bridge, crossing a valley, which as a consequence of the terrain has piers of different 
heights, as shown in Figure 3. Under longitudinal response the deflections at the top of the piers 
will be essentially equal. Assuming a pinned connection between the pier tops and the superstruc-
ture (or alternatively, fixed connections and a rigid superstructure), initial-stiffness design will 
allocate the seismic design force between the piers in proportion to their elastic stiffnesses. If the 
columns have the same cross-section dimensions, as is likely to be the case for architectural rea-



sons, the design forces in the columns, VA, VB, and VC will be in inverse proportion to HA3, HB3,
and HC3 respectively, since the stiffnesses are given by 

              HA            HB        HC

                               C

                   A

                              B

Figure 3 Bridge with Unequal Pier Heights. 
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where C1 is a constant dependent on the degree of fixity at the pier top, and Ii,eff is the effective 
cracked-section stiffness, typically taken as 0.5Igross for all columns. The consequence of this 
design approach is that the design moment at the bases of the piers will be 

2
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where again C2 depends on end fixity conditions.  Thus the design moments, based on initial 
stiffness design, will be in inverse proportion to the square of the column height. 

There are a number of consequences of this force distribution. First it is recalled that the yield 
curvature of a concrete section is independent of the strength, as noted above. Hence the yield 
displacements of the columns will be proportional to Hi2, regardless of the strength allocated to 
them. If column B has a height 2.5 times that of column C, as suggested in Figure 3, then the yield 
displacement of column B will be 6.25 times that of Column C. Clearly the ductility demands of 
the piers will be grossly different, and assessment of a characteristic structural ductility factor, and 
hence of a force-reduction or behaviour factor will be problematic. 

Second, the shortest piers will be allocated much higher flexural reinforcement contents than 
the longer piers. This has several undesirable effects. Allocating more flexural reinforcement to 
the short piers will increase there elastic stiffness even further, with respect to the longer piers, 
since the section stiffness is proportional to strength, as noted above. A re-design, should be thus 
carried out with the improved estimates of column stiffness, which would result in a still higher 
percentage of total seismic resisting force being allocated to the shorter piers. Allocating a large 
proportion of the total seismic design force to the short piers increases their vulnerability to shear 
failure.  Further, the displacement capacity of heavily reinforced columns is reduced as the rein-



forcement ratio increases [Priestley et al, 1996], and hence the initial stiffness approach will tend 
to reduce displacement capacity of the structure as a whole. 

Structural wall buildings with unequal wall lengths 
A similar problem with initial stiffness structural characterization to that discussed for bridges 
above occurs when buildings are provided with cantilever walls of different length providing 
seismic resistance in a given direction, or when a mixed seismic-resisting system comprised of 
walls and frames is adopted. We consider just the structural wall building here, with reference to 
Figure 4. 

An initial-stiffness design will again allocate the base shear force between the walls in propor-
tion to their elastic stiffness, which in this case is in proportion to lw,i3. The assumption is that by 
doing so, the walls can be forced to yield at the same displacement. This is, in fact, incorrect, 
since the yield curvature is constant for a given section, as noted above, and is given by Equation 
(7), with h = lw,i. Thus the yield displacement of the shorter walls will always be greater than that 
of the longer walls, by the same proportion, regardless of the allocated strength, as shown in 
Figure 4. The ductility demands on the walls will thus differ, and the same problem as faced in 
the previous example, that of deciding an appropriate force-reduction factor must be faced here. 

As noted, initial-stiffness design will allocate the design base shear force to the walls in pro-
portion the cube of the wall length. Strength is unnecessarily, and unwisely concentrated in the 
stiffest elements, underutilizing the more flexible members. Reinforcement ratios for the walls 
will be roughly proportional to the wall lengths. Again, a reassessment of the force distribution 
between walls based on designed reinforcement content and initial stiffness would result in a 
relative increase in the stiffness of the longer walls and hence an allocation of shear force larger 
than in proportion to length cubed. 

                 A      B          C 
Force         Wall B 

Walls A,C 
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Figure 4 Building with Unequal Length Cantilever Walls. 

Bridge with dual load paths 
A final example is related to structures which possess more than one seismic load path, one of 
which remains elastic while the others respond inelastically at the design earthquake level. A 
common example is the bridge of Figure 5(a), subjected to transverse seismic excitation, as sug-



gested by the double-headed arrows. Primary seismic resistance is provided by bending of the 
piers, which are designed for inelastic response. However, if the abutments are restrained from 
lateral displacement  under  transverse  response, superstructure   bending  also  develops  under 
transverse excitation. Current seismic design philosophy requires that the superstructure responds 
elastically. The consequence is that a portion of the seismic inertia forces developed in the super-
structure are transmitted to the abutments by column bending (path 1) and the remainder is trans-
mitted to the abutments by superstructure flexure (path 2). With initial-stiffness characterization, 
an elastic analysis is carried out and the relative elastic stiffnesses of the two paths are as indi-
cated by the two broken lines of Figure 5(b), which indicates that column flexure carries most of 
the seismic force. A force-reduction factor is then applied, and the design forces corresponding to 
yield displacement are determined. 

                                              1
Force

A                       E  

                                             2

            B           D            3  

                     C
                                     y (Disp.)           max

(a) Structure              (b) Load-Path Characteristics 

Figure 5 Bridge with Dual Load Paths Under Transverse Seismic Excitation. 

The inelastic response of the combined resistance of the columns is now shown by the solid 
line (path 3), and on the basis of the equal displacement approximation it is imagined that the 
maximum displacement is max, the value predicted by the elastic analysis. If the lateral strength 
of the superstructure is designed on the basis of the force developed in path 2 at the column yield 
displacement, it will be seriously under-designed, since the forces in this path, which are required 
to be within the elastic range, continue to rise with increasing displacement. Thus the bending 
moment in the superstructure, and the abutment reactions are not reduced by column hinging, and 
a force-reduction factor should not be used in their design. 

It is also probable that the maximum response displacement will differ significantly from the 
initial elastic estimate, since at maximum displacement, the damping of the system will be less 
than expected, as hysteretic damping is only associated with load path 3, which carries less than 
50% of the seismic force at peak displacement response. This may cause an increase in displace-
ments. On the other hand, the higher strength associated with the increased post-yield stiffness of 
load path 2 may result in reduced displacement demand. Initial-stiffness based analysis and the 
force-reduction factor approach give no guidance to these considerations. 



5 Conclusions

In this chapter we have shown that there are a number of problems inherent in force-based seis-
mic design. These include the determination of the required strength based on estimated 
stiffnesses which in fact depend on the final allocated strength, the assumption that behaviour 
factors can be defined for a structural class and material, and the distribution of strength between 
members based on relative initial stiffness of the members.  We will see in the next chapter that 
these problems disappear if we use a displacement-based seismic design approach based on se-
cant stiffness to maximum design displacement. 
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Abstract: This chapter presents the fundamentals of the new seismic design method known 
as direct displacement based design. It is a simple design approach where the multi-degree-
of-freedom structure is characterized the secant stiffness and equivalent elastic damping of 
an equivalent single-degree-of-freedom structure. Design is based on achieving a specified 
displacement limit state – defined either by material strain limits or non-structural drift lim-
its – under the design level seismic intensity, rather than using these limits merely as upper 
bounds of acceptable behaviour. The characterization of the structure by secant stiffness 
avoids the many problems inherent in force-based design where initial stiffness is used to 
determine an elastic period, and forces are distributed between members in proportion to 
elastic stiffness. 

1 Introduction 

An alternative seismic design philosophy, now known as Direct Displacement-Based Design 
(DDBD)  was introduced in (Priestley,1993). Although this is but one of a number of seismic 
design procedures recently developed and jointly termed “Performance Based Seismic Design”, it 
differs in significant details from the other methods. It is our contention that DDBD is more intel-
lectually satisfying than the alternatives, and is best equipped to address the deficiencies of 
conventional force-based design. It has also now been developed in rather more complete form 
than the other methods, and has been applied to a wider category of structures. Finally, and per-
haps of greatest importance, it is simpler to apply, and better suited to incorporation in design 
codes. For these reasons, the fundamental considerations of the method are outlined in this chap-
ter, in considerably more detail than was possible in the original development. 

The fundamental difference from force-based design is that DDBD characterizes the structure 
to be designed by a single-degree-of-freedom (SDOF) representation of performance at peak 
displacement response, rather than by its initial elastic characteristics. This is based on the Substi-
tute Structure approach pioneered by Sozen and co-workers (Gulkan and Sozen,1974; Shibata 
and Sozen, 1976). 

The design approach attempts to design a structure which would achieve, rather than be 
bounded by, a given performance limit state under a given seismic intensity, essentially resulting 
in uniform-risk structures, which is philosophically compatible with the uniform-risk seismic 
spectra incorporated in most design codes. The design procedure determines the strength required 
at designated plastic hinge locations to achieve the design objectives in terms of defined dis-
placement objectives. It must then be combined with capacity design procedures to ensure that 

*



plastic hinges occur only where intended, and that non-ductile modes of inelastic deformation do 
not develop. 

This chapter deals with fundamental aspects of the approach that are common to all materials 
and structural systems. More complete information, providing detailed application to different 
structural systems is in the final stages of preparation (Priestley et al,2007). 

2 Basic Formulation of the method 

The design method is illustrated with reference to Figure 1, which considers a SDOF representa-
tion of a frame building (Figure 1(a)), though the basic fundamentals apply to all structural types. 
The bilinear envelope of the lateral force-displacement response of the SDOF representation is 
shown in Figure 1(b). An initial elastic stiffness Ki is followed by a post yield stiffness of rKi.

While force-based seismic design characterizes a structure in terms of elastic, pre-yield, prop-
erties (initial stiffness Ki, elastic damping), DDBD characterizes the structure by secant stiffness 
Ke at maximum displacement d (Figure 1(b)), and a level of equivalent viscous  damping ,
representative of the combined elastic damping and the hysteretic energy absorbed during elastic 
response. Thus, as shown in Figure 1(c), for a given level of ductility demand, a structural steel 
frame building with compact members will be assigned a higher level of equivalent viscous 
damping than a reinforced concrete frame building designed for the same level of ductility de-
mand, as a consequence of “fatter” hysteresis loops. 

d

Figure 1 Fundamentals of Direct Displacement-Based Design. 



With the design displacement at maximum  response determined, as discussed above, and the 
corresponding damping estimated from the expected ductility demand (Figure 1(c)), the effective 
period Te  at maximum displacement response can be read from a set of displacement spectra for 
different levels of damping, as shown in the example of Figure 1(d). The effective stiffness Ke of 
the equivalent SDOF system at maximum displacement can be found by inverting the normal 
equation for the period of a SDOF oscillator, to provide Equation (1): 

22 /4 eee TmK (1)

where me is the effective mass of the structure participating in the fundamental mode of vibra-
tion. From Figure 1(b), the design lateral force, which is also the design base shear force is thus: 

deB KVF (2)

The design concept is thus very simple. Such complexity that exists relates to determination of 
the “substitute structure” characteristics, the determination of the design displacement, and devel-
opment of design displacement spectra. Careful consideration is however necessary for the 
distribution of the design base shear force VB through the structure, and the analysis of the struc-
ture under the distributed seismic force. 

3 Single-Degree-of-Freedom (SDOF) Structures 

3.1 Design Displacement for a SDOF structure 

The design displacement will depend on the limit state being considered, and whether structural 
or non-structural considerations are more critical. For any given limit state (e.g. serviceability 
limit state, damage control limit state, etc.) structural performance will be governed by limiting 
material strains, since damage is strain-related for structural elements. Damage to non-structural 
element can be generally considered drift-related. 

It is comparatively straightforward to compute the design displacement from strain limits. 
Consider the vertical cantilever structure of Figure 2(a). The most realistic structure conforming 
to the assumptions of a SDOF approximation is a regular bridge under transverse excitation. Two 
possible reinforced concrete sections, one circular and one rectangular are shown in Figure 2(b). 
The strain profile at maximum displacement response is shown together with the sections. Maxi-
mum concrete compression strains c and reinforcement tensile strain s are developed. The limit-
state strains are cm and sm for concrete compression and steel tension respectively. These will not 
generally occur simultaneously in the same section, since the neutral axis depth c is fixed by the 
reinforcement ratio, and the axial load on the section. Consequently there are two possible limit 
state curvatures, based on the concrete compression and the reinforcement tension respectively: 

ccmmc / (3a)



)/( cdsmms (3b)

The lesser of mc and ms will govern the structural design. The design displacement can now 
be estimated as: 

HLH pymypyds )(3/2
(4)

where m is the lesser of mc and ms , y and y are the yield curvatures and displacement, re-
spectively, H is the column height (see Figure 2) and Lp is the plastic hinge length. 

Figure 2. Limit State Strain Profiles for a Cantilever Bridge Column. 

If the limit state has a non-structural drift limit c the displacement given by Equation (4) must 
be checked against 



Hcd (5)

The lesser of the displacements given by Equations (4) and (5) is the design displacement. 
Note that an alternative design approach would be to design the structure for a specified drift, 

and then determine the details to ensure the strain limits are achieved. For example, the limit 
concrete strain for the damage-control limit state can be determined (Priestley et al., 1996) from 
the transverse reinforcement details by: 

'/4.1004.0 ccsuyhscm ff (6)

where s, fyh, and su are the volumetric ratio, yield strength and strain at ultimate stress of the 
transverse reinforcement, and f’cc is the compression strength of the concrete confined by the 
transverse reinforcement. 

Thus the concrete strain corresponding to the drift limit can be determined by inverting Equa-
tions (4) and (3a), and the required amount of transverse reinforcement calculated by inverting 
Equation (6). This simplifies the design process. 

3.2 Yield Displacement 

For a SDOF vertical cantilever, the yield displacement is required for two reasons. First, if struc-
tural considerations define the limit displacement (Equation (3)), the yield displacement and yield 
curvature must be known. Second, in order to calculate the equivalent viscous damping, the dis-
placement ductility , which depends on the yield displacement, must be known. 

It has been shown (Priestley, 2003) that for reinforced concrete (and masonry) members, the 
yield curvature is essentially independent of reinforcement content and axial load level, and is a 
function of yield strain and section depth alone. A summary of expressions for the yield curvature 
and drift is given in Equation (7). 

Circular concrete column: Dyy /25.2 (7a)

Rectangular concrete column: cyy h/10.2 (7b)

Rectangular concrete wall: wyy l/00.2 (7c)

Symmetrical steel section: syy h/10.2 (7d)

Flanged concrete beam: byy h/70.1 (7e)

where y is the yield strain of the flexural reinforcement (= fy/Es), and D, hc, lw, hs and hb are 
the section depths of the circular column, rectangular column, rectangular wall, steel section and 
flanged concrete beam sections respectively. Note that Equation (7) gives the curvature at the 



yield of the equivalent bilinear approximation to the moment-curvature curve. As such it is a 
useful reference value when using bilinear force-displacement modelling. 

For a SDOF vertical cantilever, such as a bridge pier, or a low rise cantilever wall, the yield 
displacement can be satisfactorily approximated for design purposes by: 

3/2Hyy (8)

For reinforced concrete and structural steel frames the yield drift can be developed from the 
yield curvature expressions of Equations (7) as: 

Reinforced concrete frame: bbyy hl /5.0 (9a)

Structural steel frame: bbyy hl /65.0 (9b)

where lb is the beam span, and hb is the concrete or steel beam depth. It will be noted that the 
yield drifts, and hence the yield displacements of reinforced concrete and structural steel frames 
with similar geometries differ only by 30%, and that concrete frames are typically stiffer. 

3.3 Equivalent Viscous Damping 

The design procedure requires relationships between displacement ductility and equivalent vis-
cous damping, as shown in Figure 1(c). The damping is the sum of elastic and hysteretic 
damping. Normally the elastic damping is taken as 5%, and hence the design damping is 

hystd 05.0 (10)

where the hysteretic damping hyst is related (but not equal) to the area within the stabilized 
hysteretic force-displacement response (see Figure 3) as: 

mm

h
hyst F

A
K

2
. (11)

In Equation (11), Ah is the area with one complete cycle of stabilized force-displacement re-
sponse, Fm and m are the maximum force and displacement achieved in the stabilized loops, and 
K is a constant calibrated from inelastic time-history analyses. Note that the damping given by 
Equation (10) and (11) is expressed as a ratio of the critical damping coefficient, and is related to 
the secant stiffness Ke to maximum response. It is thus compatible with the assumptions of struc-
tural characterization by stiffness and damping at peak response. 

For general design purposes the following equations may be used to estimate the total damp-
ing: 



In Equations (12)  = d/ y is the displacement ductility at the design displacement. 

3.4 Design Displacement Spectra 

Figure 1(d) shows a typical design displacement spectra set for damping levels between 5% and 
30% of critical damping. This was generated from the design 5% acceleration spectrum  for firm 
ground and a peak ground acceleration of 0.4g, according to Eurocode EC8.  It will be noted that 
for periods between 0.5 and 4.0 seconds the 5% displacement spectrum is linear. At 4.0 seconds, 
a displacement cut off is imposed, and at higher periods, the design displacement is considered to 
be equal to the 4.0 second value. This is in recognition of the fact that peak response displace-
ments from recorded accelerograms tend to occur between 1.5 and 4.0 seconds, and then decrease 
at higher periods. Note that EC8 imposes the displacement cut-off at 2.0 seconds, but this is be-
lieved to be non-conservative. The linear relationship between period and displacement between 
0.5 and 4.0 seconds is a result of the inverse relationship between response acceleration and pe-
riod in the EC8 (and in most other codes) acceleration spectrum. 

Ideally, design displacement spectra should be generated separately from the acceleration 
spectrum. However, adequate results can be obtained assuming sinusoidal relationships at peak 
acceleration and displacement  response: 

ga
T

TT 5,2

2

5, 4
(13)

where T,5 and T,5 are the response displacement and accelerations for 5% damping, at period 
T, and g is the acceleration of gravity. For normal accelerograms measured at least 10 km from 
the fault rupture, the displacements corresponding to a different level of damping, , can be re-
lated to the displacement for 5% damping by the EC8 expression. 

Concrete Wall Building, Bridges (TT): 
1

.444.005.0eq (12a)

Concrete Frame Building (TF): 
1

.565.005.0eq (12b)

Steel Frame Building (RO): 
1

.577.005.0eq (12c)

Hybrid Prestressed Frame (FS, =0.35): 
1

.186.005.0eq (12d)

Friction Slider (EPP): 
1

.670.005.0eq (12e)

Bilinear Isolation System (BI, r=0.2): 
1

.519.005.0eq (12f)
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Equation (14) uses the EC8 expression from the 1998 version of the code. The latest version 
of the expression, in the current code is overly conservative and does not agree with analytical 
results. In the near-field region, the influence of velocity pulses may reduce the effectiveness of 
damping (and hysteretic energy absorption). In these regions, Equation (14) is likely to be non-
conservative, and it is suggested that Equation (15) be used: 

25.0

5,, 2
7

TT (15)

Equations (14) and (15) are compared for a range of different levels of damping in Figure 3, 
in dimensionless form, related to the displacement for 5% damping at a period of T = 4 sec, using 
the EC8 acceleration spectral shape. 

For the velocity pulse type ground motion (Figure 3(b)), the influence of damping in reducing 
the displacement is much less pronounced than for the “normal” ground motion case of Figure 3 
(a). The consequence will be that for a given design displacement and damping, the effective 
period at peak response for the velocity-pulse ground motion will be smaller than for normal 
ground motion (follow the dashed lines in Figure 3). From Equation (1) the required effective 
stiffness will thus be increased, and from Equation (2) the required strength increases proportion-
ately, for the velocity pulse case compared to the normal case. Thus the effects of the special 
character of velocity pulse ground motions can be directly considered in direct displacement-
based design, whereas “correction factors” have to applied in force-based design. 
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Figure 3. Influence of Damping on Displacement Response 



3.5 Design Base Shear Equation 

It will be clear that the approach described above can be simplified to a single design equation, 
once the design displacement and damping have been determined. As noted above, the displace-
ment spectra are typically linear with effective period. The small non-linearity at low periods is 
unlikely to be significant for displacement-based designs, since it is the effective period at peak 
displacement response, approximately  times the elastic period, that is of relevance. In Figures 
1(d) and 3 the displacements are capped at a period of 4 seconds.  Let P,5 be the displacement at 
the cap period TP (e.g. TP = 4 seconds in Figure 1d) for the displacement spectrum corresponding 
to 5% damping. For a design displacement of d and design damping , the effective period is, 
from Figure 3 and Eqs. (14) and (15): 

7
2

5,P

d
Pe TT (16)

where  = 0.5 and 0.25 for normal and velocity pulse conditions respectively. From Equation 
(1) the effective stiffness at peak response is thus: 
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Finally from Equations (2) and (17): 
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4 Multi-Degree of Freedom Structures 

For multi-degree-of-freedom (MDOF) structures the initial part of the design process requires the 
determination of the characteristics of the equivalent SDOF substitute structure. The required 
characteristics are the equivalent mass, the design displacement, and the effective damping. When 
these have been determined, the design base shear for the substitute structure can be determined. 
The base shear is then distributed between the mass elements of the real structure as inertia forces, 
and the structure analyzed under these forces to determine the design moments at locations of 
potential plastic hinges. 

4.1 Design Displacement 

The characteristic design displacement of the substitute structure depends on the limit state dis-
placement or drift of the most critical member of the real structure, and an assumed displacement 



shape for the structure. This displacement shape is that which corresponds to the inelastic first-
mode at the design level of seismic excitation. Thus the changes to the elastic first-mode shape 
resulting from local changes to member stiffness caused by inelastic action in plastic hinges are 
taken into account at the beginning of the design. Representing the displacement by the inelastic 
rather than the elastic first-mode shape is consistent with characterizing the structure by its secant 
stiffness to maximum response. In fact, the inelastic and elastic first-mode shapes are often very 
similar. 

The design displacement (generalized displacement coordinate) is thus given by: 
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where im and i are the masses and displacements of the n significant mass locations respec-
tively. For multi-storey buildings, these will normally be at the n floors of the building. For 
bridges, the mass locations will normally be at the top of the columns, but the superstructure mass 
may be discretized to more than one mass per span to improve validity of simulation. 

Where strain limits govern, the design displacement, or drift, of the critical member can be de-
termined using a similar approach to that outlined in Section 2. Similar conclusions apply when 
code drift limits apply. For example, the design displacement for frame buildings will normally be 
governed by structural or non-structural drift in the beams in the lower levels of the building. For 
a bridge, it will normally be governed by the plastic rotation of the shortest column. With a 
knowledge of the displacement of the critical member and the design displacement shape (dis-
cussed further in the following section), the displacements of the individual masses are given by: 

c

c
ii (20)

where  is the inelastic mode shape, and c is the design displacement at the critical mass. 

4.2 Displacement Shapes 

Frame buildings 
For regular frame buildings, the following equations, though approximate, have been shown to be 
adequate for design purposes: 

for n<4: nii HH / (21a)

4 < n < 20: 
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n > 20: 
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In Equations (21) Hi and Hn are the heights of level i, and the roof (level n) respectively. 
Shapes for different numbers of stories, resulting from Equations (21) are shown in Figure 4. 
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Figure 4. Design Displacement Profiles for Frames 

Cantilever wall buildings: 
For cantilever wall buildings the maximum drift will occur in the top storey. The value of this 
drift may be limited by the code maximum drift limit, or by the plastic rotation capacity of the 
base plastic hinge. From Equation (19), assuming a triangular distribution of curvature with 
height, as shown in Figure 5, the yield drift at the top of the wall will be: 

wnynyyn lHH /0.12/ (22)

As a reasonable approximation, the plastic rotation may be concentrated at the wall base. 
Hence the critical drift at the top of the wall will be: 

cpwymwnypnyndn LllH /0.2/0.1 (23)

where pn is the plastic rotation at the top of the wall corresponding to the design limit. 



Figure 5. Yield and Design Displacement Profiles for Walls 

state, m is the corresponding base curvature, and Lp is the plastic hinge length at the wall 
base, given by the larger of: 

blynp dfHL 022.0054.0 (24a)

nwp HlL 03.02.0 (24b)

The yield displacement at height Hi is given by: 
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If the roof drift from Equation (22) is less than the code drift limit c, then the design dis-
placement profile is given by: 
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If the code drift limit governs the roof drift, the design drift is given by: 
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Although Equation (25) can be manipulated to provide a generalized displacement shape  i to 
be compatible with Equation (20), there is little value in so doing, since the full displacement 
profile must first be found. 

Multi-span bridges: 
With bridges it is less easy to initially determine a design displacement profile, particularly for 
transverse seismic response. Figure 6 illustrates two possible bridge configurations out of a limit-
less potential range.  The example of Figure 6(a) has piers of uniform height, while those in 
Figure 6(b) vary in height. The transverse displacement profiles will depend strongly on the rela-
tive column stiffnesses, and more significantly, on the degree of lateral restraint provided at the 
abutment. For each bridge type, three possible transverse displacement shapes are shown, corre-
sponding to an abutment fully restrained against transverse displacement, a completely 
unrestrained abutment, and one where the abutment is restrained, but has significant transverse 
flexibility. 

Figure 6. Design Transverse Displacement Profiles for Bridges  

For the case of Figure 6(a), the critical pier will be the central one, and with the appropriate 
displacement profile chosen, Equation (20) can be applied directly. For the irregular bridge of 
Figure 6(b) the critical pier may not be immediately apparent, and some iteration may be required. 
Iteration may also be required for the case of finite flexibility of the abutments for the regular 
bridge example to determine the relative displacements of abutment and the critical pier. Gener-



ally a parabolic displacement shape between abutments and piers can be assumed for initial de-
sign. 

4.3 Effective Mass 

From consideration of the mass participating in the first inelastic mode of vibration, the effective 
system mass for the substitute structure is: 
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Typically, the effective mass will range from about 70% of the total mass for multistory canti-
lever walls to more than 85% for frame buildings of more than 20 storeys.  The remainder of the 
mass participates in the higher modes. Although modal combination rules such as the square-root-
sum-of-the-squares (SRSS), or complete modal combination (CQC), may indicate a significant 
increase in the elastic base shear force over that from the first inelastic mode, there is much less 
influence on the design base overturning moment. The effects of higher modes are inadequately 
represented by elastic analysis and direct modal combination, and are better accommodated in the 
capacity design phase, rather than the preliminary phase of design. 

4.4 Effective Damping 

The effective damping depends on the structural system and displacement ductility factor, as 
illustrated in Figure 1(c) and Equations (12). This requires determination of the displacement 
ductility demand of the substitute structure. This poses few problems, since the design displace-
ment d has already been determined, from Equation (19). The effective yield displacement y

needs to be interpolated from the profile of displacements at yield (e.g. Equation (25) for cantile-
ver walls, or Equation (21) for frames). This requires a knowledge of the effective height of the 
substitute structure, which may be taken as: 
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The design ductility factor, for use in Equation (12) is then: 

yd / (29)

in the usual fashion. 
Note that provided reasonable ductility is implied by the design displacement d, Figure 1(c) 

and Equations (12) indicate that the damping is not strongly dependent on the ductility, and aver-
age values may be adopted.  Note also that it has been established (Priestley, 2003) that concrete 
and masonry structures are much more flexible than normally assumed by designers, and hence 



code drift limits, rather than displacement ductility capacity tends to govern design. As a conse-
quence, the design ductility, and the effective damping are known at the start of the design 
process, and no iteration is needed in determining the design base shear force. 

When the lateral resistance of a building in a given direction is provided by a number of walls 
of different length, the ductility demand of each wall will differ, since the yield displacements of 
the walls will be inversely proportional to the wall lengths (see Equation (25)), while the maxi-
mum displacements at design-level response will be essentially equal, subject only to small 
variations resulting from torsional response. Hence the system damping will need to consider the 
different effective damping in each wall. A weighted average is appropriate, given by: 
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where Vj and j are the base shear force and damping of the m walls in a given direction. A ra-
tional decision will be to apportion the total base shear force requirement between the walls in 
proportion to the square of the length. This will result in essentially constant reinforcement ratios 
between the walls. With wall strength proportional to length squared, Equation (30) may be re-
written as: 
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Conventional force-based design would apportion the base shear between walls in proportion 
to the cube of wall length, based on the invalid assumption that the walls could be made to 
achieve simultaneous yield, regardless of length. Since the yield curvature is inversely propor-
tional to length, this is clearly impossible. The consequence of this approach is that the longer 
walls end up more heavily reinforced for flexure than the shorter walls, which is irrational, and 
results in further imbalance in elastic stiffness from the design assumption. 

Influence of foundation flexibility on effective damping: 
Although the influence of foundation flexibility on seismic design can be incorporated into force-
based design, albeit with some difficulty, it is rarely considered. Foundation flexibility will in-
crease the initial elastic period, and reduce the ductility capacity corresponding to the strain or 
drift limit states. It is comparatively straightforward, however, to incorporate the influence of 
elastic foundation compliance into Direct Displacement-Based Design. If the limit state being 
considered is strain-limited, then the design displacement will be increased by the elastic dis-
placement corresponding to foundation compliance (this requires a knowledge of the design base 
moment and shear force, and hence some iteration may be required). If, however, the limit state is 
defined by code drift limits, there will be no change in the design displacement, thus implying 
reduced permissible structural deformation. 

The second influence relates to the effective damping. Both foundation and structure will con-
tribute to the damping. Consider the force-displacement hysteresis loops of Figure 7, where 



foundation ( f)  and structure ( s) components of the peak response displacement d = s + f

have been separated for a cantilever wall building. The equivalent viscous damping for the foun-
dation and for the structure can be separately expressed as: 

where Af  and As are hysteretic areas within the loops (i.e. energy absorbed per cycle) for 
foundation and structure  respectively. As  shown  in  Figure 7, the hysteretic area of the com-
bined structure/foundation system will be the sum of the two components, and hence the system 
equivalent damping will be: 

Figure 7. Damping Contributions of Foundation and Structure. 

4.5 Distribution of Design Base Shear Force 

The principles outlined in the previous sections enable the design base shear to be established for 
a MDOF system. This base shear force must be distributed as design forces to the various discre-
tized masses of the structure, in order that the design moments for potential plastic hinges can be 
established. Assuming essentially sinusoidal response at peak response, the base shear should be 
distributed in proportion to mass and displacement at the discretized mass locations. Thus the 
design force at mass i is: 
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Similarity with force-based design will immediately be apparent. The difference is that the de-
sign inelastic displacement profile, rather than a height-proportional displacement is used. No 
additional force at the roof level, as is commonly adopted in force-based design, is generally 
necessary, though for tall flexible frames recent studies (Pettinger and Priestley, 2005) indicate 
improved performance if 10% of the base shear is allocated at roof level. When capacity design 
principles are adopted and normal gravity-load requirements for upper levels are enforced, it is 
rare to find excessive ductility demand developing at the upper floor levels of frames under ine-
lastic time-history analyses. Capacity design will ensure that hinges do not develop in the upper 
levels of cantilever wall structures. 

4.6 Analysis of Structure under Design Forces 

Analysis of the structure under the lateral force vector represented by Equation (33) to determine 
the design moments at potential plastic hinge locations is straightforward, but needs a little careful 
consideration. In order to be compatible with the substitute structure concept that forms the basis 
of DDBD, member stiffnesses should be representative of effective secant stiffnesses at design 
displacement response. 

For cantilever wall buildings, this can be simplified to simple distribution of the vertical force 
vector between walls in proportion to lw2, as suggested above, with the walls then analysed sepa-
rately.

For frame and dual (wall/frame) system buildings, more care is needed. With weak-
beam/strong-column frame designs, beam members will be subjected to inelastic actions, and the 
appropriate stiffness will be: 

bcrbe II / (34)

where Icr is the cracked-section stiffness and b is the expected beam displacement ductility 
demand. Analyses have shown that the member forces are not particularly sensitive to the level of 
stiffness assumed, and thus it is acceptable to assume that b = s, the frame design ductility. 

Since the columns will be protected against inelastic action by capacity design procedures, 
their stiffness should be taken as Icr with no reduction for ductility. Note that in the initial stages 
of the design, the beam and column strengths will not be known and it will thus not be possible to 
accurately define the cracked section stiffnesses of the beams or columns. However, as noted 
above the member forces are not strongly dependent on the stiffnesses, and it is the relative effec-
tive stiffnesses of beams and columns that are of importance, rather than the absolute values. 
Thus average values may be taken with adequate accuracy. Displacements predicted from the 
analyses may have significant errors, but since the displacement is in fact the design input, this is 
of little consequence. 

A modification to the column stiffness must be made for the columns between ground and 
first floor. Plastic hinges will normally be expected at the base level, but not at first floor level. It 



has been found that the most appropriate way to model this in an elastic analysis is to place a 
hinge at the base level, and apply a base resisting moment Mb to the hinge, while representing the 
column by the cracked-section stiffness. This is illustrated in Figure 8(a). The values of moment 
placed at the base hinges are, to some extent, the designer’s choice, since analysis of the structure 
under the calculated lateral force vector together with the chosen base moments Mb will ensure a  
statically admissible solution for the resulting design moments. In fact this freedom, implying 
some moment redistribution between beam hinges and column base hinges, allows the designer to 
improve the structural efficiency. A common choice will locate the point of contraflexure be-
tween 55% and 65% of the storey height above the base, thus ensuring capacity protection against 
hinging at the top of the ground floor columns, and an advantageous distribution of moments 
above and below the first level beams. 

With a point of contraflexure chosen at 60% of the column height h1 (to the beam centerline), 
and with reference to Figure 8 (a), equilibrium requires that  

Figure 8. Member Stiffnesses for Analysis for Member Forces. 
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With dual structural systems consisting of walls and frames (Figure 8(b)), a similar approach 
is needed, with the frame represented by ductile beams of reduced stiffness, and columns with 
elastic stiffness. The wall stiffness will need to be reduced over the lower levels in proportion to 
the expected ductility demand.  A decision will be require as to the proportion of total base shear 
force to be carried by the frame and by the wall.  This will then dictate the base moments in the 
columns in a similar fashion to that represented by Equation (35) for pure frames. It has recently 
been shown (Paulay, 2002) that an attractive design decision is to allocate a constant shear force 
to the frames for the full height of the building, thus resulting in equal seismic demands on the 
beams for the full height. 



Note that force-based designs using elastic analysis are found to have the wall dominating be-
haviour in the lower levels, and the frame dominating the upper storeys. A substitute structure 
analysis representing conditions at maximum displacement response is likely to result in signifi-
cantly different distributions of actions between walls and frames. 

4.7 Capacity Design for DDBD 

Direct Displacement-based Design is a method for determining the optimum bending moments at 
intended plastic hinge locations, to satisfy a particular limit state. Having determined the design 
bending moments, normal capacity design procedures (Paulay and Priestley,1992) must be im-
plemented to ensure that plastic hinges cannot develop at unintended locations, and also to ensure 
shear failure cannot occur. This requires a re-examination of existing capacity design procedures, 
particularly for wall and dual wall/frame structures. More definitive guide lines will shortly be 
available (Priestley et al., 2007). 

5 Some Implications of DDBD 

5.1 Influence of Seismic Intensity on Design Base Shear Strength. 

Force-based and direct displacement-based design procedures imply significantly different struc-
tural sensitivity to seismic intensity. This can be illustrated with reference to Figure 9, where 
acceleration spectra (Figure 9(a)), and displacement spectra (Figure 9(b)) are shown for two seis-
mic zones with different design intensities. It is assumed that the spectral shapes for the two zones 
are identical, and the design spectra in each zone are found by multiplying a base-level spectrum 
by the zone intensity factors Z1 or Z2.

We assume that structures are designed to satisfy the seismic design requirements for the two 
zones, and we further assume that the structural geometry, including member sizes (but not rein-
forcement contents) are identical for the two buildings. If the buildings are designed by 
conventional force-based procedures, the fundamental periods of the two buildings will be as-
sumed to be the same.  It is thus clear (see Figure 9(a)) that the required base-shear design forces 
Vb1 and Vb2 for the two buildings are related by: 
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Under direct displacement-based design, the assumption of equal geometry ensures that the 
yield displacements, and the limit-state design displacements for the two buildings are the same. 
Hence the ductility, and also the effective damping will also be the same for the two buildings. As 
may be seen from Figure 9(b), with equal design displacements and damping, the effective peri-
ods at design displacement response will be: 



Figure 9. Influence of Seismic Intensity on Design Base Shear Force 

related to the zone intensity by: 
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From Equation (1) the effective stiffnesses are inversely proportional to the period squared, 
hence: 
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Further, since the design displacements are equal, Equation (2) yields the ratio of base shear 
forces as: 
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Thus the required base shear strength is proportional to the square of the seismic intensity.  
This is a fundamentally important difference between the two approaches, particularly for regions 
of  low (or very high) seismicity. 

5.2 Influence of Building Height on Required Frame Base Shear Strength 

A further finding of some interest can be obtained by examining the sensitivity of required base 
shear strength of building frames to building height. We assume for simplicity that the section 



dimensions of structural members are not affected by building height, and that the design de-
flected shape is also independent of building height. Clearly this latter assumption will become 
increasingly crude when large variations in building height are considered. Let n = number of 
storeys, with constant mass m per storey. In the following, k1 to k6 are constants. 

With the above assumptions, both the yield displacement, and the design displacement will be 
proportional to height. Hence the design displacement ductility and thus the effective damping 
will be independent of height. Provided that the design displacement given by Equation (40b) is 
less than the displacement at peak period (e.g. Te = 4 sec. in Figure 1(d)), the effective period will 
thus be: 

nkkkT de 233 (41)

From Equation (2), the effective stiffness will be: 
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From Equations (1), (40a) and (40b), the design base shear will be 

mknk
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m

kkV deB 625 (43)

Recalling that m is the mass of one storey, it is seen that the design base shear strength is in-
dependent of the number of storeys. This might seem to point the way towards further possible 
design simplifications. 

6 Conclusions

Displacement-based seismic design characterizing the structure by structural properties applicable 
at the maximum displacement response resolves many of the problems implicit in current force-
based seismic design where the structure is characterized by initial elastic stiffness (which is un-
known until the design has been completed, and (typically) 5% damping. A more rational 
distribution of strength through the structure is obtained, and it becomes possible to design struc-
tures that achieve a specified limit state, based on acceptable damage criteria, under a specified 
level of seismic action.  The procedure is simple, and intellectually satisfying. 

Effective mass: nmkme 1 (40a)

Design Displacement: nkd 2 (40b)
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Design and Assessment of Bridges 
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Abstract. The most relevant improvement in the design methods for bridge structures 
traditionally followed new evidence in damage and collapse due to the major earthquakes. 
This logical process is critically review through the description of the most recent 
experience in bridge design and assessment, emphasizing its progressive evolution from 
acting force and strength, to ductility capacity and demand, to displacement – based 
approaches. Some controversial or often neglected aspects, related to seismic input, 
response and design issues are discussed. 

1. Development of the Seismic Design Approaches 

New structures were first routinely designed for earthquakes from 1930's. The design approach 
was borrowed from the same concepts regarding the design for wind forces: the structures were 
designed to remain in the elastic range for a constant fraction of the gravity weight, applied as a 
uniform lateral force. The main well known consequences (Asheim and Moehle, 1992, ASCE, 
2000, ATC, 1997a and 1997b) related to the inadequacy of this elastic design approach, basically 
are: severe underestimations of the seismic deflections and inadequate combinations of action 
patterns produced by gravity and earthquake (due to the artificially low seismic forces). In 
particular, the latter deficiency may result in mislocating points of contraflexure, premature 
termination of reinforcement and neglecting of any detailing capable of favoring large inelastic 
deformation without significant strength degradation. 

In the 1950's, as a consequence of the relevant damages and collapses, of the increased 
understanding of the dynamic characteristics of the seismic structural response and as it became 
realized that structures survived levels of response accelerations that apparently exceeded those 
corresponding to the ultimate strength, the concept of “ductility” was adopted. Historically, 
engineers have always been more comfortable designing for “loads” than for deformation-
inducing actions. This new concept, in fact, substantially was an attempt to reconcile 
inconsistencies in the fundamental basis of force-based design, attributing to the capacity of a 
structure to deform inelastically without significant strength loss, the reason for surviving an 
earthquake that would have required more strength than that available to respond elastically. A 
considerable amount of research was developed in order to correlate the concept of ductility to a 
sort of equivalent strength, which represents the seismic resistance of the structure. Consequently, 
the well-known concepts of conservation of acceleration, velocity and displacement as a function 
of the fundamental period of vibration of the structure was introduced and developed. 

In the present time, the majority of the codes of practice are still based on these concepts. 
Essentially, elastic acceleration spectra are considered as a function of an assumed ductility 
capacity of bridges, and capacity design principles are applied to assure that the assumed post 
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elastic mechanism will develop, avoiding potential brittle damage modes. In spite of the great 
development of a large number of new design approaches that require increased emphasis on 
displacement, the most common approach has been to attempt to modify force-based design 
procedures, rather than a complete, more rational, revision of the seismic design procedure. 

2. Fundamental Aspects Related to the Seismic Design of Bridges 

Although the force-based approach is the traditional reference method included in the majority of 
the seismic design codes, it is characterized by several common fallacies, which will be discussed 
in the following of this section, in order to highlight the effectiveness of a displacement-based 
approach, particularly for long period structures. 

Probably the most rational displacement-based approach (direct displacement base design, 
DDBD) will be schematically presented, since it is fully illustrated in another lecture note. 

Afterwards, two particularly important issues related to the seismic design of bridges, such as 
the determination of the elastic stiffness and the ductility capacity of bridge piers, will be 
discussed in detail, in order to better understand their role and their evaluation within the seismic 
design. 

2.1. Common Fallacies 

Despite bridges have been designed by reference to acceleration response spectra for the past 40 
years, the assumption that an elastic acceleration spectrum provided the best means for assessing 
the seismic response of a structure has been proven to be a fallacy. In this section, the most 
important controversial issues concerning the design process are briefly summarized. 

Firstly, only “snapshots” of transient behaviour at maximum modal response are considered, 
ignoring the real duration effects of the earthquake. Moreover, the combination rules of these 
modal maxima are of dubious relevance for inelastic structural response and it is implicitly 
assumed that the maximum transient response is more relevant than the final configuration of the 
structure after the earthquake, which is not considered in the design process. Actually, the role 
played by the residual deformations is so important that they can be related to a damage index to 
quantify the performance level of a structure under seismic loading. 

Usually, the level of damage is related to material strains, which in turn can be related to the 
maximum response displacements (but not to response accelerations). For this reason, the 
importance of estimating peak displacement response, evaluated quite differently according to 
different approaches and codes, should be adequately emphasize. Generally the estimation of the 
design displacement involves modification of the displacements of the corresponding elastic 
system of equal initial stiffness and unlimited strength, assuming the following equal 
displacement approximation: 
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Where max,duct and max,elastic are the equal maximum displacement related to the ductile and to 
the elatic response spectrum respectively. T is the period of the structure and a(T)g the 



corresponding pseudo-spectral acceleration. It is well known that the equal displacement 
approximation is non-conservative for short-period structures. If the equal energy approach is 
applied, equating the energy absorbed by the inelastic system, on a monotonic displacement to 
peak response, to the energy absorbed by the equivalent elastic system with same initial stiffness, 
the peak displacement of the inelastic system is: 
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Where R is the design force reduction factor; in accordance with the UBC (1997), the 
maximum displacement related to the ductile spectrum is estimated as: max,duct = 3 y R / 8,
hence its relation with the maximum elastic displacement is: = 3 max,elastic / 8.

Priestley (2003) showed that all formulations are correct at some part of the period range of 
structural response, and all are wrong at other periods. This was explained with reference to 
typical displacement spectra, reproduced in Figure 1, where the influence of inelastic response 
was represented by a lengthening of the effective period of response, with hysteretic damping 
being represented as equivalent viscous damping. For short period structures, the increase in 
displacement response from period elongation is less than the decrease resulting from increased 
damping. For medium period structures, the two effects almost balance each other. For long 
period structures the period elongation does not result in significant displacement increase, and 
the influence of increased damping is to reduce the overall displacement response. For very long 
period structures, the displacement is equal to the ground displacement, independent of period 
and damping. 
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Figure 1 Displacement spectra for different levels of damping 

It was also noted (Priestley, 2003) that the elastic acceleration approach placed excessive 
emphasis on the elastic stiffness characteristics of the structure and its elements. For reinforced 
concrete and masonry structures the estimation of these stiffness values varies greatly between 



different design codes. Further, these elastic characteristics only pertain to low level seismic 
response, and are permanently modified as soon as the structure exceeds yield. 

Other issues of fundamental importance concern: 

1. Interdependency of strength and stiffness, meaning that stiffness (and hence natural periods, 
elastic strengths, and strength distribution through the structure) cannot be accurately 
determined until the structure is fully designed; 

2. Inadequate representation of variations of hysteretic characteristics of different structural 
systems; 

3. Simplistic and inappropriate definition of behaviour factors for whole categories of 
structures, and a lack of appreciation that ductility capacity can vary widely within a 
structural class – this results has been explicitly described for the case of bridges in Pinto et 
al. (2003), where it was shown that a standard design procedure based on a force reduction 
factor approach cannot guarantee a uniform level of protection; 

4. Inadequate representation of the influence of foundation flexibility on seismic response; 

5. Inadequate representation of structural performance of systems where inelastic action 
develops in different members at different levels of structural response (e.g. bridges with 
columns of different heights, marginal wharves with ductile piles of different heights, 
structural wall buildings with walls of different lengths); 

6. Inadequate representation of structures with dual load paths (e.g. a bridge with an elastic 
load path involving superstructure action spanning between abutments, and an inelastic load 
path involving ductile action of the piers). 

In addition to the issues previously described, in the case of seismic design of bridges, and in 
general for structure characterized by long periods of vibration, it has also to be highlighted that 
additional concerns may arise. For instance, in case of long period structures, acceleration spectra 
are characterized by relatively low levels of acceleration and design may be based on minimum 
levels rather than by a proper estimate of the demand. The possible presence of strong pulses, 
typical of near fault action may have a moderate impact on the spectral shape (Somerville, 2003). 
On the opposite, it has to be recognized that large displacement demand are typical of long period 
structures, and near fault effects have a tremendous impact on this parameter. This evidence 
points towards the use of displacement spectra as a better way to represent the design action. 

2.2. Fundamentals of the DDBD Method 

A number of displacement-based (sometimes referred to as performance-based) design methods 
were developed (fib, 2003) in the last years. In general, and more specifically in one of the 
approaches (Priestley and Calvi, 2003), the fundamental difference from force-based design is 
that the structure to be designed is characterized by a single-degree-of-freedom (SDOF) 
representation of performance at peak displacement response, rather than by its initial elastic 
characteristics. The method is based on the Substitute Structure Approach (Gulkan and Sozen, 
1974, Shibata and Sozen, 1976). The approach attempts to design a structure which would 
achieve, rather than be bounded by, a given performance limit state under a given seismic 



intensity, essentially resulting in uniform-risk structures, which is philosophically compatible 
with the uniform-risk seismic spectra incorporated in most design codes. The design procedure 
determines the strength required at designated plastic hinge locations to achieve the design 
objectives in terms of defined displacement objectives. A capacity design procedures has then to 
be applied, in order to ensure that plastic hinges occur only where intended, and that non-ductile 
modes of inelastic deformation do not develop. 

Among the large number of alternative seismic design philosophies proposed in the last years 
(fib, 2003), the procedure known as Direct Displacement-Based Design (DDBD) (Priestley and 
Calvi, 2003) deserve a particular mention. This design method appears to be more intellectually 
satisfying than the alternatives, it is the best equipped to address the deficiencies of conventional 
force-based design, simple to apply and better suited to incorporation in design codes. Since this 
design method is fully illustrated and well commented in another lecture note, in this section only 
a schematic overview is presented. 
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The method can be described with reference to a SDOF model of a bridge column (Figure 2, 
though the basic fundamentals apply to all structural types) and its bilinear envelope of the lateral 
force-displacement response, characterized by an initial elastic stiffness Ki, followed by a post 
yield stiffness rKi,. While force-based seismic design characterizes a structure in terms of elastic, 
pre-yield, properties (initial stiffness Ki and elastic damping), DDBD characterizes the structure 
by secant stiffness Ke at maximum displacement d and a level of equivalent viscous damping e,
representative of the combined elastic damping and the hysteretic energy absorbed during elastic 
response. With the design displacement at maximum response determined, and the corresponding 
damping estimated from the expected ductility demand, the effective period Te at maximum 
displacement response can be read from a set of displacement spectra for different levels of 
damping. The effective stiffness Ke of the equivalent SDOF system at maximum displacement 
and the design base shear force can be found respectively by the following Eq. 3 and Eq. 4: 

22 /4 eee TmK Eq. 3 

deB KVF Eq. 4 

where me is the effective mass of the structure participating in the fundamental mode of 
vibration. 

The design concept is thus very simple. Such complexity that exists relates to the 
determination of the “substitute structure” characteristics, of the design displacement and of the 
development of design displacement spectra. Careful consideration is however necessary for the 
distribution of the design base shear force Vb throughout the structure and the analysis of the 
structure under the distributed seismic force. 

2.3. Elastic Stiffness 

In force-based design, the elastic stiffness is required at the start of the design, in order that the 
elastic periods of the structure can be defined, and also at a later stage of the design to distribute 
the total design inertia force to members in proportion to their initial stiffness. It is only recently 
that it has been recognized that it is inappropriate to use the uncracked stiffness in period 
calculations. Now, some recognition is made of the reduction in stiffness caused by cracking, and 
it is common to use 50% of the gross section moment of inertia in estimating section stiffnesses. 

More realistically, stiffness can be assessed from the moment-curvature relationship for a 
section in accordance with the beam equation: 

yNeff MEI / Eq. 5 

where MN is the nominal moment capacity of the section, and y is the yield curvature of the 
equivalent bilinear representation of the moment-curvature curve. This can be explained with 
reference to Figure 3, which shows a typical moment-curvature relationship together with a 



bilinear approximation for a 2 m diameter bridge column with 2% longitudinal reinforcement 
ratio, and light axial load. It is accepted by the research community that the most appropriate 
linearization of moment-curvature relationships is the following: an initial elastic segment 
passing through the point identifying the “first yield” and extrapolated to the nominal flexural 
strength MN; is combined with a post-yield segment connected to the ultimate strength and 
curvature. “First yield” of the section is defined as the moment My and curvature ’y when the 
section first attains the reinforcement tensile yield strain of y = fy/Es, or the concrete extreme 
compression fiber attains a strain of 0.002, whichever occurs first. The nominal flexural strength 
MN develops when the extreme compression fiber strain reaches 0.004, or the reinforcement 
tension strain reaches 0.015, whichever occurs first. Thus, the yield curvature is given by: 

yNyy MM /' Eq. 6 
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Experimental evidence, and detailed analytical results, indicates that the common assumption 
of stiffness being independent of strength is not valid. Actually, yield curvature is effectively 
independent of strength, and hence the stiffness is directly proportional to the flexural strength, as 
is seen from Eq. 5 with y a constant. The correct relationship is thus illustrated in Figure 4. 

An example of moment-curvature curves computed on circular bridge piers is shown in the 
following figure for two levels of flexural reinforcement ratio and a range of axial load ratios. 
Only the initial part of the moment-curvature curves has been included, to enable the region up to, 
and immediately after yield to be clearly differentiated. Also shown in the figure are the 
calculated bi-linear approximations for each of the curves. Note that the apparent over-estimation 
by the bi-linear representations of the actual curves is a function of the restricted range of 
curvature plotted. 
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Figure 5 Selected Moment Curves for Circular Concrete Bridge Columns 

The nominal moment capacity and the equivalent bi-linear yield curvature are plotted in 
dimensionless form in Figure 6. The influence of both axial load ratio and reinforcement ratio on 
the nominal moment capacity is, as expected, substantial with a range between maximum and 
minimum values. On the other hand, it is seen that the dimensionless yield curvature is 
comparatively insensitive to variations in axial load or reinforcement ratio. Thus the yield 
curvature is insensitive to the moment capacity. The average value of dimensionless curvature of 

25.2/ yyDy D Eq. 7 

is plotted on Figure 6b, together with lines at 10% above and 10% below the average. It is 
seen that all data with the exception of those for low reinforcement ratio coupled with very high 
axial load ratio fall within the +/–10% limits. 



It should be noted that though the data were generated from a specific column size and 
material strengths, the dimensionless results can be expected to apply, with only insignificant 
errors, to other column sizes and material strengths within the normal range expected for standard 
design. The results would not, however, apply to very high material strengths (f’c > 50MPa, or fy
> 600MPa) due to variations in stress-strain characteristics. 
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Figure 6 Dimensionless nominal moment and yield curvature for concrete bridge columns 

0 0.1 0.2 0.3 0.4

Axial Load Ratio (Nu/f'cAg)

0

0.2

0.4

0.6

0.8

1

St
if

fn
es

s 
R

at
io

 (E
I/

E
I g

ro
ss
)

l = 0.04

l = 0.03

l = 0.02

l = 0.01

l = 0.005

Figure 7 Effective Stiffness of Circular Bridge Columns 

The data in the previous Figure 5 and Figure 6 can be used to determine the effective stiffness 
of the columns as a function of axial load ratio and reinforcement ratio. The ratio of effective 
stiffness to initial uncracked section stiffness is thus given by: 
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Results are shown in Figure 7. It will be seen that the effective stiffness ratio varies between 
0.13 and 0.91. Clearly the assumption that stiffness is a constant for a given section, regardless of 
strength, is unacceptable. 

2.4. Ductility Capacity of Bridge Columns and Elastic Flexibility of Capacity-Protected 

Members

A common assumption of force-based design is that structures of a particular material and class 
(e.g. concrete; bridge column) have a constant ductility capacity. This is reflected in the 
specification of a constant force-reduction factor for all structures in that class. Simple evaluation 
of the basic equations defining ductility capacity reveals that this is inappropriate. An example of 
the influence of structural geometry on displacement capacity is provided in Figure 8, which 
compares the ductility capacity of two bridge columns with identical cross-sections, axial loads 
and reinforcement details, but with different heights. The two columns have the same yield 
curvatures y and ultimate curvatures u and hence the same curvature ductility factor  = u/ y.
Yield displacements, however, may be approximated by: 

3/2Hyy Eq. 9 

where H is the effective height, and the plastic displacement p = u - y by: 

HLPPP Eq. 10 

where p = u - y is the plastic curvature capacity. The displacement ductility capacity is thus 
given by: 
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Py 31 Eq. 11 

where Lp is the plastic hinge length. 
For circular bridge columns, the plastic hinge length can be expressed as: 

byP dfHL 022.008.0 Eq. 12 

where fy and db are respectively the yield stress (in MPa) and the diameter of the flexural 
reinforcement in the plastic hinge region. Using this approach, it is found that the squat column of 
Figure 8a has a displacement ductility capacity of = 9.4, while for the more slender column of 



Figure 8b, = 5.1. Clearly the concept of uniform displacement ductility capacity, and hence of a 
constant force-reduction factor is inappropriate for even this very simple class of structure. 
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(a) Squat Column,  = 9.4 (b) Slender Column,  = 5.1

Figure 8 Influence of height on displacement ductility capacity of circular columns (P = 0.1f’cAg;
2% longitudinal, 0.6% transverse reinforcement) 

It can easily be shown (Priestley, 2003) that the elastic flexibility of the capacity-protected 
members influences the displacement ductility capacity of the structure, and hence might be 
expected to influence the choice of force-reduction factor in force-based design. Consider the 
simple two-column bridge bent illustrated in the next Figure 9: the column bases are connected to 
the footings by pinned connections, and thus no moments can develop at the base. Plastic hinges 
are intended to form only at the top of the columns. 
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Figure 9 Influence of cap-beam flexibility on ductility capacity of two-column bridge bent 

Consider first the case where the cap beam is assumed to be rigid. The yield displacement 
under lateral forces F is thus y = c resulting solely from column flexibility. All plastic 
displacement originates in the column plastic hinge regions, since the design philosophy requires 



the cap beam to remain elastic. With a plastic displacement of p corresponding to the rotational 
capacity of the column hinges, the structure displacement ductility is: 

c

p
r 1 Eq. 13 

Cap beam flexibility will increase the yield displacement to y = c + b, where b is the 
additional lateral displacement due to cap beam flexibility, but will not result in additional plastic 
displacement, since this is still provided solely by column hinge rotation. For bent dimensions H
x L and cracked-section moments of inertia for beam and columns of Ib and Ic, respectively, the 
yield displacement is now: 
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and the structural displacement ductility capacity is reduced to: 

HILI bc

r
f /5.01

1
1 Eq. 15 

As an example, take L = 2H, Ib = Ic, and r = 5. From Eq. 15 it is found that the 
displacement ductility capacity is reduced to f = 3. Again it would seem to be inappropriate to 
use the same force reduction for the two cases. This effect is not included in any design codes, 
and is rarely adopted in force-based design practice. 

3. Fundamental Aspects Related to the Seismic Input and Effects on the Response 

of Isolated Bridges 

3.1. Displacement Spectra 

It is well known (Priestley and Calvi, 2003) that design displacement spectra for a given level of 
damping can be generated from the acceleration spectra using the approximate relationship: 
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Eq. 16 

where T,5 and aT,5 are the response displacement and acceleration coefficient for period T and 
5% damping. 

Recent work (Bommer et al., 2000, Faccioli et al., in preparation) has enabled (Priestley and 
Calvi, 2003) to generate approximate elastic displacement spectra for strike-slip earthquakes of 
different magnitudes. The spectra are characterized by a linear increase in response displacement 
with increasing period, followed by a plateau. At high periods the response displacement 



eventually decreases to the peak ground displacement, but this will rarely be of significance for 
bridge design (except, perhaps, suspension and cable-stayed bridges). 

The corner period TC between the linearly increasing and plateau part of the spectrum, and the 
maximum displacement max for firm ground can be related to the moment magnitude MW by the 
following expressions: 

7.55.20.1 wc MT Eq. 17 
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where r is the nearest distance from the site to the fault plane in km. For rock and soft soil 
sites, the displacement given by the previous equation should be multiplied by 0.7 and 1.5, 
respectively, to give approximate representation of soil conditions (CEN, 1998). 

Eq. 17 and Eq. 18 are plotted in figure 3 for different earthquake magnitudes and for different 
distances from the fault plane. It should be noted that these apply for design spectra dominated by 
a single causative fault. The consequences in terms of uniform-risk spectral displacement shapes 
are less obvious than for specific earthquake intensities. 

0 2 4 6 8 10
Period (seconds)

0

400

800

1200

1600

2000

Sp
ec

tra
l D

is
pl

ac
em

en
t (

m
m

)

(a) r = 10 km

M = 7.5

M = 7.0

M = 6.5
M = 6.0

0 2 4 6 8 10
Period (seconds)

0

400

800

1200

1600

2000

(b) r = 20 km

M = 7.5

M = 7.0

M = 6.5

0 2 4 6 8 10

Period (seconds)

0

400

800

1200

1600

2000

(c) r = 40 km

M = 7.5

M = 7.0
M = 6.5

Figure 10 Influence of cap-beam flexibility on ductility capacity of two-column bridge bent 



3.2. Vertical Component and Axial Force Variation and its Implications on Isolated 

Bridges 

The importance of the vertical seismic input in the structural response of bridges has been 
investigated by various authors (Ambraseys and Douglas, 2000, Ghobarah and Elnashai, 1998, 
Elnashai and Papazoglou, 1997). The damaging effects of the vertical component are more 
evident in the near field since the vertical motion attenuates faster than the horizontal one: in this 
case ground motions from large earthquakes (Ms > 7) can produce significant horizontal and 
vertical components and the ratio of the vertical to horizontal maximum PGA may exceed 1. 

The energy content of the vertical component is concentrated in a narrow high frequency 
range. This results in a possibly dangerous match with the vertical periods of common bridges, 
usually belonging to the higher frequency range. Furthermore, several records indicate that the 
maximum vertical response occurs 1 or 2 seconds earlier than transverse one, others show a 
coincidence in time. A compendium of field observations and analytical results indicates that 
certain failure modes are convincingly attributable to high vertical earthquake-induced forces, 
which, in addition to the possible overstressing in compression or tension, may induce shear or 
flexure failure. An increase in shear demand may be due to second order effects caused by the 
presence of high vertical dynamic forces. 

The effects of axial force variations may be emphasized in presence of isolation systems. The 
case of friction pendulum systems (FPS, used for the upgrading of the Bolu viaduct, as discussed 
in the following chapter 4) offers an interesting example to discuss possible effects and 
consequences. FPS use geometry and gravity to achieve the desired isolated response, based on 
well-known principles of pendulum motion. Though friction pendulum systems may be strongly 
influenced by the axial load level acting at a given time, since a variation of the axial force results 
in corresponding variation of equivalent yielding level and in the post-yielding stiffness in the 
non-linear phase of the hysteretic response, and this, in turn may produce increments in the shear 
force demand and potential torsional effects on the piers. 

The axial force variation on an isolation device is not only affected by the vertical 
acceleration, but also depends on a combination of effects due to horizontal input (because of the 
necessary dynamic equilibrium to the horizontal forces) and to the geometrical configuration 
(plan and elevation irregularities). 

An extensive, though not conclusive, study on the subject (Calvi et al., 2004), based on 
parametric non-linear time history analyses, showed that the inclusion of axial force effects may 
not be significant for what concerns variation of the displacement demand, but may induce 
important increment of shear, bending and torsional moment demand on the piers. 

The fundamental parameters that may amplify, or reduce, these effects are the ratio between 
deck and pier mass, the aspect ratio of the deck, the radius of curvature of the bridge, the intensity 
of the ground motion and the consideration of vertical input, as briefly discussed below. 

a. Ratio between deck and pier mass: a significant variation of the shear force transmitted from 
the deck to the pier may result in strongly attenuated effect at the pier base when the ratio of 
the pier mass to the deck mass is high. 

b. Aspect ratio of the deck: for the same level of horizontal force, the axial force variation 
possibly induced by the horizontal acceleration is higher for a deck section relatively larger 
and for devices relatively closer one to each other. 



c. Radius of curvature of the viaduct: it is shown that a curved bridge may result in higher 
effects, due to the interaction of vertical and horizontal response. 

d. Intensity of the ground motion: relatively high horizontal peak ground accelerations may 
induce more significant effects. 

e. Consideration of vertical input: the inclusion of the vertical component of the input ground 
motion may result in being the crucial point to verify whether important effects have to be 
expected and considered. 

These considerations may be of some help in deciding whether axial force effects may be 
neglected or should be considered in the analysis. 

A fundamental aspect related to design concept should also be noted. Actually, when dealing 
with isolated bridges, it is common practice to assume that possible pier collapses are capacity 
protected by the shear capacity of the isolation system. This implies that there is no reason to 
protect a possibly brittle shear collapse mode with a lower strength flexural yielding of the pier. 
Clearly, this situation may not apply if a significantly higher shear force is transmitted from the 
deck to the pier. As a consequence, it is felt appropriate to recommend that when using friction 
pendulum systems capacity design principles are still applied to protect undesired failure modes 
of the pier and foundation system. 

3.3. Near Fault Effects 

Ground motion records from recent earthquakes confirmed that near fault ground motions are 
dominated by a large long period pulse of motion that occurs at on the horizontal component 
perpendicular to the strike of the fault. Preliminary equations to define appropriate response 
spectra, taking into account magnitude dependence of the pulse and rupture directivity effects 
have been proposed (Somerville, 2003), but it appears that significant developments are needed 
before transferring these scientific findings into common practice; permanent differential 
displacements may combine with strong pulses and directivity effects, resulting in anomalous 
demand. 

With reference to displacement-based design approaches, it has been noted that the presence 
of a dominating single pulse in the ground motion results in a strongly diminished capacity of 
dissipating energy for the structure, and this may in turn results in larger displacement demand. 
Based on these considerations, on the equation recommended in EC8 (1998) to take into account 
different level of viscous damping and on the recognized equivalence between viscous damping 
and hysteretic energy dissipation, a modified correction factor has been proposed to evaluate the 
displacement demand in near fault conditions (Priestley, 2003). This proposal, described below, 
is based on empirical evidence and certainly needs validation and refinements, but has 
connotation of simplicity and applicability. 

For normal accelerograms EC8 proposes the following expression to compute the 
displacements corresponding to a different level of damping, as a function of the displacement for 
5% damping: 
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In the near-field region, the influence of velocity pulses may reduce the effectiveness of 
damping (and hysteretic energy absorption), therefore Eq. 19 is likely to be non-conservative, and 
may be replaced by the following one: 

25.0
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Eq. 20 

The difference of the two previous equation can be appreciated in the next Figure 11, for 
different levels of damping. In the case of the velocity-pulse type, the decrease of displacement 
due to an increase of damping is much less pronounced than the other case. As a consequence, 
given the design displacement and the damping, the associated period tends to decrease. 
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Figure 11 Influence of Damping on Displacement Response 

3.4. Non-Synchronous Input 

The potential relevance of the spatial variability of the seismic ground motion on the response of 
bridge structures has been recognized since a long time; however, a relatively little amount of 
research studies have been developed on the subject. It is accepted that the spatial variability 
results from the combination of loss of coherence due to wave propagation, time delay between 
arrival of wave trains and local filtering due to local site conditions. In a recent comprehensive 
study (Pinto et al., 2003) it has been pointed out that the accurate determination of the effects of 
these sources of differential ground motion requires data that are normally beyond the extension 
of potential studies in real design situations. In this study it has been shown that the ductility 



demand at the base of the piers increases considerably when the spatial variability is included, 
even for rather ordinary bridge geometries. As a consequence, it is shown that the probability of 
collapse may vary of more than one order of magnitude if these phenomena are considered. 

In the mentioned paper a procedure to reduce the risk of collapse in presence of potential non-
synchronous input is proposed. However, the limited extension of the study, the relatively poor 
amount of available data and the variability of the results obtained by different researchers 
(Sextos, 2003) and designers in practical cases (Teyssandier, 2003, Pecker, 2003, Priestley and 
Calvi, 2002) clearly indicate the need of research and code–oriented studies on this subject. 

4. Assessment of Bridges and Recent Experience 

4.1. Assessment and Strengthening of the Bolu Viaduct 

Bolu Viaduct 1 (Figure 12), part of the Great Anatolian Highway, consists of two parallel 
bridges, each carrying a separate traffic direction, with the Ankara-bound bridge having 58 spans, 
and the Istanbul-bound bridge having 59 spans. Each span is approximately 39.4 m long, and is 
constructed from 7 precast V-girders with an in – situ topping. Each span was supported on pot-
bearings designed for 200 mm maximum travel. A 1.5 m long link-span extension of the deck 
slab connected the spans into 10-span segments with movement joints between the 10-span 
segments. However, because of the bearing support detail, the gap between the girder ends, and 
the flexibility of the link-slab, the spans remained effectively simply supported for live loads as 
well as dead loads. 

Figure 12 General view of the Bolu Viaduct (Priestley and Calvi, 2002) 
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At internal supports, the bridge is supported by tall hollow reinforced concrete piers of 
approximately rectangular section modified by architectural detailing, generally in the range 40 – 
50 m high, though a number of shorter piers exist, particularly near the Istanbul abutment. 

Piers are founded on massive reinforced concrete pile caps, in turn supported on twelve 1.8 m 
diameter Cast-In-Drilled-Hole (CIDH) piles passing through superficial soils of variable strength 
and bearing on alluvium layers, generally at about 30 m depth. 

At the bridge ends, the V-girders were individually supported by pot-bearings on a seat-type 
abutment, again supported on CIDH piles, but of reduced number and size. 

Seismic resistance relied primarily on a seismic isolation system consisting of “crescent-
moon” steel energy dissipating units (EDU’s) located at each support connecting the spans to a 
centrally mounted dissipator support block. At movement joints and the central pier of each 10-
span segment, the EDU’s incorporated sliders and lock-up pistons to allow relative thermal 
movements to occur freely, but to ensure full engagement of all EDU’s under seismic loading.  
Displacement capacity of the EDU’s was 480 mm. Transverse displacements were restrained by 
shear blocks adjacent to beams 3 and 5 as a back-up in the event of extreme displacements, and 
longitudinal relative movements at expansion joints were constrained by cable restrainers. 

Description of the damage.  On November 12, 1999 an earthquake of moment magnitude 
7.2 occurred on the Duzce fault causing severe damage to tunnels and bridges under construction 
on the Great Anatolian Highway (Mitchell, 2000). Peak ground accelerations of the order of 0.8 g 
were estimated at the viaduct site, based on accelerograms recorded nearby. More important to 
the bridge performance, right – lateral fault slip of approximately 1.6 m occurred on a fault scarp 
traversing the bridge alignment, at an acute angle (approximately 15 degrees to the bridge 
longitudinal axis), resulting in shortening of the bridge length by about 1.5 m, concentrated over 
two spans of the bridge.

Displacements resulting from the fault slip and the vibratory response exceeded the capacity 
of the seismic isolation system. As a consequence, the EDU’s were destroyed, and the pot-
bearings at the beam ends were ejected. Impact between the ends of the central V-beam and the 
EDU support block occurred at most spans, destroying many of the support blocks and damaging 
many of the beam 4 ends. In the majority of the cases, the damage to beam ends was superficial, 
though in one case the damage included crushing of concrete and fracture of reinforcement for a 
distance of up to 4 m from the beam support. 

Impact between the transverse shear restraint blocks and beams 3 and 5 caused extensive 
damage to the shear blocks, and some damage to beam ends, though this was superficial.  Further 
damage to beam ends, applicable to all beams across the section, occurred as a consequence of 
unseating from the pot-bearings, with impact between the beam end and the bearing support 
block, or the pier cap.  This damage is minor in all cases. 

Consequently to the fault movement and the failure of the EDU’s, residual displacement of 
the beam ends was considerable, being as high as 1100 mm longitudinally, and 500 mm 
transversely. In a number of cases this displacement was such that the beam ends remained 
unsupported, hanging over the edge of the pier cap.  In such cases, and where the beams ends 
were unsupported (having moved beyond the edge of the bearing blocks) but were still within the 
plan area of the pier cap, support for the beam end was only provided by flexure of the link span 
joining adjacent spans. The factor of safety against failure in these cases, using conventional 



flexural strength theory, is less than 1.0, since the shear corresponding to flexural strength of the 
link slab is only 90% of that needed to support the reaction of the span dead-load, using expected 
(rather than nominal) material properties, and ignoring strength reduction factors. It will also be 
noted that during unseating of the beam ends, the shear in the link spans will have been increased 
by dynamic impacts, to perhaps twice the static value. It is apparent that catastrophic failure has 
been averted by large vertical relative displacements, up to 300 mm, which have occurred across 
these 1800 mm long link spans, and the strength is apparently provided by a combination of 
flexure and tensile tie action in the link slab reinforcement, aided by the side fascia panels, which 
are deeper than the link span. 

Shortening of the bridge length as a consequence of the fault slip has largely been 
accommodated by reduction in the distances across the movement joints. Note that the movement 
joints had not yet been installed when the earthquake struck. 

At the abutments, damage is similar to that at internal supports, being largely confined to 
EDU support blocks, transverse shear restraint blocks and beam ends. However, additional 
damage was caused to abutment back walls by impact as the bridge was driven towards Istanbul. 

The hollow reinforced concrete pier stems were largely undamaged, though a number of piers 
have small but significant tilts or rotations, particularly where the fault crossed the bridge. Some 
piers have twisted about the vertical axis by approximately 4 degrees. 

With six exceptions, damage to the foundations is minor. Damage to the six exceptions 
include significant pile cap cracks, and plastic hinging to the piles, as a consequence of gross 
ground displacements in the vicinity of the fault movement. Where the foundations were rotated 
by proximity to the fault, damage to the piles was severe. 

Displacement demand and near faults effects.  Intensive site and theoretical 
seismological investigations indicated that the redesign input ground motion should be 
characterized by the following properties, characteristic of a 2000 year return period ground 
motion (Faccioli et al., 2002):

Design peak ground acceleration (PGA)   0.81g 

Design peak spectral acceleration (5% damping)  1.8 – 2.0g 

Design peak spectral displacement (5% damping)  600 mm 

Consideration of near field directivity effects 

The latter point meant that velocity pulses and fault slip should be considered. A ground 
permanent deformation of up to 500 mm was estimated to be possible during the design life of 
the bridge (an average of 5 mm per year over a period of 100 years). Any design action to be 
considered for the analysis of the viaduct should therefore be based on these assumptions, and in 
addition should try to satisfy the following conditions, which characterize the Duzce fault and the 
location of the viaduct: 

the magnitude of the earthquake should be of the order of 7 ÷ 7.2; 

the earthquake fault rupture should be strike slip; 



the recording site should be located with respect to the epicenter in such a way that the angle 
between the fault and the line connecting epicenter and location is clockwise and small. 

With the fault locked until fracture occurs, the question arises as to how will the fault 
movement be distributed with distance from the fault (which passes through the bridge). Clearly 
two points some kilometers away from the fault on either side will move relatively by the fault 
movement, but two points a few meters on either side of the fault will essential experience no 
relative movement until the fault ruptures. On the other hand, the two points close to the fault will 
experience the full fault dislocation during the fault rupture as an essentially instantaneous 
relative displacement, whereas the two points kilometers from the fault will see no additional 
relative displacement during the fault rupture. 

If the relative displacement develops rapidly with distance from the fault, then most of the 
pier/bearing systems will need to be designed to accommodate the additional displacements due 
to tectonic movement. However, if the tectonic displacements develop only slowly over a number 
of kilometers from the fault, then until the fault fractures, the piers of the bridge will maintain 
their current relative locations as tectonic movements develop. When the fault ruptures, relative 
displacements will develop only in the immediate vicinity of the fault, affecting bearings in the 
immediate vicinity. 

Both theoretical considerations and measurements of relative displacements of the pier bases 
supported slow development of tectonic relative displacement with difference from the fault, 
indicating that the abutments moved closer together by an amount at least equal to the fault 
dislocation of 1.5 m. This could not have happened if the ground at the abutments had already 
been displaced by the full relative tectonic displacement. As a consequence, only a small number 
of piers would need to be designed to accommodate the sum of vibrational and dislocation 
displacements. 

It could also be argued that it is unlikely that full vibrational and dislocation displacements 
will be additive, as it implies that the dislocation occurs before the vibrational peak (which may 
be possible, but is uncertain), and that the vibrational response, which is dependent on the 
development of resonance, is unaffected by the fault dislocation. It would seem probable that the 
process of fault dislocation would act to damp out vibrational response. As this controversial 
issue could not be resolved with certainty, the bearings in the vicinity of the fault are to be 
designed for the full combination of vibration and dislocation. 

Intervention strategy.  It was immediately apparent that the existing detail for supporting the 
simple spans on the pier heads would not provide adequate displacement capacity and that 
continuity over supports would be necessary. Preliminary redesign focused on making the 10-
span bridge segments fully continuous and using reduced numbers of large capacity seismic 
isolation bearings. The process of creating continuity involved casting a new prestressed 
diaphragm beam at each internal support, of sufficient width to capture the end 600 mm of the 
beams of the two adjacent spans. Longitudinal continuity between the beams and the new 
diaphragm beams was achieved partly by shear friction, based on the effective prestressed force, 
and partly by dowels drilled into the beam end and the side faces. At internal supports, the 
diaphragm width is 3.6 m, resulting in a significant additional mass to the superstructure of about 
10%. Two isolation bearings would be inserted between the diaphragm and the pier head. Placing 



the diaphragm beam results in very little difference to the way dead load is supported. Live loads 
are supported by fully continuous action, well within the shear friction capacity of the 
beam/diaphragm connection. The critical design case for the connection was found to be 
differential thermal effects resulting from diurnal temperature fluctuations in midsummer. At 
movement joints, separate prestressed diaphragm beams of reduced width were provided at each 
segment end.

Normally it can be assumed that the force can be kept to a desired maximum level by seismic 
isolation, at the penalty of increased displacements. In the case of the Bolu Viaduct, however, the 
mass of the piers is typically larger than that of the superstructure, as a consequence of the tall 
piers and the short spans (20.5 MN compared with 14 MN for the tallest piers). With a seismic 
isolation system placed between the superstructure and the pier head, only the superstructure 
mass is isolated, and pier moments resulting from pier self-mass are unreduced. As the seismic 
intensity increases, the pier moments and shears must therefore also increase.  

A second concern with seismic isolation was the level of displacement that might develop 
between deck and pier head. In the normal seismic isolation approach, bearing displacements will 
be less than the 5% spectral displacement for the isolation period, as a consequence of structure 
flexibility and additional damping provided by the isolation system. The displacements would be 
much less than the peak 5% spectral displacements. However, with the high pier mass, the 
response is essentially a two-mass system, and in the second mode the pier head and the 
superstructure move out of phase. In this case the bearing displacement can be significantly 
higher than the spectral displacement for the second mode period. Also, it was clear that the 
argument related to the first mode, expounded above, was a simplification, since the high mass of 
the pier would result in the effective height being some distance below the superstructure, and 
hence the bearing displacement could still exceed the spectral displacement in the first mode 
alone. 

On the contrary, the displacement capacity of the taller piers would exceed the maximum that 
could possibly develop in the design level intensity. Actually, Moment-curvature analyses were 
carried out to determine capacities corresponding to different limit states, using material strength 
data recorded during construction, and without using strength reduction factors. The results of 
these analyses indicated nominal shear capacities in excess of nominal moment capacities and 
longitudinal and transversal displacement capacities at the serviceability limit state exceeding 1.0 
m and 0.6 m respectively for pier heights greater than 40 m (about 90 % of the cases). 

A third concern was related to the specific kind of devices selected by the client, i.e. friction 
pendulum isolation bearings, for which an appropriate consideration of axial force variation 
effects may be needed (Calvi et al., 2004). These effects may not be significant for what concerns 
variation of the displacement demand, but may induce important increment of shear, bending and 
torsional moment demand on the piers. For the case of the Bolu Viaduct, however, the 
fundamental parameters that may amplify, or reduce, these effects are rather favorable, as 
discussed below. 

Ratio between deck and pier mass: a significant variation of the shear force transmitted from 
the deck to the pier may result in strongly attenuated effect at the pier base when the ratio of 
the pier mass to the deck mass is high. 



Aspect ratio of the deck: for the same level of horizontal force, the axial force variation 
possibly induced by the horizontal acceleration is higher for a deck section relatively larger 
and for devices relatively closer one to each other. The case of Bolu is again favorable, with 
a ratio between bearing distance and horizontal forces couple around 5.  

Radius of curvature of the viaduct: a curved bridge may result in higher effects, due to the 
interaction of vertical and horizontal response. The Bolu viaduct is relatively straight. 

Intensity of the ground motion: relatively high horizontal peak ground accelerations may 
induce more significant effects, like in the present case, where a PGA in excess of 0.8 g is 
assumed. 

4.2. Design of the Rion – Antirion cable stayed bridge 

The Rion Antirion bridge is located in Greece, between the Peloponese and the continent, over 
the Gulf of Corinth. The structure will span a stretch of water of some 2500 m with a depth 
between 60 and 70 m. 

No bedrock has been encountered during soil investigations down to depth of 100 m; the 
sediment depth has been estimated around 500 m; the soil profile is rather heterogeneous, with 
strata of sand, silty sand, silty clays and clays.  

The 2000 years return period design earthquake has been defined by peak ground acceleration 
equal to 0.48 g and a response spectrum with a maximum amplification plateau at 1.2 g between 
0.2 and 1.0 s. 

The main part of the bridge consists of three central cable stayed spans of 560 m and two side 
spans of 286 m, for a total of 2252 m Figure 13. 
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392 286 560

2252

560 239286560

+141m +164m +141m+164m

Rion Antirion

Figure 13 Elevation of the Rion – Antirion bridge 

Modal analyses of the structure were performed independently by designers and checkers. In case 
of a full model, at least 500 modes had to be considered to obtain a total mass participating 
around 85%. The first modes were typical pendulum modes; the first one had a period of 
vibration around 7.5 s. The first mode that implied a significant participation of the pier mass was 
around the 260th, with a period of vibration around 0.6 s. All these essential results were also 
capture by strongly simplified models. 

The foundations are large diameter (90 m) caissons resting on the seabed, where the upper 
layers have been reinforced with hollow steel pipes, 25 to 30 m long, with a diameter of 2 m, 
spaced at 7 m distance. Between the top of these inclusions and the base of the foundation, a 3 m 



thick gravel layer has been inserted, with the purpose of creating a potential sliding surface 
capable of limiting the shear force transmitted between soil and structure. A fundamental 
objective of the design was to avoid failure mechanisms involving large rotations, producing 
extremely large displacements in the high rise pylon, in favor of sliding failure modes, in which 
case the permanent displacement are of the same order of magnitude along the height of the 
structure. This is clearly more important than the limitation of shear forces, since the structural 
response was not significantly different in case of linear or non-linear modelling of the soil. 

The assumption of lower, intermediate or upper bound characteristics for the soil response 
had very significant effects on the structural response. In case of lower bound soil, the 
displacement demands were normally in the range of three times than those of upper bound soil, 
with peak values in the range of 4 m between fixed soil and top of the tower. On the contrary, the 
simulation of traveling effects of the seismic waves had little effects on all design parameters, 
such as relative displacement demands and variation of forces in the pylon legs. 

The cable-stayed deck is fully suspended and behaves like a damped pendulum. Four 
hydraulic dampers with a capacity of 3500 kN each are connecting each pier head and deck, in 
addition to a sacrifice steel strut connector, with a 10000 kN capacity, designed resist winds and 
ordinary horizontal forces, but to break in case of a strong earthquake. 

The selection of the characteristic of the damping system was based on extensive numerical 
analyses, aimed to define the optimal compromise between relative displacement demand 
between deck and pier and level of shear to be transmitted. In case of assumption of lower bound 
soil properties, as pointed out by far the most demanding, the force demand with fixed connection 
was in the order of 70 MN, the displacement demand without connection in the order of 3 m. The 
use of hydraulic dampers should allow a limit force up to 14 MN, with displacements around 2 m 
and velocities around 1.5 m/s.  

Each pylon is composed of four square legs, with side of 4 m, joined at the pier head to form a 
monolithic structure where the cables are anchored. The configuration with four legs obviously 
induce a potential for a vertical stress in one leg larger than four times the gravity stress, since 
three legs can go into tension. This potential for a high axial stress strongly reduces the ductility 
and displacement capacity of the leg, where a potential formation of plastic hinge is considered in 
case of strong earthquake. As a consequence, the gravity stress had to be kept considerably low. 
The relative displacement demand was estimated around 0.75 m in case of lower bound soil, 
compatible with the displacement capacity in case of a gravity axial load ratio of approximately 
0.1, resulting in a maximum axial load ratio during the design earthquake around 0.5. 

Conclusions

Although the consequences still has to be thoroughly explored and exploited, the recent 
experience and research developments on bridge response, design, assessment and strengthening 
fully recognize the displacement demand and capacity as the key design parameters. In this 
picture, the capacity design principles, commonly used also within a force-based approach, will 
maintain their fundamental role of protecting brittle failure modes in favor of mechanisms able to 
provide significant displacement capacities and effective energy dissipation. Strength evaluations 
will be used essentially to compare different damage and failure modes, and therefore to impose 
or to assess the post elastic mechanism. The emphasis on displacement will require important 



revision of the representation of the input ground motion, to describe the structure displacement 
demand as a function of input parameters (magnitude, source mechanism, hypocenter depth, 
distance between the site and the fault plane). The effects of non-synchronous input ground 
motions may also find different logic of representation, since they appear to be more closely 
related to displacement than to acceleration demand. 

Various forms of isolation, such as controlled ground layers (in line with the design of the 
Rion – Antirion bridge), rocking at the foundation level, simple or multiple rocking along the 
height of the piers, or more conventional deck isolation obtained inserting appropriate devices 
between pier and deck are likely to become standard practice. 

References 

Ambraseys, N. and Douglas, J., (2000). Reappraisal of the effect of vertical ground motions on 
response, ESEE Report No. 00-4, Imperial College, London. 

Bommer, J. J., Elnashai, A. S. and Weir, A. G., (2000). Compatible Acceleration and Displacement 
Spectra for Seismic Design Codes, Proc.12th WCEE, Auckland. 

Calvi, G. M., Ceresa, P., Casarotti C., Bolognini, D. and Auricchio, F., (2004). Effects of axial force 
variation on the seismic response of bridges isolated with friction pendulum systems, Journal of 
Earthquake Engineering, Vol. 8, no. Special Issue 1, 187-224. 

CEN, (1998). EC8, Design Provisions for Earthquake Resistance of Structures, Pub. ENV-1998-2, 
Comite Europeen de Normalization, Brussels, Belgium. 

Elnashai, A. S. and Papazoglou, A. J., (1997). Procedure and spectra for analysis of RC structures 
subjected to strong vertical earthquake loads, Journal of Earthquake Engineering, 1(1), 121-155 

Faccioli, E., Paolucci, R. and Rey, J., (2004). Displacement Spectra for Long Periods, Earthquake 
Spectra, Vol. 20, no. 2, 347-376. 

Faccioli E., Paolucci, R. and Pessina, V., (2002). Engineering assessment of seismic hazard and long 
period ground motions at the Bolu viaduct site following the November 1999 earthquake, Journal of 
Seismology, Vol. 6, No. 3, 307–327 

fib TG 7.2, (2003). Displacement-based seismic design of reinforced concrete structures, fib Bulletin 
25, Lausanne 

Ghobarah, A. and Elnashai, A. S., (1998). Contribution of vertical ground motion to the damage of RC 
buildings, Proceedings of the Eleventh European Conference on Earthquake Engineering, Balkema, Paris. 

Gulkan, P. and Sozen, M. , (1974). Inelastic Response of Reinforced Concrete Structures, ACI Journal,
Vol. 71, 604-610 

ICBO, (1997).Uniform Building Code UBC’97, International Conference of Building Officials,
Whittier. 

Kawashima, K.,(2000). Seismic design and retrofit of bridges, Keynote address, 12th World 
Conference on Earthquake Engineering, Auckland. 

Mitchell, J. K., (2000). Kocaeli, Turkey, earthquake of August 17, 1999: reconnaissance report, 
Earthquake Spectra, Supplement to Vol. 16 

Newmark, N. M., and Hall, W. J., (1973). Procedures and criteria for earthquake resistant design, 
building practice for design mitigation, Building Science Series 45, National Bureau of Standards,
Washington, 209-236  

Park R., and Paulay, T., (1993). Reinforced Concrete Structures, Jonh Wiley & Sons, 1975 
Pecker, A., (2003). Aseismic foundation design process, lessons learned from two major projects: the 

Vasco de Gama and the Rion Antirion bridges, ACI International Conference on Seismic Bridge Design 
and Retrofit, La Jolla, 2003 



Pinto, P.E:, Lupoi, A., Franchin P. and Monti, G., (2003). Seismic design of bridges accounting for 
spatial variability of ground motion, ACI International Conference on Seismic Bridge Design and Retrofit,
La Jolla. 

Priestley, M. J. N., Calvi G. M., and Kowalsky, M. J., Direct Displacement-Based Seismic Design of 
Structures, IUSS Press, Pavia, in preparation. 

Priestley, M. J. N., (2003). Myths and Fallacies in Earthquake Engineering, Revisited, The 9th Mallet 
Milne Lecture, IUSS Press, Pavia 

Priestley, M. J. N. and Calvi, G. M., (2003). Direct displacement-based seismic design of concrete 
bridges, ACI International Conference on Seismic Bridge Design and Retrofit, La Jolla. 

Priestley, M. J. N. and Calvi, G. M., (2002). Strategies for repair and seismic upgrading of Bolu 
Viaduct 1, Turkey, Journal of Earthquake Engineering, Vol. 6, no. Special Issue 1, 157-184 

Priestley, M. J. N., (2000). Performance Based Seismic Design, Keynote address, 12th World 
Conference on Earthquake Engineering, Auckland. 

Priestley, M. J. N., Seible, F. and Calvi, G. M. (1996). Seismic Design and Retrofit of Bridges, John 
Wiley and Sons, New York 

Priestley, M. J. N., (1993). Myths and Fallacies in Earthquake Engineering – Conflicts Between Design 
and Reality, Bulletin of the NZ National Society for Earthquake Engineering, Vol.26., No.3, 329–341 

Seismic Design and Retrofitting of Reinforced Concrete Bridges, (1994). Proceedings of the 
International Workshop, Queenstown, University of Canterbury, New Zealand. 

Seismic Design and Retrofit of Reinforced Concrete Bridges, (1991). Proceedings of the International 
Workshop held in Bormio, Univerità degli Studi di Pavia, Italy. 

Sextos, A. G., Pitilakis K. D., and Kappos, A. J., (2003). Inelastic dynamic analysis of RC bridges 
accounting for spatial variability of ground motion: site effects and soil–structure phenomena, J. of 
Earthquake Engineering and Structural Dynamics, Vol. 32, 607–652 

Shibata, A., and Sozen, M. A., (1976). Substitute Structure Method for Seismic Design in Reinforced 
Concrete, Journal of the Structural Division, ASCE, Vol. 102, No. ST1, 1-18 

Somerville, P., (2003). Characterization of near fault ground motions for design, ACI International 
Conference on Seismic Bridge Design and Retrofit, La Jolla. 

Teyssandier, J. P., (2003). The Rion Antirion bridge design and construction, ACI International 
Conference on Seismic Bridge Design and Retrofit, La Jolla 





P. Sollogoub





P. Sollogoub





P. Sollogoub





P. Sollogoub





P. Sollogoub





P. Sollogoub





P. Sollogoub





P. Sollogoub





P. Sollogoub





200 P. Sollogoub



Seismic Testing 201



202 P. Sollogoub





P. Sollogoub





P. Sollogoub



Seismic Testing 207



P. Sollogoub





210 P. Sollogoub



Seismic Testing 211



212 P. Sollogoub





P. Sollogoub


	41SzSV%2BmEYL
	front-matter
	01
	02
	03
	04
	05
	06
	07
	08
	09
	10



