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Foreword

Throughout the history of civilization bridges have been the icons of cities, regions, and countries. All
bridges are useful for transportation, commerce, and war. Bridges are necessary for civilization to exist,
and many bridges are beautiful. A few have become the symbols of the best, noblest, and most beautiful
that mankind has achieved. The secrets of the design and construction of the ancient bridges have been
lost, but how could one not marvel at the magnificence, for example, of the Roman viaducts?

The second edition of the Bridge Engineering Handbook expands and updates the previous edition
by including the new developments of the first decade of the twenty-first century. Modern bridge
engineering has its roots in the nineteenth century, when wrought iron, steel, and reinforced concrete
began to compete with timber, stone, and brick bridges. By the beginning of World War 1II, the
transportation infrastructure of Europe and North America was essentially complete, and it served to
sustain civilization as we know it. The iconic bridge symbols of modern cities were in place: Golden Gate
Bridge of San Francisco, Brooklyn Bridge, London Bridge, Eads Bridge of St. Louis, and the bridges of
Paris, Lisbon, and the bridges on the Rhine and the Danube. Budapest, my birthplace, had seven beauti-
ful bridges across the Danube. Bridge engineering had reached its golden age, and what more and better
could be attained than that which was already achieved?

Then came World War II, and most bridges on the European continent were destroyed. All seven
bridges of Budapest were blown apart by January 1945. Bridge engineers after the war were suddenly
forced to start to rebuild with scant resources and with open minds. A renaissance of bridge engineering
started in Europe, then spreading to America, Japan, China, and advancing to who knows where in
the world, maybe Siberia, Africa? It just keeps going! The past 60 years of bridge engineering have
brought us many new forms of bridge architecture (plate girder bridges, cable stayed bridges, segmen-
tal prestressed concrete bridges, composite bridges), and longer spans. Meanwhile enormous knowl-
edge and experience have been amassed by the profession, and progress has benefitted greatly by the
availability of the digital computer. The purpose of the Bridge Engineering Handbook is to bring much of
this knowledge and experience to the bridge engineering community of the world. The contents encom-
pass the whole spectrum of the life cycle of the bridge, from conception to demolition.

The editors have convinced 146 experts from many parts of the world to contribute their knowledge
and to share the secrets of their successful and unsuccessful experiences. Despite all that is known, there
are still failures: engineers are human, they make errors; nature is capricious, it brings unexpected sur-
prises! But bridge engineers learn from failures, and even errors help to foster progress.

The Bridge Engineering Handbook, second edition consists of five books:

Fundamentals

Superstructure Design
Substructure Design

Seismic Design

Construction and Maintenance

vii



viii Foreword

Fundamentals, Superstructure Design, and Substructure Design present the many topics necessary
for planning and designing modern bridges of all types, made of many kinds of materials and systems,
and subject to the typical loads and environmental effects. Seismic Design and Construction and
Maintenance recognize the importance that bridges in parts of the world where there is a chance of
earthquake occurrences must survive such an event, and that they need inspection, maintenance, and
possible repair throughout their intended life span. Seismic events require that a bridge sustain repeated
dynamic load cycles without functional failure because it must be part of the postearthquake lifeline for
the affected area. Construction and Maintenance touches on the many very important aspects of bridge
management that become more and more important as the world’s bridge inventory ages.

The editors of the Bridge Engineering Handbook, Second Edition are to be highly commended for
undertaking this effort for the benefit of the world’s bridge engineers. The enduring result will be a safer
and more cost effective family of bridges and bridge systems. I thank them for their effort, and I also
thank the 146 contributors.

Theodore V. Galambos, PE
Emeritus professor of structural engineering
University of Minnesota



Preface to the
Second Edition

In the approximately 13 years since the original edition of the Bridge Engineering Handbook was
published in 2000, we have received numerous letters, e-mails, and reviews from readers including
educators and practitioners commenting on the handbook and suggesting how it could be improved. We
have also built up a large file of ideas based on our own experiences. With the aid of all this information,
we have completely revised and updated the handbook. In writing this Preface to the Second Edition,
we assume readers have read the original Preface. Following its tradition, the second edition handbook
stresses professional applications and practical solutions; describes the basic concepts and assumptions
omitting the derivations of formulas and theories; emphasizes seismic design, rehabilitation, retrofit
and maintenance; covers traditional and new, innovative practices; provides over 2500 tables, charts,
and illustrations in ready-to-use format and an abundance of worked-out examples giving readers step-
by-step design procedures. The most significant changes in this second edition are as follows:

+ The handbook of 89 chapters is published in five books: Fundamentals, Superstructure Design,
Substructure Design, Seismic Design, and Construction and Maintenance.

o Fundamentals, with 22 chapters, combines Section I, Fundamentals, and Section V1, Special Topics,
of the original edition and covers the basic concepts, theory and special topics of bridge engi-
neering. Seven new chapters are Finite Element Method, High-Speed Railway Bridges, Structural
Performance Indicators for Bridges, Concrete Design, Steel Design, High Performance Steel, and
Design and Damage Evaluation Methods for Reinforced Concrete Beams under Impact Loading.
Three chapters including Conceptual Design, Bridge Aesthetics: Achieving Structural Art in
Bridge Design, and Application of Fiber Reinforced Polymers in Bridges, are completely rewrit-
ten. Three special topic chapters, Weigh-In-Motion Measurement of Trucks on Bridges, Impact
Effect of Moving Vehicles, and Active Control on Bridge Engineering, were deleted.

o Superstructure Design, with 19 chapters, provides information on how to design all types of bridges.
Two new chapters are Extradosed Bridges and Stress Ribbon Pedestrian Bridges. The Prestressed
Concrete Girder Bridges chapter is completely rewritten into two chapters: Precast-Pretensioned
Concrete Girder Bridges and Cast-In-Place Posttensioned Prestressed Concrete Girder Bridges.
The Bridge Decks and Approach Slabs chapter is completely rewritten into two chapters: Concrete
Decks and Approach Slabs. Seven chapters, including Segmental Concrete Bridges, Composite
Steel I-Girder Bridges, Composite Steel Box Girder Bridges, Arch Bridges, Cable-Stayed Bridges,
Orthotropic Steel Decks, and Railings, are completely rewritten. The chapter Reinforced Concrete
Girder Bridges was deleted because it is rarely used in modern time.

o Substructure Design has 11 chapters and addresses the various substructure components. A new
chapter, Landslide Risk Assessment and Mitigation, is added. The Geotechnical Consideration
chapter is completely rewritten and retitled as Ground Investigation. The Abutments and

ix



X Preface to the Second Edition

Retaining Structures chapter is divided in two and updated as two chapters: Abutments and Earth
Retaining Structures.

o Seismic Design, with 18 chapters, presents the latest in seismic bridge analysis and design. New
chapters include Seismic Random Response Analysis, Displacement-Based Seismic Design of
Bridges, Seismic Design of Thin-Walled Steel and CFT Piers, Seismic Design of Cable-Supported
Bridges, and three chapters covering Seismic Design Practice in California, China, and Italy. Two
chapters of Earthquake Damage to Bridges and Seismic Design of Concrete Bridges have been
rewritten. Two chapters of Seismic Design Philosophies and Performance-Based Design Criteria,
and Seismic Isolation and Supplemental Energy Dissipation, have also been completely rewritten
and retitled as Seismic Bridge Design Specifications for the United States, and Seismic Isolation
Design for Bridges, respectively. Two chapters covering Seismic Retrofit Practice and Seismic
Retrofit Technology are combined into one chapter called Seismic Retrofit Technology.

o Construction and Maintenance has 19 chapters and focuses on the practical issues of bridge
structures. Nine new chapters are Steel Bridge Fabrication, Cable-Supported Bridge Construction,
Accelerated Bridge Construction, Bridge Management Using Pontis and Improved Concepts,
Bridge Maintenance, Bridge Health Monitoring, Nondestructive Evaluation Methods for
Bridge Elements, Life-Cycle Performance Analysis and Optimization, and Bridge Construction
Methods. The Strengthening and Rehabilitation chapter is completely rewritten as two chap-
ters: Rehabilitation and Strengthening of Highway Bridge Superstructures, and Rehabilitation
and Strengthening of Orthotropic Steel Bridge Decks. The Maintenance Inspection and Rating
chapter is completely rewritten as three chapters: Bridge Inspection, Steel Bridge Evaluation and
Rating, and Concrete Bridge Evaluation and Rating.

o The section on Worldwide Practice in the original edition has been deleted, including the chapters
on Design Practice in China, Europe, Japan, Russia, and the United States. An international team
of bridge experts from 26 countries and areas in Africa, Asia, Europe, North America, and South
America, has joined forces to produce the Handbook of International Bridge Engineering, Second
Edition, the first comprehensive, and up-to-date resource book covering the state-of-the-practice
in bridge engineering around the world. Each of the 26 country chapters presents that country’s
historical sketch; design specifications; and various types of bridges including girder, truss, arch,
cable-stayed, suspension, and so on, in various types of materials—stone, timber, concrete, steel,
advanced composite, and of varying purposes—highway, railway, and pedestrian. Ten bench-
mark highway composite girder designs, the highest bridges, the top 100 longest bridges, and
the top 20 longest bridge spans for various bridge types are presented. More than 1650 beautiful
bridge photos are provided to illustrate great achievements of engineering professions.

The 146 bridge experts contributing to these books have written chapters to cover the latest bridge
engineering practices, as well as research and development from North America, Europe, and Pacific
Rim countries. More than 80% of the contributors are practicing bridge engineers. In general, the hand-
book is aimed toward the needs of practicing engineers, but materials may be re-organized to accom-
modate several bridge courses at the undergraduate and graduate levels.

The authors acknowledge with thanks the comments, suggestions, and recommendations made
during the development of the second edition of the handbook by Dr. Erik Yding Andersen, COWI
A/S, Denmark; Michael J. Abrahams, Parsons Brinckerhoff, Inc.; Dr. Xiaohua Cheng, New Jersey
Department of Transportation; Joyce E. Copelan, California Department of Transportation; Prof. Dan
M. Frangopol, Lehigh University; Dr. John M. Kulicki, Modjeski and Masters; Dr. Amir M. Malek,
California Department of Transportation; Teddy S. Theryo, Parsons Brinckerhoff, Inc.; Prof. Shouji
Toma, Horrai-Gakuen University, Japan; Dr. Larry Wu, California Department of Transportation; Prof.
Eiki Yamaguchi, Kyushu Institute of Technology, Japan; and Dr. Yi Edward Zhou, URS Corp.

We thank all the contributors for their contributions and also acknowledge Joseph Clements, acquiring
editor; Jennifer Ahringer, project coordinator; and Joette Lynch, project editor, at Taylor & Francis/CRC Press.



Preface to the
First Edition

The Bridge Engineering Handbook is a unique, comprehensive, and state-of-the-art reference work and
resource book covering the major areas of bridge engineering with the theme “bridge to the twenty-first
century.” It has been written with practicing bridge and structural engineers in mind. The ideal readers
will be MS-level structural and bridge engineers with a need for a single reference source to keep abreast
of new developments and the state-of-the-practice, as well as to review standard practices.

The areas of bridge engineering include planning, analysis and design, construction, maintenance,
and rehabilitation. To provide engineers a well-organized, user-friendly, and easy-to-follow resource,
the handbook is divided into seven sections. Section I, Fundamentals, presents conceptual design,
aesthetics, planning, design philosophies, bridge loads, structural analysis, and modeling. Section II,
Superstructure Design, reviews how to design various bridges made of concrete, steel, steel-concrete
composites, and timbers; horizontally curved, truss, arch, cable-stayed, suspension, floating, movable,
and railroad bridges; and expansion joints, deck systems, and approach slabs. Section III, Substructure
Design, addresses the various substructure components: bearings, piers and columns, towers, abut-
ments and retaining structures, geotechnical considerations, footings, and foundations. Section IV,
Seismic Design, provides earthquake geotechnical and damage considerations, seismic analysis and
design, seismic isolation and energy dissipation, soil-structure-foundation interactions, and seismic
retrofit technology and practice. Section V, Construction and Maintenance, includes construction of
steel and concrete bridges, substructures of major overwater bridges, construction inspections, main-
tenance inspection and rating, strengthening, and rehabilitation. Section VI, Special Topics, addresses
in-depth treatments of some important topics and their recent developments in bridge engineering.
Section VII, Worldwide Practice, provides the global picture of bridge engineering history and practice
from China, Europe, Japan, and Russia to the U.S.

The handbook stresses professional applications and practical solutions. Emphasis has been placed
on ready-to-use materials, and special attention is given to rehabilitation, retrofit, and maintenance.
The handbook contains many formulas and tables that give immediate answers to questions arising
from practical works. It describes the basic concepts and assumptions, omitting the derivations of
formulas and theories, and covers both traditional and new, innovative practices. An overview of the
structure, organization, and contents of the book can be seen by examining the table of contents pre-
sented at the beginning, while the individual table of contents preceding each chapter provides an
in-depth view of a particular subject. References at the end of each chapter can be consulted for more
detailed studies.

Many internationally known authors have written the chapters from different countries covering
bridge engineering practices, research, and development in North America, Europe, and the Pacific
Rim. This handbook may provide a glimpse of a rapidly growing trend in global economy in recent
years toward international outsourcing of practice and competition in all dimensions of engineering.
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In general, the handbook is aimed toward the needs of practicing engineers, but materials may be
reorganized to accommodate undergraduate and graduate level bridge courses. The book may also be
used as a survey of the practice of bridge engineering around the world.

The authors acknowledge with thanks the comments, suggestions, and recommendations during the
development of the handbook by Fritz Leonhardt, Professor Emeritus, Stuttgart University, Germany;
Shouji Toma, Professor, Horrai-Gakuen University, Japan; Gerard F. Fox, Consulting Engineer; Jackson
L. Durkee, Consulting Engineer; Michael J. Abrahams, Senior Vice President, Parsons, Brinckerhoff,
Quade & Douglas, Inc; Ben C. Gerwick, Jr., Professor Emeritus, University of California at Berkeley;
Gregory F. Fenves, Professor, University of California at Berkeley; John M. Kulicki, President and Chief
Engineer, Modjeski and Masters; James Chai, Senior Materials and Research Engineer, California
Department of Transportation; Jinrong Wang, Senior Bridge Engineer, URS Greiner; and David W. Liu,
Principal, Imbsen & Associates, Inc.

We thank all the authors for their contributions and also acknowledge at CRC Press Nora Konopka,
acquiring editor, and Carol Whitehead and Sylvia Wood, project editors.
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1.1 Introduction

Precast-pretensioned concrete girders, usually referred to as precast girders, are fabricated off-site
(Figure 1.1), and then transported, erected, or launched into the project site. During the period of devel-
opment of the United States” Interstate highway system in the late 1950s and early 1960s, prestressed
concrete became a practical solution in the design and construction of highway bridges. Most states
in the United States adopted the precast-pretensioned concrete girder bridges as a preferred structure
type because they facilitated off-site fabrication, leading to rapid construction techniques, and reducing
on-site construction time. These bridges have served many state departments of transportation well for
almost 50 years in the United States.

In recent years, the aging highway bridge infrastructure in the United States is being subjected to
increasing traffic volumes and must be continuously rehabilitated while accommodating traffic flow.
The traveling public is demanding that this rehabilitation and replacement be done more quickly to
reduce congestion and improve safety. Bridge reconstruction is typically on the critical path because
of the sequential, labor-intensive processes of completing the foundation, substructure, superstructure
components, railings, and other accessories. The public demands for minimizing disruptions of traf-
fic and short-time road closure become a main thrust for all state departments of transportation and
their regional partners to accelerate project delivery. Because precast girders require little to no false-
work, they are a preferred solution for jobs, where speed of construction, minimal traffic disruption,
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FIGURE 1.1 Precast bathtub girder (with posttensioned ducts) in pretensioning bed.

and/or minimal environmental impact are required and temporary construction clearance needs to
be maintained. It is expected that this trend will continue well into the future, particularly as new con-
crete materials such as self-consolidating concrete (SCC) and ultrahigh performance concrete (UHPC)
become mainstream, thereby further enhancing the versatility of precast concrete structures.
Normally, the precast concrete girder bridge type is a very economical solution for any situation where
large quantities of girders are required and details are repeatable. Precast concrete girder bridges become
an optimum solution where bridge projects face constraints such as, but not limited to, the following:

» Falsework restrictions

« Limited construction time

o Limited vertical clearance

o Minimum traffic disruptions

o Environmental impact requirements

o Complex construction staging

o Utility relocation

o Preservation of existing roadway alignment
» Maintaining existing traffic

o Future deck replacement

This chapter discusses the precast-pretensioned concrete girder bridges and posttensioned spliced
precast girder bridges. The cast-in-place posttensioned concrete girder bridges and segmental concrete
bridge are presented in Chapters 2 and 3 respectively. Concrete design theory is addressed in Chapter 13
of Bridge Engineering Handbook, Second Edition: Fundamentals. For a more detailed discussion on
prestressed concrete and precast-pretensioned girder bridges, references are made to textbooks by Lin
and Burns (1981), Nawy (2009), Collins and Mitchell (1991), and PCI Bridge Design Manual (2011).

1.2 Precast Concrete Girder Features

Precast girders are prestressed to produce a tailored stress distribution along the member at the ser-
vice level to help prevent flexural cracking. For member efficiency, the girders have precompressed ten-
sile zones—regions such as the bottom face of the girder at midspan where compression is induced to
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counteract tension due to expected gravity loads (e.g., self-weight, superimposed dead loads such as
deck weight, barrier weight, overlay, and live loads). To achieve this, precast girders employ prestressing
strands that are stressed before the concrete hardens. Pretensioning requires the use of a stressing bed,
often several hundred feet long for efficient casting of a series of members in a long line using abutments,
stressing stands, jacks, and hold downs/hold ups to produce the desired prestressing profile. The transfer
of strand force to the pretensioned members by bond between concrete and prestressing steel is typically
evident by the upward deflection (camber) of members when the strands are detensioned (cut or burned)
at the member ends. Steam curing of members allows for a rapid turnover of forms (typically one-day
cycle or less) and cost efficiency. Control in fabrication of precast girders also permits the use of quality
materials and many benefits such as higher-strength materials and high modulus of elasticity, as well as
reduced creep, shrinkage, and permeability.

1.2.1 Typical Sections

In the United States, the most commonly used precast girders are the standard AASHTO sections, as
shown in Appendix B of PCI Bridge Design Manual (2011). A number of states have their own standard
girder products. Local precast manufactures should be consulted on girder form availability before
design starts. Typical cross sections of precast girders used for common bridges are shown below:

o Precast I-Girder

o Precast Bulb-Tee Girder

o Precast Wide-Flanged Girder
o Precast Bath-Tub or U Girder
o Precast Solid and Voided Slab
o Precast Box Girder

o Precast Trapezoidal Girder

o Precast Double-Tee Girder

o Precast Deck Bulb-Tee Girder

Among these girders, the I-girder has been most commonly used in the United States for nearly 60 years.
With bridge span lengths normally ranging from 50 to 125 ft, the I-girder typically uses a depth-to-span
ratio of approximately 0.045—0.050 for simple spans. The depth-to-span ratio is approximately 0.005 less (i.e.,
0.040—0.045) for multi-span structures made continuous for live load. This structure type has proven to be an
excellent choice for rapid construction and widening of existing structures. With no requirement for ground-
supported falsework, precast girder construction usually takes far less time than that taken for cast-in-place
construction. Once the deck is poured, the structural section becomes composite, minimizing deflections.

The bulb-tee and bath-tub (or U-shape) girders are targeted for bridge spans up to 150 ft in length. The
depth-to-span ratio is also in the range of 0.045—0.050 for simple spans and 0.040—0.045 for continuous struc-
tures. However, due to the weight limits of economic trucking, the length of bath-tub girders is limited to 120 ft.

The wide-flanged girder (Figure 1.2) was recently developed in several states in coordination with
precasters to produce more efficient bottom and top flange areas that permit design for spans up to
200 ft, with a depth—span ratio of 0.045 (simple) and 0.004 (continuous). The larger bottom bulb accom-
modates nearly 40% more strands than the standard bulb-tee and, due to its shape, provides enhanced
handling and erection stability even at longer spans. Greater economy is also anticipated due to larger
girder spacing and reduction in girder lines. Sections have been developed for both pretensioning alone
as well as combined pre- and posttensioned sections in some states. For longer span lengths, special
permit requirements must be verified for hauling and consideration of trucking routes and erection.

Other girders that are less commonly used include girders with trapezoidal, double-tee, and rect-
angular cross sections as well as box girders. These are sometimes used for cost effectiveness and aes-
thetics, particularly for off-system bridges. Precast box girders are often used for railway systems and
relatively short span lengths ranging from 40 to 100 ft.
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FIGURE 1.2 California wide-flange girder.

TABLE 1.1 Girder Types and Applicable Span Length

Girder Type Possible Span Length ~ Preferred Span Length
I-girder 50" to 125' 50" to 95'
Bulb-tee girder 80" to 150' 95'to 150'
Bath-tub girder 80" to 150' 80" to 100’
Wide-flange girder 100" to 200’ 100" to 180’
Voided slab 20'to 70' 20" to 50'
Precast box girder 40" to 120' 40" to 100’
Precast delta girder 60' to 120’ 60" to 100’
Precast double T girder 30" to 100’ 30" to 60'

It should be noted that using bridge depth-to-span ratios to decide girder depth is approximate, but it
is a reasonable starting point for initial design and cost estimates. Normally, girder spacing is approxi-
mately 1.5-2.0 times the bridge superstructure depth. When shallow girder depth is required, girder
spacing may have to be reduced to satisfy all design criteria; however, this may result in increased cost.

1.2.2 Typical Girder Span Ranges

Each girder type has its own economical and practical span length range and span length limits.
Table 1.1 lists the range of the span length of each girder type.

Local fabricators should be consulted and coordinated with for the form availability of all differ-
ent girder shapes.

1.2.3 Primary Characteristics of a Precast Girder

For a precast girder, the following three basic stages of performance are addressed in design: transfer,
service, and strength.

The stage of transfer refers to the time at which the prestressing force in the strands is transferred to
the precast girder at the plant, typically by cutting or detensioning the strands after a minimum concrete
strength has been verified. Because only the girder self-weight acts at this stage, the most critical stresses
are often at the ends of the girder, midspan, or harping points (also known as drape points). Both tensile
and compressive stresses are checked. Service refers to the stage at which the girder and slab self-weight
act on the noncomposite girder, and additional dead loads (e.g., barrier and wearing surface) together with
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FIGURE 1.3 Concrete flexural stress distribution at section near midspan—at transfer, deck pour, and service.
(a) At transfer (noncomposite section). (b) At deck pour (noncomposite section). (c) At service under dead and live
loads (composite section).

the live load act on the composite girder. This stage is checked using the AASHTO LRFD Service I and
III load combination. Flexural strength is provided to satisfy all factored loads. Figure 1.3 illustrates the
different concrete flexural stress distributions at transfer, deck pour, and full service loading.

1.2.4 Prestressing Strand Profile

At the heart of the prestressed concrete design philosophy is the positioning of the prestressing strands
within the precast girder: the center of gravity of the strands (cgs) is deliberately offset from the center
of gravity of the concrete section (cgc) to maximize the eccentricity, which is defined as the distance
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between the cgs and cgc at a section. This eccentricity produces a beneficial tailored flexural stress dis-
tribution along the length of the member to counteract the flexural tension expected from gravity loads.
The largest eccentricity is provided at locations where tension is expected to be the greatest.

Efficient design of precast girders typically requires varying the strand eccentricity along the length
of the member and/or limiting the strand force at transfer. Whether precast girders are used as a single
span, made continuous with a cast-in-place deck for live load, or spliced together, they are fabricated,
transported, and initially installed as simply-supported segments. For a simply-supported girder with
straight strands, the large eccentricity between the cgs and the cgc section helps reduce tension and pos-
sible cracking at midspan at the service level. However, excessive flexural tensile stresses may develop at
the top of the girder segments near the ends, where the flexural stresses due to self-weight are minimal.
Excessive flexural compression stresses may similarly develop. The most critical location near the ends
is at the transfer length, that is, the distance from the end of the girder at which the strand force is fully
developed. For this temporary condition, AASHTO LRFD (2012) specifies the appropriate stresses’ limit
to mitigate cracking and compression failure.

To reduce the tensile and compressive stresses at the ends of girders, the designer normally considers
two primary options: (1) harping (or draping) strands to reduce the strand eccentricity at the ends
(Figures 1.4 and 1.5) or (2) debonding (or shielding) selected strands at the member ends to reduce the
prestress force (Figure 1.6). Both are commonly used, often at the preference of the fabricator, who may
be consulted when selecting these alternatives. In addition, sometimes transferring or transportation
stresses may be controlled using temporary strands at girder tops that are shielded along the member
length except at the ends. These strands can be cut at a later stage, such as erection, using a pocket that
is formed at the girder top.
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FIGURE 1.4 Typical draped strand profile.

FIGURE 1.5 Hold-Down mechanism in stressing bed.
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FIGURE 1.6 Debonding strand using plastic sheathing.

By harping the strands in a precast girder, the eccentricity can be varied in linear segments along the
length of the girder by mechanically deflecting some of the stressed strands in the casting beds prior to
casting and using hold-downs and hold-ups, as shown in Figures 1.4 and 1.5.

Although draping is limited to strands within the web, only a portion of the strands typically needs
to be draped to achieve the required eccentricity at girder ends. Typically the drape points are located
between approximately 0.30 L and 0.40 L. However, some fabricators may not have suitable equipment
for all-drape profiles. In addition, the drape angle must be limited to ensure that jacking requirements
and hold-down forces do not exceed the available capacity. One of the benefits of draped strands is to
provide a vertical component to resist shear due to the drape angle at girder ends.

In order to maximize fabrication efficiency and lower tensile stresses near the ends of the girders, some
manufactures prefer to use straight strands with debonding some of the strands at the girder ends (elimi-
nating the bonding between concrete and prestress steel) to satisfy stress limits at release. Figure 1.6 shows
debonding of a strand by encasing the strand in a plastic sheathing. The debonding strand prevents the
prestressing force from developing in the debonded region and causes the critical section for stresses to
shift a transfer length away from the end of debonding. Debonded strands are symmetrically distributed
about the vertical centerline of the girder, and debonded lengths of pairs of strands are equal. AASHTO
LRFD (2012) limits the number of partially debonded strands to 25% of the total number of strands and
the number of debonded strands in any horizontal row is limited to 40% of the strands in that row.

Temporary strands in the top flange of the girder may be used to help reduce the number of debonded
strands in the bottom of the girder while maintaining concrete stresses within allowable limits at
release. Temporary strands in the top flange of the girder may also be used to handle shipping stresses
and enhance stability during shipping. Top temporary strands may be pretensioned and bonded for
approximately 10 to 15 ft at girder ends and debonded along the middle portion of the girder. The tem-
porary strands should be cut before the cast-in-place intermediate diaphragm or concrete deck is placed.
A blockout at the top of the girder at midspan is required to allow cutting of top strands.

For some longer span bridges, the girder design may require addition of mild reinforcement to satisfy
the strength limit state requirements. However, additional mild reinforcement may be difficult to place
in some girders due to congestion. In such cases, the number of prestress strands may be increased to
sufficiently enlarge its moment resistance. When the number of strands is increased for this reason, total
prestressing force can remain unchanged for serviceability by reducing the jacking stress to less than a
maximum limit of 0.75f,,.

1.3 Precast Girder Bridge Types

There are three main precast bridge types: precast-pretensioned girders, posttensioned spliced precast
girders, and segmental precast girders. Table 1.2 summarizes the typical span lengths for these bridge

types.
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TABLE 1.2 Precast Bridge Types and Span Lengths

Bridge Type Possible Span Length Preferred Span Length
Precast—pretensioned girder 30" to 200’ 30" to 180’
Posttensioned spliced precast girder 100" to 325' 120" to 250'
Segmental precast—pretensioned girder 200" to 450' 250" to 400'

The selection of these three bridge types is normally decided by the span length requirements. As
shown in Table 1.2, a single precast-pretensioned girder could be designed and span from 30 to 200 ft.
But the trucking length, crane capacity, and transporting routes may limit the girder length (and
weight), which could be delivered. Therefore, a girder may need to be manufactured in two or more seg-
ments and shipped before being spliced together onsite to its full span length. Such splicing techniques
can be applied by using posttensioning systems for both single-span and multiple-span bridges, which
span up to 325 ft. Section 1.3.2 covers the aspects of the spliced girder bridges. For a span length of over
250 to 400 ft, segmental precast girder bridge may be considered. Chapter 3 of this handbook covers this
type of bridge in more detail.

1.3.1 Single-Span and Continuous Multi-span Bridges

As the simplest application of precast girders, single-span bridges normally consist of single-element,
simple-span girders. As shown in Figure 1.7, girders are set onto bearing pads at seat-type abutments.
For precast girders bridges, abutments could be seat type or end diaphragm type.

Many design considerations for single-span bridges also apply to multi-span bridges because girders
or girder segments exist as single-span elements for several stages including fabrication, transportation,
erection, and deck pour. In addition, some multi-span bridges or portions thereof are constructed using
expansion joints that create boundary conditions of a simply-supported, single-span bridge.

Most multi-span bridges are constructed with simple-span girders made continuous for live-load to
increase efliciency and redundancy. This is accomplished by limiting expansion joints, designing deck
reinforcement to serve as negative moment reinforcement at interior bents, and providing girder conti-
nuity at bents by using continuous cast-in-place deck and/or cast-in-place diaphragms.

FIGURE 1.7 Single-span I beam lowered onto abutments at bridge site.
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For continuous multi-span bridges, intermediate supports are usually drop bent caps (Figure 1.8).
Drop caps are commonly detailed to provide a nonintegral connection, without moment continuity to
the substructure but with live-load moment continuity in the superstructure through negative moment
reinforcement in the deck. Simple-span girders are placed on bearing pads at the top of drop caps.
Girders at the top of drop caps are normally tied together with a cast-in-place diaphragm and dowels
placed through the webs at the ends of the girders. Adequate seat width is required for drop caps to
prevent unseating due to relative longitudinal displacement in a seismic event.

For continuous precast girder spans on bridges with drop bent caps or for posttensioned spliced
girders joined at bent caps, bottom prestressing strands or reinforcing bars can be extended and conser-
vatively designed to carry positive bending moments due to creep, shrinkage, temperature, and other
restraint moments. Extended bottom strands or reinforcing bars can be hooked between the girders in
the diaphragms at the bent caps to ensure adequate development. These strands and reinforcing bars can
also be designed to resist earthquake-induced forces.

In addition, some bridges are detailed to provide an integral connection with full moment transfer
between the superstructure and substructure using cast-in-place diaphragms, reinforcing bars between
bent cap, diaphragm, and girders, and/or longitudinal posttensioning (Figure 1.9). An integral con-
nection not only provides longitudinal continuity for live load but also longitudinal and transverse
continuity for seismic and wind effects. Owing to moment continuity between the superstructure and

FIGURE 1.9 Integral bent cap connection.
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substructure with integral connections, columns in multicolumn bents may be designed to be pinned at
their base, thus reducing the foundation cost.

1.3.2 Posttensioned Spliced Precast Girder Bridges

Owing to limitations in transportation length and member weight as well as stressing bed size, a
girder may need to be fabricated in two or more segments and shipped before being spliced together
onsite to its full span length. Such splicing techniques can be applied to both single-span and
multiple-span bridges. By using this approach, the designer has significant flexibility in selecting the
span length, number and location of intermediate supports, segment lengths, and splice locations.
Nowadays, posttensioning splicing is more commonly used for multi-span bridge construction;
however, spliced girders have also been used successfully in the construction of several single-span
bridges.

Splicing of girders is typically conducted onsite, either on the ground adjacent to or near the bridge
location, or in place using temporary supports. Figure 1.10 shows two precast bathtub girder segments
being placed on temporary supports in preparation for field splicing at midspan.

Full continuity should be developed between spliced girder segments. This is commonly achieved
using continuous posttensioning tendons between segments and mechanical coupling of reinforcement
that is extended from the ends of the girder segments within a cast-in-place closure pour.

Posttensioning spliced girders not only provide continuity but also enhance interface shear capacity
across the splice joint (closure pour), which normally includes roughened surfaces or shear keys.

When splicing together multiple spans of precast girders, it is critical that the precast girder place-
ment and posttensioning sequence are properly defined along with material properties. Figure 1.11
shows the construction sequence of a typical two-span spliced girder bridge. At each stage, concrete
compressive strength and stiffness, creep and shrinkage of concrete, as well as tension force in the
prestressing steel (and debonded length, if needed) must be checked. The designer must consider
each stage as the design of an individual bridge with given constraints and properties defined by the
previous stage.

FIGURE 1.10 Precast bathtub girder segments spliced near midspan using temporary supports at Harbor Blvd.
OC in California.
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FIGURE 1.11 Posttensioned two-span spliced girder construction sequence. (a) Girder is cast at precasting
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support system. (e) Post-tension superstructure, remove temp supports, and complete construction of abutments.
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The simplest multi-span precast spliced girder system includes consideration of a minimum of four
stages or steps after fabrication and before service loads, as follows:

1. Transportation: The girder acts as a simply-supported beam, with supports defined by the
locations used by the trucking company. Typically, the manufacturer or trucking company is
responsible for loads, stability, and bracing during transportation of the girder.

2. Erection: The girder initially acts as a simply supported beam, with supports defined by the
abutments, bents, or temporary falsework locations. A cast-in-place closure pour is placed after
coupling of posttensioning tendons and reinforcing bar in splice joint. Optionally, a first stage of
posttensioning may be applied before the deck pour instead of after-the-deck pour (not shown in
Figure 1.11).

3. Deck Pour: The deck is poured but not set. Therefore, the girders carry girder self-weight and the
wet deck weight noncompositely.

4. Posttensioning: The hardened deck and girder act compositely, and the girders are spliced together
longitudinally using posttensioning. As the number of girders that are spliced and stages of post-
tensioning increase, so does the complexity of design.

The advantages of the spliced girder bridges, which combine precast-pretensioned concrete
girder and posttensioning technique, can be summarized as follows: (1) Construction with the
use of precast elements reduces congestion, traffic delays, and total project cost. (2) Longer span
lengths reduce the number of piers and minimize environmental impact. (3) Fewer joints in the
superstructure improve structural performance, including seismic performance, reduce long-term
maintenance costs, and increase bridge service life. (4) The use of posttensioning for continuity
minimizes bridge superstructure depth, improving vertical clearance for traffic or railway. (5) The
smaller amount of required falsework minimizes construction impact and improves safety for the
traveling public and construction workers. (6) Increased girder spacing reduces the number of girder
lines and total project cost.

1.4 Design Considerations
1.4.1 General

Precast girder design must address three basic stages of performance—transfer, service, and strength—
as well as additional stages if posttensioning is introduced. Precast girder design, including section size,
prestress force (number and size of strands), strand layout, and material properties, may be governed
by any of these stages. Although design for flexure dominates the precast girder design process, other
aspects must also be considered such as prestress losses, shear and interface shear strength, anchorage
zones, deflection and camber, diaphragms, and seismic connections.

In general, the design of precast-pretensioned concrete girders includes the following: select girder
section and materials, calculate loads, perform flexural design and determine prestressing force, per-
form shear design, check anchorage and horizontal shear transfer (shear friction), and estimate cam-
ber and deflection.

Either the precast manufacturer or the design engineer is responsible for design of the girder for
handling, shipping, and erection. The engineer confirms that the girder is constructible and conforms
to the required design criteria.

1.4.2 Materials

Concrete used in precast girders produced under plant-controlled conditions is typically of higher
strength and quality than for cast-in-place concrete. Normally, the minimum concrete compressive

7

strength at release, fa, and minimum 28-day concrete compressive strength, f’, or precast girders is



Precast—Pretensioned Concrete Girder Bridges 13

4.0 ksi. In addition, the concrete compressive strength at release, f;;, may be selected to be as large as
7.0 ksi and f; as large as 10.0 ksi. However, designers should verify with local fabricators economi-
cal ranges of f; on a project-specific basis, especially for f; exceeding 7.0 ksi or f; exceeding 10 ksi.
Minimum concrete compressive strengths may also be specified at girder erection and for posttension-
ing, when used.

In most precast girders, a relatively large value of f is used in design, which typically controls the
overall concrete mix design. If an excessively large value of f’ is required in design to resist temporary
tensile stresses at transfer in areas other than the precompressed tensile zone, such as the top flange at
girder ends, then bonded reinforcement or prestress strands may be designed to resist the tensile force
in the concrete, per AASHTO LRFD. This helps reduce the required f; used in design.

The relatively large value of £ used in design also results in a relatively large value of f; (e.g., often in
excess of 7 ksi), which is normally larger than that required to satisfy the concrete compressive strength
requirements at the serviceability and/or strength limit state. In cases where a larger f;" is required to
produce an economical design (e.g., girders of longer span, shallower depth, or wider spacing), a 56-day
compressive strength may be specified to achieve the higher strength, rather than the normal 28-day
strength.

Advantages of the concrete used in precast girders produced under plant-controlled conditions are
wide ranging. Higher modulus of elasticity and lower creep, shrinkage, and permeability are by-products
of the relatively higher compressive strength and steam curing process used for precast girders.

SCC is being more commonly used in precast plants. Although slightly more expensive than tradi-
tional concrete, it provides significant advantages such as elimination of consolidation, reduced manual
labor, and smoother concrete surfaces, often combined with high strength and durability.

For economy, precast girders commonly use 0.6-in diameter, 270 ksi (Grade 270), low-relaxation
strands. Use of 0.5-in diameter strands is less common because the 0.6-in diameter strands provide a
significantly higher efficiency due to a 42% increase in capacity. The 3/8-in diameter strands are com-
monly used for stay-in-place, precast deck panels. Epoxy coated prestressing strands may be used in
corrosive areas.

Deformed welded wire reinforcement (WWR), conforming to ASTM A497 based on a maximum
tensile strength of 60 or 75 ksi, may be substituted for reinforcing bars for shear design within precast-
pretensioned concrete members is permitted and commonly used as shear reinforcement in precast
girder.

1.4.3 Loss of Prestress

Loss of prestress is defined as the difference between the initial stress in the strands and the effective pre-
stress in the member. The loss of prestress includes both instantaneous losses and time-dependent losses.

For a pretensioned member, prestress losses due to elastic shortening, shrinkage, creep of concrete,
and relaxation of steel must be considered. For a posttensioning spliced girder application, friction
between the tendon and the duct and anchorage seating losses during the posttensioning operation
must be considered in addition to the losses considered for a pretensioned member. Some of the impor-
tant variables affecting loss of prestress are the concrete modulus of elasticity and creep and shrinkage
properties. These variables can be somewhat unpredictable for a given concrete mixture and its place-
ment procedure. These conditions are not fully controlled by the designer. Therefore, the estimation of
losses should not be overly emphasized at the expense of other more important issues during the design
process. Prediction of prestress losses may be determined by means of the approximate lump-sum esti-
mate method, the refined itemized estimate method, or a detailed time-dependent analysis. The refined
itemized estimate method should be used for the final design of a normal prestressed concrete member.
For a posttensioned spliced concrete member with multistage construction and/or prestressing, the pre-
stress losses should be computed by means of the time-dependent analysis method. The approximate
lump-sum estimate method may be used for the preliminary design only.
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FIGURE 1.12  Strand stress versus time in pretensioned girder.

From the time prestressing strands are initially stressed, they undergo changes in stress that must
be accounted for in the design. Figure 1.12 illustrates the change in strand stress over time for a typical
pretensioned girder.

1.4.4 Design Procedure

Precast-pretensioned concrete girders are usually designed at the service limit state to satisfy stress
limits, and followed by checking of the girders at the strength limit state to provide adequate moment
resistance. The midspan section of precast-pretensioned concrete girders is usually subjected to posi-
tive moments and designed to be similar to a simply supported span for all permanent and transient
loads for both single span and multi-span continuous girder bridges. In multi-span continuous bridges,
the superstructure is generally designed for continuity under live load and superimposed dead loads
at the bent locations. As a result, negative moment reinforcement is added in the deck over the bents
to resist these loads. The member at the bent locations is treated as a conventional reinforced concrete
section and designed to be fully continuous when determining both the negative and positive moments
from loads applied after continuity has been established. A fatigue check of the strands is generally not
required unless the girder is designed to crack under service loads. Fatigue of concrete in compression
is unlikely to occur in actual practice.

For flexural design of precast girders, Figure 1.3 illustrates the change in flexural stress distribution
near midspan for a typical precast girder at transfer, deck pour, and service level. In addition, the fol-
lowing practical aspects should also be noted in carrying out flexural design of precast girders: (1) The
girder section size is typically based on the minimum depth-to-span ratio required for a given girder
type. (2) The specified concrete compressive strengths (initial and 28-day) are commonly governed by
the initial compressive strength, f, required to limit stresses at transfer. (3) The total prestress force
(number and size of strands) and strand layout are usually determined to satisfy the serviceability limit
state but may have to be revised to satisfy flexural resistance at the strength limit state. (4) Girder design
is based on the minimum overall depth when computing capacity of the section.

Shear design is typically performed using the sectional method or other methods as specified by
AASHTO LRFD (2012). The sectional method is based on the modified compression field theory (MCFT),
which provides a unified approach for shear design for both prestressed and reinforced concrete com-
ponents (Collins and Mitchell, 1991). The MCFT is based on a variable angle truss model in which the



Precast—Pretensioned Concrete Girder Bridges 15

diagonal compression field angle varies continuously, rather than being fixed at 45° as assumed in prior
codes. For prestressed girders, the compression field angle for design is typically in the range of 20° to 40°.
To design a girder for shear, the factored shear should be determined on the basis of the applied loads
at the section under consideration. The area and spacing of shear reinforcement must be determined at
regular intervals along the span and at the critical section. For skew bridges, live load shear demand in
the exterior girder of an obtuse angle is normally magnified in accordance with codes. Shear correction
factor is not required for dead loads. Owing to the requirement of field bend for shear stirrups, the size
of #5 stirrup reinforcement is preferred. Normally, the shear stirrup size should not be larger than #6.

Because shear design typically follows flexural design, certain benefits can be realized in shear design.
For example, when harped strands are used, the vertical component of the harped strand force contrib-
utes to shear resistance. In addition, the higher-strength concrete specified for flexure enhances the
V, term for shear design. Because flexure-shear interaction must be checked per AASHTO LRFD,
the longitudinal reinforcement based on flexural design must be checked after shear design to ensure
that sufficient longitudinal reinforcement is provided to resist not only flexure but also the horizontal
component of diagonal compression struts that generates a demand for longitudinal reinforcement.
AASHTO LRFD includes an upper limit on nominal shear resistance, V,, which is independent of trans-
verse reinforcement, to prevent web crushing prior to yielding of transverse reinforcement.

Interface shear is designed on the basis of the shear friction provisions of design codes. For precast
girder bridges, interface shear design is usually considered across the interface between dissimilar mate-
rials such as the top of the girder and the bottom of the deck slab, at the interface between girder ends
and diaphragms at abutments or bents, or at spliced construction joints for spliced girders. A 0.25-in
intentionally roughened surface or shear key at construction joints is provided to increase the friction
factor and thus enhance the interface shear capacity.

1.4.5 Anchorage Zones

End splitting can occur along prestressing strands due to local bursting stresses in the pretensioned
anchorage zone. To prevent failure, AASHTO LRFD requires the following vertical reinforcement to be
provided within a distance h/4 from the end of the beam:

B = fA

where

A, = area of vertical reinforcement (in?)
f, = stress in the mild tension reinforcement at nominal flexural resistance (ksi)
P, = factored bearing resistance of anchorages (kip)

Per AASHTO LRED, f, should not exceed 20 ksi, and P, should not be taken as less than 4% of the total
prestressing force at transfer.

For spliced precast girders where posttensioning is directly applied to the girder end block, general
zone reinforcement is required at the end block of the anchorage area based on AASHTO LRFD (2012).

1.4.6 Camber and Deflection

For precast girders, accurate predictions of deflections and camber of girders are difficult because the
modulus of elasticity of concrete varies with the strength and age of the concrete and the effects of creep
and shrinkage on deflections are difficult to estimate. Most of the time, the contractor is responsible
for deflection and camber calculations and any required adjustments for deck concrete placement to
satisfy minimum vertical clearance, deck profile grades, and cross slope requirements. Design provides
nonfactored instantaneous values of deflection components due to deck weight and barrier rail weight.
These deflection components are used to set screed grades in the field.
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The design should be cognizant of girder deflections not only because of the magnitude of various dead
loads and prestress force but also because of the timing of the application of such loads. This is especially
important for bridge widening. If more accurate camber values are required during the design stage for
unusual cases such as widening of along span bridge, the assumed age of the girder may need to be specified.

A haunch is a layer of concrete placed between the top flange of the girder and bottom of the deck,
used to ensure proper bearing between the precast girder and the deck. It accommodates construction
tolerances such as unknown camber of the girder at time of erection. Adequate haunch depth is pro-
vided to allow the contractor to adjust screed grades to meet the designed profile grades. For long span
girders or long span spliced girders, the deflection should be designed and checked to ensure that the
bridge camber is upward under both short-term and long-term conditions. Because the camber values
vary along the span length, the actual values of the haunch thickness vary along the span too. The mini-
mum haunch thickness is defined as the difference (at the centerline of the girder) between the upward
camber of the girder at erection and the downward deflection of the girder due to the weight of the deck
and haunch. The minimum required haunch thickness should be calculated at both midspan and at sup-
ports to (1) accommodate variation in actual camber, (2) allow the contractor to adjust screed grades,
(3) eliminate potential intrusion of the top flange of the girder into the cast-in-place deck, and (4) deter-
mine seat elevation at supports. Cross slope and flange width at the top flange of the girder should
be considered in determining the minimum haunch thickness. The equation for determining the
minimum haunch thickness is given in the design example of Section 1.6. Although the calculation
of minimum haunch thickness is based on midspan, the need for minimum haunch thickness in con-
struction applies firstly to the support locations, because this value is required to establish seat eleva-
tions for the bridge. Therefore, information of structure depth should show the following: (1) minimum
structure depth at centerline of bearing at the supports, including girder depth, deck thickness, plus
calculated haunch thickness, and (2) minimum structure depth at midspan, including girder depth,
deck thickness, plus any minimum haunch thickness the designer may choose. The suggested minimum
haunch at midspan can range from a half inch to one inch. For girders with large flange widths, such as
wide-flange girders, large haunch could add up to significant quantities and weights of additional con-
crete. Therefore, selection of minimum haunch thickness at midspan should be practical.

1.4.7 Diaphragms and End Blocks

A multigirder bridge has diaphragms provided at abutments and bents. For certain span lengths, per-
manent intermediate diaphragms may be provided to stabilize the girders during construction.

Cast-in-place intermediate diaphragms normally are optional but they improve distribution of loads
between girders and help stabilize the girders during construction. Girder lengths over 80 ft usually
require one intermediate diaphragm, most efficiently located at midspan. Intermediate diaphragms
should be used for high skewed bridges. For bridge skews of less than or equal to 20°, either normal
or skewed intermediate diaphragms may be provided. For bridge skews greater than 20°, intermediate
diaphragms normal to the girders are preferred as they can be staggered.

Owing to an increase in fabrication inefficiencies, girder weight, and overall cost, girder end blocks
should only be used where it is essential.

1.4.8 Lateral Stability

Because precast girders tend to be rather long, slender members, they should be checked for lateral sta-
bility during all construction stages, including handling, transportation, and erection. Fabricators are
normally responsible for all girder stability checks. However, the designer is encouraged to consider and
verify lateral stability during design when nonstandard girders are selected.

Procedures for checking lateral stability were developed by Mast (1989 and 1993), and some com-
mercial software incorporates this method. The designer should verify specific assumed supports
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and stability parameters (e.g., support locations, impact, transport stiffness, super elevation, height
of girder center of gravity and roll center above road, and transverse distance between centerline of
girder and center of dual tire) with local fabricators, contractors, and other engineers, as appropriate.

1.4.9 Seismic Considerations

Seismic design is necessary in earthquake regions. Bridges of similar characteristics in different loca-
tions may behave different during an earthquake. Detailed seismic evaluation and correct seismic design
of connections between precast girders, as well as connections between precast girders and the support-
ing substructure, are needed. The connection system must be designed to either protect the superstruc-
ture from force effects due to ground motions through fusing or plastic hinging, or transmit inertial
forces through the load path into the ground. Ductile behavior is desirable in both the longitudinal and
transverse directions for substructures. One of the common ways of meeting the seismic requirements
is to achieve continuity and monolithic action between precast girders as well as the integral connection
system between precast girders and the supporting substructure.

1.4.10 Spliced Girder Design
In addition to meeting requirements of design codes, general design considerations are as follows:

o Spliced girder design normally consists of design of precast-pretensioned girders and post-
tensioning spliced girders. Therefore, both pretensioning and posttensioning process shall be
considered.

« Construction sequence and staging must be taken into account. Temporary supports and loca-
tions shall be considered and designed properly as these affect the girder section, span length, and
pretensioning and posttensioning force. Temporary support locations and reactions for each stage
of construction shall be noted.

o The service limit state must be addressed in design considering both temporary and final concrete
stresses in girder segments at each stage of pretensioning and posttensioning as well as all appli-
cable loads during construction. The strength limit state only needs to be considered for the final
construction stage.

 Posttensioning may be applied to precast girders before and/or after placement of the deck
concrete. When posttensioning is applied to the girders both prior to and after placement of the
concrete deck, it is referred to as two-stage posttensioning. In general, one-stage posttensioning is
relatively simple in design and construction and is mostly used with bridge span lengths less than
approximately 120 to 140 ft. Normally, it is desirable to apply all of the posttensioning after the
deck becomes a part of the composite deck-girder section. When the full posttensioning force is
applied prior to deck placement, this allows for future deck replacement or can meet other project
specific requirements. In this one-stage approach, the posttensioning force and girder compressive
strength (f7) are usually higher than that required for posttensioning to the composite section or
for two-stage posttensioning. When the bridge span length exceeds approximately 120 to 140 ft,
two-stage posttensioning typically results in a more efficient bridge system. The first-stage post-
tensioning is designed to control concrete stresses throughout the continuous span for the loads
applied before the second stage of posttensioning. The second-stage posttensioning force is usu-
ally designed for superimposed dead loads and live loads. Benefits of the two-stage posttensioning
method include lower required pretensioning force, more efficient total posttensioning force for
the structure, lower required f;and f! for the precast girder, and better deflection control.

o DPrestress losses due to the effects of pretensioning, posttensioning, and possible staged post-
tensioning shall be considered. Time-dependent losses associated with multiple stages shall be
properly evaluated.
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« Instantaneous deflections due to posttensioning at different stages should be noted. These deflec-
tion values will be used to set screed grades in the field.

o The posttensioning tendon profile shall be noted. Although a specific tendon placement pattern
may not be provided in design, at least one workable tendon placement solution shall be developed
at all locations along the span, including at anchorages.

o Wet closure joints between girder segments are usually used instead of match-cast joints. The
width of a closure joint shall not be less than 24 in and shall allow for the splicing of posttension-
ing ducts and rebar. Web reinforcement, within the joint should be the larger of that provided
in the adjacent girders. The face of the precast segments at closure joints must be intentionally
roughened or cast with shear keys in place.

1.5 Design Flow Chart

A detailed precast—pretensioned concrete girder design flow chart is shown in Figure 1.13:

DEVELOP GEOMETRY
» Determine Structure Depth
+ Determine Girder Spacing
+ Determine Deck Thickness

v

SELECT MATERIAL
« Select Material Properties

'

COMPUTE SECTION PROPERTIES
« Calculate Cross Section
« Calculate Composite Section if any

v
PERFORM STRUCTURE ANALYSIS
« Calculate DW, DC, LL
« Calculate Unfactored Shear and Moment
«» Calculate Factored Shear and Moment

!

DETERMINE PRESTRESS FORCE
« Calculate P/S Force under Service Limit IIT

-

ESTIMATE PRESTRESS LOSSES
« Use either Approximate Method
or Refined Method

v

v

SERVICE LIMIT STATE
« Design/Check Concrete Stress at Release
« Design/Check Concrete Stress at Service

FIGURE 1.13  Precast-pretensioned concrete girder design flow chart.
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7

STRENGTH LIMIT STATE-FLEXURE
» Compute Factored Applied Moment, M,
» Compute Factored Moment Resistance, M,

+ Increase Apg or add
mild reinforcement
» Re-compute pM,,

4

CHECK REINFORCEMENT LIMIT
+ Check Minimum Reinforcement Limit

v

DESIGN STRENGTH LIMIT STATE-SHEAR
» Compute Factored Applied Shear, V,,

» Compute Concrete Shear Resistance, V,

» Compute Required Shear Reinforcement

» Check Max. Shear Reinforcement Spacing

» Check Min. Transverse Reinforcement

» Check Max. Transverse Reinforcement

v

VERIFY LONGITUDINAL REINFORCEMENT
» Check/Determine Min. Longitudinal
Reinforcement

ANCHORAGE ZONE DESIGN
«» Design Pretension Anchorage Zone
Reinforcement

DEFLECTIONS & CAMBERS
« Calculate Deflections & Cambers
» Compute Min. Haunch Thickness at Supports
+ Determine Min. Full Structure Depths at
Mid-span and at Supports

END

FIGURE 1.13 (Continued) Precast-pretensioned concrete girder design flow chart.

1.6 Design Example—Simple Span
Precast-Pretensioned I-Girder Bridge

This example illustrates the typical procedure in designing a simple span precast-pretensioned con-
crete girder bridge in accordance with AASHTO LRFD Bridge Design Specifications (AASHTO 2012).

1.6.1 Bridge Data

The bridge has a span length of 85 ft (from centerline of support to centerline of support). Total deck
width is 35 ft, including two 12 ft traffic lanes with two 4 ft shoulders and two 1.5 ft concrete barriers.
Bridge elevation and plan views are shown in Figures 1.14 and 1.15, respectively. In Figure 1.15, the
abbreviations BB and EB stand for “Begin Bridge” and “End Bridge” respectively.
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Girder length =86'-0"
Span length =85'-0"

FIGURE 1.14 Bridge elevation.
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FIGURE 1.15 Bridge plan.

1.6.2 Design Requirements

A precast-pretensioned concrete I-girder bridge type is selected as the superstructure of the bridge. In
this example, the following steps are performed for the design of an interior girder in accordance with
the AASHTO LRFD Bridge Design Specifications (AASHTO 2012).

« Develop geometry.

o Select materials.

» Compute section properties.

o Perform structural analysis.

o Determine required prestressing force.

o Estimate prestress losses.

o Check concrete stresses for service limit state.
o Design for strength limit state—flexural.

o Design for strength limit state—shear.
 Check longitudinal reinforcement requirement.
 Design anchorage zone reinforcement.
 Calculate deflection and camber.

1.6.3 Solutions
1.6.3.1 Develop Geometry

For the constant depth superstructure of the precast—pretensioned I-beams, the structure depth-to-span
ratio, D/L can be taken as 0.045, and the girder spacing-to-structure depth ratio of 1.5 is commonly
used. It is also assumed that the prestressing steel is to be stressed to 75% of its strength with harped
strands at 0.4L to control concrete stresses at the top of the girder at transfer stage.



Precast—Pretensioned Concrete Girder Bridges 21

Bridge width =35'-0"

1'-6" | Curb-to-curb =32'-0" | 1'-6"
o
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4'-5" min, at midspan
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I

FIGURE 1.16 Typical cross secton.

For this example, L = 85.0 ft, the desired structural depth

D =0.045L = (0.45) (85.0) = 3.825 ft = 45.9 in.

Assume that a 7-in concrete slab thickness is used for the bridge deck.
The desired precast girder height = 45.9 — 7.0. = 38.9 in.

Therefore, select the 3'9" AASHTO type I1I girders.

Assuming the minimum haunch thickness at midspan f, = 1.0 in.

Total structure depth = 45.0 + 1.0 4+ 7.0 = 53.0 in > 0.045L = 45.9 in OK.
The girder spacing is determined as follows:

Total bridge width = 35.0 ft

Curb-to-curb = 32.0 ft

Haunch width = 16 in

Girder Spacing = 1.5D = 1.5(53) = 79.5in = 6.63 ft

Therefore, use girder spacing = 6.0 ft. A typical cross section of the bridge is shown in Figure 1.16.

1.6.3.2 Select Materials
Concrete unit weight, w, = 0.15 kcf. Note that Table 3.5.1-1 of LRFD 2012 allows

w,=0.145kcf for f/<50ksi; w, =0.140+0.001 f/ for 5.0 ksi < f/<15.0 ksi

(a) Concrete for cast-in-place deck slab
Concrete strength, f/= 4.0 ksi

Modulus of elasticity, E, = 33,000K,w! [/ (AASHTO 5.4.2.4-1)

K, = correction for source aggregate = 1.0

E.=33,000(1.0)(0.15)"/(4.0) = 3834 ksi

(b) Concrete for precast girder
Assume concrete strength at transfer, f;= 4.5 ksi.
Modulus of elasticity, E; = 4,067 ksi.
Assume concrete strength at 28 days, f/= 6.0 ksi.
Modulus of elasticity, E, = 4,696 ksi.
The concrete strength assumptions will be verified later in the example.
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Prestressing steel

Use 0.6 in diameter, seven-wire, low-relaxation.
Area of strand, A, = 0.217 in” per strand.
Tensile strength, f,, = 270 ksi.

Yield strength, f,, = 0.9 f,, = 243 ksi.

Modulus of elasticity, E, = 28,500 ksi (AASHTO 5.4.4.2)
The initial stress in prestressing steel before transfer, f,,, < 0.75 f,, (AASHTO T5.9.3-1)
Therefore, usefpb, =0.75 (270) = 202.5 ksi

Reinforcing steel
Yield strength, f, = 60 ksi

Modulus of elasticity, E; = 29,000 ksi (AASHTO 5.4.3.2)

1.6.3.3 Compute Section Properties

(a) Precast girder only

The shape and dimensions of a 3'9" AASHTO type III girder is illustrated in Figure 1.17.
Section properties of the girder are presented in Table 1.3.
Section modulus of precast girder for extreme bottom fiber of precast girder is as follows:

I 125390

Wy 20.3

= = 6,177 in’

Section modulus of precast girder for extreme top fiber of precast girder is as follows:

I 125,390 -
S =—= = 5,077 in
)2 24.7
| 1'_4"
i
3_g"
Neutral axis
b
1'-10"

FIGURE 1.17 AASHTO type III girder.

TABLE 1.3 Section Properties—Girder Only

Area 560 in?
Vi 24.7 in
Vi 20.3 in

Moment of inertia, I 125,390 in*
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be="72"
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FIGURE 1.18 Effective flange width.

(b)

(©

Effective flange width

According to AASHTO Art. 4.6.2.6.1, for skew angles <75°, L/S > 2.0, and overhang <0.5S, the
effective flange width of a concrete deck slab for an interior girder can be taken as the tributary
width, that is, girder spacing S. For this example, skew angles = 0 (<75°); L/S = 85/6 = 14.2 (>2.0)
and overhang width = 2.5' (<0.58 = 3.5'). Therefore, the effective flange width b, = S = 72 in
(Figure 1.18).

Composite section

The section properties of individual elements including girder, deck, and haunch are calculated
in Figure 1.19.

23

In order to compute the section properties of composite section, it is necessary to transform the cast-in-place
deck slab and haunch using a modular ratio, n,, to account for the difference in concrete materials between
precast girder and cast-in-place deck.

1.6.3.4 Perform Structural Analysis

(@

Calculate dead loads (DC and DW)
o Dead loads on noncomposite section.

560
Precast girder, w, = m(O.IS) =0.583 KIf

Deck slab, w, = (

(0.15)=0.525 KIf

72)(7)
44
16
Haunch, w, =—(0.15)=0.017 kif
144

o Dead loads on composite section.

According to AASHTO Art. 4.6.2.2.1, permanent dead loads (including concrete barriers and
wearing surface) may be distributed uniformly among all girders provided all of the following

conditions are met.
o Width of deck is constant.
o Number of girder is not less than 4. The example has N, = 6.
o Beams are parallel and have approximately the same stiffness.
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Area, A; Vi A () I,
Section (in?) (in) (in) Ay (in*)
Girder 560 20.3 11,368 87,500 125,390
Deck 411.6* 49.5 20,374 114,791 2,058
Haunch 13.1% 455 596 2,113 1
Total 985 32,338 204,404 127,449

*multiplied by n,
Deck E; = 3,834 ksi; Girder E,, = 4,696 ksi; n, = E;/E,, =0.82

32,338
985

=32.8in

Yoo =Y. =32.8in

Vi =53.0-32.8=20.2in

| nXb,

I. =204,404+127,449 = 331,853 in*

331,853
32.8

e = =10,117 in*

FIGURE 1.19 Section properties—composite section.

. Roadway part of the overhang, d,, does not exceed 3.0 ft. The example has
d,=30-15=15ft
— bridge is on a tangent line and curvature in plan is zero.
— cross-section is consistent with one of the cross-sections shown in AASHTO
Table 4.6.2.2.1-1. Superstructure is type (k).

Therefore, all criteria are satisfied. However, for this example, the concrete barrier and wearing
surface loads can be evenly distributed among the six girders based on dead load distribution
factor (DLDF), which is determined as follows:

Tributary Width 6

DLDF = =—
Overall Bridge Width 35

=0.171

Barr1erDC3— ” (O 15)(2)(0.171)=0.159 kif

Future wearing surface DW = (0.035)(32')(0.171) = 0.192 kIf
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(b) Calculate shear force and bending moment due to DC and DW
Many structural analysis software programs are available commercially and could be used to
perform structural analysis. For a simply supported girder, unfactored moments and shears
due to dead loads can be calculated by the following formulas and listed in Table 1.4:

wx(L—x)

where
w = uniform dead load, k/ft
x = distance from left end of the girder
L = span length = 85 ft

(c) Calculate shear force and bending moment due to live loads

The live load considered in this example is the AASHTO HL-93 load

() Live load distribution factor (for an interior girder)
Live load shear forces and bending moments for an interior girder can be determined using
the simplified distribution factor formulas specified in AASHTO Art. 4.6.2.2.2 and AASHTO
Art. 4.6.2.2.3, if all of the conditions in AASHTO Art. 4.6.2.2 are met. It has been shown in
the previous section that, for this example, these conditions are met. Therefore, the simplified
distribution factor formulas are applicable.
Live load moment distribution factor

The live load distribution factor for moment in the interior girder, in lane, is computed as

follows:
(1) One design lane loaded

S 0.4 S 0.3 K 0.1
DFM = 0.060+(—) (—) ——=— | (AASHTO Table 4.6.2.2.2b-1)
14) \L) \12L(t,)

TABLE 1.4 Unfactored Shear Forces and Bending Moments

Girder Weight Slab+Haunch Barrier Weight AC Wearing Surface

Location (DC1) (DC2) (DC3) (DW)
Dist/Span V, M, v, M, Vi M, Vs M,

(/L) x (fH) (kip) (kip-ft) (kip) (kip-ft) (kip) (kip-ft) (kip) (kip-ft)
0.00L 0.0 24.8 0.0 23.0 0.0 6.7 0.0 8.2 0.0
0.04L 3.4 22.8 80.9 21.2 75.1 6.2 22.0 7.5 26.6
0.10L 8.5 19.8 189.7 18.4 176.1 54 51.6 6.5 62.4
0.20L 17.0 14.9 337.2 13.8 313.1 4.0 91.7 4.9 111.0
0.30L 25.5 9.9 442.5 9.2 410.9 2.7 120.3 33 145.7
0.40L 34.0 5.0 505.8 4.6 469.6 1.3 137.5 1.6 166.5
0.50L 42.5 0.0 526.8 0.0 489.2 0.0 143.2 0.0 173.4
0.60L 51.0 =5.0 505.8 —4.6 469.6 -1.3 137.5 -1.6 166.5
0.70L 59.5 -9.9 442.5 -9.2 410.9 -2.7 120.3 -33 145.7
0.80L 68.0 —14.9 337.2 —-13.8 313.1 —4.0 91.7 —4.9 111.0
0.90L 76.5 —19.8 189.7 —18.4 176.1 —5.4 51.6 —6.5 62.4
0.96L 81.6 —22.8 80.9 —-21.2 75.1 —6.2 22.0 =7.5 26.6

1.00L 85.0 —24.8 0.0 -23.0 0.0 —6.7 0.0 —8.2 0.0




26

Bridge Engineering Handbook, Second Edition: Superstructure Design

Provided the following ranges are met
e 35<85<16.0
S = girder or web spacing = 6 ft
¢ 45<t<12.0
t, = thickness of concrete slab = 7.0 in
e 20<L<240
L = span length = 85 ft
e N, =number of girders > 4
N,=6
+ 10,000 < K, < 7,000,000
K, = 738,360 in* (see calc. below)
where

n=E/Eq, =122 (AASHTO 4.6.2.2.1-2)

girder” ~slal

E irqe: = modulus of elasticity of girder = 4,696 ksi
E ., = modulus of elasticity of deck = 3,834 ksi
I= 1,4, = 125390 in'

A=Ay, =560 in?

e, = distance between centers of gravity of girder and deck

=49.50 — 20.30 = 29.20 in

K, = n(I+Ae?)=738,360 in* (AASHTO 4.6.2.2.1-1)

0.1

6.0\ ( 6.0 \*( 738,360

DFM=0.060+(—) (—) ———— | =0.407 lanes/girder
14 85.0 12(85)(7)

(2) Two or more design lanes loaded

S \°6/ g\ K 0.1
DFM =0.075 +(—) (—) 733 (AASHTO Table 4.6.2.2.2b-1)
95) \L) (12L(z,)

0.1

6.0\"°( 6.0 \*( 738,360

DFM=0.075+(—) (—) ———— | =0.556 lanes/girder
9.5 85.0 12(85)(7)

Therefore, for two or more lanes loaded controls, use DFM = 0.556 lanes/girder
Live load shear distribution factor
For one design lane loaded (AASHTO Table 4.6.2.2.3a-1)

S
DFV =0.36+ (E) =0.600 lanes/girder

For two or more lanes loaded

S S 2.0
DFV = O.20+(—)—(—) =0.671 lanes/girder
12.0 35.0

DFYV is the larger of the one lane loaded and two or more lanes loaded.
Therefore, use DFV = 0.671 lanes/girder
Dynamic load allowance, IM

IM =0.33 (Strength I limit state and service limit state) (AASHTO Table 3.6.2.1-1)
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TABLE 1.5 Unfactored Live Load Moment and Shear Forces
for Interior Girder

Location Per Girder
M(LL+[M)
Dist/Span (x/L) x (ft) (kip-ft) Viezem (kip)
0.00L 0.0 0 75.0
0.04L 3.7 219 70.8
0.10L 8.5 474 65.2
0.40L 34.0 1,213 37.8
0.50L 425 1,247 29.4
0.60L 51.0 1,213 —37.4
0.90L 76.5 474 —65.2
0.96L 81.3 219 -70.8
1.00L 85.0 0 —75.0
Span = 85 ft

Dynamic load allowance = 1.33
Number of lane = 2.667

Note: dynamic load allowance, IM, applies to truck load only.

Live load moment

The live load moment at tenth points can be obtained from any structural analysis programs.
The analysis results are shown in Table 1.5.

In a simple span bridge, the maximum moment usually occurs at the midspan of the struc-
ture. With the 85 ft span length, the maximum HL-93 live load moment with impact equals
2240 k-ft for one design lane loaded.

For one interior girder,

M zannmmses = (0.55)(2,240) =1,232 k-ft

The HL-93 live load moment with impact at 0.4L equals 1199 k-ft.
(d) Load combinations
In an LRFD design, the total factored loads are taken as follows:

Q=1Xy.Q, (AASHTO 3.4.1-1)

where
1 = a factor relating to ductility, redundancy, and operational importance (equal to 1.0 for
this example)
v; = load factors
Q, = specified loads
Check compressive stress in prestressed concrete components for Service I

Service I: Q=1.00(DC+DW)+1.00(LL+IM)y; o3 (AASHTO Table 3.4.1-1)

Check tensile stress in prestressed concrete components for Service I11
Service I11: Q=1.00(DC + DW)+0.80 (LL+IM) (AASHTO Table 3.4.1-1)

Check resistances for Strength I

Strength I: Q=1.25DC+ 1.50DW +1.75 (LL + IM) (AASHTO Table 3.4.1-1 & -2)

HL-93
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1.6.3.5 Determine Required Prestressing Force

The preliminary prestressing force is usually determined on the basis of the service limit state service I1I
load condition at midspan. The tensile stress limit for Service III is 0.19\/f .

The center of gravity of the strands at midspan is assumed to be located at 5% of the girder depth from
the bottom fiber.

5% x(girder height) = 0.05(45) = 2.25 in. Try 3.0 in.

Eccentricity of prestressing steel at midspan e, = y, — y,, = 20.3 - 3.0 = 17.3 in.

The stress at bottom of girder at the service limit state load combination is limited to as follows:

fb — (MD(;1 +MD(;2) +(MDC3 +MDW +0'8(M(I_L+IM)HL93))_£_&

Sp She A S,
_(526.8+489.2)(12)+[143.2+173.4+0.8(1,247)](12)_i_P(17.3)
6,177 10,117 560 6,177

=3.535-0.00459P

the stress at bottom of girder due to service Limit State III does not exceed the tensile stress limit

0.19,/f/ =0.19v/6.0 = 0.465 ksi (AASHTO Table 5.9.4.2.2-1)

f» =3.535-0.00459 P <0.465 ksi

Solving the above equation for P, the required minimum P = 670 kip.
Assume a 10% total prestress loss, then the required prestressing force at transfer (before any losses):

P= 670 45 kip
0.90

745
Area of prestressing strands required: A, = 2025 3.7 in?

Number of 0.6 in diameter strands required = 3.7/0.217 = 17.1 strands.

Use 18 - 0.6" strands, A, = 3.906 in

Providing 10 strands @2 in and 8 strands @4 in, which the centroid of strands is at 2.9 in from bottom
of girder. To control the stress at transfer of prestressing force, harp two strands at middle web location
to 36 in and two strands to 38 in at girder ends. The strand patterns at midspan and girder ends are
shown in Figure 1.20.

Therefore, the eccentricity of prestressing force at midspan = 20.3 — 2.9 =174 in.

n.xb

| c e

FIGURE 1.20 Strand pattern at midspan and at girder ends.
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1.6.3.6 Estimate Prestress Losses

Total prestress losses: Af,r = Af,ps +Afpir (AASHTO 5.9.5.1-1)
where

Af,zs = sum of all losses or gains due to elastic shortening or extension at the time of application
of prestress and/or external loads (ksi)
Af,;=losses due to long-term shrinkage and creep of concrete and relaxation of prestressing steel (ksi)

(a) Instantaneous loss — elastic shortening

E -
Elastic shortening: Aprs —— (AASHTO 5.9.5.2.3a-1)

E gp

ct

The prestressing stress immediately after transfer (elastic shortening loss) may be assumed to be
0.9f,; = 182.25 ksi (assume 10% initial loss).

b n (Pe.) _ Mp e,

fw=3 %7 I
_7n2, (712)(17.4)"  (526.8)(12)(174)
560 125,390 125,390
= 1.2714+1.719-0.877 =2.113 ksi
E 28,500
Af,o=—Lf =2 2.113)=14.8 ksi
ors E.’® " 4,067 (2.113)

ci

The prestressing stress immediately after transfer
f5i =075 f, ~ Af s = 202.5-14.8 =187.7 ksi.
The calculated percent of prestressing loss due to elastic shortening is
(14.8/202.5)x 100%

=7.3% < 10% assumed. Therefore, iteration is needed to calculate Af.
A second iteration using Af,;; =14.8ksi yields the following results:

fgp =2.202ksi
Af s =154 ksi
The initial prestressing stress (after elastic shortening loss) = 202.5 — 15.4 = 187.1 ksi.
P, =187.1 (3.906) =730 kips

(b) Long-term prestress losses — refined method
The prestress losses of the girder are determined using the refined method, as specified in Article
5.9.5.4 of the AASHTO LRFD Bridge Design Specifications 2012 Edition.
The long-term prestress losses in prestressing steel (due to creep and shrinkage of concrete, and
relaxation of steel) are estimated according to the following:

Afprr = (A psw + A per + My ), + (A s + A pop + Ao —Afpss)df (AASHTO 5.9.5.4.1-1)
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Af s = Prestress loss due to shrinkage of girder concrete between transfer and deck placement
Af,cr = Prestress loss due to creep of girder concrete between transfer and deck placement
Af,ri = Prestress loss due to relaxation of prestressing strands between transfer and deck
placement

Af,sp = Prestress loss due to shrinkage of girder concrete between deck placement and final
time

Af ,cp = Prestress loss due to creep of girder concrete between deck placement and final time
Af 2 = Prestress loss due to relaxation of prestressing strands between deck placement and
final time

Af,ss = Prestress gain due to shrinkage of deck

Concrete age at transfer: 1 day

Concrete age at deck placement: 90 days

Concrete age at final: 27,000 days

AASHTO LRFD recommends using transformed section properties for the refined method. The
transformed section properties of girder at transfer and of composite section at final are calculated and
shown in Figures 1.21 and 1.22, respectively.

Section Area, A, (in?) y; (in) A, (y) (in) Y, in A(yry)d I, (in*)
Girder 560 20.3 11,368 19.6 274 125,390
Strands 23.4% 2.89 67.7 19.6 6,544

Total 583.4 11,436 6,818 125,390

Note: *Strand is transformed using (n; — 1)

f}=45ksi; E, = 4,067 ksi; n, = E,,./E,; = 28,000/4,067 =7

11,4
= = 36 =19.6in
583.4

Vei

Vi = Yo =19.61n

Vi =2541n

I, =125,390+6,818=132,208 in*

Neutral axis

132,208
BT 196

= 132208 5 205 int
25.4

=6,745 in*

tti
e, =19.6-2.89=167in

FIGURE 1.21 Transformed section properties—girder at transfer.
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Section Area, A, (in?) y; (in) A, (y) (in) Y, in Aly—y)d I, (in*)
Girder 560 20.3 11,368 19.7 195 125,390
Strands 19.8% 2.89 57.2 19.7 5,602

Total 579.8 11,425 5,797 125,390

Note: *Strand is transformed using (n — 1)

f/=6.0ksi; E, = 4,696 ksi; n=E,, /E, = 28,000/4,696 = 6

11425
579.8

Vg = 19.7 in

Yoy = Yeg = 19.7 in

Yoy = 25.31n

Neutral axis

ey

Voif (n-1)A,

Iy = 125,390+5,797 =131,187 in

131,187

= =6,656 in#
b7 197

- 13LI87 _ (oia
' 253

ey = 19.7-2.89=16.8in
FIGURE 1.22 Transformed section properties—girder at final.
Prestress loss from transfer to time of deck placement

(i) Deck shrinkage

Afpor = (€40 ) (E,)(Ky) AASHTO Eq. 5.9.5.4.2a-1
€ 4ia= (k. ) (R (k) (kg )21 (0.48 x1072) AASHTO Eq. 5.4.2.3.3-1
v
k, = 1.45—0.13(§) >1.0 AASHTO Eq. 5.4.2.3.2-2
=0.922<1.0 Usel0
k, =2.00—0.014H =1.02 AASHTO Eq. 5.4.2.3.3-2
5
ky =0.909 AASHTO Eq. 5.4.2.3.2-4

1+ f;
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t 89

ktd= y =
61—4f,+t 61—4(4.5)+89

=0.674

T = maturity of concrete = 90 — 1 = 89 days

€4:4=(1.0)(1.02)(0.909 )(0.674 )(0.48 x107%) = 0.30x 10>

K,= ! AASHTO Eq. 59.5.4.2a-2

L et

g g
€, =20.3-29=174in
ky. =1.56—0.008H =1.0

20,000—-1
= 0,000 =0.998
61—4(4.5)+(20,000—-1)

td

W (1., ) =19k, )k, )k ) )t
=1.9(1.0)(1.0)(0.909)(0.998)(1.0) = 1.723
1

28, : 17.4)?
+ 8,000 (3906) 1+560( 74) [1+0.7(1.723)]
4,067 )\ 560 125,390

=0.798

K=

Af 50 =(0.30x107)(28,500)(0.798) = 8.55 ksi

Prestress loss due to creep of girder concrete between transfer and time of deck placement

E
Afper = E—*’ foo¥ (to 1)Ky AASHTO Eq. 5.9.5.4.2b-1
) (e.,)> M,e,;
o= Ai+l(l_w)_1g_w
it

it it

P, =3.906(202.5) =791 kips

791 + 791(16.7)* a (528.8x12)(16.7)

= =2.229 ksi
5834 132,208 132,208

S
W (1, t,) = 1.90k,) (ko )k )k )E701

89

ky=——— 0674
61—4(4.5)+89

(1) =1.9(1.0)(1.0)(0.909)(0.674)1.0°1'8 = 1.164

28,500
4,067

Afyor = (2.229)(0.674)(0.798) = 8.40 ksi
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Af yor =1.2 ksi AASHTO Art. 5.9.5.4.2c
Prestress loss due to shrinkage of girder concrete between deck placement and final time
Af psp = €parE, Ky
Epdr = Epif —Epia

&y = (k) ) (e ) (i )(0.48x107)
=(1.0)(1.02)(0.9090)(0.998)(0.48 X 10*) = 0.444 x 10~

€, =(0.444-0.300)x 10
=0.144x107

1

TR

ct C c

Ky =

e,. = eccentrity of prestressing force from centroid of composite section
e, =32.8—2.89=29.91n

1
2
+ 28,500 (3.906) 1+985(29.9) [140.7(1.723)]
4,067 985 331,853
=0.817

Ky =

Af 5 =(0.144X107)(28,500)(0.817) =3.35 ksi
Prestress loss due to creep of concrete from deck placement to final.

Moep = %fcgp [‘P(tf,t,.)—\l‘(td,t,.)]de +%Aﬁd [‘P(tf,td)]de

Creep coeflicient due to loading at deck placement to final,
W (¢t )= 190k, )y Yk ) (kg D01

Between deck placement and final,

t 20,000-90

ktdf = ; = =0.998
61-4(f;)+t 61-4(4.5)+(20,000—90)

y (tf,td)= 1.9(1.0)(1.0)(0.909)(0.998)(90) 0118 =1.014
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Af.; = Changes in concrete stress between transfer and deck placement due to prestress loss, deck
placement, deck weight, and superimposed dead loads.

Ag Ig

APS Ageﬁg
Afcd :_(AfpSR+AprR+Apr1) I+—

| Mpeaey +(MDC3+MDW)ec,z
Itf Ic,t

. 17.41)?
=—(8.55+8.40+1.20) 3 906(1+ S60 ) )

560 125,390
_(4892x12(168) | (1432+173.4)x12(29.4)
131,187 348,772

)z -1.370

28,500
A =
Voo 4,067

=0.273 ksi

2 >
8 5060(—1.370)(1.014)(0.817)

(2.202)[1.732-1.164]0.817+

>

Relaxation of prestressing steel from deck placement to final time,

Afpra = fors =1.2 ksi AASHTO Eq. 5.9.5.4.3¢-1

Prestress gain due to shrinkage of deck concrete:

E
Byss = MoKy (14070t ,1,) AASHTO Eq. 5.9.5.4.3d-1
EurAsEy 1 eyey
Afy = - )
or =77 0T\ A L AASHTO Eq. 5.9.5.4.3d-2

€44 = shrinkage strain of deck concrete between deck placement and final time

=19k K.k k,;0.48x107

Ay = area of deck concrete = 72 (7.0) = 504 in?
E.; = modulus of elasticity of deck concrete = 3,834 ksi

W(t;,t,) = creep coeflicient of deck concrete at final time due to loading after deck placement

k, =1.45—0.13(K)
S

72(7) )

=1.04
(7247)2

=1.45—0.13(
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Assume that the initial concrete strength for deck is 0.75f'c = 3.0 ksi
5 5
= =—"—=125
1+ f7 1+43.0

ot 20,000—90 B
61-4f/+t 61-4(3.0)+(20,000-90)

td

€y = kKoK K, 0.48 X107
=1.04(1.0)(1.25)(0.998)(0.48 X 10~3) = 0.623x 10~

Y( ity )= 1.9k$khckfktdti41113
=1.9(1.04)(1.0)(1.25)(0.998)(1) 1% = 2.465

e, = eccentricity of deck with respect to the central gravity of composite section
=53-7/2-32.8=16.7 in
Creep of deck concrete,

€aar AaEo 1 ey
1+0.7%(t,1,)

AC IC
_ 0.623x10-3(504)(3,834)( 1 29.9(16.7)
1+0.7(2.465) 985 331,853

Afcdf =

) =—0.217 ksi

A negative indicates a prestressing gain.
Prestress gain due to shrinkage of deck concrete,

Afys = ngﬂ(—0.217)(0.817)(1+o.7(2.465)) = 2,93 ksi

,696

Total time-dependent losses:

AprT = (AfpSR +AprR +Aprl)id +(AfpSD +AprD +Aprz _Afpss)df
=(8.55+8.40+1.2)+(3.35+0.27+1.2—2.93)=20.0 ksi

200
Af,p = —(100%)=10%
ot = 50,5 100%)=10%

fpe = effective prestress = 202.5 ksi — 20.0 ksi = 182.5 ksi
Check prestressing stress limit at service limit state: (AASHTO Table 5.9.3-1)

fre=182.5 ksi <0.8f,, =0.8 (243)=194.4 ksi

Therefore, the effective prestressing force after losses P = 3.906 (182.5) = 712.8 kip

1.6.3.7 Check Concrete Stresses for Service Limit State

The AASHTO LRFD recommends the use of transformed gross concrete section combined with the
new prestress loss estimations for service limit state design. When the transformed section properties
are used, the elastic loss (or gain) at transfer, at deck placement, at superimposed load application, and
live load application are not needed.
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(a) Check concrete stress limit at transfer condition

concrete stress limits
Compressive stress limit:

Stress limit = 0.6 f; = 2.700 ksi (AASHTO 5.9.4.1.1)

Tensile stress limit:
(i) Inprecompressed tensile zone without bonded reinforcement

Stress limit =0.0948,/ f.; <0.200 ksi
*+0.0948+/4.5 = 0.201 ksi > 0.200 ksi (AASHTO Table 5.9.4.1.2-1)

Therefore, stress limit = 0.200 ksi controls.
(i) Inareas with bonded auxiliary reinforcement sufficient to resist the tensile force,

stress limit =0.24,/ f; =0.509 ksi

Net-transformed section properties for interior girder at midspan

Net-transformed section properties for interior girder at midspan at transfer and at service are
calculated in Figures 1.21 and 1.22, respectively. Figure 1.23 shows the transformed section
properties at final (service) stage.

Check concrete stress at harped point

For pretensioned members with harped strands, the concrete stresses at the harped point loca-
tion normally controls at the transfer stage. As time-dependent losses occur, the stresses at this
location become less critical. The transformed section properties combined with the initial
prestressing force should be used.

Harped point location = 0.4 L = 0.4 (85.0) = 34.0 ft

Total prestressing force at transfer, P; = (0.75)(270 ksi)(3.906 in2) = 791 kips

Eccentricity at 0.4L, e =20.3 -2.89 = 174 in

Calculate concrete stress at top of girder at transfer,

P Pe M 791 791(17.4)  505.8(12
ft=—’—'—e+ﬂ=—— ( )+ ( )=—0.122 ksi (tension)
A, S Su 583 5205 5,205

tr

Since the stress is within the tensile limit (0.200 ksi), the stress limit is met.
Compressive stress at bottom of girder at transfer:

f= B Be Mpe 791 791(17.4) 505.8(12)
"TA, Su  Su 583 6745 6,745

tr

=2.497 ksi (compression) < 2.700 ksi.

Check concrete stress at midspan (at transfer)

The concrete stresses at midspan at transfer stage can be determined using the same proce-
dure. The values for P, e, A,, S,,, and S,; at midspan are the same as at 0.4L. The bending
moment at midspan M, = 526.8 kip-ft.

Juop =—0.074 ksi (tensile). The tensile stress limit (0.200 ksi) is met.
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Section Area, A, (in?) y; (in) A, (y) (in%) A(yry)d I, (in*)
Girder 560 20.3 11,368 79,836 125,390
Strands 19.8%* 2.89 57.2 17,056 0
Deck 411%* 49.5 20,357 122,514 1,679
Haunch 13.1 45.5 594 2.296 1
Total 1,004 32,376 221,702 127,070

Note:
*Strand is transformed using (n —1) =5
**Deck is transformed using n, = 0.82
Ve = 32376 _352in
’ 1,004
Yot = Vg = 32.21in
|
Vit Vigt
Neutral axis
S, SRR, T,  A———
Vb,ct €t
(n-1)A,
Y Y
Vg =12.8in
I, =12,070+221,702 = 348,772 in*
48,772 .
Spet = 48,772 _ 10,818 in*
’ 322
48,772 . 1 48,772 . .
o =72 27,333 1038, =( )3 8772 _ 20,588 in'e,, = 322-2.89=29.4in
’ 12.8 ’ 6.1) 208 '
FIGURE 1.23 Transformed section properties—composite at final.
oo = 2459 ksi < 2.700 ksi
As shown in these calculations, the harped point location (0.4L) is the most critical section for
concrete stresses at the transfer stage along the entire girder.
(b) Check concrete stress at service condition
Concrete stress limit
Compressive stress limit (AASHTO Table 5.9.4.2.1-1)

o Compression stress limit due to unfactored permanent loads (including girder, slab and
haunch, barrier, and future wearing surface weights) and prestressing force combination:

PS + Perm

Precast girder =0.45 f =0.45(6.000) = 2.700 ksi
CIP deck =045 f,,, =0.45(4.000) = 1.800 ksi

o Compression stress limit due to effective prestress, permanent, and transient loads (includ-

ing all dead and live loads) combination PS + Perm + (LL+IM)y; o5
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Precast girder = 0.60 f/=0.60(6.000) = 3.600 ksi
CIP deck = 0.60 f . = 0.60(4.000) = 2.400 ksi

Tensile stress limit
For components with bonded prestressing tendons or reinforcement:

Load combination service III = [PS + perm + 0.8(LL+IM); 4]
Precast girder =0.19,/f/=0.19v6.0 =0.465 ksi

Check concrete stress at midspan (at service)
Top and/or bottom fibers of precast girder are checked for compressive stresses under the fol-
lowing load combinations:
(i) Load combination PS + perm
Stress at top of precast girder:

_ B Pe,  (Mpe+Mpe,) | (Mpes +Mpy)
fo=—"—-—"+ +
Atr Stgtf Stgtf Stgct
_ 712.8 712.8(16.8) + (526.8+489.2)(12) + (143.2+173.4)(12)
579.8 5,187 5,187 27,333

=1.410 ksi (compression) < 2.700 ksi

Stress at bottom of precast girder:

Pf Pfec _ (Mp, +Mpc,) _ (Mpcs +Mpy)

fimt et
Atr Sb,tr Sb,tr Sbc,rr
_ 7128 + 712.8(16.8) (526.8+489.2)(12) (143.2+173.4)(12)
579.8 6,656 6,656 10,818

=0.846 ksi (compression) < 2.700 ksi

Stress at top of CIP deck:
_ (Mpes + Mpy)
fumr——
Sldct

_ (143.2+173.4)
20,588
=0.185 ksi (compression) <1.800 ksi

(i) Load combination PS + perm + (LL+IM)y; o,
Compressive stress at top of precast girder:

b & (MDCI+MDC2)+(MDC3+MDW)+(M(LL+IM)HL93)

fo=—t-
A S, Sy Sie Siet
_ 7128 712.8(16.8) . (526.8+489.2)(12) . (143.2+173.4)(12) N 1,247(12)
579.8 5,187 5,187 27,333 27,333

=1.271 ksi(compression) < 3,600 ksi
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Stress at top of CIP deck:
f _ (MDC3 + MDW) " (MLL)
td —
Stdct Stdct
_(1432+173.4)(12) , 1,247(12)
20,588 20,588

=0.911 ksi (compression) < 2.400 ksi

(iii) Load combination service III = [PS + perm + 0.8(LL+IM); o]
Check tensile stresses at bottom of precast girder under service III

Py Pre _ (Mpe, + Mpe,) _ (Mpes + Mpy) _ 0.8(M 114 1vypL93)

Ji A " Sy Sy Shef Sef
_7128 7128(168) (5268+4892)(12) (1432+173.4)(12) , 08(1,247)(12)
579.8 6,656 6,656 10,818 10,818
=0.795 ksi (compression)

Since the section is in compression, tensile stress limit is met. Therefore, OK.

1.6.3.8 Design for Strength Limit State—Flexural

(a) Maximum factored moment, M,
The maximum moment for a simple span structure occurs at the midspan.
Strength I:

M, =125 [Mpe, + Mpe, + Mpe; 14 1.5Mpy, +1'75[M(LL+IM)HL93]
The critical design moment for an interior girder occurs at midspan.

M, =125DC+150DW +1.75(LL+IM ),y os
=1.25[526.8+489.2 +143.6]+ 1.50[173.4] + 1.75[1, 247]
= 3,892 kip-ft

(b) Average prestressing steel stress
For sections with bonded tendons and average stress in prestressing steel >0.5 f,,

o= fpu[l—kdij (AASHTO 5.7.3.1.1-1)
P
in which
k= 2[1.04—&} 2(1.04—%‘3): 0.28 (AASHTO 5.7.3.1.1-2)
pu

For deck concrete, f/=4.0ksi
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B, =0.85-0.05(f/—4.0)=0.85—0.05(4.0—4.0)=0.85>0.65 (AASHTO 5.7.2.2)

Use B, =0.85

Assume that the compressive area is a rectangular section, and assume c/d, > 0.6, thus f, = f,.
(AASHTO 5.7.2.1). The distance from neutral axis to extreme compressive fiber is as follows:

Apsfpu + Asfs _As’fs

0.85f/B,b+kA,, [2’]

P

(AASHTO 5.7.3.1.1-4)

. 270)+1.7 -
= 3.906(270) 6(60)—0 —542in

0.85(4.0)(0.85)(72)+ 0.28 (3. 906)( 272)

Depth of compression block: @=p,c=0.85(5.42)=4.61 in

Since this is less than the slab thickness of 7.0 in., the assumption of rectangular compressive
section is valid.

cld, =542 47 =0.12<0.6, therefore the assumption f, = f, is also valid.

For tension controlled prestressed concrete, the flexure resistance factor ¢ = 1.0 (AASHTO 5.5.4.2)
c 542
= 1-k— |=(270)| 1-0.28—— |=261.8 ksi
A fpu[ dp] (2701-02532)

fps=2618 ksi > 0.5 f,, = 0.5 (270) = 135 ksi. Therefore, the equation is applicable. (AASHTO
5.7.3.1.1-1)

(c) Factored resistance moment
Assuming a tension-control section where the net tensile strain in the extreme tension steel is
>0.005 when concrete strain €, = 0.003 and using ¢ = 1.0, we have:

Factored resistance ¢ M, = q)[APS fps( )+A f (d ——):l (AASHTO5.7.3.2.2-1)
=1 0[(3 906)(261. 8)](50 1—4—61}(1 76)(60)] (49 0_4_61J]
=53,806 kip-in

=4,483 kip-ft > M, =3,892 kip-ft

Check the assumption that the section is tension-controlled, that is, €, > 0.005.
From Figure 1.24, the following is obtained:

d,— 51-542
€, =0.003 ( ) 0.003 (W) =0.025>0.005 Therefore,=1.0.
c .



Precast—Pretensioned Concrete Girder Bridges 41

£,=0.003

-4

&
FIGURE 1.24 Strain diagram.

(d) Minimum reinforcement
The amount of prestressed tensile reinforcement at any section of a flexure member is adequate
to develop a factored flexural resistance, AASHTO 5.7.3.3.2 requires that flexure resistance,

M, equals the lesser of (i) 1.33 M, and (ii) M,,.
(i) At midspan, factored moment M, due to strength I = 3892 k-ft

1.33M,, = 5060 k-ft

(i) M =5\ (Vifs 72 e )S. —Mdm(ssf —1” (AASHTO 5.7.3.3.2-1)
f,=024./f/=0.246.0 = 0.588 ksi (AASHTO 5.4.2.6)

Compressive stress in concrete due to effective prestress forces only at extreme fiber of section where
tensile stress is caused by externally applied loads is as follows:

P P 712.8 712.8(17.4
fcpe =_f+i= + ( )
A, S, 560 6177

g

=3.281 ksi

The total unfactored dead load moment acting on the noncomposite section is as follows:
M,,. = Mpe, + My, =526.8+489.2=1,016 k-ft =12,192 k-in

S, = section modulus of the composite section for extreme fiber where tensile is caused by externally
applied loads = §,. = 10,117 in?

S, = section modulus of noncomposite section for extreme fiber where tensile is caused by externally
applied loads = 6,177 in?

v, = flexural cracking variability factor = 1.6 for other than precast segmental structures

v, = prestress variability factor = 1.1 for bonded tendons

v, = ratio of specified minimum yield strength to specified tensile strength of reinforcement
= 1.00 for prestressed concrete structures

10,117
M, = 1.0[(1.6(0.588)+1.1(3.281))10,117—12,192( —1)]

>

=38,185 k-in = 3,182 k-ft

Since 1.33 M, (= 5,060 k-ft) > M,, (3,182 k-ft), M_, requirement controls. Therefore, the nominal flex-
ure strength (¢pM,) provided must be greater than 3,128-ft.
(pM,) = 4,483 k-ft > 3,128-ft. Therefore, the minimum reinforcement requirement is satisfied.
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Note that LRFD requires that the requirement for minimum reinforcement be checked at every sec-
tion along the entire girder.

1.6.3.9 Design for Strength Limit State—Shear

In this example, only the shear design procedure for the critical section near the support is demonstrated.
Other sections along the entire length of the girder can be designed following the same procedure.

For this example, the shear demand is controlled by the load combination strength I. The factored
shear force and bending moment at the critical section are obtained from Table 1.4 (due to dead loads)
and Table 1.5 (due to live loads) multiplied by appropriate load factors from AASHTO Table 3.4.1-1.

(@) Critical section for shear design
The critical section for shear design is located at d, from the internal face of the support.
(AASHTO Art. 5.8.3.2). The effective depth for shear, d,, is the largest of three values: (1) d,— a/2,
(2)0.9d,and (3) 0.72 h. (AASHTO 5.8.2.9). d, = effective depth from extreme compression fiber
to centroid of tensile reinforcement = H — y,,
Several iterations may be needed to find the shear critical location. A distance from support
needs to be assumed first to estimate the path of harped prestressing strands. Assume that
the distance of 4.0 ft (about 90% of the structure depth) from the face of support is the critical
location.
The mild reinforcement at the bottom of the girder is assumed to be 4-#6 bars as shown in
Figure 1.25 and Table 1.6. The amount of mild steel required should be determined on the
basis of the minimum longitudinal reinforcement requirement (AASHTO Eq. 5.8.3.5-1). The
calculations are shown in Section 1.6.3.10.
Centroid of prestressing steel at harped point = 2.89 in from the bottom of the girder and at
ends = 10.44 in
The height of prestressing steel at 4'0" from end of girder,

4.0 .
y,=1044———(10.44—2.89)=9.55in
34.0

176.0
="2-910in
T = 1934

d,=53.0-9.10=4391in

de d,| DS steel

Y 2-#6 (, .
2-#6 e 5

FIGURE 1.25 Definitions of y,, d,, and d,.

Centroid of tensile
" +reinforcement

-0

bt
6
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TABLE 1.6 Tensile Reinforcement at Critical Section

Layer As (in?) y; (in) (A)(y)
1 2-#6=0.88 3 2.64
2 2-#6=10.88 6 528
3 3.906 (270/60) = 17.58 9.55 168.0
Total 19.34 176.0

Depth of compression block at 4'0", a = 2.95 in

a 295 .
—=——-=148in
2 2

d, —%: 430-148=424in

d, =lagest of 0.9d,=0.9(43.9)=39.5in =424 in
0.72h=0.72(53.0)=38.2 in

Therefore, d, = 42.4 in (3.5 ft) from the centerline of support, close to the initial assumption of
4.0 ft. Since the width of bearing has not been determined, it is conservative to assume that the
support width equals zero.

(b) Contribution of concrete to nominal shear resistance, V.,
Strain in flexural tension reinforcement €,
Figure 1.26 shows the critical section near the support. Strain in flexural reinforcement, €, is
calculated by

(lM“|+0.5N +
d, “

Vu - Vp| _Apsfpoj
&= EA+E,A, (AASHTO 5.8.3.4.2-4)

Factored forces at the critical section for strength I are M, = 667 k-ft; V,, = 197.5 kips; N, = 0;
V, =P (sin w)

oo Sin71(10.44— 2.89) _Logt
34.00x12

V, =712.8 (sin 1.06°) = 13.2 kip

M, should not be less than |V, — VP‘ d

M, =667 k-ft >|V, -V,|d, =[197.5-13.2(42.4/12) = 651 k-ft

fro=2a parameter taken as modulus of elasticity of prestressing tendons multiplied by the
locked-in difference in strain between the prestressing tendons and the surrounding con-
crete. For the usual level of prestressing, a value of 0.7 f,,, is appropriate for the pretensioned
member

Jro=10.7 (270) = 189 ksi

A, =3.906 in?

E, A, = 29,000 ksi (0.88 + 0.88) = 51,040 kips
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/— Critical section
— d,
G Girder
Cend |
® !
| !
' i
\ i
!
34'-0" I
|

FIGURE 1.26 Girder elevation near support and the critical section for shear.

12
m+o.s(0)+|197.5 —13.20| - 3.906(189)
424 -365

= =-0.00225
51,040+ 28,500(3.906) 162,361

e =

s

Since €, is a negative value, it should be taken as zero. Therefore, g, = 0

po_ 28 __ 48,4 (AASHTO 5.8.3.4.2-1)
14750, 1+750(0)
0=29+3,500¢, =29+(3,500)(0)=29 (AASHTO 5.8.3.4.2-3)

Concrete contribution in shear resistance, V.

c

V. =0.0316B./f/b,d,

=(0.0316)(4.8)~/6.0(7.0)(42.4)=110.3 kip (AASHTO 5.8.3.3-3)
Check cracking space,
1.38
Spe =8 ——— (AASHTO 5.8.3.4.2-5)
a,+0.63

where 12.0in<§,, £80.0 in
s, is less than
. d
o Maximum distance between layers of longitudinal crack control reinforcement. For
members with concentrated longitudinal reinforce, s, = d,
Therefore, s, =d,=42.4in

a, = maximum aggregate size, assume = 0.75 in

1.
See = 42.4i =42.4in<80.0 in
0.75+0.63

Requirement for shear reinforcement
Check if V, 20.5¢(V. +V,)
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V, =197.5 kip > 0.50(V, +V,)=(0.5)(0.9)(110.3+13.2) = 55.6 kip

Therefore, transverse shear reinforcement is needed at this section
Required area of transverse shear reinforcement

%svn =V.+V,+V, (AASHTO 5.8.3.3-1)
1% 197.5
v, =K“—VC—VP =55 ~1103-132=959kip

A, f,d,(cotB+coto)sina
_ A fyd,(cotO+cotasin (AASHTO 5.8.3.3-4)

N

4, v

s f,4,(cotB+cota)sino

For this example, 8 = 29° and a = 90° then we have

A, V. 95.9 in?
v — = =0.021—
s f,d,(cotB+cota)sino  (60)(42.4)(cot29° +cos90°)sin 90° in

Try #4 (double legs), A, = 0.20 (2 legs) = 0.40 in?
0.40
Requireds=——=19.1in
0.021

in2
Providing #4 bar, double legs, at 12 in spacing, A, = 0.40 %

0.40(60)(42.4)(cot 29°
y, = 240060 - Ne0t29%) _ 1530 kip > 95.9 kip
(d) Check maximum spacing of shear reinforcement

Shear Stress, v,

vV, -0V, -
v, =— oV, 1975 0'9(13'2)=0.695ksi (AASHTO 5.8.2.9-1)
ob,d,  (0.9)(7.0)(42.4)

v, =0.695 ksi <0.125f=0.125(6)=0.75 ksi
Maximum spacing of shear reinforcement is as follows: (AASHTO 5.8.2.7)

If v, <0.125f/, maximum spacing,s,,.. =0.8d, <24.0 in (AASHTO 5.8.2.7-1)

For this case, s,,, =0.84, =(0.8)(42.4)=33.9in>24.0 in
Therefore, use s,,,, = 24.0 in
s=12in<s,_, =24.0in

max
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(¢) Minimum transverse reinforcement
Minimum transverse reinforcement (AASHTO 5.8.2.5)
The area of transverse reinforcement provided satisfies the following:

Az 0.0316,/f/b,s
1 (AASHTO 5.8.2.5-1)

0.0316,/f/b,s  0.0316/6(7.0)(12)
1, - 60

A,=041in%> =0.11 in?

(f) Nominal shear resistance
To ensure that the web concrete will not crush prior to yielding of transverse reinforcement,
nominal shear resistance shall be the lesser of Case (i) and (ii) shown below:
Case (i)

V,=V.+V,+V,=110.3+153.0+13.2=276.5 kip (AASHTO 5.8.3.3-1)

Case (ii)

V,=025fd,d,+V,=(0.25)(6.0)(7.0)(42.4)+13.2 = 458.4 kip (AASHTO 5.8.3.3-2)

Therefore, nominal shear resistance is V, =276.5 kip
Using the above procedure, the transverse reinforcement at increments along the entire girder
can be determined.

1.6.3.10 Check Longitudinal Reinforcement Requirement

The following calculations show the design of longitudinal reinforcement in the girder to meet the mini-
mum longitudinal reinforcement criteria at midspan. As stated in AASHTO Article 5.8.3.5, the amount of
longitudinal reinforcement (on flexural tension side) at all locations along the girder are proportioned to
satisfy the following:

Vi
L VP

v

M N,
A, fotAS, 2u+0.5—“+
dvq)f ¢c

—O.SVS)cote (AASHTO 5.8.3.5-1)

A, = area of nonprestressed tensile reinforcement

The following values at midspan were determined following the procedure described in the previ-
ous section.

M, = 3,892 k-ft; V, = 51.9 kips; V, = 0 kip; V, = 0 kip; N, = 0 kip;
d,=47.41in;0 = 34.2°% f,, = 261.8 ksi.

M
| u|+0.5ﬂ+(ﬁ_vp _0,5VSJcot9
dvq)f q)f v

,892x12 L.
=M+(O5)i+ 2—0‘—(0.5)(0) cot34.2°
(47.7)(1.0) 1.0 \|09

=1,063 kip
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For longitudinal 4-#6 bars, its longitudinal force capacity is

Ay fre+ A, f, =3.906 (261.8)+4(0.44)(60) = 1,128 kip > 1,063 kip

Therefore, the minimum reinforcement requirement is satisfied.

1.6.3.11 Design Anchorage Zone Reinforcement

The provision in AASHTO Art. 5.10.10 requires that the following vertical reinforcement be provided
within the distance h/4 from the end of the girder.

P=fA, (AASHTO 5.10.10.1-1)

f. = stress in mild steel = 20 ksi
A, = total of vertical reinforcement

P.=0.04 P,=0.04(0.75)(270)(3.906) = 31.6 kips

P 316
Requires A, =—=——=1.58 in
fi 20

s

Using #5 bars with 2 vertical legs,

1.
Number of bars required = 18 2.5-#5, double legs.
0.31(2)

Provide 3-#5 vertical bars (2 legs) within h/4 (14 in) from the end of the beam.

1.6.3.12 Calculate Deflection and Camber

Camber due to prestressing force and deflection due to self-weight of girder, slab, and haunch are calcu-
lated using the initial modulus of elasticity of concrete and section properties of the noncomposite girder.

Deflections due to concrete barrier and future wearing surface are calculated using gross composite
section properties.

Instantaneous deflection due to prestressing force and girder weight is calculated at transfer. Long-
term deflection of precast concrete girders could be computed as the instantaneous deflection multi-
plied by a factor.

At the time of stressing, the midspan of the girder will raise by an amount equal to (A, — ADL,).
Because the bottom fiber is more highly stressed than the top fiber, the girder will continue to rise with
the passage of time (Naaman 2004). The total amount by which the girder will rise is dependent on
its age at the time loading from the concrete slab. Different state transportation agencies use different
multipliers to account for the long-term effects. Precast Prestressed Concrete Institute Bridge Design
Manual multipliers (Martin 1977) are presented in Table 1.7.

To calculate deflection and camber at midspan and determine the minimum haunch thickness at
supports, the following steps are required.

P, =730 kip

E,, = 4,067 ksi

I=125,390in*

e. = eccentricity of prestressing force at midspan = 17.4 in

e, = eccentricity of prestressing force at endspan = 10.4 in

L, = overall girder length = 86.0 ft

e’ = difference between eccentricity of prestressing steel at midspan and at end

=174-104=7.0in
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TABLE 1.7 PCI Multipliers

Erection Long-term
Prestressing force 1.80 2.20
Girder weight 1.85 2.40
Deck, haunch, diaphragms, noncomposite DL — 2.30
Barrier, FWS, uniform composite loads — 3.00

a = distance from end of girder to harped point = 34 ft

w, = uniform girder weight = 0.583 kif

(a) Camber due to prestressing force at midspan

L
E,D\. 8 6

2 2
730 [17-4 [86x12] 7.0 [34x12] ]:3.04in T

4,067 (125,390) 8 - 6

(b) Deflection due to girder self-weight at midspan

5y 4 5(@)(86x12)4
e - 12 =14lin
384E,,(I) 384(4,067)(125,390)
(c) Deflection due to weight of slab and haunch at midspan
0.542 4
o ("2 es)02)
== =108in

S

T384E,(I)  384(4,696)(125,390)

(d) Deflection due to barrier weight at midspan

5 [t 5(()'159)[85><12]4
y=—s 12 =0.14in

384E.(I,) 384(4,696)(331,853)

(e) Deflection due to future wearing surface at midspan

1192
Y e FENSPS
- Ml A 12 =0.14in |
384E,(I.) 384(4,696)(331,853)

ws
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(f) Deflection at midspan at the time of girder erection

The deflections at erection time can be estimated using the PCI multipliers in Table 1.7.
Girder deflection =1.8A, +1.85A, =1.8(3.04)+1.85(—1.41)=2.86 in T

After the deck pour, the deflection is 2.86" — 1.08" = 1.78". That means the minimum haunch thick-
ness at girder support should be 1.78". With the assumption of a minimum of 1 in haunch thickness at
midspan, the minimum haunch thickness should be 2.78 in at supports. Therefore, the minimum struc-
ture depth is 4'5" at midspan and the minimum structure depth is 4'7 3/8" at supports.
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2.1 Introduction

Reinforced concrete combines concrete and steel bars by simply putting them together in a passive man-
ner. Prestressed concrete combines high-strength concrete and high-strength steel in an active manner;
this is achieved by tensioning the steel and holding it against the concrete, thus putting the concrete into
compression. Prestressed concrete structures, using high-strength materials effectively, give improved
serviceability, load-carrying capacity, and durability. It is an attractive alternative for long span bridges,
and has been used worldwide since the 1950s. Prestressed concrete bridges have gone from being almost
nonexistent in the 1940s to clearly being the predominant bridge type currently; these are being built in
the United States and around the world. About 25% of highway bridges are prestressed concrete in the
United States (FHWA 2010). There are three types of prestressed concrete bridges such as precast preten-
sioning girder bridges, cast-in-place (CIP) posttensioned girder bridges, and segmentally constructed
concrete girder bridges. This chapter focuses only on CIP posttensioned prestressed concrete girder
bridges. The precast pretensioned presestressed concrete girder bridges are presented in Chapter 1 and
segmental concrete bridges are discussed in Chapter 3. For a more detailed discussion on prestressed
concrete, references are made to textbooks by Collins and Mitchell (1997), Lin and Burns (1981), Nawy
(2009). For precast prestressed concete, see PCI (2011). For posttensioned concrete, see CSI (2008) and
PTI (2006).

51
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2.1.1 Prestressing Systems

There are two types of prestressing systems: pretensioning and posttensioning systems. Pretensioning
systems are methods in which the strands are tensioned before the concrete is placed. This method is gen-
erally used for mass production of linear concrete members. Pretensionsing can neither be used to connect
two precast concrete components nor to connect precast components to cast-in-place concrete members.
Posttensioning systems are methods in which the tendons are tensioned after concrete has reached a speci-
fied strength. This technique is often used in projects with very large cast-in-place elements on falsework.
The main advantage of posttensioning is its ability to posttension both precast and cast-in-place members.

2.1.2 Posttensioning Operation

Compressive stresses in a concrete member are induced by tensioning steel tendons of strands or bars
placed in ducts embedded in the concrete (Figure 2.1). The tendons are installed after the concrete
has been placed and sufficiently cured to a specified compressive strength. Hydraulic prestressing—
jacking (Figure 2.2)—is the most common method used in bridge structures (Caltrans 2005). Figure 2.3
illustrates a complete jacking process (Caltrans 2005).

—— % | =

FIGURE 2.2 A typical hydraulic prestressing jack. (Courtesy of California Department of Transportation.)
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Phase 1

o Bearing plate with sleeve is
attached to formwork.

o Either rigid tubing without
strands or flexible tubing
containing strands is placed.

Phase 2

o After curing of concrete, formwork
is removed from anchorage zone.

e Strands are drawn through duct if
rigid tubing is used.

e Anchor head and grippers are fitted.

o Center-hole jack is placed over
strands.

Phase 3

o Pulling head is fitted, if required,
a load cell can be placed
between pulling head and jack
piston.

Phase 4

e Tendon is stressed.
o Pressure gauge reading and
cable elongation are recorded.

Phase 5

o Jack piston is retracted.
e Force is transferred to the
structure through anchorage.

Phase 6

e If required, a shim can be placed
between the anchor head and the
bearing plate to compensate for
anchorage take-up of 1/4".

Phase 7

o Stressing equipment is removed.

o Projecting strands are cut off and
anchorage sealed.

o Cable is grouted, if required.

o Anchorage is capped with
concrete.

FIGURE 2.3 A complete jacking process. (Courtesy of California Department of Transportation.)

2.1.3 Materials
2.1.3.1 Concrete

A 28-day cylinder compressive strength (f) of concrete, not less than 4.0 ksi (28 MPa), is commonly
used for prestressed concrete in the United States. A higher early strength is often needed for the fast
removal of formwork in the cast-in-place method. The basic concrete material properties are discussed
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in Chapter 13 in Bridge Engineering Handbook, Second Edition: Fundamentals. Only concrete shrinkage
and creep are discussed in this section.

Creep of concrete is a time-dependent inelastic deformation under sustained compression load and
depends primarily on the concrete’s maturity at the time of loading, and magnitude and duration of the
compressive stress. The total creep strain generally ranges from about 0.5 to 4 times of the “instanta-
neous” deformation. The creep coefficient may be estimated as (AASHTO 2012)

v (b ;) =19k K,k k7018 2.1)
in which

k,=1.45-0.13(V/s)21.0 (2.2)
k,. =1.56—0.08H 2.3)

5
= 2.4
T+ f! @4

t

ky=——77—

td 61— 4f) +1 (2.5)

where k;, is humidity factor for creep and t; is the age of concrete at the time of load application.
Concrete shrinkage has a time-dependent material behavior and mainly depends on mixture of
concrete, moisture conditions, curing method, volume-to-surface ratio, and duration of curing period.
The total shrinkage strains range from 0.0004 to 0.0008 over the life of concrete, and about 80% of this
occurs in the first year.
For concrete devoid of shrinkage-prone aggregates, the strain due to shrinkage &, may be estimated
by (AASHTO 2012)

€y =kkykk, 048107 (2.6)
in which
k,=1.45-0.13(V/s)>1.0 (2.7)
ky, =(2.00 - 0.014H) (2.8)
5
k,= 2.9
Tt @9
ky=— (2.10)
61— 4+t '

where k. is the effect factor of the volume-to-surface ratio of the component; V/S is the volume-to-surface
arearatio (in.). H is the relative humidity (%); k;,, is the humidity factor for shrinkage; kfis the effect factor
of concrete strength; k,, is the time-dependent factor; ¢ is the maturity of concrete (days), defined as the
age of concrete at the time of loading for creep calculation, or end of curing for shrinkage calculation.

2.1.3.2 Steel for Prestressing

Uncoated, seven-wire stress-relieved strands (AASHTO M203 or ASTM A416), or low-relaxation seven-
wire strands and uncoated high-strength bars (AASHTO M275 or ASTM A722) are commonly used
in prestresssed concrete bridges. Prestressing reinforcement, whether wires, strands, or bars, are also
called tendons. The properties for prestressing steel are shown in Table 2.1.
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TABLE 2.1 Properties of Prestressing Strand and Bars

Grade and Tensile Strength Modulus of Elasticity
Material Type ksi (MPa) Diameter in. (mm) fouksi (MPa)  Yield Strength f,, ksi (MPa) E, ksi (MPa)
Strand 250 (1725) 1/4 t0 0.6 (6.35 to 15.24) 250 (1,725) 80% Offpu except 90% Offpu 28,500 (197,000)
270 (1860) 3/8t00.6 (10.53 to 15.24) 270 (1,860)  for low-relaxation strand
Bar Type 1, Plain 3/4 to 1-3/8 (19 to 25) 150 (1,035) 85% Offpu 30,000 (207,000)
Type 2, 5/8 — 1-3/8 (15 to 36) 150 (1,035)  80% off,,
Deformed

Source: Data from AASHTO, AASHTO LRFD Bridge Design Specifications, Customary U.S. Unit, 2012, American
Association of State Highway and Transportation Officials, Washington DC, 2012.
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FIGURE 2.4 Typical stress—strain curves for prestressing steel.

Typical stress—strain curves for prestressing steel are shown in Figure 2.4. These curves can be
approximated by the following equations:
For grade 250 (PCI 2011):

28,500 ¢, (ksi) for e, <0.0076

= .04 2.11
£ 250—L (ksi) for e, >0.0076 1)
0.0064

S

For grade 270 (PCI 2011):

28,500 ¢, (ksi) for £, <0.0086
= 04 2.12
F=1270-— %% ) fore, >0.0086 (212
e,—0.007
For bars grade 150:
30,000 €, (ksi) for €, <0.004
f.= 0.028 (2.13)

150 —-————— (ksi) for €,>0.004
0.003

s
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2.1.3.3 Advanced Composites for Prestressing

Advanced composites—fiber-reinforced plastics (FPR) with their high tensile strength and good cor-
rosion resistance work well in prestressed concrete structures. Application of advanced composites for
prestressing has been investigated since the 1950s (Eubunsky and Rubinsky 1954; Wines and Hoff 1966;
Wines et al. 1966). Extensive research has also been conducted in Germany and Japan (Iyer and Anigol
1991). The Ulenbergstrasse bridge, a two span of 70 ft. (21.3 m) and 84 ft. (25.6 m) solid slab using 59
fiberglass tendons, was built in 1986 in Germany, which was the first prestressed concrete bridge to use
advanced composite tendons in the world (Miesseler and Wolff 1991).

FPR cables and rods made of ararmid, glass, and carbon fibers embedded in a synthetic resin have an
ultimate tensile strength of 220 ksi (1,500 MPa) to 290 ksi (2,000 MPa), with the modulus of elasticity rang-
ing from 9,000 ksi (62,055 MPa) to 24,000 (165,480 MPa) (Iyer and Anigol 1991). The main advantages of
FPR are (1) a high specific strength (ratio of strength to mass density) of about 10 to 15 times greater than
steel; (2) alow modulus of elasticity making the prestress loss small; and (3) good performance in fatigue
tests (Kim and Meier 1991) show that, for CFRP, at least three times higher stress amplitudes and higher
mean stresses than steel are achieved without damage to the cable for over 2 million cycles.

Although much effort has been put in to explore the use of advanced composites in civil engineering
structures (see Chapter 16 of the first book in this series, Bridge Engineering Handbook, Second Edition:
Fundamentals) and cost of advanced composites has come down significantly, the design and construc-
tion specifications have not yet been developed. Engineers and bridge owners still evaluate the cost
effectiveness and extended life expectancy gained by using advanced composites.

2.1.3.4 Grout

For posttensioning construction, when the tendons are bound, grout is needed to transfer loads and
to protect the tendons from corrosion. Grout is made of water, sand, and cements or epoxy resins.
AASHTO-LRFD (2012) requires that details of the protection method be indicated in the contract doc-
uments. Readers are referred to the Posttensioning Manual (PTI 2006).

2.2 Typical Box Girder Sections

The multicell box section shown in Figure 2.5 is often used in CIP posttensioned prestressed concrete
girder bridges for spans of 100 (30 m) to 600 ft. (180 m). The spacing of the girders (webs) can be taken as
twice the girder depth. The thickness of the girder is usually taken as 12 in. (300 mm). The deck slab and
soffit slab thickness depends on the clear distance between adjacent girders. The girder and soffit thick-
ness are usually increased in the support regions. Structural depth-to-span ratios are 0.045 for simple
spans, and 0.04 for continuous spans. The high torsional resistance of the box girder makes it particu-
larly suitable for horizontally curved alignment (Figure 2.6) such as those needed on highway ramps.

For a longer span, box girders are usually haunched with a depth-to-span ratio of 0.05 to 0.07 at the
piers. Truckee River Bridge of California, as shown in Figure 2.7, is 465 m (1,525.6 ft.) long and carries
traffic on State Route 267. The 7-span bridge features a cast-in-place, posttensioned two-cell box girder
with spans up to 71 m (232.9 ft.) long. The parabolic haunches with section depth of 2.33 to 4.57 m
(7.64 ft. to 14.99 ft.) flow into the piers, resulting in a very elegant archlike structure.

\
[ L

FIGURE 2.5 Typical cast-in-place posttensioned prestressed concrete box girder section.
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FIGURE 2.7 Truckee River Bridge, California. (Courtesy of California Department of Transportation.)

2.3 Losses of Prestress

Loss of prestress refers to the reduced tensile stress in the tendons after stressing. Although this loss
affects the service performance (such as camber, deflections, and cracking), it has no effect on the ulti-
mate strength of a flexural member unless the tendons are unbounded or the final stress is less than 0.5f,,
(PCI 2011). It should be noted, however, that an accurate estimate of prestress loss is more pertinent in
some prestressed concrete members than in others. Prestress losses can be divided into two categories:

+ Instantaneous losses including losses due to anchorage set (Af,,), friction between tendons and sur-
rounding concrete (Af,), and elastic shortening of concrete (Af, ;) during the construction stage.

o Time-dependent losses (AprT), including losses due to shrinkage (AfPSR), creep (AfPCR), and
relaxation of the steel (Af,,) during the service life.

The total prestress loss (Af,;) for nonsegmental posttensioned members are as follows:

Apr = Apr + Apr + AprS + AprT (2'14)
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2.3.1 Instantaneous Losses
2.3.1.1 Anchorage Set Loss

As shown in Figure 2.8, assuming that the anchorage set loss changes linearly within the length (L,,),
the effect of anchorage set on the cable stress can be estimated by the following formula:

Afpu :Af(l—Li] (2.15)

PA
_ |E(AL) Ly (2.16)
L=
Af or
af = 280 L 2.17)
LPF

where AL is the thickness of the anchorage set; E is the modulus of elasticity of the anchorage set. Af is
the change in the stress due to the anchor set; L, is the length influenced by the anchor set; L, is the
length to a point where loss, Af,, is known; and x is the horizontal distance from the jacking end to the
point considered.

2.3.1.2 Friction Loss

For a posttensioned member, friction losses are caused by the tendon profile curvature effect and the
local deviation in tendon profile wobble effects. AASHTO-LRFD (2012) specifies the following formula:

Ay = fri (1= e me) (2.18)

where f,; is the stress in prestressing steel at jacking; K is the wobble friction coefficient and p is the
curvature friction coefficient (see Table 2.2); x is the length of a prestressing tendon from the jacking

Joi
\
Af x Aj;,F
_“7' Lpa
pr '_ . L

PF |

FIGURE 2.8 Anchorage set loss model.

TABLE 2.2 Friction Coefficients for Posttensioning Tendons

‘Wobble Coefficient, Curvature Coeflicient

Type of Steel Type of Duct K (1/ft.) p (1/rad)
Wire or strand Rigid and semirigid galvanized metal sheathing 0.0002 0.15~0.25
Polyethylene 0.0002 0.23
Rigid steel pipe deviators for external tendons 0.0002 0.25
High-strength bars Galvanized metal sheathing 0.002 0.30

Source: Data from AASHTO, AASHTO LRFD Bridge Design Specifications, Customary U.S. Unit, 2012, American
Association of State Highway and Transportation Officials, Washington DC, 2012.
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end to the point considered; a is the sum of the absolute values of angle change in the prestressing steel
path from the jacking end.

2.3.1.3 Elastic Shortening Loss Af,zs

The loss due to elastic shortening for posttensioned members can be calculated using the following
formula (AASHTO 2012):

N-1E
Af g =—— —L 2.19
prS 2N Eci cgp ( )

where E_ is the modulus of elasticity of concrete at prestress transfer; N is the number of identical
prestressing tendons; and f,,, is the sum of the concrete stress at the center of gravity of the prestressing
tendons due to the prestressing force after jacking for posttensioned members and the self-weight of
member at the section with the maximum moment. For posttensioned structures with bonded tendons,
feqp may be calculated at the center section of the span for simply supported structures at the section with
the maximum moment for continuous structures.

2.3.2 Time-Dependent Losses: Refined Method

AASHTO-LRFD (2012) provides the following refined estimates of each time-dependent loss for
nonsegmental cast-in-place posttensioned members.

Afpir = A psp + A pop + Af pra = A pss (2.20)
where Af, is the prestress gain due to shrinkage of deck in the composite section.
2.3.2.1 Shrinkage Loss
Shrinkage loss can be determined by formulas (AASHTO 2012):
Af psp = €4 E, Ky (2.21)

1

2

1+§:'2(1+A‘Ie’”)(1+0.7wb(tf,ti))

c

Ky= (2.22)

where €, is the shrinkage strain of the girder between the time of deck placement and the final time;
Kis the transformed section coefficient that accounts for the time-dependent interaction between con-
crete and bonded steel; ¢, is the eccentricity of the prestressing force with respect to the centroid of the
composite section (this is positive where the prestressing force is below the centroid of the section); A,
and I are the area of the section and the moment of inertia of the section, calculated using the gross
composite concrete section properties, respectively.

2.3.2.2 Creep Loss
Creep loss can be predicted by (AASHTO 2012):

Af pep =%fcgp I:‘Ifb (tf’ti)_Wb(td’ti)]de (2.23)

+ %Afcd\vb(tf’td)de

c
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where Af,, is the change in the concrete stress at the centroid of prestressing strands due to long-term
losses between transfer and deck placement, combined with the deck weight and the superimposed load.
The concrete stress at the center of gravity of the prestressing steel at transfer, y, (¢, £,), is the girder final
creep coefficient at the final time due to loading at deck placement.

2.3.2.3 Relaxation Loss

The total relaxation loss (Af,x,) can be determined as follows:

_ S| o
Ay = 9 {fw 0.55} (2.24)

where f,, is the stress in prestressing strands immediately after transfer, taken to be not less than 0.55f,;
K, is equal to 30 for low-relaxation strands and 7 for other prestressing steel. The relaxation loss may be
assumed to be equal to 1.2 for low-relaxation strands.

2.4 Design Considerations
2.4.1 Basic Theory

Compared to reinforced concrete, the main distinguishing characteristics of prestressed concrete are
as follows:

« The stresses for concrete and prestressing steel and deformation of structures at each stage, that
is, prestressing, handling, transportation, erection, and service, are investigated on the basis of
the elastic theory.

o The prestressing force is determined by concrete stress limits under service load.

At the strength limit states, flexure and shear resistances are based on the same basic principle as
reinforced concrete.

For the prestressed concrete flexural member section shown in Figure 2.9, the stress at various service
load stages can be expressed by the following formula:

f=&i Pjeyiﬂ (2.25)
A I I
where P; is the prestress force; A is the cross-sectional area; I is the moment of inertia; e is the distance

from the center of gravity to the centroid of the prestressing cable; y is the distance from the centroidal
axis; and M is the externally applied moment.

— |

i

Yb

(a) (b)

FIGURE 2.9 Prestressed concrete member section at service limit state: (a) Cross section; (b) Applied forces;
(c) Stress diagram.
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Section properties are dependent on prestressing methods and load stages. In the analysis, the
following guidelines may be useful:

+ Before bounding of the tendons, for a posttensioned member, the net section should be used theo-
retically, but the gross section properties can be used with a negligible tolerance.

+ After bounding of tendons, the transformed section should be used, but gross section properties
may be used approximately.

o Atservice load stage, transformed section properties should be used.

2.4.2 Stress Limits

The stress limits are the basic requirements for designing a prestressed concrete member. The purpose
of stress limits on the prestressing tendons is to mitigate tendon fracture, to avoid inelastic tendon
deformation, and to allow for prestress losses. Table 2.3 lists the AASHTO-LRFD (2012) stress limits for
prestressing tendons.

The purpose for stress limits on the concrete is to ensure that there is no overstressing at the time
of jacking and after transfer stages, and to avoid cracking (fully prestressed) or to control cracking
(partially prestressed) at the service load stage. Tables 2.4 and 2.5 list the AASHTO-LRFD (2012) stress
limits for concrete.

TABLE 2.3  Stresses Limits for Posttensioning Prestressing Tendon

Prestressing Tendon Type

Stress Relieved Strand and Low Relaxation Deformed

Stress Type Plain High-Strength Bars Strand High-Strength Bars
Prior to seating—short-term f,,, may be 0.90f,, 0.90f,, 0.90f,,

allowed
At anchorages and couplers immediately 0.76f,, 0.80f,,, 0.75f,,

after anchor set
Elsewhere along length of member away 0.70f,, 0.74f,, 0.70f,,,

from anchorages and couplers

immediately after anchor set
At service limit state after all losses f,, 0.80f,, 0.80f,, 0.80f,,

Source: Data from AASHTO, AASHTO LRFD Bridge Design Specifications, Customary U.S. Unit, 2012, American
Association of State Highway and Transportation Officials, Washington DC, Table 5.9.3-1, 2012.

TABLE 2.4 Temporary Concrete Stress Limits at Jacking State before Losses—Fully
Prestressed Components

Stress Type Area and Condition Stress (ksi)
Compressive 0.60 f;
Precompressed tensile zone without bonded reinforcement N/A
Tensile Are.a other than the precompressed tensile zones and without bonded 0.0948/f7 <022
reinforcement

Area with bonded reinforcement sufficient to resist the tensile force in the 0.24,/f,
concrete computed assuming an uncracked section, where reinforcement is
proportioned using a stress of 0.5fy, not to exceed 340 ksi.

Handling stresses in prestressed piles 0.158,/fi:

Note: Tensile stress limits are for nonsegmental bridges only.
Source: Data from AASHTO, AASHTO LRFD Bridge Design Speczﬁcations, Customary U.S. Unit, 2012, American
Association of State Highway and Transportation Officials, Washington DC, Article 5.9.4, 2012.
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TABLE 2.5 Concrete Stress Limits at Service Limit State after Losses—Fully Prestressed Components

Stress Type Area and Condition Stress (ksi)
Compressive  Under the sum of effective prestress and permanent loads 045 f/
Under the sum of effective prestress, permanent loads, and transient loads as well as 0.600,, f7
during shipping and handling
Tensile Precompressed With bonded prestressing tendons or reinforcement under 0.19\/75’
tensile zone moderate corrosive conditions
Assuming With bonded prestressing tendons or reinforcement under 0.0948,/ 1/
uncracked section severe corrosive conditions
With unbonded prestressing tendon No tension

Source: Data from AASHTO, AASHTO LRFD Bridge Design Specifications, Customary U.S. Unit, 2012, American
Association of State Highway and Transportation Officials, Washington DC, Tables 5.9.4.2.1-1, 5.9.4.2.2-1, 2012.
Note: Tensile stress limits are for nonsegmental bridges only.

A prestressed member that does not allow cracking at service loads is called a fully prestressed member,
while one which does is called a partially prestressed member. Compared with full prestress, partial
prestress can minimize camber especially when the dead load is relatively small along with providing
savings in prestressing steel, the work required to tension, and the size of end anchorages and utilizing
more economical mild steel. On the other hand, engineers must be aware that partial prestress may
cause earlier cracks and greater deflection under overloads and higher principle tensile stresses under
service loads. Nonprestressed reinforcement is often needed to provide higher flexural strength and to
control cracking in a partially prestressed member.

2.4.3 Cable Layout

A cable is a group of prestressing tendons and the center of gravity of all prestressing reinforcement.
It is a general design principle that the maximum eccentricity of prestressing tendons should occur
at locations of maximum moments. Typical cable layouts for nonsegmental concrete superstructures
are shown in Figure 2.10. While straight tendons (Figure 2.10a) and harped multi-straight tendons
(Figures 2.10b and 2.10c) are common in precast members, curved tendons are more popular for CIP
posttensioned members (Figures 2.10d and 2.10e).

To ensure that the tensile stress in extreme concrete fibers under services does not exceed code stress
limits (AASHTO 2012), cable layout envelopes are delimited. Figure 2.11 shows limiting envelopes for
simply supported members. From Equation 2.25, the stress at extreme fiber can be obtained
P, + PeC L MC

=1+t + (2.26)
f A I I
where C is the distance from top or bottom extreme fibers that form the center of gravity of the section
(y, or y, as shown in Figure 2.9).

When no tensile stress is allowed, the limiting eccentricity envelope can be solved from
Equation 2.26 with

I M
i =~ T (2.27)
AC IP,
For limited tension stress f,, additional eccentricities can be obtained as follows:
I
e = L (2.28)

PC
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FIGURE 2.10 Cable layout for bridge superstructures: (a) straight tendon (b) harped multi-straight tendon
(c) curved tendon (d) parabola tendon.
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FIGURE 2.11 Cable layout envelopes.

2.4.4 Secondary Moments

The primary moment (M, = Pje) is defined as the moment in the concrete section caused by the eccen-
tricity of the prestress for a statically determinate member. The secondary moment M, (Figure 2.12d)
is defined as the moment induced by prestress and structural continuity in an indeterminate member.

Secondary moments can be obtained by various methods. The resulting moment is the sum of the
primary and secondary moments.

2.4.5 Flexural Resistance

Flexural resistance in the strength limit state is based on the following assumptions (AASHTO 2012):

For members with bonded tendons, strain is linearly distributed across a section. For members
with unbonded tendons, the total change in tendon length is equal to the total change in member
length over the distance between two anchorage points.

The maximum usable strain at extreme compressive fiber is 0.003.

The tensile strength of concrete is neglected.

A concrete stress of 0.85 f/ is uniformly distributed over an equivalent compression zone.
Nonprestressed reinforcement reaches the yield strength and the corresponding stresses in the
prestressing tendons are compatible based on plane section assumptions.
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Mg

(@

FIGURE 2.12 Secondary moments: (a) prestressed continuous beam (b) deformed simply supported beam due
to primary moment (c) deformed continuous beam due to primary and secondary moments (d) secondary moment
diagram.

For a member with a flanged section (Figure 2.13) subjected to uniaxial bending, the equations of
equilibrium are used to obtain a nominal moment resistance of

a a
Mn = Apsfps(dp _E)"_Asfs(ds - 5)

L (2.29)
’ 7 7 a 7 a f
—A | == |+085 f(b—b k| =——L
st( 2) Jo=b,) f(z 2)
a=B, c (2.30)
For bonded tendons:
A +Af—Af —085f (b—b,)h
c= ol t AL AL fe W)fzhf (2.31)

0.85B, f/b, + kA, d"“

p

Sps =fpu[1—kdij (2.32)

P
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0.85f.
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v > Af,

FIGURE 2.13 A flanged section at nominal moment capacity state.

k=2(1.04—@] (2.33)
1,

pu

0.852p, =0.85—( f/—4)(0.05)>0.65 (2.34)

where A represents area; f is the stress; b is the width of the compression face of the member; b, is the
web width of a section; i, is the compression flange depth of the cross section; d, and d are the dis-
tances from the extreme compression fiber to the centroid of prestressing tendons and to the centroid of
tension reinforcement, respectively; subscript ¢ indicates the specified strength for concrete; subscripts
pand s mean prestressing steel and reinforcement steel respectively; subscripts ps, py, and pu correspond
to states of nominal moment capacity, yield, and specified tensile strength of prestressing steel, respec-
tively; superscript ' represents compression. The above equations can also be used for a rectangular
section in which b, = b is taken.
For unbound tendons:

. ApfptAf—Af-085f(b-b,)h; >h,

2.35
0.85P,f’b, 2.35)
d,—c (2.36)
fpszfpe+900 I Sfpy ’
= ilN 2.37)

where [, is the effective tendon length (in.); [, is the length of the tendon between anchorage; N, is the
number of support hinges crossed by the tendon between anchorages or discretely bonded points.
Minimum reinforcement limit:

OM,=12M, (2.38)

in which ¢ is the flexural resistance factor 1.0 for prestressed concrete and 0.9 for the reinforced con-
crete; M,, is the cracking moment strength given by the elastic stress distribution and the modulus of
rupture of concrete.

M, :yi(f, +fro— f1) (2.39)
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where f,, is the compressive stress in concrete due to effective prestresses and f; is the stress due to the
unfactored self-weight; both f,, and f; are stresses at extreme fiber where tensile stresses are produced by
externally applied loads.

2.4.6 Shear Resistance

The nominal shear resistance at the strength limit state is contributed by tensile stress in the concrete
and tensile stresses in the transverse reinforcement and vertical component of prestressing force. It shall
be determined by the following formula (AASHTO 2012):

L = he lesse] ()f
t 2.40
! 5 fc,l Vdv p ( )

3 A, f}, d, (cos®+cota)sina

V. (2.42)

s

N

where b, is the effective web width determined by subtracting the diameters of un-grouted ducts or
one-half the diameters of grouted ducts; d, is the effective depth between the resultants of the tensile
and compressive forces due to flexure, but it should not be taken into account if it is less than the greater
0f 0.9 d, or 0.72h; A, is the area of the transverse reinforcement within distance s; s is the spacing of the
stirrups; o is the angle of inclination of transverse reinforcement to the longitudinal axis; f is a factor
indicating the ability of diagonally cracked concrete to transmit tension; 6 is the angle of inclination of
diagonal compressive stresses. The values of f and 0 for sections with at least the minimum transverse
reinforcement may be determined by

4.8

= 2.43
b (1+750¢,) (243)
=29+ 3500€, (2.44)
M 05w, 4]y, v,|-4
d . u u~ Vp| ™ psfpo
g, =—>" (2.45)

EA+E,A,

where | M, | is the absolute value of the factored moment, not to be taken into account if it is less than
where ‘Vu —Vp‘dv; N, is the factored axial force (taken as positive if tensile) associated with the
factored shear force V,; f,, is the stress in prestressing steel when the stress in the surrounding concrete
is zero and can be conservatively taken as 0.7 f,,; V, is the component in the direction of the applied
shear of the effective prestressing force.

_ Apefpsdy + Asfyds (2.46)
Apsfps + Asfy

Minimum transverse reinforcement:

b,s

Ayin =0.0316

(2.47)

vmin
Y
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Maximum spacing of transverse reinforcement:

0.84,
Forv, <0.125f/ s,,.. = the smaller of { ) (2.48)
24 in.
0.4d,
Forv, >0.125f s, = the smaller of . (2.49)
12 in.
v, = L‘WA (2.50)
ob,d,

where ¢ is the resistant factor for shear and is equal to 0.9.

2.4.7 Camber and Deflections

As opposed to load deflection, camber is usually referred to as reversed deflection and is caused by pre-
stressing. A careful evaluation of camber and deflection for a prestressed concrete member is necessary
to meet serviceability requirements. The following formulas developed by the moment-area method can
be used to estimate midspan camber for simply supported members as shown in Figure 2.10.

For a straight tendon (Figure 2.10a):

L2

= (2.51)
8EI ¢
For a one-point harping tendon (Figure 2.10b):
2
A=t (MC+EME) (2.52)
8E.I 3
For a two-point harping tendon (2.10¢):
15 M,(2aY
A= M.+M, - (—“) (2.53)
8E.I 3L
For a parabola tendon (2.10d):
2
A=t (ME+EMC) (2.54)
8E.I 6

where M, is the primary moment atend, Pe,, ;, and M, is the primary moment at midspan Pje.. Uncracked
gross section properties are often used in calculating camber. For deflection at service loads, cracked
section properties, that is, moment of inertia I, should be used at the post-cracking service-load stage.

2.4.8 Anchorage Zones

In a pretensioned member, prestressing tendons transfer the compression load to the surrounding
concrete over a length L, gradually. In posttensioned member, prestressing tendons transfer the
compression directly to the end of the member through bearing plates and anchors. The anchorage zone,
based on the principle of St. Venant, is geometrically defined as the volume of concrete through which
the prestressing force at the anchorage device spreads transversely to a more linear stress distribution
across the entire cross section at some distance from the anchorage device (AASHTO 2012).

For design purposes, the anchorage zone can be divided into general and local zones (AASHTO
2012). The region of tensile stresses is the general zone. The region of high compressive stresses
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(immediately ahead of the anchorage device) is the local zone. For the design of the general zone, a
“Strut-and-Tie Model,” a refined elastic stress analysis, or approximate methods may be used to deter-
mine the stresses, while the resistance to bursting forces is provided by reinforcing spirals, closed hoops,
or anchoraged transverse ties. For the design of the local zone, bearing pressure is a major concern. For
detailed requirements, see AASHTO-LRFD (2012).

2.5 Design Limit States and Procedure

2.5.1 Design Limit States

A prestressed concrete girder highway bridge in the United States is designed to meet the requirements
under various limit states specified by AASHTO-LRFD (2012) such as Strength I, Strength II, Service I
and III, and Extreme Events. See Chapters 3, 4, and 6 in the first book in this series, Bridge Engineering
Handbook, Second Edition: Fundamentals for a more detailed discussion.

2.5.2 Design Procedure

The CIP posttensioned prestressed concrete highway bridge girder may follow the flowchart as shown
in Figure 2.14. The concrete design theory is discussed in Chapter 13 of Bridge Engineering Handbook,

Second Edition: Fundamentals.

Determine girder cross section geometry. Select materials.
Determine longitudinal section and cable path

v

| Perform load and structural analysis ‘

v

| Determine load factors for strength ‘

v

| Calculate section properties ‘

v

| Calculate prestress losses section properties ‘

v

Determine prestressing force P; using the concrete tensile
stress limit in the precompresed tensile zone
under service III load combination

| Check concrete strength under service I load combination ‘

| Flexural design—strength limit state ‘

v

| Shear design—strength limit state ‘

|

| Anchorage zone design ‘

v

| Calculate deflection and camber ‘

Girder design
completed

FIGURE 2.14 Typical CIP posttensioned prestressed concrete girder design flowchart.
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2.6 Design Example: Two-Span Continuous Box Girder Bridge
2.6.1 Bridge Data

A two-span continuous cast-in-place prestressed concrete box girder highway bridge has two equal
spans of length 157 ft. (47.9 m) with a column bent. The superstructure is 34 ft. (10.4 m) wide. The eleva-
tion of the bridge is shown in Figure 2.15.

2.6.2 Requirements

The following design calculations are performed for an interior plate girder at Span 1 in accordance with
the AASHTO LRFD Bridge Design Specifications, 2012 Edition (AASHTO 2012).

o Determine cross-section geometry.

 Select materials.

o Determine longitudinal section and cable path.

o Perform load and structural analysis.

 Calculate unfactored moments and shears for interior girder.
o Determine load factors for strength and service limit states.
« Calculate section properties for interior girder.

o Calculate prestress losses.

o Determine prestressing force Pj—for interior girder.

o Check concrete strength for interior girder—Service Limit State I.
o Design for flexural—Strength Limit State I.

o Design for shear—Strength Limit State I.

2.6.3 Solution

2.6.3.1 Determine Cross-Section Geometry

1. Structural Depth—d
For prestressed continuous spans, the structural depth d can be determined using a depth-
to-span ratio (d/L) of 0.04.

d=0.04L =0.04(157)=6.28 ft. (191 m)

Use d=6.25ft. (1.91 m)

2. Girder Spacing—S$
To provide effective torsional resistance and a sufficient number of girders for prestress
paths, the spacing of girders should not be larger than twice their depth.

Spee <2d =2 (6.25)=12.5 ft. (3.81 m)

max

Symmetrical about ¢
‘ 157' 157'

Vi ] ~— 5' dia. column 557

7

FIGURE 2.15 A two-span continuous CIP prestressed concrete box girder bridge.
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~— 3" future AC overlay )?
1 |
.I," Y~ [ —
A 2 4" fillets i
Q') (Typ.) I 5.875" at midspan
| | 1'-0"at bent
: |
3@8-8" = 260" 40"
340" _|

FIGURE 2.16 Typical section of box girder.

Using an overhang of 4 ft. (1.22 m), the center-to-center distance between two exterior gird-
ers is 26 ft. (7.92 m).

Try three girders and two bays, S =26/2 = 13 ft.> 12.5 ft.

Try four girders and three bays, S = 26/3 = 8.67 ft. <12.5 ft.

Use a girder spacing S = 8.67 ft. (2.64 m)

3. Typical Section

From past experience and design practice, we select a thickness of 7 in. (178 mm) at the edge
and 12 in. (305 mm) at the face of the exterior girder for the overhang, the width of 12 in. (305 mm)
for girders with the exterior girder flaring to 18 in. (457 mm) at the anchorage end. The length
of this flare is usually taken as one-tenth of the span length 15.7 ft. (4.79 m). The deck and soffit
thicknesses depend on the clear distance between adjacent girders. 7.875 in. (200 mm) and
5.875 in. (149 mm) are chosen for the deck and soffit thicknesses respectively. A typical section
for this example is shown in Figure 2.16. The section properties of the box girder are as follows:

Properties Midspan Bent (face of support)
Cross section area — A ft.2 (m?) 57.25 (5.32) 68.98 (6.41)
Moment of initial I ft.* (m*) 325.45 (2.81) 403.56 (3.48)
Center of gravity — y, ft. (m) 3.57 (1.09) 3.09 (0.94)

2.6.3.2 Select Materials

The following materials are selected for this example:

Concrete:

Initial concrete £ =3,500 psi (24.13 MPa), E_; = 3,372 ksi (23,250 MPa)

Final concrete f/=4,000 psi (27.58 MPa), E, = 3,600 ksi (24,860 MPa)
Prestressing steel:

j;u =270 ksi (1,860 MPa) low relaxation strand

E, = 28,500 ksi (197,000 MPa)

Prestressing stress at jacking f,; = 0.8 f,,, = 216 ksi (1,489 MPa)
Reinforcement steel:

f,= 60 ksi (414 MPa), E, = 29,000 ksi (200,000 MPa)

Prestressing stress at jacking f,; = 0.8 f,,, = 216 ksi (1,489 MPa)
Prestressing: Anchorage set thickness = 0.375 in. (9.5 mm)

2.6.3.3 Determine Longitudinal Section and Cable Path

To lower the center of gravity of the superstructure at the face of a bent cap in a CIP posttensioned box
girder, the thickness of soffit slab is flared to 12 in. as shown in Figure 2.17. A cable path is generally
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157" Symmetrlcal about ¢

Inflection point
Cable path; R\\’g
\ Point of no
= L t
T
I

62.8' 157" | 1
——’—H‘ 12" flare

157"

—
—

FIGURE 2.17 Cable path.

controlled by the maximum dead load moments and the position of the jack at the end section. Maximum
eccentricities should occur at points of maximum dead load moment and almost no eccentricity should
be present at the jacked end section. For this example, the maximum dead load moments occur at the bent
cap, close to 0.4L for Span 1 and 0.6L for Span 2. A parabolic cable path is chosen as shown in Figure 2.17.

2.6.3.4 Perform Load and Structural Analysis

1. Calculate permanent loads
The permanent load or dead load includes the component dead load DC and the wearing
surface load DW. The component dead load DC includes all structural dead loads with the
exception of the future wearing surface and specified utility loads. For design purposes, two
parts of the DC are defined as follows:
DCI—girder self-weight (150 Ibs./ft.?) acting at the prestressing state
DC2—barrier rail weight (784 kip/ft.) acting at service state after all losses.
DW—future wearing surface of 3 in. (76 mm) with a unit weight of 140 Ibs./ft.?
DW = (deck width — barrier width) (thickness of wearing surface) (unit weight)
= [34 - 2(1.75)] (0.25) (140) = 1067.5 Ibs./ft.
2. Determine live load LL and dynamic load allowance IM
The design live load LL is the AASHTO HL-93 vehicular live load. To consider the wheel-
load impact from moving vehicles, the dynamic load allowance IM = 33% [AASHTO-LRFD
Table 3.6.2.1-1] is used.
3. Calculate live load distribution factors
AASHTO-LRFD (2012) recommends that approximate methods be used to distribute live
load to individual girders. The dimension relevant to this prestressed box girder are depth d =
6.25 ft. (1.91 m), number of cells N, = 3, spacing of girders S = 8.67 ft. (2.64 m), span length
L =157 ft. (47.9 m), half of the girder spacing plus the total overhang W, = 8.334 ft. (2.54 m),
and the distance between the center of an exterior girder and the interior edge of a barrier d, =
4-1.75=2.25ft. (0.69 m). This box girder is within the range of applicability of the AASHTO
approximate formulas. The live load distribution factors are calculated as follows.
Live load distribution factor for bending moments
1. Interior girder (AASHTO Table 4.6.2.2.2b-1)
One lane loaded:

o2 ()
YT o
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Two or more lanes loaded:
03 025
oA
N, ) (ss )L
13 0.3 8.67 1 0.25
z(—) (—)(—) =0.656 lanes (controls)
3 5.8 J\157

2. Exterior girder (AASHTO Table 4.6.2.2.2d-1)

W, 8334
LDy =—t==""=
14

=0.595lanes (controls)

Live load distribution factor for shear
1. Interior girder (AASHTO Table 4.6.2.2.3a-1)

One lane loaded:
0.6 0.1
wo~(55) (57)
9.5 12L

06 0.1
K 2
= (ﬁ) _625 =0.535 lanes
95 12(157)

Two or more lanes loaded:

0.9 0.1
w=(73) ()
7.3 12L

867\ 625 "
z(—) =0.660 lanes (controls)
73 ) \120157)

2. Exterior girder (AASHTO Table 4.6.2.2.3b-1)
One lane loaded: Lever rule
The lever rule assumes that the deck in its transverse direction is simply supported by the
girders and uses statics to determine the live load distribution to the girders. AASHTO-LRFD
also requires that, when the lever rule is used, the multiple presence factor m should apply. For
aoneloaded lane, m = 1.2. The lever rule model for the exterior girder is shown in Figure 2.18.
From static equilibrium:

R= 292 =0.683
8.67

LD, =mR=(1.2)(0.683)=0.820 (controls)

Two or more lanes loaded: Modify interior girder factor by e

d
LDV =e (LDV )inreriar girder = (064 +— )(LDV )interior girder
12,5
2.25
= (0.64 + —)(0.66) =0.541
12,5
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RLL
2 g B _‘,. 592
IL g LL _1

4 | 8.67' |
| ]

FIGURE 2.18 Live load distribution for exterior girder—lever rule.

Strength Limit State I Interior Girder Exterior Girder
Bending moment 0.656 lanes 0.595 lanes
Shear 0.660 lanes 0.820 lanes

The controlling live load distribution factors at the strength limit state are as follows:
4. Perform structural analysis
A line girder analysis for the two-span bridge is performed to obtain the unfactored dead
load effects for the whole box girder and unfactored live load effects for one lane loaded.
The secondary moments due to prestressing at the bent are as follows:

Mp, = L.118 P, (kip-ft) M = 1107 P, (kip-ft.)

2.6.3.5 Calculate Unfactored Moments and Shear for Interior Girder

It is practically assumed that all dead loads are carried by the box girder and equally distributed to each
girder. The live load effects are distributed to individual girders according to live load distribution fac-
tors (AASHTO Article 4.6.2.2.2). Unfactored moment and shear effects for an interior girder are shown
in Figures 2.19 and 2.20. Details are listed in Tables 2.6 and 2.7. Only the results for Span 1 are shown in
these tables and figures since the bridge is symmetrical about the bent.

2.6.3.6 Determine Load Factors for Strength and Service Limit States
1. General design equation (ASHTO Article 1.3.2)

Yy, Q<OR, =R, (2.55)

where y; is the load factor and ¢ is the resistance factor; Q, represents the force effect; R, is the
nominal resistance; R, is the factored resistance; 7, is the load modifier factor related to ductil-
ity, redundancy, and operational importance and is defined as follows when a maximum value
of y; is used:

m; =MpNeN; 2095 (2.56)
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5000
3513 3626 3210
3000 | 2871
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Ratio of distance from left end to span length (x/L)

FIGURE 2.19 Unfactored moment envelopes for Span 1.

200
150 [125.2
100 f
50
= O -194
E)
= =50
g —+DC1
=
“ -100
—=— DC2
-150 ——DW
=200 r —%— +(LL+IM)
250 | —s— —(LL+IM) -215.9
~300 ! ! : ! : ! ' ! !
0.0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0
Ratio of distance from left end to span length (x/L)
FIGURE 2.20 Unfactored shear envelopes for Span 1.
where
1.05 for non-ductile components and connections (2.57)
o= 0.95 for ductile components and connections '
1.05 for non-redundant members 2.58)
®710.95 for redundant members '

1.05 operational impotant bridge

M;=10.95 general bridge (2.59)

only apply to strength and extreme event limit states
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TABLE 2.6 Unfactored Dead Load Moments and Shears for the Interior Girder
Unfactored Dead Load
DC1 DC2 DW
MDC] VDCI MDCZ VDCZ MDVV VDW
Span Location (x/L) (kip-ft.) (kip) (kip-ft.) (kip) (kip-ft.) (kip)
0.0 0 125.2 0 114 0 15.6
0.1 1700 91.5 155 8.4 212 114
0.2 2871 57.7 262 5.3 357 7.2
0.3 3513 24.0 321 2.2 437 3.0
0.4 3626 -9.7 331 -0.9 451 -1.2
1 0.5 3210 —43.4 293 —-4.0 399 54
0.6 2264 -77.1 207 -7.1 282 -9.6
0.7 789 —111 72 -10.1 98 -13.8
0.8 -1215 —145 —111 -13.2 —151 -18.0
0.9 —3748 -178 —342 -16.3 —466 -22.2
1.0 —6833 (=6292) 216 —622 (=573) ~19.4 —847(-781)  —26.4

Notes:

. DCI—interior girder self-weight

. DC2—barrier self-weight

DW—wearing surface load

. Moments in brackets are for face of support at the bent
. Moments in Span 2 are symmetrical about the bent

. Shear in span is antisymmetrical about the bent

TABLE 2.7 Unfactored HL-93 Live Load Moments, Shears and Associated Forces for Interior Girder

Positive Moment and

Negative Moment and

Shear and Associated

Associated Shear Associated Shear Moment
MLL+IM VLL+IM MLL+IM VLL+IM VLL+IM MLL+IM
Span Location (x/L) (kip-ft.) (kip) (kip-ft.) (kip) (kip) (kip-ft.)
0.0 0 0 0 0 60.0 0
0.1 782 49.8 -85 -5.4 50.1 787
0.2 1312 41.8 -169 —5.4 42.0 1320
0.3 1612 29.3 —253 -54 34.3 1614
0.4 1715 21.8 -337 5.4 -27.7 1650
1 0.5 1650 -30.0 —422 —5.4 -35.1 1628
0.6 1431 -36.7 -506 -5.4 —42.0 1424
0.7 1081 —42.6 -590 -54 —49.9 852
0.8 647 —47.8 —748 -8.3 -59.2 216
0.9 196 -32.9 -1339 —50.1 —68.8 —-667
1.0 0 0 —2266 (-2104) —67.8 -78.5 -1788

Notes:

1. LL + IM—AASHTO HS20-44 live load plus dynamic load allowance
. Moments in brackets are for face of support at the bent

. Moments in Span 2 are symmetrical about the bent

. Shear in Span 2 is antisymmetrical about the bent

. Live load distribution factors are considered

U W N
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For this bridge, the following values are assumed:

Limit States Ductility n, Redundancyn,  Importancen; n
Strength limit state 0.95 0.95 1.05 0.95
Service limit state 1.0 1.0 1.0 1.0

2. Load factors and load combinations
The load factors and combinations are specified as (AASHTO Table 3.4.1-1):
Strength Limit State I: 1.25(DCI + DC2) + 1.5(DW) + 1.75(LL + M)
Service Limit State I: DCI + DC2 + DW + (LL + IM)
Service Limit State III: DCI + DC2 + DW + 0.8(LL + IM)

2.6.3.7 Calculate Section Properties for Interior Girder

For the example bridge, the skew angle is zero and L/S = 157/8.67 = 18.1 > 2. For an interior girder, as
shown in Figure 2.21, the effective flange width b5 is taken as the tributary width of the concrete slab,
that is, the girder spacing S = 8.67 ft. (AASHTO 4.6.2.6).

The section properties at the midspan and the bent (face of support) for the interior girder are calcu-
lated in Tables 2.8 and 2.9.

2.6.3.8 Calculate Prestress Losses

For a CIP posttensioned box girder, two types of losses, instantaneous losses (friction, anchorage set
and elastic shortening) and time-dependent losses (creep and shrinkage of concrete, and relaxation of
prestressing steel), are significant. Since the prestress losses are not symmetrical about the bent for this
bridge, the calculation is performed for both spans.

L. Frictional loss Af,;
Afpp = fi (1K) (2.60)
where K is the wobble friction coefficient = 0.0002 1/ft. (6.6 X 10”7 1/mm) and p is the coefficient

of friction = 0.25 (AASHTO Article 5.9.5.2.2b); x is the length of a prestressing tendon from

by (top)

N ¥

J

hf(bottom_)L s
[ J

L beﬁ(bottom) _‘ T

I -

FIGURE 2.21 Cross section of interior girder.
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TABLE 2.8 Midspan Section Properties for Interior Girder

Component A;(in?)  y,(in) Ay, (in3) yi—y, (in.) A ()’i — Ynew )2 (in.%) I, (in.%)
Top deck 104 x 7.875 819 71.06 58,200.2 30.77 775,487 4,233
Fillet 4 x 4 16 65.79 1,052.7 25.50 10,405 14
Web 61.25 x 12 735 36.5 26,827.5 -3.79 10,565 229,793
Bottom soffit 104 X 5.875 611 2.94 1,794.8 -37.35 825,529 1,757
z 2,181 - 87,875.2 - 1,648,986 235,787

Ay, 87,8522
yb=22" i =40.291n.
A 2,181

¥, =(6.25)(12)—40.29=34.71in.

L= 1+ Ay ~y) =235787+1,648,986 = 1,884,773 in.*

TABLE 2.9 Bent Section (at Face of Support) Properties for Interior Girder

Component A, (in.2) y; (in.) Ay, (in3) y;i—y, (in.) A (y,- - Ynew )2 (in.*) I, (in.%)
Top deck 104 x 7.875 819 71.06 58,200.2 37.21 1,133,902 4,233
Fillet 4 x 4 16 65.79 1,052.7 31.94 16,321 14
Web 55.125 X 12 661.5 39.56 26,170.6 5.71 21,559 167,512
Bottom soffit 104 x 12 1,248 6.00 74,988.0 -27.85 968,233 14,976
z 2,744.5 - 92,911.5 - 2,140,015 186,735

DAy 929115

= = =33.85in.
e YA 27445

y,=(6.25)(12)-33.85=41.15in.

L=Y1+YA(y-y) =186735+2,140,015= 2,326,750 in.!

the jacking end to the point considered; o is the sum of the absolute values of the angle change
in the prestressing steel path from the jacking end.

For a parabolic cable path (Figure 2.22), the angle change is « = 2¢,/L,, where ¢, is the verti-
cal distance between two control points and L, is the horizontal distance between two control
points. The details are given in Table 2.10.

2. Anchorage set loss Af,,

The anchorage set loss can be approximated by assuming the anchorage set loss changes
linearly within the length L,, as shown in Figure 2.8.

Assume an anchor set thickness of AL = 0.375 in., E = 29,000 ksi, and consider the point B
where L,; = 141.3 ft. and Af,, = 14.9 ksi:

E(AL)L
L= (AD)Lye _ [29,00003751413) _g 51 141 36,
Af e 12(14.90)

_2Afpx 2(14.90)(92.71)
L 1413

=19.55 ksi

Af

pF

77
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FIGURE 2.22 Parabolic cable path.
TABLE 2.10 Prestress Frictional Loss
Segment e, (in.) L, (ft) o (rad) Yo (rad) IL, (ft) Point Af,p (ksi)
A 31.84 0 0 0 0 A 0.0
AB 31.84 62.8 0.0845 0.0845 62.8 B 7.13
BC 42.50 78.5 0.0902 0.1747 141.3 C 14.90
CD 8.50 15.7 0.0902 0.2649 157.0 D 20.09
DE 8.50 15.7 0.0902 0.3551 172.7 E 25.06
EF 42.50 78.5 0.0902 0.4453 251.2 F 32.18
FG 31.84 62.8 0.0845 0.5298 314.0 G 38.23

Afop = Af (1—;‘7) =19.55 (1—%)
The anchorage set loss is calculated in Table 2.11.
3. Elastic shortening loss Af,;
The loss due to elastic shortening in posttensioned members is calculated using the follow-
ing formula (AASHTO Article 5.9.5.2.3b):

N-1E,

2.61
2N E, (2.61

Af PES = fcgp

To calculate the elastic shortening loss, we assume that the prestressing jack force for an
interior girder P; = 1800 kips and the total number of prestressing tendons N = 4. f,,, is calcu-
lated for the midsupport section. From Table 2.9, the distance between the prestressing ten-
dons to the central gravity of the girder, e=y,—13=41.15-13=28.15 in.

2
_b_Be  Mpye

=—+
S A I I
_ 1,800 1,800(28.15)  (=6,292)(12)(28.15)
2,7445 2,326,750 2,326,750

=0.656+0.613—0.913=0.356 ksi (2.455 MPa)
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TABLE 2.11 Cable Path and Prestress Losses

Span Location Prestress Losses (ksi) Force Coef.
(x/L) Af;ﬁ Apr AJ;ES A};LT A];T F pCI F pCF
0.0 0.00 19.55 39.01 0.904 0.819
0.1 1.78 16.24 37.48 0911 0.826
0.2 3.56 12.93 35.95 0.918 0.834
0.3 5.35 9.93 34.74 0.924 0.839
0.4 7.13 6.31 32.90 0.933 0.848
1 0.5 8.68 3.00 1.13 18.33 31.13 0.941 0.856
0.6 10.24 29.70 0.947 0.863
0.7 11.79 31.25 0.940 0.855
0.8 13.35 0.00 32.81 0.933 0.848
0.9 14.90 34.36 0.926 0.841
1.0 20.09 39.55 0.902 0.817
0.0 20.09 39.55 0.902 0.817
0.1 25.06 44.52 0.879 0.794
0.2 26.49 45.95 0.872 0.787
0.3 2791 47.37 0.866 0.781
0.4 29.34 48.80 0.859 0.774
0.5 30.76 0.00 1.13 18.33 50.22 0.852 0.768
2 0.6 32.18 51.64 0.846 0.761
0.7 33.69 53.15 0.839 0.754
0.8 35.21 54.67 0.832 0.747
0.9 36.72 56.18 0.825 0.740
1.0 38.23 57.69 0.818 0.733
Note:
FpCI -1— Apr +Apr +AprS
o
Eyp=1- Ay f,=216ksi

P

N-1E, 4—1(28,500

A - 7 [
fors 2N Eciffg" 2(4)\ 3,372

) (0.356)=1.13 ksi (7.778 MPa)
4. Shrinkage loss Af,;
For cast-in-place concrete box girder, concrete of deck and girders is usually cast prior to
prestressing
Assume €,,; = 0.0006, A, = P/f,, = 1,800/216 = 8.33 in.%, and ¢, = 28 days, f,= 120 days.

Y. (2.181)(1.0) =4.02>1.0
s (2)(104+7.875+5.875+92+61.25)(1.0)

k,=145-0.13(V/s)>1.45—(0.13)(4.02)=0.93<1.0 Usek,=1.0

k,.=1.56—0.08 H =1.56—0.08(70)=1.0
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Ky =(2.00—.014H)=2.0—0.014(70)=1.12

5 5
=——=—-=10
1+ f! 1+4

ky
t 28

= = =0.373
61—4f/+t 61—(4)(3.5)+28

td

Creep coefficient
(£t ) =19k ki e k011 =(1.9)(1.0)(1.0)(1.0)(0.373)(120) ' = 0.403

Shrinkage loss can be determined by formulas (AASHTO 2012):

1

“TTE A A e

1+ L2 1+ 28 1407y, (t, ¢,
EA[ o

_ 1 (AASHTO 5.9.5.4.3a-2)

2
28,500( 8.33 )1+(2,744.5)(28.15) (1+0.403)
3,372 \ 2,744.5 2,326,750

=0.935

M sz = €44, K =(0.0006)(28,500)(0.935) = 16.0ksi

5. Creep loss Af,cx

E.

ci

AprR = (&)ﬂng(td’ti)Kid

= ( 238;57020) (0.356)(0.403)(0.935)=1.13ksi ~ (AASHTO 5.9.5.4.2b-1)

6. Relaxation loss Af,p,
For low-relaxation strands, the relaxation loss is assumed to be equal to 1.2 ksi (AASHTO
5.9.5.4.2¢).
7. Time-dependent losses Af,
Total time-dependent losses for nonsegmental cast-in-place posttensioned members is as
follows:

Afyir = Afpsr + My + Af ey =16.0+1.13+1.2= 1833 ksi
8. Total losses Af,;

Apr = Apr + Apr + AprS + AprT (2.62)

Details are given in Table 2.11.
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2.6.3.9 Determine Prestressing Force P; for Interior Girder

81

Since the live load is not in general equally distributed to girders, the prestressing force P, required for
each girder may be different. To calculate prestress jacking force P, the initial prestress force coefficient

F,crand final prestress force coefficient F, . are defined as follows:

Fr=1- v+ Apa + Afpus (2.63)
o
Fr=1- Yor (2.64)
o
The prestress force coefficients are calculated and tabled in Table 2.12.
The secondary moment coefficients are defined as follows:
x My, for span 1
L'p
M= (2.65)
x \Mpg
(1——) for span 2
L®
where x is distance from the left end for each span.
TABLE 2.12 Prestress Force and Moment Coefficients
Force Coef. Moment Coefficients (ft.)
Span  Location (x/L) Cable Pathe(in)  F,q Foer F,qe Fcre M. M,ir M,cr
0.0 0.240 0.904 0.819 0.018 0.016 0.000 0.018 0.016
0.1 —13.692 0911 0.826 —1.040 —0.943 0.112 —0.928 —0.831
0.2 -23.640 0.918 0.834 -1.809 —1.642 0.224 -1.586 -1.419
0.3 -29.136 0.924 0.839 —2.244 -2.037 0.335 -1.908 -1.702
0.4 -31.596 0.933 0.848 —2.456 -2.232 0.447 —2.008 -1.785
1 0.5 —29.892 0.941 0.856 —2.344 -2.132 0.559 —1.785 -1.573
0.6 —24.804 0.947 0.863 —1.958 -1.783 0.671 -1.287 -1.112
0.7 -16.308 0.940 0.855 -1.278 -1.162 0.783 —0.495 —0.380
0.8 —4.404 0.933 0.848 —0.342 -0.311 0.894 0.552 0.583
0.9 10.884 0.926 0.841 0.840 0.763 1.006 1.846 1.769
1.0 28.164 0.902 0.817 2.117 1917 1.118 3.235 3.035
0.0 -28.164 0.902 0.817 2.117 1917 1.107 3.224 3.024
0.1 10.884 0.879 0.794 0.797 0.720 0.996 1.793 1.716
0.2 —4.404 0.872 0.787 —0.320 —0.289 0.886 0.566 0.597
0.3 —-16.308 0.866 0.781 -1.176 -1.061 0.775 —0.401 —0.286
0.4 —24.804 0.859 0.774 -1.776 -1.600 0.664 -1.111 -0.936
0.5 -29.892 0.852 0.768 -2.123 -1.912 0.554 -1.570 —1.358
2 0.6 -31.596 0.846 0.761 —2.227 -2.004 0.443 -1.784 -1.561
0.7 -29.136 0.839 0.754 -2.037 -1.831 0.332 -1.705 —1.498
0.8 -23.640 0.832 0.747 -1.639 -1.471 0.221 -1.417 -1.250
0.9 —13.692 0.825 0.740 —0.941 —0.844 0.111 —0.830 —0.734
1.0 0.240 0.818 0.733 0.016 0.015 0.000 0.016 0.015

Note: e is the distance between the cable path and the central gravity of the interior girder cross section, positive means

cable is above the central gravity and negative indicates cable is below the central gravity.
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The combined prestressing moment coefficients are defined as follows:

M,r =Fpq (e)+ M

M ycr = Foep(e)+ Mc

(2.66)

(2.67)

where e is the distance between the cable and the center of gravity of a cross section; positive val-
ues of e indicate that the cable is above the center of gravity, and negative ones indicate that the

cable is below it.

The combined moment coefficients are calculated and tabled in Table 2.13. According to AASHTO,
the prestressing force P, can be determined using the concrete tensile stress limit in the precompressed

tensile zone under Service III load combination (see Table 2.5):

foer +fDC2+fDW+0'8fLL+IM+fpsF 2_0-19\/7; (2.68)
TABLE 2.13 Determination of Prestressing Jacking Force for Interior Girder
Top Fiber Bottom Fiber
Jacking Jacking
Force Force
. Stress (psi) (kip) Stress (psi) (kip)
Location
Span (x/L) foai foc: fow 0.8f; 141 P, foai foc fow 0.8f1141u P,
0.0 0 0 0 0 - 0 0 0 0 -
0.1 389 36 48 143 - -512 —47 —64 —188 664
0.2 658 60 82 240 - —865 -79  -108 -316 1191
0.3 805 73 100 295 - -1058 -97  -132 —388 1411
0.4 831 76 103 314 - -1092 -100 -136 —413 1438
1 0.5 735 67 91 302 - -967 -88 -120 -398 1345
0.6 519 47 64 262 - —-682 -62 -85 —345 1057
0.7 181 16 22 198 - —238 -22 =30 -260 322
0.8 -278 =25 =35 -137 177 366 33 46 203 -
0.9 —859 -78 -107 —245 1121 1129 103 140 363 -
1.0 -1336 122 -166 -357 1703 1098 100 136 330 -
0.0 -1336 122 -166 —357 1707 1098 100 136 330 -
0.1 —859 -78 -107 —245 1171 1129 103 140 363 -
0.2 -278 =25 =35 -137 186 366 33 46 203 -
0.3 181 16 22 198 - —238 -22 =30 —260 367
0.4 519 47 64 262 - —682 -62 -85 —345 1211
0.5 735 67 91 302 - -967 -88 -120 -398 1530
2 0.6 831 76 103 314 - -1092 -100 -136 —413 1626
0.7 805 73 100 295 - -1058 -97  -132 —388 1588
0.8 658 60 82 240 - —865 -79  -108 -316 1340
0.9 389 36 48 143 - -512 —47 —64 —188 746
1.0 0 0 0 0 - 0 0 0 0 -

Notes:

1. Positive stress indicates compression and negative stress indicates tension
2. P;is obtained from Equation 2.26
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in which

M, C
for =" (2.69)

Mp-,C
foc2 = % (2.70)

M, C
Jow= II)W (2.71)

M .C
Srrem = % (2.72)
f — i_i_ (Ppee)c + Mscc _ FpCFPj + MpsCFPjC

psF — A I I - A I (273)

where C (= y, or y,) is the distance from the extreme fiber to the center of gravity of the cross section;
f/ isin ksi and P, is the effective prestressing force after all losses have been incurred; My, My,
and M), are unfactored moments due to DCI of girder self-weight acting at the prestressing state,
DC?2 of barrier rail weight acting at the service state after all losses, and DW of the future wearing
surface acting at the service state after all losses, respectively; M, ,,, is the unfactored moment due to
HL93 live load and dynamic allowance. For stresses, positive sign implies compression and negative
implies tension.
From Equations 2.68 and 2.73, we have

_ _ch1 _chz _fDW _O-SfLL+IM _O~19\/f
b= For M,oC
pCF + psCF

A I

(2.74)

x

Detailed calculations are given in Table 2.13. Most critical points coincide with locations of maxi-
mum eccentricity: 0.4L in Span 1, 0.6L in Span 2, and at the bent. For this bridge, the controlling sec-
tion is through the right face of the bent. Herein, P; = 1707 kip (7566 kN). Rounding P; up to 1720 kips
(7651 kN) gives a required area of prestressing steel of A, = Pj/fpj = 1720/216 = 7.96 in.? (5236 mm?).

2.6.3.10 Check Concrete Strength for Interior Girder—Service Limit State I

Two criteria are imposed on the level of concrete stresses when calculating the required concrete
strength (AASHTO 2012, Article 5.9.4.2):

Socit fra 055 £ at prestressing state 2.75)
foer + foca  fow + freme + for 045 f] at service state
P. P.e)C F P, M,,PC
ol — _JI+ ( JIe) + MsIC — pCI+j + psCI+j (276)
A I 1 A I

x X x
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The concrete stresses in the extreme fibers (after instantaneous losses and final losses) are given in
Tables 2.14 and 2.15.

For the initial concrete strength in the prestressing state, the controlling location is the bottom fiber
at 0.9L section in Span 1. From Equation 2.75 we have

t fo 942 . .
Soireq 2 % =05 1713 psi < 3500 psi

.. choose f/ =3,500psi (24.13 MPa).
For the final concrete strength at the service limit state I, the controlling location is again in the bot-
tom fiber at 0.9L section in Span 1. From Equation 2.75, we have

’ fDC1+fDC2+fDW+fLL+IM+st
Sireg 2 .
o 0.45

1608
=——=3573 psi <4000 psi
0.45

.. choose f/=4000psi (27.58 MPa).

TABLE 2.14 Concrete Stresses after Instantaneous Losses for the Interior Girder

Top Fiber Stress (psi) Bottom Fiber Stress (psi)
Total Total
Location EaP MpabY, Initial EaP MpabYy Tnitial
Span (x/L) Joer A I, Sost Stress Joer A I, fot  Stress
0.0 0 751 7 758 758 0 751 -9 742 742
0.1 389 757 -366 391 781 -512 757 481 1238 726
0.2 658 763 —625 138 796 -865 763 821 1584 720
0.3 805 768 —752 16 820 -1058 768 989 1756 698
0.4 831 775 -791 -17 814 -1092 775 1040 1815 723
1 0.5 735 781 -703 78 814 -967 781 924 1706 739
0.6 519 787 -507 280 798 -682 787 667 1454 772
0.7 181 781 -195 586 767 —238 781 256 1037 800
0.8 -278 775 217 992 714 366 775 -286 489 855
0.9 -859 769 727 1496 638 1129 769 -956 -187 942
1.0 -1336 562 1181 1743 407 1098 562 -971 —409 689
0.0 -1336 562 1177 1739 403 1098 562 -968 —406 692
0.1 -859 730 707 1437 578 1129 730 -929 -199 930
0.2 -278 724 223 947 669 366 724 -293 431 797
0.3 181 719 -158 561 742 -238 719 208 97 689
0.4 519 713 —438 276 794 -682 713 576 1289 607
0.5 735 708 —618 90 825 -967 708 813 1521 555
2 0.6 831 703 -703 0 830 -1092 703 924 1627 535
0.7 805 697 —672 25 830 -1058 697 883 1580 522
0.8 658 691 —558 133 790 -865 691 734 1425 560
0.9 389 685 -327 358 747 —512 685 430 1115 603
1.0 0 679 6 686 686 0 679 -8 671 671

Note: Positive stress indicates compression and negative stress indicates tension
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TABLE 2.15 Concrete Stresses after Total Losses at Service I for the Interior Girder

Top Fiber Stress (psi) Bottom Fiber Stress (psi)
Total Total
Location M M psCFPjyi Final M M psCFPth Final
Span (x/L) froap A I, fosr Stress  fioap A I, Sost Stress
0.0 0 681 6 687 687 0 681 -8 672 672
0.1 653 686 —328 359 1012 —858 686 431 1117 259
0.2 1100 692 —559 133 1234  -1466 692 735 1427 -19
0.3 1348 697 —671 26 1374 1772 697 882 1579 -193
0.4 1403 704 -703 1 1404 1844 704 925 1629 -216
1 0.5 1272 711 -620 91 1363 -1672 711 815 1526 —146
0.6 958 716 —438 278 1237 -1260 716 576 1292 33
0.7 467 710 -150 561 1028 —-614 710 197 907 293
0.8 -510 704 -230 934 425 670 704 -302 402 1101
0.9 -1351 698 697 1395 45 1776 698 -916 -218 1608
1.0 -2070 509 1108 1617 —452 1702 509 911 —402 1345
0.0 2070 509 1104 1613 456 1702 509 -908 2399 1349
0.1 “1351 659 676 1336 15 1776 659 889 230 159
0.2 510 654 235 889 379 670 654 -309 345 1043
0.3 467 648 -113 536 1033 —614 648 148 797 182
0.4 958 643 369 274 1233 1260 643 485 1128 -132
0.5 1272 638 535 102 1374 -1672 638 704 1341 331
2 0.6 1403 632 615 17 1420 -1844 632 809 1441  —404
0.7 1348 626 ~590 36 1383 -1772 626 776 1403 369
0.8 1100 620 493 128 1228 -1466 620 648 1268  -178
0.9 653 615 289 326 978 858 615 380 995 137
1.0 0 609 6 615 615 0 609 -8 601 601

Notes:

L froan =Joci + foco + fow + futm
2. Positive stress indicates compression and negative stress indicates tension

2.6.3.11 Design for Flexural—Strength Limit State I
AASHTO requires that for the strength limit state I

M,<0M,

M, =YY, M;=0.95[1.25(Mpe, + Mpe,)+1.5Mpy, +1.75M 1+ M,

where ¢ is the resistance factor which is linearly increased from 0.75 for compression controlled sections
to 1.0 for tension controlled sections (AASHTO 2012, Article 5.5.4.2); M, is the secondary moment due
to prestress. Factored moment demands M, for the interior girder in Span 1 are calculated in Table 2.16.
Although the moment diagram is not symmetrical about the bent (due to different secondary prestress
moments), the results for Span 2 are similar and the differences are not considered in this example. The
detailed calculations for the flexural resistance ¢pM, are shown in Table 2.17. It is seen that additional
mild steel is required only in the interior support.

The minimum reinforcement is also provided to ensure a factored flexural resistance, M,, at least
equal to the lesser of 1.2M,,, and 1.33M,,,.

cr?
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TABLE 2.16 Factored Moments for Interior Girder

MDCI MDC2 MDW Mps
(kip-ft.) (kip-ft.) (kip-ft.) M (kip-ft.) (kip-ft.) M, (kip-ft.)
Location Dead Dead Wearing

Span (x/L) Load-1 Load-2 Surface Positive ~ Negative P/S Positive ~ Negative
0.0 0 0 0 0 0 0 0 0

0.1 1,700 155 212 782 -85 205 4,009 2,569

0.2 2,871 262 357 1,312 -169 409 6,820 4,358

0.3 3,513 321 437 1,612 —-253 614 8,469 5,368

0.4 3,626 331 451 1,715 -337 818 9,012 5,599

1 0.5 3,210 293 399 1,650 —422 1,023 8,494 5,050
0.6 2,264 207 282 1,431 -506 1,228 6,942 3,721

0.7 789 72 98 1,081 -590 1,432 4,392 1,613

0.8 -1,215 -111 -151 647 —748 1,637 922 -1,397

0.9 3,748 —342 —466 196 -1,339 1,841 -3,355 -5,906

1.0 —6,292 —573 -781 0 -2,104 2,046 -7,219 -10,716

Note: M, =0.95 [1.25(Mpc; + Mpc,) + 1.5 Mpy + 1.75 My ] + M,

TABLE 2.17 Flexural Strength Design for Interior Girder—Strength Limit State I

Location A d, A, d, b c Jos d, a oM,

Span (x/L) (in.2)  (in.) (i.2) (in.) (in.) (in.) (ksi) (in.) (in.)  (kip-ft.) M, (kip-ft.)
0.0 32.16 0 72.06 104 6.73 2532 32.16 5.72 4,940 0
0.1 46.09 0 72.06 104 6.85 258.1 46.09 5.83 7,412 4,009
0.2 56.04 0 72.06 104 6.90 260.1 56.04 5.87 9,183 6,820
0.3 61.54 0 72.06 104 6.93 261.0 61.54 5.89 10,163 8,469
0.4 64.00 0 72.06 104 6.93 261.3 64.00 5.89 10,602 9,012

1 0.5 7.96  62.29 0 72.06 104 6.93 261.1 62.29 5.89 10,298 8,494
0.6 57.20 0 72.06 104 691 2603 57.20 5.87 9,391 6,942
0.7 48.71 0 72.06 104 6.87 258.7 48.71 5.84 7,877 4,392
0.8 38.20 0 71.06 104 11.64 228.1 38.20 9.90 5,477 -1,397
0.9 53.48 0 71.06 104 12.87 237.0 53.48 10.87 -8,030 —5,906
1.0 62.00 2.0 71.06 104 7.31 261.0 62.00 6.22 -10,848 -10,716

Notes:
1. Prestressing steel f,, = 270 ksi f,, = 243 ksi

£ :fpu(l—kdc); k:Z[I.O —j}’y]:o.zs

4 pu

2. For flanged section ¢ > h;
a a
Mn = Apsfps(dp _5)+Asfs(ds _E)

a a hy
—arp( -2 )oss £ (b-b,)n | 2L
(-2 Jross to-a,)n, 22
a=B,c;p,=0.85
A bt AL~ A=085 b =b, )l

0.85B, f/ b, + kA, {1 e

4

3. For rectangular section, that is, when ¢ > h;, take b = b,, in the above formulas
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2.6.3.12 Design for Shear—Strength Limit State I

AASHTO requires that for the strength limit state I

Vu Sq)Vﬂ

V=27 Vi =0.95[1.25(Vig, + Ve, ) + 1.5V +1.75V,, ]+,

87

where ¢ is the shear resistance factor 0.9 and V), is the secondary shear due to prestress. Factored shear
demands V, for the interior girder are calculated in Table 2.18. To determine the effective web width,
assume that the VSL posttensioning system of 5-12 Tendon units will be used with a grouted duct
diameter of 2.88 in. In this example, b, = 12 — 2.88/2 = 10.56 in. (268 mm). Detailed calculations of the
shear resistance ¢V, (using 2-leg #5 stirrups A, = 0.62 in.2 (419 mm?) for Span 1 are shown in Table 2.19.
The results for Span 2 are similar to Span 1 and the calculations are not repeated for this example. The
longitudinal reinforcement at each section on the flexural tension side of the member is also checked to
meet the requirement of AASHTO Article 5.8.3.5.

TABLE 2.18 Factored Shear for Interior Girder

Vber Vbea Vow Vit My Vps Va M,
(kip) (kip) (kip) (kip) (k-ft.) (kip) (kip) (kip-ft.)
Location Dead Dead Wearing
Span (x/L) Load-1 Load-2 Surface Envelopes  Associated P/S Associated
0.0 125.2 11.4 15.6 60.0 0 13.03 297.1 0
0.1 91.5 8.4 11.4 50.1 787 13.03 231.0 4,017
0.2 57.7 53 7.2 42.0 1,320 13.03 168.0 6,883
0.3 24.0 2.2 3.0 343 1,614 13.03 105.4 8,472
0.4 -9.7 -0.9 -1.2 -27.7 1,650 130.3 —47.3 8,903
1 0.5 —43.4 —4.0 -5.4 -35.1 1,628 13.03 -109.2 8,457
0.6 -77.1 -7.1 -9.6 —42.0 1,424 13.03 -170.3 6,929
0.7 -111 -10.1 -13.8 —49.9 852 13.03 -233.1 4,011
0.8 —145 -13.2 -18.0 -59.2 216 13.03 —298.3 205.4
0.9 -178 -16.3 —22.2 —68.8 —-667 13.03 -364.0 —4,790
1.0 -216 -19.4 —26.4 -78.5 —-1,788 13.03 —434.3 -10,191
Note: 1.V, =095 [1.25(Vpe; + Viey) + 1.5 VDW + 175 V] + V,
TABLE 2.19 Shear Strength Design for Interior Girder—Strength Limit State I
Location v, € V. oV,
Span (x/L) d,(in.) y' (rad) (kip) v/f! (1000) O (degree) § (kip) s (in.) (kip |Vu| (kip)
0.0 54.00 0.084 124.1 0.090 -1.900 223 4.80 173.0 12 630.2 297.1
0.1 54.00 0.063 93.9 0.071 0.660 31.3 3.21 115.8 12 432.6 231.0
0.2 52.90 0.042 63.1 0.055 2.227 37.0 1.77 62.3 24 208.6 168.0
0.3 58.87 0.021 31.8 0.034 1.650 34.8 2.14 834 24 221.4 105.4
0.4 60.84 0.000 0.0 0.020 0.880 32.1 2.89 117.5 24 241.1 47.3
1 0.5 59.14 0.018 27.8 0.037 -0.100 28.5 4.80 1895 24 346.1 109.2
0.6 54.06 0.036 56.2 0.058 -2.300 21.0 4.80 1732 24 400.1 170.3
0.7 54.00 0.054 83.5 0.077 -5.800 29.0 4.80 173.0 12 499.1 233.1

(Continued)
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TABLE 2.19 (Continued)  Shear Strength Design for Interior Girder—Strength Limit State I

Location v €, v, oV,

c

Span (x/L) d,(in.) y (rad) (kig)) v/f'. (1000) O (degree) B (kip) s (in.) (kip) |Vu| (kip)
0.8 54.00 0.072 1104 0.097 -1.000 25.6 4.80 173.0 12 565.2 298.3
0.9 54.00 0.090 136.8 0.117 4.500 44.8 1.10 39.5 8 380.8 364.0
1.0 57.42 0.000 0.0 0.199 3.830 42.4 1.24 47.5 5 463.9 434.3

Notes:
1. b,=10.56 in. and y'is slope of the prestressing cable
2. A,=0.62in.2 (2#5)

V.4V.4V,
V,, = the lesser of ,
0.25£/b,d, +V,
A, f,d, cosb
V. =00316B/f’b,d,; VSZM
s
ML, s, 4y V,|-4
d + 0. u Vi~ r|— psfpa
g =—
: EA +E,A,
4.8
B= ; 0=29+3500¢,
1+750€,

b
A =00316/f7 f—s
Yy

ForV,<0.1f/bd, s

‘max

0.8d,
=smaller of .
24 in.

v

0.4d,
ForV,20.1f/b,d, s,,,,=smaller of .
12 in,

2.7 Summary

This chapter presents typical cast-in-place posttensioned prestressed concrete girders used in highway
bridges. It discusses prestressing systems and posttensioning operation, materials, and lost of prestress
and provides general guidelines for typical box girder sections. It addresses general design consider-
ations, design limit states and the design procedure. A design example of a two-span continuous box
girder bridge is given to illustrate the design procedure.
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3.1 Introduction

Construction of segmental concrete bridges involves assembling smaller pieces of concrete members

called segments using posttensioning tendons to form a bridge structural system, either superstructure

or substructure. These segments can be produced by cast-in-place or precast/prefabricated methods,
while the posttensioning system can be bonded, unbonded tendons, or a combination of both. Bonded
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tendons typically consist of cementitiuos grouted internal tendons, while unbonded tendons could be
cementitious grouted or greased, waxed, and sheathed, in the form of external or internal tendons.
In segmental bridge design, it is critical to determine the construction means and methods, prior to
proceeding with the design. The construction method will greatly affect the outcome of design and
tendon layouts, unlike any other type of structures. In most cases, construction loads will also impact
the design, material quantity, and details.

The following are some of the important events/milestones in the development of segmental concrete
bridge construction from its infancy after World War II to the current state-of-the-art standard of practice.

In 1939, Eugene Freyssinet of France developed a conical wedge posttensioning anchorage system for
wires which led to the wide application of posttensioned structures possible. Without posttensioning
systems, the segmental bridge construction could not have been realized.

From 1941 to 1949, Freyssinet was the first to apply precast prestressed segmental construction for
several bridges at Luzancy over the Marne River east of Paris, France.

The development ofamodernlong-span cast-in-place segmental bridge, the Lahn Bridge in Balduistein,
Germany, was pioneered by the German engineer Dr. Ulrich Finsterwalder of Dyckerhoff & Widmann
AGin 1951. The bridge was constructed with the balanced cantilever method and the segments were cast
on a form-traveler attached to the previously cast and stressed segments. Posttensioning was applied to
the newly cast segment after the concrete had hardened against the previously stressed segments.

In 1954, French engineer Jean Muller applied for the first time the dry-joint match casting innovation
to the construction of a small single-span bridge called Sheldon Bridge in upstate New York, USA, by
assembling three precast girder segments and posttensioned them together on site to form a single span
girder in order to facilitate the transportation of the girders and improve the speed of construction. It is
much easier to handle and transport small pieces of girders than a long girder.

In 1962, Muller for the first time applied precast segmental box girder using epoxy-coated match cast
joints between segments and posttensioned them together for the construction of the Choisy-le-Roi
Bridge over the Seine River in Paris, France. The bridge was constructed by Campenon Bernard, a gen-
eral contractor where Muller was the technical director of the company.

Since then, precast segmental construction has gained popularity over cast-in-place due to its speed
of construction, mass production of segments in the casting yard, better quality control, ease of trans-
portation, and overall economical structure. However, precast segmental technology is not suitable for
every bridge project; it depends on the size of the project, span length, location, local standard practice,
and so on. Under certain circumstances, cast-in-place segmental bridge construction is still popular,
such as for a very long span bridge over river crossing or deep valley (see Section 3.4 on Conceptual
Design for more discussions on selecting bridge types).

This chapter presents a practical knowledge to practicing engineers, owners, and graduate students
on a complete spectrum of segmental concrete bridge design from conception to final design, including
construction means and methods.

In Sections 3.4 to 3.8, the AASHTO LRFD Bridge Design Specifications (AASHTO 2012) on segmental
bridge design provisions are extensively referenced (AASHTO LRFD Sections 4 and 5). AASHTO
LRFD adopted segmental bridge design provisions from AASHTO Guide Specifications for Design and
Construction of Segmental Bridges, 2nd Edition, 1999. The guide specifications have served as design
guidelines and specifications and construction on segmental concrete bridges for many years since the
first edition in 1989, prior to AASHTO LRFD Design Specifications.

Aside from design and construction, durability of segmental concrete bridges was discussed in
Section 3.9 in order to fulfill the intended service life of the structures, minimize maintenance cost,
and to build awareness on the importance of workmanship and quality control during the whole pro-
cess of building a segmental bridge from design to the completion. Good detailing and high standard
industry practice is an important part of a design process in order to maintain constructability during
construction, structural integrity, and durability during its service life.
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3.2 Structural Material
3.2.1 General

The basic structural materials for posttensioned segmental concrete bridges are very similar to
posttensioned structures in general, which consist of high-strength concrete, high-strength prestress-
ing steels, and ordinary reinforcing steel, including grout in the duct. Earlier, prestressed concrete
structures failed due to lack of understanding of creep and shrinkage and long-term loss of prestress.
Freyssinet was credited with the use of the first successful prestressed concrete by the application of
high-strength steel to counteract the creep and shrinkage of concrete. Ordinary reinforcing steel also
plays an important role in supplementing concrete and high-strength prestressing steel as the primary
structural materials. Without ordinary reinforcing bars, a posttensioned prestressed concrete struc-
ture will not be able to function properly. For instance, local zones around the anchorages may crack,
without ordinary reinforcement confinement in the form of spiral; and ordinary reinforcement will
also contribute to the shear-carrying capacity in the webs, in addition to concrete and posttensioned
inclined tendons. Ordinary reinforcement also plays an important role in partially prestressed concrete
structures in controlling flexural crack width in concrete and contributes in flexural ultimate capacity
of the structure.

There are two types of tendons used in segmental bridges, namely bonded and unbonded tendons.
The earlier segmental bridges have mostly used grouted corrugated metal duct (internal), but since 2003
most owners in the US have switched to corrugated plastic duct made of either polyethylene (PE) or
polypropylene (PP) for better tendon corrosion protection. For external tendons, smooth PE ducts are
generally specified in the United States. European countries have also adopted petroleum grease, wax,
and monostrand greased and sheathed tendons as another alternative of corrosion protection system.

3.2.2 Concrete

High-strength concrete for posttensioned bridges is required in posttensioned structures because of
high compressive stresses transferred around the anchorages to the concrete members and precompres-
sion of the posttensioning forces to the member section. Without high-strength concrete, prestressed
concrete is not efficient and economical. Typically, a minimum of 5,000 psi (35 MPa) concrete strength
at 28 days is required in prestressed concrete structures. In addition, higher-strength concrete results in
higher modulus of elasticity. This is a preferred concrete property to minimize long-term creep defor-
mations. With the advancement of concrete technology, producing 10,000 psi (69 MPa) to 12,000 psi
(83 MPa) concrete is a common practice nowadays in the precast industry. Therefore, more and more
precast prestressed concrete structures are being constructed with concrete strength equal to or higher
than 8,000 psi (55 MPa). For an aggressive environment, it may be necessary to select a mix design with
high strength in combination with high-performance concrete (low permeability). High-performance
concrete will improve the durability and protect the posttensioned tendons from corrosion. In case of
concrete members with highly congested reinforcing bars such as diaphragms, blisters and deviators,
self-consolidating concrete (SCC) is recommended in order to avoid honey combing.

3.2.3 Posttensioning Systems

PT anchorage systems in posttensioned bridges are a proprietary system. Any one of these systems such
as VSL, DSI, Freyssinet, BBR, Schwager Davis, and other systems can be found in the industry/market
in the United States. The PT anchorage systems are designed in different shapes, sizes, and material.
In general, a basic posttensioning anchorage system comprises a bearing plate, trumpet, wedge plate
(anchor head), grout cap, and grout ports as shown in Figure 3.1.
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Wedge plate/Anchor head
Corrogated
duct

Grout port Trumpet

\ Coupler

Bearing plate

Grout cap

FIGURE 3.1 Basic posttensioning anchorage system. (Courtesy of VSL International.)

FIGURE 3.2 Old generation of PT anchorage system. (Courtesy of DSI.)

In 2003, the Florida Department of Transportation (FDOT) required an additional vertical grout
port/vent located above the trumpet to facilitate postgrouting inspection and permanent grout cap in
its posttensioning specifications. Notice the differences between the older and newer generations of PT
anchorages systems as shown in Figures 3.2 and 3.3. Many other state DOTs have adopted PT anchor-
ages similar to FDOT requirements. For the new anchorages, the inspection access will be a lot simpler
through the vertical grout port.

In general, posttensioned bridges built in the United States consisted of grouted internal tendons,
grouted external tendons, or a combination of the two.

Internal tendons are located inside the structural concrete section and are housed in corrugated metal
ducts or corrugated plastic ducts and are bonded to the structural concrete by means of cementitious
grout as shown in Figure 3.4. The plastic corrugated duct may be made from high density polyethylene
(HDPE) or polypropylene (PP). The high-strength steel tendon could be strands, wires, or bars.

External tendons are typically located outside the perimeter of the concrete section and are housed
in HDPE smooth duct and filled with cementitious grout. External tendons are not bonded with the
concrete structural section (see Figures 3.5 and 3.6). In Europe the external tendons are also filled with
flexible filler material, such as petroleum grease and wax.

3.2.4 Prestressing Steel

There are many forms of high-strength prestressing steel types in the industry worldwide that can
be utilized for segmental and posttensioned bridges such as nineteen-wire strands, compact strands,
two and three-wire strands, oval deformed bars, single wire, and so on. However, only two types of
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FIGURE 3.3 New generation of PT anchorage system. (Courtesy of DSI.)
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FIGURE 3.4 Internal tendon.
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FIGURE 3.5 External tendon.

prestressing steel are commonly used in the United States, as shown below. Parallel wires were used in
some older bridges in the past.

1. Uncoated seven-wire stress-relieved for prestressed concrete conforming to ASTM A416-90. It is
recommended to use low relaxation for segmental bridges.
Material Properties:
a. Ultimate tensile strength (f,,): 270 KSI (1,860 Mpa)
b. Yield strength (f,,): 243 KSI (1,674 Mpa)
c. Apparent modulus of elasticity: 28,500 KSI (197,000 Mpa)
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FIGURE 3.6 External tendons at deviator.

2. Uncoated high-strength steel bar for prestressed concrete according to ASTM A722-90.
It is recommended to use Type II (deformed) bar for segmental bridges.
Material Properties:
a. Ultimate tensile strength ( fpu): 150 KSI (1,035 Mpa)
b. Yield strength (f,,): 120 KSI (828 Mpa)
c.  Modulus of elasticity: 30,000 KSI (207,000 Mpa)

3.2.5 Cementitious Grout

Grout material consists of a mixture of Portland cement, mineral additives, admixtures, aggregates, and
water. In bonded posttensioning tendons, grout serves as the primary corrosion protection of prestress-
ing steel, in addition to forming a good bond between prestressing steel and its surrounding concrete.
Type I or Type II cements according to ASTM C150/C150M can be used for grout mixture. For slower
release of heat hydration application, Type II cement is used. Mineral additives could be Class C and
Class F fly ash, Grade 120 slag cement, or silica fume. The role of admixtures in grout is to improve set
control, reduce water, bleed control, air entrainment, corrosion inhabitation, and pumpability. Some
grout contains fine sands, but sand is optional. Clean potable water is used for the grout mixture.
Posttensioning Institute (PTI) Grouting Specifications, 2nd Edition, 2012 listed four types of grout:

o Class A: Nonaggressive exposure such as indoor or nonaggressive outdoor.

o Class B: Aggressive exposure such as wet/dry cycle, marine environment, and deicing salts.
o Class C: Prepackaged for either nonaggressive or aggressive environments.

o Class D: Engineered grout.

The specifications also specified the material properties required for each type of grout, including the
acceptance and test criteria and methods. Although most owners have their own grout specifications,
PT1I specifications are widely referenced and accepted.

3.2.6 Ordinary Reinforcing Steel

Deformed and plain billet-steel bars for concrete reinforcement conforming to ASTM A615.
Material properties:

Yield strength: 60 KSI (400 Mpa)
Modulus of elasticity: 29,000 KSI (200,000 Mpa)
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Some owners have specified solid stainless steel reinforcing bars conforming to ASTM A955/A955M
for structural elements located in the extremely corrosive environment.

3.3 Construction Methods

3.3.1 Balanced Cantilever Construction

Free cantilevering is a method of construction used to build outward from a fixed point to form a canti-
lever structure, without temporary support, using staged construction as shown in Figure 3.7. Definition
of “cantilever” from Webster’s Dictionary is: “A rigid structural member projecting from a vertical sup-
port, especially one in which the projection is great in relation to the depth, so that the upper part is in
tension and the lower part in compression.” Another meaning of “cantilever” is “bracket.”

When two opposing free cantilever structures are attached as a single structure and erected at the
same step, it is termed “balanced cantilever construction method” as shown in Figure 3.8.

It is believed that the idea of cantilevering in bridge construction originated in the ancient Orient.
Shogun’s Bridge located in Nikko, Japan, is the earliest recorded cantilever bridge, which dates to the
fourth century. The Wandipore Bridge, shown in Figure 3.9, was constructed in the seventeenth century
using timber cantilever members with the drop-in span girder in Bhutan, between India and Tibet
(Petroski, Henry. 1995).

Form traveler :

Fixed point

FIGURE 3.7 Cantilevering construction method.

Form traveler

Form traveler

@ Pier

FIGURE 3.8 Balanced cantilever construction method.
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FIGURE 3.9 Wandipore Bridge (From Petroski, H., Engineers of Dream; Alfred A. Knopf, Inc., New York, 1995.)
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FIGURE 3.10 Firth of Forth Bridge in the United Kingdom under construction.

In the steel bridge construction industry, steel trusses were successfully erected using the cantile-
vering method by the end of the nineteenth century with construction of the Firth of Forth Bridge in
England (Figure 3.10) and the Quebec Bridge over the Saint Lawrence River.

The application of the cantilevering method to cast-in-place reinforced concrete bridges took place
for the first time with the construction of a 223 ft (68 m) span bridge across the Rio de Peixe in Brazil
in 1930. However, the cantilevering method for reinforced concrete was not successful due to excessive
deflection and heavy reinforcing required. Dr. Ulrich Finsterwalder of the firm Dyckerhoftf & Widmann
AG (DSI International) successfully applied posttensioning to a cast-in-place concrete bridge using
the balanced cantilever method with construction of the Lahn Bridge at Balduinstein in Germany in
1950-1951, after World War II (see Figure 3.11). The bridge is fixed at both ends and has a span length
of 203.65 ft (62.0 m). This bridge is considered the pioneer of modern long-span balanced cantilever
segmental concrete bridge construction.

After successful completion of the Lahn Bridge, the system was improved over the years and has
gained popularity for construction of long-span bridges across the world (see Figure 3.12). Cast-in-place
balanced cantilever bridges are especially suitable for construction of long spans over deep valleys and
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FIGURE 3.11 Lahn Bridge. (Courtesy of VSL International.)

—

FIGURE 3.12 Vietnam Veterans Memorial Bridge, VA.

rivers where placing temporary supports is not possible or cost prohibitive. The only drawback of the
system is the time required for superstructure construction. For instance, the time taken to cast every
increment on site can be considered slow in comparison to precast concrete. In cast-in-place balanced
cantilever construction, a starter segment is first constructed over a pier column. The starter segment
over the pier is called a pier-table as shown in Figure 3.13. From this starting point, the bridge can be
built from a single pier or multiple piers at the same time using form-travelers moving toward mid-span
(see Figure 3.14). At mid-span, the two adjacent cantilever tips are connected to make a continuous
structure with a closure pour segment. Typically a form-traveler and steel strong backs are attached
to both cantilever tips to prevent differential movement during the closure pour (see Figure 3.15).
These attachments can also be used to correct horizontal misalignment as well as elevation of both
cantilever tips.

California’s Pine Valley Creek Bridge rises 450 ft (137.2 m) above the valley floor, and is 1700 ft
(518.2 m) long including five spans of 270 ft (82.3 m) + 340 ft (103.6 m) + 450 ft (137.2 m) + 380 ft
(115.8 m) + 270 ft (82.3 m) and was the first cast-in-place segmental concrete bridge built in the United
States in 1974.
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FIGURE 3.15 Strong back across a closure pour.
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In classical cantilever bridge construction, segments are placed symmetrically from the pier table with
typical segment lengths ranging from 10 to 16 ft (3 to 4.9 m). Segment lengths longer than 16 ft (4.9 m) are not
recommended due to longer segments producing large out-of-balance loads during construction. In addi-
tion, 16 ft segment form-travelers are widely available in the market, and can often be reused without order-
ing a new one. In special cases, cantilevering with form-travelers longer than 16 ft has been accomplished.

After successful construction of the first modern cast-in-place balanced cantilever (Lahn Bridge) in
Germany in 1950-1951, Choisy-le-Roi Bridge over the Seine River near Paris in France was the first
modern precast balanced cantilever bridge constructed using match cast epoxy joint in 1962-1964. The
bridge was constructed by the Campenon Bernard contractor and designed by Jean M. Muller. Some
advantages of precast segmental bridge over cast-in-place construction are the speed of superstruc-
ture erection, less creep and shrinkage effect, and better quality control when casting segment in the
casting yard. In fact, bridge construction using posttensioning precast segment pieces was pioneered
by Eugene Freyssinet in 1944 with the construction of Luzancy Bridge over the Marne River in France.
Precast segmental construction was invented to overcome the slow construction schedule of the cast-in-
place construction method. Other advantages of precast segmental construction are mass production
in the casting yard, better curing system, independent of weather condition, ease of transporting the
segments, flexibility in selecting erection equipments, and overall economical structure.

Precast segmental construction requires a casting yard to accommodate construction materials,
casting cells (see Figure 3.16), reinforcing bar jigs, concrete plant, survey towers, curing facilities, seg-
ment transporter, segment storage site (see Figure 3.17), offices, and material testing facilities. The pre-
cast segments are stored on site at least one month prior to delivery to the project site for placement.
Typically, the segments are match cast in 10 ft (3 m) to 12 ft (3.65 m) long segments for ease of handling
and transportation. It is important to limit the segment weight to about 60 (534 KN) to 80 t (712 KN),
since it impacts the erection equipment capacity to lift and place the segment in place. Therefore, it is
common to split the pier segment into two segments in order to reduce the segment weight as shown
in Figure 3.18. Depending on the site condition and the size of the project, segment erection can be
accomplished with the following equipment:

1. Ground based crane

2. Overhead launching gantry (Figure 3.19)
3. Segment lifter (Figure 3.20)

4. Beam and winch

FIGURE 3.16 Casting yard.
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FIGURE 3.18  Split precast pier segment.

FIGURE 3.19 Segment erection with overhead launching gantry.
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FIGURE 3.21 Cast-in-place on falsework.

3.3.2 Cast-in-Place on Falsework

Cast-in-place on false-work construction method is building a bridge superstructure on false-work
supported directly on the ground for the entire length of the bridge. It is also common to construct
the structure in stages/segments. Therefore, it could be considered as cast-in-place segmental construc-
tion. This type of construction is suitable for superstructure with complex geometry, relatively short
columns, short to medium span length, and good soil conditions. The temporary false-work is removed
after posttensioning is complete. Cast-in-place construction on false-work is relatively slow and labor
intensive. The cast-in-place on false-work is depicted in Figure 3.21.

3.3.3 Span-by-Span Construction

Span-by-span construction method is typically meant for erection of precast segments by posttensioning
the segments for the whole span. Each segment is temporarily posttensioned with posttensioned bars
against the adjacent segment after epoxy glue is applied at the match-cast joint between segments.
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Some of the earlier span-by-span bridges have no epoxy applied at the joints. This type of joint is called
dry-joint. However, precast segmental with dry joint is no longer allowed in the United States due to water
leaking from the deck resulted in durability concern, although some countries are still using dry joint.
The permanent tendons typically consist of external tendons entirely (Figure 3.22) or a combination of
external and internal tendons. Span-by-span bridge construction can also be designed as a continuous
structure up to ten spans, by splicing the longitudinal tendons at the diaphragms. For the external ten-
dons, deviators are required in between the piers (see Figure 3.23). The span-by-span segment erection
can be done either using an overhead launching gantry (see Figure 3.24) or underslung gantry. In the
case of underslung gantry, support brackets are needed at the columns to support the gantry.

FIGURE 3.22 External tendons inside a box girder.

FIGURE 3.23 Typical deviator.
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FIGURE 3.24 Span-by-span segment erection using overhead gantry.

3.3.4 Incrementally Launched

The incremental launching bridge construction method has been used for steel bridge erection for many
years. This is not surprising since the steel material can handle both tension and compression well, which
is not the case for concrete structures. The first concrete incrementally launched bridge was applied to
the construction of a reinforced concrete bridge over the Rio Caroni in Venezuela, South America, in
1962. Soon after that, the first modern prestressed concrete incrementally launched bridge was con-
structed in 1965 at the Inn Bridge in Kufstein, Austria. Professor Dr. Fritz Leonhardt and his partner
Willi Baur were credited with the development of both bridges. Since then, they have designed many
posttensioned concrete incrementally launched bridges, and hold a patent for the method in Germany.
Many posttensioned concrete incrementally launched bridges have been built around the world, but the
construction method has seen few applications in North America.

The basic idea of the incrementally launched bridge is very simple. The bridge is constructed in
successive short segments on a stationary casting form located behind one of the abutments, as shown
in Figure 3.25. Typically, each segment is about 50 (15) to 80 ft (25 m) in length. The first segment is
cast and posttensioned with a steel-launching nose attached to the segment end nearest the abutment.
Subsequently, the form is lowered and the first segment is launched by being either pushed or pulled
forward. A new segment is cast against the first segment and then posttensioning is stressed to connect
the two segments together. The second and first segments are then ready to be launched forward. The
construction sequences are repeated until the first segment reaches its final position at the other abut-
ment. The advantage of this construction method is that the launching of the superstructure can be done
over the piers from abutment to abutment without disturbing the area below the bridge.

During the conceptual design phase of a project, the advantages and disadvantages are carefully
evaluated for each construction alternative to determine the most economical solution for a particular
site. Incrementally launched bridges have their own set of interesting features.

Some advantages of incrementally launched bridge are as follows:

1. Requires short casting form of about 100 ft (30 m) long and less heavy equipment.
2. Allows for the ability to cast segments during inclement weather and through the winter by
providing shelter and insulation over the casting form.
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FIGURE 3.25 Casting form. (Courtesy of C2ZHC Alliance, Australia.)

. Provides better quality control, similar to precast segment.

. Possesses simple geometry control.

. Increases efficiency by repetitive works.

. Requires no segment storage and transportation.

. Relatively fast construction (average one segment per week).

. Superstructure erection can be done over the piers without ground-based lifting equipment.
Therefore, no maintenance of traffic required and suitable for bridge construction over railways,
rivers, valleys, and soft soil conditions.

9. Suitable for top-down construction over environmentally sensitive areas.

10. Requires no temporary false-work.

11. Reinforcing bars are continuous across the segment joints.

X g O U1 W

Incrementally launched bridges require launching equipment, which consists of a launching nose,
hydraulic jacks, pushing or pulling devices, temporary sliding bearings, and lateral guides.

In order to reduce the cantilever bending moment during launching prior to reaching the pier top, a
steel launching nose is attached on the forward face of the first segment. The steel launching nose con-
sists of two steel plate girders or two steel trusses, each attached to the leading end of the concrete box
girder webs by posttensioned bars embedded in the webs (Figure 3.26). Both of the steel plate girders
or trusses are laterally braced together. A light and sufficiently stiff nose is preferred. The nose length is
about 60%-80% of the longest span length of the bridge.

Hydraulic jacks at the front of the nose facilitate jack-up of the nose as it reaches the piers or
temporary supports (Figure 3.27). The jacks are loaded to a predetermined force to provide support
for the launching nose and reduce the bending moments in the girder. When the girder reaches
the support, the vertical geometry can be further adjusted to proper grade. A mast and stay cable
system can also be used instead of a launching nose to reduce the bending moments in the front
segments.

The superstructure can be moved forward, by pulling the superstructure using hydraulic jacks
reacting against the abutment where the casting form is located, as shown in Figure 3.28. Another way
of launching the superstructure is by pushing the superstructure using a special device, as shown in
Figure 3.29.
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FIGURE 3.26 Launching nose and segment connection. (Courtesy of C2HC Alliance, Australia.)

FIGURE 3.27 Hydraulic jack at launching nose’s tip. (Courtesy of C2HC Alliance, Australia.)
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FIGURE 3.28 Bridge pulling device. (Courtesy of VSL International.)
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FIGURE 3.29 Bridge pushing device. (Courtesy of C2ZHC Alliance, Australia.)

FIGURE 3.30 Full-span girder erection. (Courtesy of DEAL.)

3.3.5 Full-Span Erection

Full-span erection method is another form of span by span erection for short span bridges up to about
120 ft (36 m). The difference with the span-by-span erection is that the girder is cast in one piece for the
whole span, instead of in short segments. The full-span erection is ideal for a very long viaduct such as
structure for high speed rail project as shown in Figure 3.30. The girder transportation and girder place-
ment can be handled by one erection equipment. The girder transportation usually can be done over the
completed spans. The advantages of full span erection are that it is simpler to produce the girder and
the speed of erection. However, the disadvantage of this erection method is dealing with a very heavy
girder. It is important to study the optimum span length for the viaduct by considering the availability
of the erection equipment.

3.3.6 Precast Spliced U Girder

Precast spliced U girder bridges have been gaining popularity recently for medium-span length bridges,
especially horizontally curved bridges (see Figures 3.31 and 3.32). Several long segments of preten-
sioned or posttensioned tub girders are posttensioned using draped internal tendons in the web to
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FIGURE 3.31 Precast spliced U girder bridge during erection. (Courtesy of Summit Engineering Group.)

FIGURE 3.32  Precast U girder supported on temporary false-work. (Courtesy of Summit Engineering Group.)

form a continuous multi-span girder from end to end. The joints between the girders are cast-in-place
concrete. The diaphragms are typically cast at the splice locations. These diaphragms are reinforced
concrete or posttensioned transversely. A temporary support is provided at the cast-in-place joint
locations to stabilize the structure until the girders are made continuous. In reality, the spliced girder
construction concept is also a form of segmental bridge construction using longer segments. The seg-
ments are typically lifted with a ground-based crane. This option is particularly attractive for a span
range of 150 to 250 ft.
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3.4 Conceptual Design

3.4.1 Span Configuration

In the conceptual design stage, span arrangement and configuration should be closely studied first by
considering the site location of the bridge. A bridge crossing over a navigable waterway is very much
dictated by the horizontal and vertical clearance required. It is also important to know the soil condi-
tion and landscapes (e.g., over water, land, valley, or mountainous area). For segmental concrete bridges
uniformity of the span lengths is critical in order to maximize the benefit of precasting the segments.
The more uniform the span distribution, the more economical the bridge. It is also preferable to have an
uneven number of spans from the architectural point of view. Leonhard discussed different approaches
(See Figure 3.33) for deep V shape valley and shallow valley conditions (a,b and ¢,d views respectively).
For deep valley and steep slope and unstable soil conditions, it is not a good practice to place many piers
with short span lengths. Therefore, the number of piers should be reduced and the span length increased.
Notice also the shape and size of the piers. For shorter span length, the lateral pier dimensions should be
slender in order to reduce the wall view effect from an oblique view. For shallow valley, it is important
to consider the L/H ratio of the opening between two piers, where L is the span length and H is the pier
height. It is preferable to have an L/H ratio equal to or greater than 1.5. The end spans should be less
than the typical span length (60% to 80% of typical span length) in order to achieve an efficient design.
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FIGURE 3.33  Span distribution. (From Leonhardt. F. 1984. Bridges, The MIT Press, Cambridge, MA, 1984.)
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FIGURE 3.34 Economical span length ranges for typical concrete bridge types.

Once the typical span length is selected, use the following chart (Figure 3.34) to determine the kind of
construction method that is suitable for the particular span. Of course, this is only one of the parameters
to consider when selecting the construction method.

3.4.2 Span-to-Depth Ratios

For spans up to 250 ft (75 m), constant depth section is typically utilized. However, when the span length
is larger than 250 ft, a variable depth section is more economical and efficient. Span length over depth
ratio (L/D) plays an important role in conceptual design. The preliminary section depth is selected
on the basis of the L/D ratio rule of thumb to establish the superstructure structural depth. The ini-
tial depth selected is continuously refined in the preliminary and final design. Figure 3.35 shows the
preliminary L/D ratio for constant depth section of simply supported girder and continuous girder.
Figure 3.36 shows the L/D ratio for a variable-depth girder.

3.4.3 Proportional Sections

Afterall structural components of the bridge have been roughly determined, including shape and exterior
dimensions, the conceptual design process continues to study the overall proportional dimensions
and shape compatibility and suitability of the proposed structure at a particular site. Typically, several
alternatives are studied by varying span configurations, superstructure types, materials, construction
means and methods, and the approximate cost for each alternative. In most cases, rendering in three
dimensions (3D) (See Figure 3.37 for a 3D rendering) is required so that the owners can also participate
in the decision making on the preferred alternative.

3.4.4 Structural System

As the conceptual design progresses to a more advanced stage, the next step is to study the structural
system of the bridge. The final bridge structural system is studied carefully, particularly the stability
during construction and how the statical system changes from stage to stage of the construction until
the bridge is completed. This is the nature of segmental bridges, unlike other types of structures such as
reinforced concrete or steel conventional types of bridges. The erection and stitching of the segment pieces
require many stages and the structural system is constantly changing from time to time until completion.
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FIGURE3.35 Span over depth ratio for constant-depth bridge girder: (a) simply supported girder; (b) continuous

girder.
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FIGURE 3.36 Span over depth ratio for variable-depth bridge girder (for span > 250").

FIGURE 3.37 Rendering of Cincinnati Airport Ramp. (Courtesy of Parsons Brinckerhoff, Inc.)
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Figure 3.38a-1 shows some of the structural system possible for segmental bridges from simply
supported girder to the most complicated portal frame system. Although providing in span hinges is
theoretically possible, (Figure 3.38e-h) practically such in-span hinges should be avoided for segmental
bridges. The earlier cast-in-place balanced cantilever bridges in Europe had adopted midspan hinges
in their bridges. It was later discovered that those bridges had suffered maintenance problems due to
excessive deflection at the midspan hinges due to long-term creep and shrinkage (Guyon 1972). The
subsequent generation of segmental bridges has eliminated midspan or other in-span hinges. If for some
reason, the midspan hinges cannot be eliminated, it is necessary to provide a strong back over the hinge
to avoid excessive long-term deflection due to creep and shrinkage.
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FIGURE 3.38 Possible structural systems.
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FIGURE 3.39 Segmental bridge concept in an urban area (architect: Scott Danielson).

3.4.5 Aesthetic Aspect

Segmental bridge construction is not only popular for long span bridges over rivers and canyons but
also in urban and city interchanges and for transit structures such as light rail and high-speed rail
guideway structures. Aesthetic value has become one of the most important parameters in selecting the
bridge structure. The owners and stakeholders are placing more and more importance on aesthetically
pleasing structures. Fortunately for segmental box girder bridges, the shape of the box girder is already
inherently attractive. The architect should properly design the pier shape to ensure that the overall look
of the bridge is compatible and suitable for a particular location. Several samples of this are shown in
Figures 3.39 through 3.42. The structural engineers view aesthetics from a different angle. Structural
engineers consider aesthetics from the functionality of each bridge element from superstructure to sub-
structure and the logical flow of forces subjected to the bridges, from live loads, dead loads, seismic load,
wind loads, temperature loads, long-term creep, and shrinkage of concrete and ship impact, including
constructability and durability. A successful bridge design involves the close collaboration of planners,
structural engineers, architects, contractors, and the stakeholders/owners.
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FIGURE 3.40 Segmental bridge concept in a city (architect: Scott Danielson).

FIGURE 3.41 Segmental bridge concept over a highway (architect: Scott Danielson).

3.5 Deck Design

The top deck of a box girder is subjected to complex external forces, static and dynamic loads, thermal
gradients, and creep and shrinkage effects. Proper consideration should be given to these effects to pre-
vent cracking and deterioration. De-icing chemicals and freeze-thaw action should also be considered
in design to counteract degradation.
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FIGURE 3.42 Segmental bridge concept for high-speed rail guideway (architect: Scott Danielson).

Deck replacement is not only costly but also results in inconvenience to the traveling public. For seg-
mental bridge superstructures, deck replacement is not practical and almost impossible to do without
closing the entire bridge. Therefore, when designing decks for segmental bridges, it is always a good
strategy to be conservative/robust and allow for reserved capacity.

Studies have shown that transverse posttensioning of top decks improves long-term deck durability
and results in low life cycle cost (Posten, Carrasquillo and Breen 1987). It is recommended that for all
posttensioned box girders the top deck be transversely posttensioned, even for short overhangs. For
bridges not subjected to freeze-thaw action and de-icing chemicals, at least the deck should be partially
prestressed. The top deck should be designed using elastic methods and then checked for ultimate limit
states, not the other way around.

In general, it is standard practice to select a minimum top deck thickness of 8 in (200 mm), although
AASHTO-PCI-ASBI Standard Sections Committee recommends a minimum deck thickness of 9 in
(230 mm).

3.5.1 Design Approach

To correctly represent the final system of the box girder, a three-dimensional analysis incorporating all
loads with proper boundary conditions is needed. Owing to the complexity of this type of analysis, in
particular, the application of prestressing to three-dimensional systems, this is seldom done. In lieu of
this complex analysis, it is common practice to model the box as a two-dimensional (2D) plane frame
of unit length, as shown in Figure 3.43. If the thicknesses of the web and bottom slab vary along the
length of the bridge, several 2D frames may have to be analyzed in order to obtain a more representative
interpretation of these varying cross-sectional properties. The 2D frame model allows for load distribu-
tion to the webs and slab members relative to their stiffness.

A typical 2D frame model is assumed to be supported at the lower end of the webs as shown in
Figure 3.43. While it could be argued that different boundary conditions exist for this model, this
simplified assumption produces reasonable results.
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FIGURE 3.43 Simplified two-dimensional plane frame of unit length.

The design loads considered in transverse design include, but are not limited to

DC = Dead load of structural components and nonstructural components, such as traffic
barrier wall

DW = Dead load of wearing surface or future wearing surface and utilities, if any

LL = Live load

IM = Dynamic load allowance

PT = Primary prestressing forces

EL = Miscellaneous locked-in force effects resulting from the construction process, including
jacking apart of cantilevers in segmental construction

TG = Thermal gradient (+ 10°F differential between the inside and outside of box girder) Note:
currently not required by AASHTO LRFD Design Specifications, but commonly done in standard
practice

PS = Secondary forces from posttensioning

CR = Creep effect of concrete

SH = Shrinkage effect of concrete

Secondary forces of posttensioning are included in ultimate limit state load combinations with a load
factor of 1.0.

In addition to service and strength limit state load combinations, the deck design should be checked
for construction load combinations, such as segment lifting, construction equipment, and segment
stacking (see LRFD Article 5.14.2).

3.5.2 Live Load Analysis

When a static concentrated load is applied on a deck, the deck will deflect transversely as well as
longitudinally, similar to the structural behavior of a two-way slab. The load distribution becomes more
complex when multiple point loads are applied to the deck, such as a truck load. When the structural
model is simplified to a 2D frame model, as stated in Section 3.5.1, it is important to obtain the resulting
3D forces to the 2D model.

Commonly, there are two ways of handling live load distributions in the transverse direction:

1. In the past, influence surfaces from Pucher or Homberg Charts have been extensively used in box

girder transverse design. These charts are based on elastic theory of plates (homogeneous and
isotropic). Some charts are valid for constant depth plate thickness and some for variable depth
plate thickness with a parabolic soffit. Depending on the boundary conditions of the selected
plate, the dimensionless charts provide bending moments per unit length at the fixed end and
midspan only. The fixed end moment (FEM) is then applied as external forces to the 2D frame.
The bending moments between supports are approximated by interpolation. The method has
limitations for haunched deck slabs, regarding the support depth over midspan depth ratio. This
method is approximate and can be useful for preliminary design.
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FIGURE 3.44 LRFD live load configuration in 3D.

2. A more accurate method is based on a partial 3D finite element model of the box girder. The term
“partial” implies that the entire bridge superstructure need not be modeled; rather it should be inter-
preted as a partial length of the box that will be long enough to include three-dimensional effects. From
this model, influence lines can be generated at any section of interest. The influence lines should be gen-
erated using a line load consisting of front and rear wheels of a design truck. Since general finite element
programs are readily available presently, it is reccommended that this method be used for final design.

It should be noted that, theoretically, a continuous vehicle barrier could be incorporated into this
model to further distribute live load longitudinally. However, owing to discontinuities of the barrier and
uncertain future quality, this edge stiffening effect is neglected and not recommended.

It is very important that the live load configuration be strategically placed in order to produce the worst
condition (see Figures 3.44 and 3.45). Some common points where stresses are checked include the following:

o Maximum negative bending moment at the root of deck overhang

o Maximum positive and negative bending moments at the center line between two webs
o Maximum negative bending moment in the top deck at the interior face of the webs

o Maximum negative and positive bending moments in the webs and bottom slab

o Maximum negative moment in the deck overhang where the taper begins

Figures 3.46 through 3.51 show typical influence lines corresponding to the above locations using
method 2.

In the AASHTO LREFD Specifications (AASHTO 2012), only the effect of a design truck (or tandem) is
to be considered for transverse design and no lane loads (see Article 3.6.1.3.3).

3.5.3 Posttensioning Tendon Layout

Posttensioning in the transverse direction typically consists of three to four 0.5- (13) or 0.6-in (15 mm)
diameter strands per tendon passing through the top slab and anchored at the face of the overhang
on each side of the box girder. These tendons are usually housed in flat ducts due to the thin top slab.
To efliciently utilize the tendon, it should be suitably profiled for maximum structural efficiency.
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FIGURE 3.46 Live load influence lines for moment at root of outside wing.

A typical tendon is generally anchored at mid height of the slab at wing tips and then gradually rises
to a level above the neutral axis of the deck over the webs. This helps the tendon resist the negative
moments at the webs. The tendon then gradually drops to a level below the neutral axis of the top slab
near the centerline of the box girder in order to resist the positive bending in that region. Figure 3.52

shows one example of the tendon path.
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FIGURE 3.48 Live load influence lines for moment at inside face of web.

Longitudinally, the tendon spacing is determined using the appropriate service and strength limit state
checks. The maximum spacing of tendons is typically restricted to 4 ft (1.2 m) in an effort to limit shear
lag effects between anchorages. However, it is a good practice to space transverse tendons based on 30°
stress distribution from the anchorage point on each side of the tendon considered. If maximum tendon
spacing is not addressed, zones near outside edges of the slab may be without effective prestressing.

3.5.4 Summary of Design Forces

The design forces obtained from the 2D frame analysis and 3D live load influence lines may be combined
in a spreadsheet using the LRFD Service Limit State and Strength Limit State combinations. The maxi-
mum tensile and compressive stresses at each predetermined section in the top slab are summarized
and compared to the stress limits at Service Limit States specified in AASHTO-LRFD Bridge Design
Specifications (AASHTO 2012). The prestressing force is usually estimated in preliminary hand cal-
culations, and then analyzed in a 2D time-dependent run using proprietary software. All other loads
are incorporated into the 2D model, except live loads. The results are then compiled in a spreadsheet
to check stresses. By varying the prestressing force, the combined stresses of service limit states are
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FIGURE 3.53 Concrete service stresses (code comparison).

calculated. Using the selected tendon forces per unit length, the size and spacing of transverse tendons
in the segment are determined.

The LRFD Strength Limit States may be also tabulated in a spreadsheet and an envelope of maximum
and minimum values is determined for each chosen section. The values of the moment envelope can

then be compared to the calculated bending capacities for each of the corresponding transverse compo-

nents. Concrete service stresses were computed using several AASHTO Standard Specifications and the
current LRFD Specifications for comparison purposes (see Figure 3.53).
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3.5.5 Service Limit State Design

When checking concrete stresses, only Service Limit State I is checked with a live load factor of 1.0 for
tension as well as compression. Also, a linear temperature gradient of 10° F between interior and exterior
surfaces of the box is used in Service Limit State I. The current LRFD specification does not specify this
loading, leaving it up to the owner or designer to establish if it should be included on a project-by-project
basis. This example is based on a load factor of 0.5 for transverse temperature gradient when accompa-
nying live load. Also, in addition to Service Limit State I, LRFD requires a check for service load stresses
due to dead load and full temperature gradient. This limit state can often govern at locations where live
load influences are small.

In addition to service limit states under maximum loading, temporary stresses such as those prior
to barrier placement and vehicular traffic should be checked to ensure that allowable stresses are not
exceeded during the construction process.

Service load combinations used in this example include the following:

Service I (Tension & Compression)
1.0(DC+DW +EL)+1.0(PT)+1.0(LL+IM)+1.0(CR +SH)+/— 0.5(TG)
Segmental Load Combination (LRFD Equation 3.4.1-2)

1.0(DC+DW +EL)+1.0(PT)+1.0(CR +SH)+/~1.0(TG)

3.5.6 Strength Limit State Design

3.5.6.1 Flexural Strength Design Check

For purposes of the transverse design, Strength Limit State IV is the same as Strength Limit State I
without live load, with 25% more self-weight. This loading does not govern in this example.

For temperature gradient load factors, LRFD Specifications suggest determining a load factor on a
project-specific basis, with a recommendation of 0.0 for most instances. Since these loads are a result of
restrained deformations, the loads should disappear if the reinforcement begins to yield at ultimate. In
addition, the Segmental Guide Specifications do not include this component in ultimate load combina-
tions. For these reasons, the temperature gradient was not used in the strength limit state combinations
below.

The LRFD specifications require minimum reinforcement equal to that required to resist 1.2 times
the cracking moment. This requirement governs only the bottom slab (soffit) design. To satisfy the
minimum steel requirement, the transverse bar spacing in the bottom soffit was decreased from 12 (205)
to 8 in (203 mm), which represents an increase in reinforcement of 50%.

Also, under ultimate flexure, the amount of web steel reinforcing required for transverse bending
should be calculated. This should be combined in an appropriate manner with reinforcing required for
longitudinal shear.

Listed below is the ultimate load combination per LRFD:

Strength I

Y,DC+v,DW +1.0EL+1.75(LL+IM)+0.5(CR+ SH)

3.5.6.2 Shear Strength Design Check

Traditionally, shear behavior has been ignored in the design of concrete decks for AASHTO bridges.
Box girder decks are similar in this sense, but can often have large construction loads placed on them.
In these special cases, both one-way and two-way action shear should be investigated.
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3.6 Longitudinal Design
3.6.1 Design Methodology

The following design example illustrates the longitudinal design process for a typical precast segmental
bridge. The structure is assumed to be erected using the precast balanced cantilever construction
method with a ground-based crane. Owing to changes in the statical system during erection, as cantile-
vers are made continuous through cast-in-place closure joints, it is necessary to analyze the structure for
time-dependent effects. Time-dependent analysis is a function of the segment casting date, times that
the segments are incorporated into the structure, as well as dates associated with changes in the statical
system throughout the construction process.

It is customary to establish an assumed sequence of construction and to estimate a reasonable
construction schedule. Casting and erection dates of the segments are established on the basis of the
construction schedule and the segment production rate. Casting dates are a function of an assumed
number of casting cells and the time required to cast each segment. For purposes of estimating these
dates, the segment production rate is assumed as one typical segment per day per casting cell and
one pier/expansion joint segment per week per casting cell. Segments are not to be erected earlier than
one month after casting. During construction, when actual casting and erection dates become available,
the stage-by-stage analysis should be rerun in order to obtain correct camber values.

Time-dependent properties of concrete are established on the basis of the environmental humidity
and dimensions of the cross section, and can be adjusted for concrete composition (e.g. limestone aggre-
gate), rate of hardening, and ambient temperature. Section properties are determined for each segment
considering the effects of shear lag in the top and bottom slab.

The above information is entered into a time-dependent analysis proprietary software. A stage-by-
stage analysis is performed using an assumed posttensioning layout while carefully modeling appro-
priate boundary conditions for each step of the construction process. After the construction has been
modeled, the structure is stepped through time day 10,000 to allow all time-dependent effects to occur.
It is also essential in statically indeterminate structures to sum up all locked-in forces that result from
various stages of structural systems until day 10,000. Additional loads are placed on the structure such
as live load, temperature gradient, and support settlement, as appropriate, and analyzed for initial
(at end of construction) and final conditions at day 10,000.

3.6.2 Tendon Layout and Envelope

An approximate tendon layout can be based on preliminary calculations for construction loading of a
typical cantilever. Span continuity tendons can be estimated by preliminary design based on the final
structure approximate creep and shrinkage effects using load factor dead and live load combinations.
The assumed layout can then easily be modified during the final design to satisfy all applicable LRFD
Limit State Load Combinations.

The preliminary design for this example indicates the need for twelve cantilever tendons and five
bottom continuity tendons per web. On the basis of previous experience, two eight-strand continuity
tendons were added in the top slab across the closure pour to control stresses resulting from tempera-
ture gradients. The final design resulted in an increase of one cantilever tendon and one bottom span
continuity tendon at interior spans only (see Figures 3.54 through 3.56).

The tendons used are based on a 12-strand system using 0.6 in (15.24 mm) diameter strands. Only
11 strands were used for bottom continuity tendons to provide space for 5% contingency posttensioning
as required for internal tendons. One out of 12 strands will provide approximately 8% of the contin-
gency posttensioning if needed. An empty duct was provided for the cantilever tendons combined with
an anchorage on the last segment of the cantilever to allow for contingency posttensioning. This empty
duct should be grouted if no contingency tendons are required.



Segmental Concrete Bridges 125

43'-0"

(2) 120" lanes = 24'-0" 10-0" 1-6"

4-91/2" 17-111/2" 3-61/2"

10"
8'-2 8'-2
T
Span section 16'-4" Support section
FIGURE 3.54 Typical section.
% Box
Symmetrical about
6-71/2" 8 4@5 8" 2.0 g 5@5" 3"
! e e 4% 0.6" dia. strand
9" " tendon @ 4'-0" spacing
r 6" (t
(typ) ) /
PY Py Py i
p [ DODDD PODDODD|_# 1
o(@®
7, I
1-1/4" Threadbar (typ)
12 % 0.6" dia. or 15 X 0.5" dia.
strand tendon anchors
12 % 0.6" dia. or 15 x 0.5" dia.
10" strand tendon anchor
Provisional “;"“3 Yo
tendon duct N =
of o - % = 12 x 0.6" dia. strand tendon
S g8 )
— I
. e s i
47" 5@5 | 10"

1 3/8" dia. threadbar

FIGURE 3.55 Posttensioning tendon locations.

Provisions are also made for future posttensioning by addition of anchorages and deviation points for
external tendons (inside the box section), which can be used for adjustment of deflections or for other
unforeseen conditions. Provisional posttensioning ducts and anchorages are covered under Article
5.14.2.3.8 of AASHTO LRFD Bridge Design Specifications (AASHTO 2012).

3.6.3 LRFD Live Load

LRFD live load (HL-93) consists of a single design truck per lane or tandem combined with a
uniformly distributed lane load. For negative moments only, a second truck is added and the total
effect is reduced by 10%. The second truck is required only between points of uniform load contraflex-
ure, and should leave a space of at least 50 ft (15 m) between trucks measured between the rear axle of
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the leading truck and the front axle of the trailing truck. A fatigue truck is also specified but was not
considered for this example.

A dynamic load allowance (impact) of 33% is added to the design truck, but is not required for design
lane load. Multiple presence factors range from 1.2 for a single lane to 0.85 for three lanes and 0.65 for
more than three lanes. This example is based on three lanes, and has a multiple presence factor of 0.85.
The application of LRFD live loads is shown in Figures 3.57 and 3.58.

Abut. 1 Pier 2 Pier 5 Abut. 6
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FIGURE 3.57 Application of LRFD live loads on a continuous structure.
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32k 32k 8k 25k 25k
(145 kN) (145 kN) (35kN) (110 kN) (110 kN)
0.64 k/ft 0.64 k/ft
(9.3 kN/m) [ (9.3 kN/m)
L (ol [ [ IS0 161 | [Slol |
14 ft to 30 ft 14 ft 4 ft
(4.3 m to 9 m) (4.3 m) (1.2m)
Truck and lane loads Tandem and lane loads

Longitudinal load configuration

6 ft 6 ft Notes:
(1.8 m) (1.8 m)

1. w=Lane load per unit length

P/2 P/2 12k 12k = 0.64 k/ft (9.3 kN/m) per lane

(55 kN) (55 kN)

3. The dynamic load allowance
10 ft shall not be applied to the
(3.0m) . design lane load.
2'-0" In typical lane

2. Dynamic load allowance =33%

12 ft (1'-0" at deck overhang) — | 4. Axles which do not contribute
Lane Lane to the extreme force effect under
(8.6m) (3.6m) consideration shall be neglected.
Truck load Tandem load

Transverse load configuration

FIGURE 3.58 Longitudinal and transverse live load configurations.

3.6.4 Shear Lag Effect

The AASHTO Guide Specifications for Design and Construction of Segmental Concrete Bridges, First
Edition (AASHTO 1989a) adopted shear lag provisions of DIN 1075 (German Concrete Code) using a
linear transition of effective flanges. However, in the second edition, shear lag provision changed to a
step function between span and support regions. In contrast to this change, the AASHTO LRFD Bridge
Design Specifications, Third Edition (AASHTO 2004) adopted shear lag provisions similar to DIN 1075,
as shown in Article 4.6.2.6.2. The difference between the two methods is insignificant, but the LRFD
shear lag provision is considered to be more accurate.

When determining section properties, it is commonly assumed that shear lag applies to the moment
of inertia and location of the neutral axis of the section. However, the cross-sectional area remains based
on the full gross cross section, so as to not overestimate the “P/A” component of posttensioning stresses,
where P = PT effective force and A = gross cross section area.

Shear lag is a function of the structural system at the time it is under consideration. If the software
used permits, section properties can be changed in the construction model to approximate true statical
conditions at all intermediate steps. This additional accuracy may not be warranted for all designs, but
could be evaluated on a case-by-case basis.

The following shear lag effect calculation is in accordance with article 4.6.2.6 of AASHTO LRFD
Bridge Design Specifications (AASHTO 2012).

A. Completed structure
A.1- End span (see Figure 3.59)

where
b = flange width on each side of web (See Figure 3.60)
b, =10.37'

b,=9.71'
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£ Abutment €. Pier 2
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1=150"-0"
FIGURE 3.59 End span effective flange width diagram.
b, b,
) be; be, )
bs
=
bes ~
Typical section Support section
FIGURE 3.60 Typical box girder section effective flange widths.
b, =734
a = the largest of b, but not exceeding 0.25 X 1
=10.37' < 0.25 X 150' = 37.5'
c=01x1=0.1(150") = 15' 0"
l,=0.8x1=0.1(150") = 120'
b b,  bjb bbb, b,
b, 10.37"  0.086 0.8 1.0 8.3' 10.37
b, 9.71'  0.081 0.8 1.0 7.77 9.71'
b, 7.34"  0.061 1.0 1.00 7.34 7.34
Obtained by/b and b,,/b ratios from LRFD Figure 4.6.2.6.2-2.
Effective flange: bme (no reduction)
by.=8.3'
by, =777
b, = 7.34' (no reduction)
A .2-Inner span (see Figure 3.61)
where
c=0.1x1=0.1x200"=20'
I;=0.6x1=0.6 x200"=120'
b b/, bib  by/b b, b
b, 10.37' 0.086 0.8 1.0 8.3' 10.37'
b, 9.71' 0.080 0.8 1.0 7.77 9.71'
b, 7.34 0.060 1.0 1.00 7.34' 7.34'
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1=200"-0"

FIGURE 3.61 Inner span effective flange width diagram.

1=98"-9"

FIGURE 3.62 Cantilever span effective flange width diagram.

Effective flange: bme (no reduction)
b,.=8.3'

b, =7.77'

by = 7.34' (no reduction)

b b, bJ/b by
b, 1037 0.07 0.75 7.77'
b, 9.71 0.07 0.75 7.28'
b, 7.34 0.05 1.00 7.34'

B. During construction
B.1- Cantilever (see Figure 3.62)
where [, = 1.5 x1=1.5x%98.75 = 148.125'
Effective flange: b, = 7.77'
b, = 7.28'
b,;. = 7.34' (no reduction)

3.6.5 Temperature Load

Temperature loads for superstructures consist of uniform temperature change as well as temperature
gradients. A uniform temperature change of the superstructure is defined as the entire cross-section
heating or cooling at the same rate. In contrast to this, a temperature gradient is defined as a vertical
temperature change from top to bottom of the box. A positive temperature gradient results from solar
heating of the deck surface and will cause higher temperatures in the top deck. A negative temperature
gradient results from rapid cooling of deck concrete while ground temperatures may remain relatively
unchanged from daytime conditions. The aforementioned gradients vary in a nonlinear manner with
respect to depth of the superstructure, which requires a rather complex method of analysis to determine
resulting stresses. The AASHTO LRFD Bridge Design Specifications (Article 3.12.3) adopted a tempera-
ture gradient profile (see Figure 3.63) that differs from that used by the AASHTO Guide Specifications
for Thermal Effects in Concrete Bridge Superstructures (AASHTO 1989b), which is an abridged version
of NCHRP Report 276.
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FIGURE 3.63 Vertical temperature gradient profile for segmental bridge (AASHTO LRFD Figure 3.12.3-2).

Both uniform temperature and temperature gradient are included in service limit state load
combinations. Temperature gradient may be reduced by 50% if live load is present in service load
combinations. For segmental bridge design only, a special load combination (LRFD Equation 3.4.1-2)
for service shall be checked. This load combination has no live load; therefore 100% of the temperature
gradient is included. In general, this load combination controls for segmental concrete bridges where
live load force effects are small. In this example, such an area occurs at closure pours in the top of the
box. Please note, for uniform temperature use a load factor of 1.0 when checking stresses, and 1.2 for
structural deformations. The 1.2 factor will assure that bearing and expansion joint are not under
design.

Temperature gradient is not included in strength limit state load combinations, while uniform
temperature is included. Two load factors are assigned to uniform temperature in strength limit states.
A factor of 0.5 is used for strength capacity calculations and 1.2 for structural deformations.

3.6.6 Time-Dependent Effect

Creep and shrinkage of concrete, including relaxation of prestressing steel are commonly referred to
as time-dependent long-term effects. These effects are important factors that demand consideration in
design of segmental bridges (see Figure 3.64). Nonlinear time-dependent deformations result in force
redistribution due to changes in the statical system during the course of the construction, and continue
through day 10,000 when long-term effects are considered to be diminished (see Figure 3.65).

Shrinkage, which causes shortening of concrete due to dehydration, is independent of stress (applied
loads). Creep is a result of concrete deformation under permanent stress (loads) in addition to elastic
deformation.

The redistribution of sectional forces due to change in statical system and creep effect can be esti-
mated by Dischinger’s equation:

M;=M;+(M;-My)e®
where

M;= Final moment at day 10,000
M, = Moment as constructed at the end of construction
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318 Comb DC + (CR & SH) at day 10,000

303 Genl Dead load of superstructure (DC only) (erected on falsework)

301 Comb Total DC

- ~18,000.

- 18,000.
£ 36,000.

- 54,000.

72,000.

133

: —72,000.

Bending moment (K-ft)

FIGURE 3.64 Superimposed final moment (diagram 318), moment (diagram 301) and moment constructed on

false-work (diagram 303).

312

310

315 Comb Total creep and shrinkage at day 500
314 Comb Total creep and shrinkage at day 1,000

310 Comb Total creep and shrinkage at day 2,000

312 Comb Total creep and shrinkage at end of construction (day 250)

311 Comb Total creep and shrinkage at day 4,000
310 Comb Total creep and shrinkage at day 10,000

—-8800.

—6600.

—4400.

—2200.

2200.

4400.

6600.

8800.

Bending moment (K-ft)

FIGURE 3.65 Development of time-dependent bending moment due to creep and shrinkage from end of

construction (diagram 312) to day 10,000 (diagram 310).
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M, = Moment assuming the bridge is constructed on false work
¢ = Creep coeflicient
M_, = Moment due to creep effect

The above equation can be rewritten to obtain M due to creep effects: M, = (I-e ~®) (M, — M,).

Steel relaxation is the loss of tension in prestressing steel under constant length and temperature
over a period of time. To prevent excessive relaxation loss in segmental bridges, low-relaxation strands
are used. The low-relaxation strands meet the ASTM Standard requirement that relaxation loss after
1000 hours under 70°F is no more than 2.5% when initially stressed to 70% guaranteed ultimate tensile
strength (GUTS) and not more than 3.5% when stressed to 80% GUTS.

Although AASHTO LRFD Bridge Design Specifications allow creep and shrinkage effects to be evalu-
ated using the provisions of CEB-FIP Model Code or ACI 209, for segmental bridge design, the CEB-FIP
Mode Code provisions are commonly used. This design example utilizes the CEB-FIP Model Code 1990.

3.6.7 Secondary Forces

Secondary forces are internal forces generated as a result of applied deformations or imposed loads to
statically indeterminate systems.
Several recognized secondary forces in segmental bridge design are as follows:

o Secondary forces due to primary posttensioning (see Figures 3.66 and 3.67)

» Secondary forces due to construction process such as locked-in forces (see Figures 3.66 and 3.67)
o Secondary forces due to creep and shrinkage effects

« Secondary forces due to temperature loads (uniform and gradient temperature)

« Secondary forces due to support settlement

All of the above secondary forces are included in service limit state load combinations without
exception. However, inclusion of different types of secondary forces in strength limit state load combi-
nations may differ from code to code.

—48,000.

-26,000.
—24,000.
292
/
-12,000.

h ] T U,
12,000.
290
24,000.
26,000.

290 Comb Prestressing secondary & locked-in forces at day 10,000
314 Comb Total PT primary moment

(=]

Bending moment (K-ft)

48,000.

FIGURE 3.66 Superimposed of PT primary moment (292) and secondary moment and locked-in forces (290) at
day 10,000.
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-320.

—240.

-160.

=)
Shear force (kips)

80.

160.

240.

290 Comb Prestressing secondary & locked-in forces at day 10,000 320

FIGURE 3.67 PT Secondary and locked-in shear forces at day 10,000.

Under AASHTO LRFD 6th Edition (2012), the locked-in forces (EL) are separated from prestressing
secondary forces (PS), unlike in the previous editions. For strength limit state load combinations, both
EL and PS have a load factor of 1.0, while dead loads (DC) have a load factor of 0.9 (minimum) and
1.2 (maximum). In most segmental bridge software, dead loads are not distinguished from locked-in
forces. Owing to many construction stages during the erection process, it is possible to accumulate large
quantities of dead load cases and locked-in force load cases. Once the construction process is complete,
back-tracking to separate dead load cases from locked-in load cases creates complex book-keeping, and
serves of little benefit to end results. EL load factor should follow DC, since it modifies the final design
forces due to many construction stages, unlike other types of structures such as steel.

Secondary forces due to temperature gradient are not included in strength limit state load combina-
tions, while support settlement secondary forces are to be considered on a project-specific basis.

Uniform-temperature secondary forces, including creep and shrinkage effects, are included in
strength limit state load combinations with a load factor of 0.5.

3.6.8 Summary of Design Forces

The summary of all design forces are presented in the form of maximum design forces envelopes as
shown in Figures 3.68 and 3.69.

3.6.9 Service Limit State Design

Service limit state design of the superstructure requires a stress check for three load combinations. These
consist of Service Limit State I, Service Limit State III, and a special load case for segmental bridges.
Service Limit State III allows tension to be evaluated using a 0.8 live load factor, while Service Limit
State I checks compression with a 1.0 live load factor. In combination with these three limit states, a
nonlinear temperature gradient will be applied. For Service Limit States I and III, which use maximum
live load influence, LRFD recommends a factor of 0.5 for temperature gradient in lieu of project-specific
data. For the special load case applying to segmental bridges, temperature gradient receives a load factor
of 1.0, since live load is not included. For a description of this load case, see LRFD Equation 3.4.1-2.
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810 MAXL Maximum forces envelope of strength limit state (T =350)
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FIGURE 3.68 Maximum bending moments envelope for strength limit state load combinations.

-3200.
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829 MAXL Max envelope strength limit state (LRFD factors) (T = 10,000) :
828 MAXL Max envelope strength limit state (LRFD factors) (T = 10,000)

FIGURE 3.69 Maximum shear forces envelop for strength limit state load combinations.

It is important to note that, although the special load case may not control at locations where large
amounts of posttensioning are present, it may indeed control at locations where live load effects are
small or at locations outside the precompressed tensile zone. Such locations for this example include
tension in the top of closure pours and compression in the top of the box at pier locations. For this
example, tendons were added at the top of the box crossing the closure pour to counteract the tension
produced by the bottom of the box being warmer than the top.



Segmental Concrete Bridges 137

3.6.10 Principal Tension Stress Check

In order to control diagonal tension cracks from developing in the webs adjacent to pier support at service
limit state load combinations for shear and torsion, principal tension stresses should be checked. Stresses
are calculated using Mohr’s circle to determine the principle tension (see Figure 3.70). If the allowable
tensile capacity of the concrete is exceeded, diagonal tension cracks may be anticipated. Typically, the
maximum principal tension stress is limited from 3\/f’ to 4\/7£’ (psi). AASHTO LRED limits the princi-
pal tension stresses to a maximum value of 3_5\/76’ (psi) at service loads (Tables 5.9.4.1.2-1 and 5.9.4.2.2-1)
and 4\/?! (psi) during construction (Table 4.14.2.3.3-1) for segmental bridges. Although this check is only
required at the neutral axis of the web, it is recommended that the top slab and web interface location
be investigated as well. For this example, 3.5,/ f tension is used as a maximum allowable value under
service loading.

Since principal stress is a function of longitudinal, vertical, and shear stress, it is necessary to deter-
mine concurrent moments for the maximum live load shear. It should be noted that high principle
stresses commonly occur at interior pier locations, and the HL-93 live load moment corresponding to
shear should only use one truck, rather than two, as used in calculating the negative moment at interior
piers. The live load also has a load factor of 0.8 similar to Service III Limit State or it would be practically
impossible to satisfy principal stresses while the extreme fiber could be in tension.

The maximum principal stresses in this example occurred near the interior piers at the top of the
web for final conditions. From analysis at the critical section, the maximum principle tension stress
was approximately 4-5\/?5' ; larger than the previously discussed limit. For this particular example,
vertical posttensioning bars are used to control the principal tension stress. Calculations show that
three 1%4" diameter bars, are needed in each web to the reduce principle tension to an acceptable value
(see Figure 3.71). The overstress could also be addressed by modifying the cross section (web thickness)
or adding more longitudinal compressive stress (additional strands). The solution presented was deemed
acceptable since only a small number of segments require vertical posttensioning. A graph of the prin-
ciple stress prior to addition of vertical posttensioned bars can be seen in Figure 3.72.

Principal tensile stress check

VQ
y=—
1b
where

V = Vertical shear force

Q = First moment of an area with respect to CG of the section
I'=Moment of inertia about CG of the section

b = Perpendicular web thickness

Oy Af / iﬁ oy Normal
— v Prir{cipal
AN tension
“r
c

FIGURE 3.70 Principal stresses and Mohr’s Circle.
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FIGURE 3.71 Vertical PT bar in the web.

Principle stresses at day 10,000

0 150 300 450 600 750 900
Distance along bridge (ft)

Principle stresses (psi) ------- Allowable tension (3.5 sq. roots)

FIGURE 3.72 Principal tension stress at service limit state load combinations along the bridge.

where compression stress is positive
For 6, = 0: (at sections where no vertical web posttensioning is present)

va=yfix(fi+f)

where

f. = Allowable principal tension
f= Compressive stress at level on web under investigation
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3.6.11 Flexural Strength Check

Once service stresses are satisfied in the superstructure, the limit state of flexural strength must be
checked. For most cases with superstructures, Strength Limit State I is the only load combination that
needs to be considered. However, for longer spans where the ratio of the dead load to live load is large,
Strength Limit State IV may control. For this example, the magnitudes of live load force effects are greater
than a 25% difference in structural component dead load. Hence, Strength Limit State IV will not control.

The load factors for support settlement and temperature gradient are not provided by LRFD; they are
to be determined on a project-specific basis. In lieu of project specific data, LRFD recommends using
a load factor of 0.0 for the temperature gradient. With regard to the temperature gradient, the loads
imposed result from restrained deformations and should disappear if the reinforcement starts to yield at
ultimate. Owing to this occurrence, the temperature gradient is not considered in strength limit states.
Also, support settlements are not considered in this example.

The LRFD specifications, Article 5.7.3.3.2, require minimum reinforcement in order to prevent flexure
brittle failure, especially in deeper girder where a very small amount of flexural reinforcement is required.

3.6.12 Shear and Torsion Design

3.6.12.1 AASHTO LRFD Shear and Torsion General Design Procedure

The modified compression field theory (MCFT) was developed by Collins and Mitchell (Collins and
Mitchell, 1991) in Canada. The MCFT for shear and torsion design was adopted for the first time by the
Ontario Highway Bridge Design Code in 1991. The AASHTO LRFD Bridge Design Specifications (AASHTO
2012) also adopted the new method of shear and torsion design in addition to traditional ACland AASHTO
Guide Specifications for segmental bridge empirical equations. Unlike previous empirical equations, MCFT
is a rational approach that gives physical significance to the parameters being calculated. The MCFT is
based on variable-angle truss instead of a 45° truss model. Owing to this truss model, the longitudinal
reinforcement becomes an important element of shear design. Prior to 2008 AASHTO LRFD Interim,
the general procedure for concrete shear capacity contribution required iteration to determine o and 6
parameters. Currently, AASHTO provides noniterative algebraic expressions. The iterative procedure
has been moved to Appendix B5 and it is acceptable as an alternative to General Procedure Section
5.8.3.4.2. AASHTO LRFD also allows V, to be calculated using a simplified procedure as per Section
5.8.3.4.3 compatible with ACI Code 318-05 and AASHTO Standard Specification. For segmental box
girder bridges, shear and torsion design procedure of Section 5.8.6 may be applied in lieu of Section 5.8.3.

3.6.12.1.1 Sections Subjected to Shear Only

In a box girder, the stresses due to shear and torsion are additive on one side of the web and counteract
each other on the other side. Therefore, the final transverse web reinforcement should be based on the
summation of reinforcement due to shear and torsion.

Normally, the loading that produces the maximum shear is not the same loading which produces
the maximum torsion. Therefore, it is conservative to design on the basis of the maximum shear and
maximum torsion. However, it is sufficient to design using the maximum shear with its associated
torsion and the maximum torsion with its associated shear.

For shear design, the following basic relationship must be satisfied at each section:

V.oV,
where

V,is determined as the lesser of

V, =V, +V,+V, (LRFD 5.8.3.3-1)
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V,=025f/b,d,+V, (LRFD 5.8.3.3-1)

V, =0.0316B\/f.b,d, (LRFD 5.8.3.3-3)
The value of f§ at a given section is obtained from equation:

4.8

= =% (LRFD 5.8.3.4.2-1)
1+ 750,

B

where f is a factor indicating the ability of diagonally cracked concrete to transmit tension and shear,
and €, is the net longitudinal tensile strain in the section at the centroid of the tension reinforcement.
Tensile strain €, may be determined by equation:

M,'d, +05N, +|V, - V,|- A, f,,

e = ]
. EA LA, (LRED 5.8.3.4.2-4)

The contribution of transverse reinforcement is calculated using equation:

v A, f,d, (cot®+cotar)sinar

g ; (LRFD 5.8.3.3-4)

where o is the angle of inclination of transverse reinforcement and 0 is the angle of inclination of diago-
nal compressive stresses as determined by equation:

0=29+3500¢, (LRFD 5.8.3.4.2-3)

3.6.12.1.2 Longitudinal Reinforcement

One of the cornerstone principles of modified compression field theory is the recognition that shear
causes tension in longitudinal steel. At each section of the beam not subjected to torsion, the capacity of
the longitudinal reinforcement must be checked for sufficiency. This relationship is expressed as follows:

Va
L VP

v

M
Asfy +Apsfps 2|:|d (1:| +0.5%+(
O c

—O.SVchot6:| (LRFD 5.8.3.5-1)

3.6.12.1.3 Sections Subjected to Combined Shear and Torsion

For sections subjected to combined shear and torsion, refer Article 5.8.3.6. Strain should be calculated
taking into account the combination of these effects. Shear stress, longitudinal reinforcing, and area of
shear reinforcing should also be modified.

3.6.12.2 AASHTO Shear and Torsion Design Procedure
for Segmental Box Girder Bridges

Refer to LRFD Article 5.8.6
The nominal shear resistance is the algebraic sum of the contributing components:

V,=V.4+V,+V,
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In sections where the effects of torsion may be neglected, the nominal shear resistance is limited to

V,=0379/f/b,d (LRFD 5.8.6.5-2)

The shear provided by concrete section is determined as follows:

V,=0.0632K,[f/b,d (LRFD 5.8.6.5-3)

where K is the stress variable parameter expressed by equation:

—Jr <5
0.0632,/f/

(LRFD 5.8.6.3-3)

where

f»- = Compressive stress in concrete after allowance for all prestress losses at the centroid of cross-
section resisting shear
f. = Specified concrete strength

Shear provided by transverse reinforcement is determined from equation:

Afd
V.= l (LRFD 5.8.6.5-4)
N

A, = Area of transverse reinforcement within a distance s (in?)
Torsional effects is investigated in sections where factored torsional moment at the section is greater
than the torsional cracking moment:

(LRFD 5.8.6.3-1)

u cr

where

T, = Factored torsional moment (kip-ft)
T., = Torsional cracking moment (kip-ft)

Torsional cracking moment T,

cr>

is given by equation:

T, =0.0632K/f/2A,b, (LRFD 5.8.6.3-2)

where

A, = Area enclosed by shear flow path (in?)
b, = Minimum effective shear flow web or flange width to resist torsional stresses (in)

When torsional effects are considered, the longitudinal and transverse reinforcement must satisfy the
following conditions:

T, <0T, (LRFD 5.8.6.4-1)
where T, is the nominal torsional resistance of transverse reinforcement calculated as follows:

2A A
T, = 2441 (LRED 5.8.6.4-2)
N
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The longitudinal reinforcement should satisfy:

A (LRFD 5.8.6.4-3)

C24A,f,
where

A, = Total additional longitudinal reinforcement required for torsion (in?)
P, = Perimeter of centerline outermost continuous closed transverse reinforcement (in)

Additionally the section is sized to satisfy:

\%4 T,
(155 oo

3.6.12.2.1 Design Examples (Using LRED Modified Compression Field Theory)

3.6.12.2.1.1 Node Number: 41 (At Critical Shear Section) Ultimate moment: M, =82,091 kip-ft (nega-
tive moment, bottom slab is in compression)

V, =2,391 kip
¢ = 0.90 for shear

Nominal shear resistance:
V,=V.+V.+V,
or
V,=025fb,d, +V,

where

f/=6ksi, compression strength of concrete

b, =32 in, effective web width

d,=108—6-17.1/2=93.4 in="7.79 ft > Max{0.9(108-6),0.72x108},
effective shear depth

V, =025X6X32x93.4 = 4,483 kip
V, = 4,483 kip>V, /o= 2,391/0.9 = 2,657 kip

Cross-section dimension is sufficient.
Concrete contribution:

V. =0.0316B,/f/b,d,

Transverse reinforcement contribution:

. Avfydv cotO

N

S
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where

f = factor indicating the ability of diagonally cracked concrete to transmit tension
0 = angle of inclination of diagonal compressive stresses

Step 1: Calculate the net longitudinal tensile strain in the section at the centroid of the tension

reinforcement:
M, 82,091
7+0'5Nu+ Vu_Vp‘_APSfPO ’794'2,391—677)(189
e __7.79
° EA+E,A, 28,500 x 67.7
133.7
=——" _ =0.00007
1,929,450

Step 2: Compute the value of f:

48 48 453
1+750e, 1+750%0.00007

B

Step 3: Compute the value of 6:
0=29+3,500¢, =29+ 3,500 % 0.00007 = 29.24°

Step 4: Compute the contribution of concrete steel V.:

V. =0.0316B\/f/b,d,
=0.0316x4.53/6 x32x93.4=1,048 kip

Vo=V, =V.=V,/6-V,
=2,391/0.9—1,048 =1,609 kip =805 kip/web

A__ Vi
s f,d,cotd
8
= 05 =0.08in?/in=0.96 in?/ft
60x93.4 % cot29.24°

Use double #6 bars at 9" centers per web A, =1.17 in?/ft

3.6.12.2.1.2 Longitudinal Reinforcement For sections not subjected to torsion, longitudinal reinforce-
ment needs to satisfy:

ZZ)“ +(%—o.5vs —ijcote] (LRFD 5.8.3.5-1)

M
£+0.5

Asfy+Apsfps 2|:d‘,¢

$=0.95 for flexure; (Table 5.5.4.2.2-1)
$=0.90 forshear; (Table5.5.4.2.2-1)

A f,+ A, f,, =0x0+67.7x253=17,136 kip
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V= A, f,d, cot® _ 2X0.44Xx60Xx93.4% cot(29.24)
s B - 9

X 2=1,958 kip

M,
~+0.5 N, +[ﬁ—0.5VS —Vp)cotG
d,9 o (o

82,091 (2,391
= +0+

7.79 % 0.95 0.90
=13,909 kip

-0.5%1,958— 0)>< cot29.24°

Therefore, the condition (5.8.3.5-1) is satisfied.

3.6.12.2.1.3 Node Number: 29 (At Section 60 Feet from the Face of Diaphragm) Ultimate moment:
M, =20,816 kip-ft (positive moment, top slab is in compression)

V, =1,087 kip

$=0.90

Nominal shear resistance:
V,=V.+V,+V,
or
V,=025fb,d,+V,

where

f!=6ksi, compression strength of concrete
b, =32 in, effective web width

d, =108—5-2.6/2=101.7 in = 8.48 ft > Max{0.9(108—5),0.72 x 108}, effective shear depth;

V,=0
V, =0.25x6x32x101.7 = 4,882 kip
V, =4,882 kip>V, /0=1,087/0.9=1,208 kip

Cross-section dimensions are sufficient
Concrete contribution:

V. =0.0316B,/f/b,d,

Transverse reinforcement contribution:

v - A, f,d, cot6

s

S
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where

= Factor indicating ability of diagonally cracked concrete to transmit tension
0 = Angle of inclination of diagonal compressive stresses

Step 1: Calculate the net longitudinal tensile strain in the section at the centroid of the tension

reinforcement:

M, 20,816
SUHON, V= V|~ Aty +1,087-19.1x189

. _ 848

: EA,+E,A, 28,500%19.1
682

= =-0.00013—5¢,=0

544,350

Step 2: Compute the value of f:

__ 48 48 g
147508, 1+750x0.0

p

Step 3: Compute the value of 6:

0=29+3,500¢, =29+ 3,500 % 0.0 =29.0°

Step 4: Compute the contribution of concrete steel V.:

V,=0.03168./fb,d,
=0.0316x 4.8/6 x32x101.7=1,209 kip

V, /6=1,087/0.9=1,207kip= V.,

12
Minimum reinforcing A, = 0.0316\/7; b, fi =0.0316/6 X16 % “ =0.248 in?/ft
y

Conservatively use double #5 at 18" centers A, =0.413 in*/ft

A, f,d,cot® 2x0.413x60x101.7 x cot 29°
s 12

V =

s

x2=1,515.5 kip

3.6.12.2.1.4 Longitudinal Reinforcement For sections not subjected to torsion, longitudinal rein-
forcement needs to satisfy:

MM Nu Vu
Af,+ A fp 2 [d o +0.5 0 +($ =05V, - VPJ cote} (LRED 5.8.3.5-1)

¢ =0.95 for flexure; (Table 5.5.4.2.2-1)
¢ =0.90 forshear; (Table5.5.4.2.2-1)

Af,+ A, [, =0x0+19.1x268=5,118 kip



146 Bridge Engineering Handbook, Second Edition: Superstructure Design

M N,
~+0.5 ”+(£—O.5Vs—Vp)cot6
d,0 o Lo

20,816 (1,087
= +0+

8.48%0.95 0.90
=3,396 kip

—0.5><1,515.5—0)><c0t29°

Therefore, the condition (5.8.3.5-1) is satisfied.

3.6.12.2.2 Design Examples (Using AASHTO LRFD Section 5.8.6)
3.6.12.2.2.1 Node Number: 41 (At Critical Shear Section)
Vv, =2,391 kip

¢ = 0.90 for shear
fpe= 906 psi at neutral axis

f!=6 ksi, compression strength of concrete
b, =32 in, effective web width

Concrete contribution:
V. =0.0632K./f/b,d

Joe
K= [1l+— —
0.0632,/f/

K= }1+L =2.62=20
0.0632+/6

Note: Tensile stress at the extreme fiber under factored loads with effective prestressing was checked
to insure it was under 6,/ f.

<20

V., =2x0.06324/6 x32x102=1,011 kip

Transverse reinforcement contribution:

Vi=V,=V.=V,/o-V.
=2,391/0.90—1,011=1,646 kip = 823 kip/web

4,_V.
s f,d
= 823 =0.134 in?/in=1.61 in?/ft
60x102

Use double #6 bar at 6" centers per web A, =1.76 in?/ft

_Afd
- N

2x1.76 x60x102
V =

= T T T T 1,795 ki
12 P

V.

s
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Ultimate shear resistance:

OV, =0(V.+V,+V,)
V,=0

OV, =0.9(1,011+1,795) = 2,525 kip > V, = 2,391 kip

Check maximum nominal shear resistance:

V,=V.+V,+V,<0379,/fbd,
V,=1,011+1,795=2,806 kip

0379,/ f/b,d, =0.379x /6 x 32 X103 = 3,060 kip

The section is adequate to carry the factored shear force.

3.6.12.2.2.2 Node Number: 29 (At Section 60 Feet from the Face of Diaphragm)

V, =1,087 kip

¢ = 0.90 for shear

fpe= 533 psi at neutral axis

f/=6ksi, compression strength of concrete
b, =32 in, effective web width

Concrete contribution:

V. =0.0632K./f/b,d

K= 1+ # <20
0.0632,/f’
0.533
K= [l+—""_ =211=20
0.0632/6

Note: Tensile stress at the extreme fiber under factored loads with effective prestressing was checked

to insure it was under ¢ | 1
c

V. =2x0.06324/6 X32x103=1,021 kip

Transverse reinforcement contribution:

V.=V,-V.=V,/o-V.
=1,087/0.90—1,021 = 187 kip = 93 kip/web
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93

= =0.015 in%/in =0.18 in?/ft
60x103

_50b,s 50x16x12
f, 60,000

Minimum reinforcing does not control. However, conservatively use double #5 at 18 in centers
A, =0.413 in?/ft

Minimum reinforcing A, =0.16 in?/ft

Vo V.f,d 2x0413x60x103
s 12

=425 kip
Ultimate shear resistance:
oV, =0(V.+V,+V,)
Vp =0

OV, =0.9(1,021+425)=1,301 kip > V, = 1,087 kip

Check maximum nominal shear resistance:
V,=V.+V,+V,<0379/fbd,
V,=1,021+425=1,446 kip
0379/ f/b,d, =0.379x /6 x 32 X103 = 3,060 kip

The section is adequate to carry the factored shear force.

3.7 Construction Stage Analysis

3.7.1 Stability during Construction

A stability analysis during construction is one of the design criteria for segmental bridge design. During
construction of a segmental bridge, the boundary conditions are constantly changing from the begin-
ning of construction to the end. At all times during construction, the structure and foundation must
be in a stable state and have ample safety factors against material failure, overturning, and buckling.
Stability analysis, therefore, becomes an important design issue due to the lower degree of redundancy
and the load imbalance of the structure during this period.

A free cantilever structure is one example that requires a stability check during erection of a seg-
ment (see Figure 3.73). The longer the span length, the larger are the unbalanced loads. In many cases,
temporary supports are required to handle the load imbalance during erection. In addition to balanced
cantilever conditions, other partially completed structures may also need to be investigated.

It is important for the engineer to specify the design plans and the construction loads that were
assumed during design associated with the construction method selected. It is common practice
that at least one construction method be designed and shown in the plans. The limits of these loads
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FIGURE 3.73 Unbalanced construction load for balanced cantilever construction.

and locations where loads are applied on the structure should also be shown. Additionally, the
engineer’s construction schemes should be clearly stated, including approximate support reactions
due to construction equipment. The stresses caused by critical construction loads and strengths of
the members should also be checked. Figures 3.74 through 3.76 show critical construction loads for
this example.

The stability analysis specifications were originally covered in Article 7.4 of the AASHTO Guide
Specifications for Design and Construction of Segmental Concrete Bridges, Second Edition (AASHTO
1999). Later, those specifications were adopted by the AASHTO LRFD Bridge Design Specifications,
under Article 5.14.2.3. Table 3.1 shows service limit state load combinations during construction and its
associated stress limit.

The following construction loads should be considered in a stability analysis:

DC = Weight of the supported structure (kip).

DIFF = Differential load: applicable only to balanced cantilever construction, taken as 2% of the
dead load applied to one cantilever (kip).

DW = Superimposed dead load (kips or kIf).

CLL = Distributed construction live load; taken as 0.01 ksf of deck area applied to one side of
cantilever and 0.005 ksf on the other side.

CE = Specialized construction equipment, load from launching gantry, form-traveler, beam and
winch, etc. (kip).

IE = Dynamic load from equipment; determined according to the type of machinery. (For gradual
lifting, it may be taken as 10% of the lifting load.)

CLE = Longitudinal construction equipment loads (kip).

U = Segment unbalanced load (kip).

WS = Horizontal wind load on structure in accordance with the provisions of Section 3 (LRFD) (ksf).
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CLI1 (CLL2 + DIFF.) (CE+IE)
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FIGURE 3.74 Construction loads Case A and Case B.
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FIGURE 3.75 Construction loads Case C and Case D.
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FIGURE 3.76 Construction loads Case E and Case F.

TABLE 3.1 Service Limit State Load Combinations during Construction

Allowable Flexural ~ Allowable Principal

Load Combinations Tension Stress (ksi)  Tension Stress (ksi)
al  DC+ DIFF + CLL + (CE + IE) 0.19Vf 0.11Vf,
a2 DC+ DIFF + CLL + (CE + IE) + OTHER LOADS 0.22Vf, 0.126Vf,
bl  DC+ U+ CLL + (CE + IE) 0.19Vf, 0.11Vf,
b2  DC+ U+ CLL + (CE + IE) + OTHER LOADS 0.22Vf, 0.126Vf,
¢l DC+ DIFF + 0.7WS + 0.7WUP 0.19Vf, 0.11Vf,
2 DC+ DIFF + 0.7WS + 0.7WUP + OTHER LOADS 0.22Vf, 0.126Vf.
dl DC+ DIFF + CLL + CE + 0.7WS + WUP + 0.7WE 0.19Vf, 0.11Nf,
d2  DC+ DIFF + CLL + CE + 0.7WS + WUP + 0.7WE + OTHER LOADS 0.22Vf, 0.126Vf,
el  DC+ U+ CLL+ (CE+IE) + 0.3WS + 0.3WE 0.19Vf, 0.11Vf,
€2 DC+ U+ CLL + (CE + IE) + 0.3WS + 0.3WE + OTHER LOADS 0.22Vf, 0.126Vf,
fl DC+ CLL + (CE +IE) + CLE + 0.3WS + 0.3WE 0.19Vf, 0.11Vf,
f2. DC+ CLL + (CE +IE) + CLE + 0.3WS + 0.3WE + OTHER LOADS 0.22Vf, 0.126Vf,

Notes:
1. OTHER LOADS = CR + SH + TU + TG + EH + EV + ES + WA
2. Allowable compressive stress in concrete where fc is the compressive strength at the time of load application.
3. d: equipment not working
e: normal erection
f: moving equipment
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WE = Horizontal wind load on equipment taken as 0.1 ksf of exposed surface.

WUP = Wind uplift on cantilever taken as 0.005 ksf of deck area applied to one side only.

A = Static weight of precast segment being handled (kip).

Al = Dynamic response due to accidental release of precast segment taken as static load to be
added to the dead load as 100% of load A (kip).

CR = Creep effects in accordance with Article 5.14.2.3.6 (LRFD).

SH = Shrinkage in accordance with Article 5.14.2.3.6 (LRFD).

T = Thermal loads; the sum of the effects due to uniform temperature variation (TU) and tem-
perature gradients (TG).

WA = Water load and stream pressure.

Strength limit state load combinations (see Figure 3.77)

1. For maximum force effects:

SOF, =1.1(DC+ DIFF)+1.3CE+ A+ Al (LRFD 5.14.2.3.4a-1)

1.1 DIFF. 1.3 CE+ (A+ Al

HEEEEE RN

1.1DC 1.1DC

TR
98'-9" 98'-9"

ol
T

(For maximum force effects) CE + (A +Al

T

LR
98'-9" 98'-9"

(For minimum force effects)

FIGURE 3.77  Strength limit state construction load combinations.
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2. For minimum force effects:

SOF, = DC+CE+ A+ Al (LRFD 5.14.2.3.42-2)

WS, WE and other loads were ignored in this analysis.
Stress Limits for f’=6 ksi:

Compressive stress = —0.5 f/=—0.5x 6 = =3 ksi

Tensile stress= 0.19\/7C' =0.19/6 =0.465 ksi

Since the design example has a 200 ft typical span, only one balanced cantilever structure will be
considered in the stability analysis during construction.

The load combinations “a” to “f” as specified in the AASHTO LRFD Bridge Design Specifications
Table 5.14.2.3.3-1 were computed.

The following construction loads were applied in the stability analysis.

CLL1=10.005 ksf x 43 =0.215 kif
CLL2 =0.01 ksf x 43 =0.43 kif
CE = construction equipment such as stressing jack and stressing platform
=5 Kip.

CE+IE=5%1.1=5.5kip

Wup =0.005 ksf x43=0.215 kiIf
A=78%12x0.155=145 kip
1. For maximum force effects:

Y 0F, =1.1x(DC+ DIFF)+ 13X CE+ A+ Al

2. For minimum force effects:

Y 0F, =DC+CE+A+Al

where

A = static load of typical segment = 145 kip
CE =5 kip.
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Although calculations have not been shown in this example, of load cases a to f, strength limit state
load combination e controls.

3.7.2 Erection Tendons

It is common practice in precast balance cantilever segmental bridges to use temporary or perma-
nent posttensioning bars to attach the segment being erected to the previously erected segment.
In the case of permanent erection PT bars, the posttensioned bars could be designed as part of the
permanent cantilever tendons and stressed to full allowable jacking force. However, if reusable tem-
porary posttensioned bars are utilized, the jacking force should be limited to approximately 50% of
GUTS of the bars.

The epoxy resin is applied to the match cast faces of the joint between two segments before postten-
sioning bars are stressed. Purposes of the epoxy resin are as follows:

1. Lubrication to facilitate the proper alignment between segments.

2. Hardened epoxy provides a water-tight joint, preventing moisture, water, and chlorides from
reaching the tendons.

3. Hardened epoxy helps distribute compressive stresses and shear stresses more uniformly.

4. Hardened epoxy prevents cementitious grout in the tendon duct from leaking out.

The application of epoxy is normally 1/16 in thick applied on both faces of match cast joints.

In accordance with the Article 5.14.2.4.2 of the LRFD Specifications for a Type A joint, the temporary
posttensioning bars should be designed to provide a minimum stress of 0.03 ksi and an average stress
of 0.04 ksi across the joint until the epoxy has cured. The intention of the stress limitation is to prevent
uneven epoxy thickness across the match-cast joint, which could lead to systematic error in geometry
control.

Essentially, there are two load cases that need to be considered when designing temporary postten-
sioning bars:

1. Dead load of the segment plus construction loads and temporary posttensioning bars,
(see Figure 3.78). The erection PT bars should be stressed during the open time of the epoxy
(approximately 45 to 60 min). The allowable joint stresses for this load case should conform to
Article 5.14.2.4.2 of the LRFD specifications.

2. Case 1 plus permanent cantilever tendons. Normally, one or two hours after the open time of the
epoxy is completed, the allowable joint stress is zero tension, preferably some compression.

€ Pier
'/— (CLL2 + DIFF.)

L
\

\— Erection PT bars

> —————

The joint being
considered

FIGURE 3.78 Construction loads during segment erection.
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3.7.2.1 Design of Erection PT Bars

Section Properties (use typical section: including shear lag effect)

A, =78 ft?
A eff =70.38 ft?
I=791.892 ft*

Y, =34—S,=232.89ft

Y, =56 ft— S, =141.40ft°

CLL2=0.01(43) =0.43 plf

Segment weight + DIFF =1.02x 78 x12x0.155 =148 kip

11
M, at the joint =148 X 12— = X 0.43x1=-918.96 kip-ft

3.7.2.2 Design Assumptions

Permanent erection bars were selected in this design example.

Spu for PT bars =150 ksi

P, of 1.375" dia. bar = 1.58(150) = 237 kip

P, of 1.25" dia. bar =1.25(150)=187.5 kip
P, of 1.0" dia.bar = 0.85(150) =127.5 kip

Jacking force: 75% of GUTS
Check anchoring forces after anchor set for 1 % in dia. PT bars.
Losses due to friction:

AF,. =F, (1_ e—(KX+W>) (LRFD5.9.5.2.2b-1)
where

F,; = Force in the prestressing steel at jacking, (kip)

x = Length of a prestressing tendon from the jacking end to any point under consideration, (ft)

Kk = Wobble coeflicient, (ft™!)

n = Coeflicient of friction (1/rad);

o = Sum of the absolute values of angular change of prestressing steel path from jacking end, (rad)
e = Base of the Napierian logarithm

Jacking force: P;=0.75X187.5=140.625 kip

L =12 ft (segment length)
K = 0.0002 per ft

p=20.3

a=20.0
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Anchor set 8 = 1/16 in 0.0052 ft

AP, =140.625 x (1 — e~ (00002x12) )
=0337 kip

By, =140.625—0337 =140.29 kip

Friction loss is negligible.

=13 ksi

0.0052
Loss of stressdue toanchor set= E € = 30, OOO(—)

P, =140.624 —-1.25(13) =124.375 kip (66% G.U.T.S)
Therefore, anchoring forces, immediately after seating equal to 66% of GUTS

Try: 4 - 1 %" dia. top bars and
2 - 13/8" dia. bottom bars, as shown in Figure 3.79

.+ P top=4x0.66x187.5=495 kip
P, bottom =2x0.66x 237 =312.84 kip
Y P,=807.84 kip

Compute CGS location relative to the top fiber

807.84 XY, =495%0.5+312.84 x(9—-0.375)

Y, =3.65ft
¢ Box symmetrical
about
6-71/2" 8" 4@5" 8 2-0' 8" 5@5 8§
" 9" )
/1I (typ) r6" (typ) B
1-1/4" dia. threadbar 1-1/4" dia. threadbar

9-0"

1-3/8" dia. threadbar
41/2" +

47" 5@5" [10"

FIGURE 3.79 Erection PT bars.
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PT bars eccentricity = 3.65-3.4 = 0.25 ft (below C.G.C.)

a. Check joint stresses due to dead loads and PT bars

| £,|=]-0.046 ksi| > 0.03 ksi (LRFD 5.14.2.4.2)

__ 2P YPe My

A S, S,

807.84x025 918.96
14140 14140

= —11.478—1.428—6.450

=-19.406 ksf =—0.134 ksi

Jo

=-11.478-

| £y =|—0.134 ksi| > 0.03 ksi

0.046+0.134
Average stress = — 5 =0.09 ks > 0.04 ksi (LRFD 5.14.2.4.2)

b. Check stresses at the joint due to dead loads, PT bars and cantilever tendons

Tendon size: 4 — 12@0.6" strands.
P =0.7%50.6 x 48 =1,968.96 kip

Tendon eccentricity =3.4—0.5=29 ft

Stress due to cantilever tendons:

fo b Xke
A S,
_ 1,968.96 1,968.96%2.9

70.38 232.89
=-27.98-24.52

=-52.5 ksf =—-0.3646 ksi

__ Xk Xk
A

c

S
1,968.96 X 2.9

232.89
=-27.98+24.52

=-3.46 ksf =—-0.024 ksi

Jo

c

=-27.98+

Tendon size: 2 — 12@0.6" strands. (50% less PT)
f, =0.5(—0.3646) = —0.1823 ksi

f, =0.5(-0.024) =—0.012 ksi
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Summation of stresses.
For segments with 4 - 12¢0.6" tendons

Y f, =-0.046—0.3646 = ~0.4106 ksi
| | =1-0.4106 ksi| > ~0.03 ksi
Y f,=-0.134-0.024=~0.158 ksi

‘Z.fb| =|-0.158 ksi| > 0.03 ksi
For segments with 2 - 12¢0.6" tendons

Y f,=-0.046—0.1823 = 0.2283 ksi
| | =1-0.2283 ksi| >~0.03 ki

Y f,=-0.134-0.012=—0.146 ksi

Y | =1-0.146 ks >0.03 ksi

Conclusion:

The proposed permanent PT bars satisfy the allowable joint stresses.

3.8 Detailing

3.8.1 Combined Transverse Bending and Longitudinal Shear

On the basis of previously determined shear reinforcement and flexural reinforcement, the standard
practice has been to use the worst case of adding 50% of shear steel to 100% of the flexural steel, or 100%
of the shear steel to 50% of the flexural steel.

A rational approach can also be used, where the compression strut in an equivalent truss model
would be shifted to the extreme edge of the web. This compression would then be eccentric to a section
through the web which would counteract an applied moment. If the applied moment were to exceed the
amount that could be resisted in this manner, additional reinforcing could be added.

3.8.2 Shear Key Design

There are two types of shear keys in match-cast joints between precast segments:

o Web shear keys — Located on the faces of the webs of precast box girders. Corrugated multiple
shear keys are preferred due to their superior performance. When designing shear keys, only web
shear keys are considered in transferring the shear forces.

o Alignment keys - Located in the top and bottom flanges. Alignment keys are not expected to
transfer the major shear forces; rather they facilitate the correct alignment of the two match-
cast segments being erected in vertical and horizontal directions. For a single-cell box, normally
a minimum of three alignment keys are required on the top slab and one on the bottom slab.
However, alignment shear keys help in preventing local relative vertical displacement on the deck
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slab between two adjacent precast segments due to concentrated load on one side of the match
cast joint. Therefore, in longer slabs spanning between two webs or longer cantilevers wings, it is
necessary to provide more than one alignment shear key.

Both shear and alignment keys should not be located in the tendon duct zones. (see Figure 3.83)
The design of web shear keys should satisfy two design criteria:

1. Geometric design: As per LRFD Figure 5.14.2.4.2-1, the total depth of shear keys extends approxi-
mately 75% of the section depth and at least 75% of the web thickness.

2. Shear strength design: As per AASHTO Standards Specifications, 17th Edition (AASHTO
2002), Article 9.20.1.5, reverse shearing stresses should be considered in the shear key design.
At the time of erection, shear stress carried by the shear key should not exceed 2\/2 (psi).
Alternatively, strength of the shear key could also be computed in accordance with article
12.2.21 of AASHTO Guide Specifications for Design and Construction of Segmental Concrete
Bridges, Second Edition (AASHTO 1999). However, the AASHTO Guide Specification shear
key provision was developed for dry joints only. Note that dry joint is no longer permitted by
AASHTO LRFD Specifications.

Shear key design example was illustrated in Figure 3.80

1. Geometric consideration (see Figures 3.81 to 3.83)
h=9ft
Shear key depth = 0.75 X 9 ft = 6.75 ft
b,=16in
Shear key width = 0.75 X 16 = 12 in
2. Shear strength design of the shear keys
AASHTO LRFD Bridge Design Specification does not specify any guideline on the strength
design of shear keys. Use AASHTO Standard Specifications, article 9.20.1.5.
a. AASHTO Standard Specifications, article 9.20.1.5

V, =1.1( V) + DIFF)

[ Erection PT bars

I
|

\ Segment being
erected
DC
12'-0" 12'-0" 12-0"
FIGURE 3.80 Precast segment being erected.

5

7 —
_n =
- =
N
T il

Shear failure plane

FIGURE 3.81 Details of shear keys.
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FIGURE 3.82 Web shear key detail.

where

Ve = shear force due to self-weight of one typical segment (kips)
=78 X% 12 % 0.155 = 145 kip

DIFF = 2% of V),
V, =1.1x145%1.02=162.8 kip
V.=V,
Vi/o=V.
Consider one web only,

V.=0.5V,/¢  per web,
V.= A, -v, per key,
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FIGURE 3.83 Bulkhead details.

where

b =0.9 article 9.14 of AASHTO Standard Specifications
v = allowable shear stress

y= 2\/75' (psi)

A, = shear area of one key
A, =3.5%(12) =42 in?
V. perweb=(0.5x162.8)/0.9=90.44 kip
V, perkey =42 x 2:/6000 = 6506.6 Ibs = 6.5 kip

44
Number of male keys required per web = 9(6)_5 =13.9say14 keys

3.8.3 Strut and Tie Model

In segmental bridge design and detailing, strut and tie model is extensively used in studying the flow of
forces from one structural element to the other. The flow of forces from the box girder to the diaphragm,
bearings, pier cap, pier column, pile cap to pile foundations can be modeled by the strut and tie model.
The strut and tie model is a truss system analogy applied to concrete members consisting of compression

and tension members, and is tied together by nodes. Some examples of strut and tie models are shown
in Figures 3.84 through 3.91.



Bridge Engineering Handbook, Second Edition: Superstructure Design

162
T+AT L
—— A —=T v Th
= - IS
<=
c+ac=T—_ | [k=c—+
il i
TALAARY
T v
vy Cross-section
Longitudinal section
AT=AC AT
AM=ATXh, —
T ) =
= ——
?a R
\
\

T+AT
Plan

FIGURE 3.84 Transfer of moment from the box girder to the pier column (From Menn, C. 1986. Prestressed
Concrete Bridges; Birkhauser-Verlag, Boston, MA, 1986.)
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........... Compression

Model 2
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_— N

FIGURE 3.85 Transfer of forces from the diaphragm to a single bearing. (From Menn, C. 1986. Prestressed
Concrete Bridges; Birkhauser-Verlag, Boston, MA, 1986.)
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FIGURE 3.86 Transfer of moment from the box girder to the box column. (From Menn, C. 1986. Prestressed
Concrete Bridges; Birkhauser-Verlag, Boston, MA, 1986.)

3.9 Durability
3.9.1 Durability Problems of Posttensioned Bridges in the United States

After the findings of corrosion in posttensioning tendons in some of Florida’s bridges in 1999 to 2000,
durability of posttensioned concrete bridges in the United States has become a great concern to owners
and bridge engineers around the country. Other deficiencies of posttensioned bridges such as cracked
polyethylene ducts and grout voids were also found in other states. For half a century, since the con-
struction of Walnut Lane Bridge in Philadelphia (1949-1950), the first posttensioned bridge in the
United States, this type of bridge has enjoyed its popularity as an economical and durable structural
system that requires minimum maintenance.

In the summer of 1999, one of the external tendons in the superstructure box girder of the Niles
Channel Bridge in Florida Keys was found to have failed due to corrosion. The bridge was constructed
in early 1983 and is believed to be one of the first span-by-span segmentally erected concrete bridges in
Florida (Fib 2001).

In August 2000, during a routine inspection of the Mid-Bay Bridge located in Destin, Florida, a post-
tensioning tendon in span 28 was found in a significant state of distress. The polyethylene external duct
was cracked and several strands were fractured. Further inspection of the bridge revealed that a post-
tensioned tendon in Span 57 had failed completely at the north end of the tendon. The tendon pulled
out from the expansion joint diaphragm as a result of severe corrosion of the tendon in the anchorage
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FIGURE 3.87 Transfer of torsion moment from the box girder through the diaphragm to bearings. (From
Menn, C. 1986. Prestressed Concrete Bridges; Birkhauser-Verlag, Boston, MA, 1986.)

area. After extensive investigation and inspection, it was found that 11 tendons required replacement.
The bridge was constructed in 1992 using span-by-span precast segmental construction. In addition to
tendon corrosion, cracked polyethylene ducts and grout voids were also discovered (FDOT 2001).

In September 2000, during a special inspection of the high level approach columns in the Sunshine
Skyway Bridge in St. Petersburg, Florida, it was discovered that severe corrosion resulted in the failure
of 11 strands of the southeast external vertical tendon located in column 133 northbound (PBQD 2002).
This finding triggered an extensive investigation of all other high-level approach columns, the bridge
superstructure, and cable anchorage of the main span bridge. The investigation of the rest of the columns
revealed severe tendon corrosion in the anchorages and at the base of the columns, including cracked
polyethylene duct, grout void, and grout chloride contamination. The 76 high-level approach columns
have been repaired, including deficiencies found in the superstructure external tendons. The bridge was
constructed in 1982 to 1987 and utilized the precast segmental construction method, including for the
high-level approach columns.
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FIGURE3.88 Transfer of blister forces to the web. (From Menn, C. 1986. Prestressed Concrete Bridges; Birkhauser-
Verlag, Boston, MA, 1986.)
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FIGURE 3.89 Radial forces in curved bottom slab. (From Mathivat, J. The Cantilever Construction of Prestressed
Concrete Bridges; John Wiley & Sons, New York, NY, 1979.)
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FIGURE 3.90 Transfer of forces by opposing blisters. (From Podolny, W., Muller, J. M. 1982. Construction and

Design of Prestressed Concrete Bridges; John Wiley & Sons, Inc, New York, NY, 1982.)
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FIGURE 3.91
Prestressed Concrete Bridges; John Wiley & Sons, New York, NY, 1979.)

The findings of the different bridges in Florida raised concerns about the grouting situation in the
Central Artery/Tunnel project in Boston where there are considerable numbers of segmental and cast-in-
place posttensioned concrete structures. It was important to determine if the Central Artery structures
have grout voids and whether or not the tendons are corroded, although the structures are relatively

young. Posttensioned tendons inspection was conducted at 380 locations. This is less than 1.5% of
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the total number of tendons on the project. The initial investigation revealed excessive amounts of grout
voids but no corrosion of strands.

3.9.2 Durability Problems of Posttensioned Bridges around the World

Signs of durability problems in Europe were discovered about 20 to 30 years prior to the discovery of
posttensioned corrosion problems in the United States.

In December 1985, a single-span precast segmental bridge in the United Kingdom, namely Ynys-
y-gwas, collapsed without warning (The Highway Agency, Setra, TRL, and LCPC. 1999). Since then
a sample of nine segmental bridges were inspected; grout voids in seven bridges and severely corroded
tendons in two bridges were discovered. In the late 1980s and early 1990s, about a dozen postten-
sioned concrete bridges in the United Kingdom were discovered with serious tendon corrosion, which
required major repairs or replacement. The inspection results led to the UK Department of Transport
(currently called Highway Agency) initiated a ban on internally grouted posttensioned concrete bridges
in September 1992. The moratorium was lifted for cast-in-place posttensioned concrete bridges in 1996.
However, the moratorium for precast segmental posttensioned concrete bridges, including segmental
bridges with epoxy joints, is still in place. In 1992 the UK Department of Transport launched a five-year
special inspection program for all existing posttensioned concrete bridges located on the Trunk Road.
As a result of the inspection program, 447 posttensioned concrete bridges were completely inspected
and documented.

In 1970, the first serious sign of durability problems of posttensioned concrete bridges in France was
discovered with the finding of several concrete cracks in the side span of the Chazey Bridge caused by
severe tendon corrosion. The bridge was demolished and reconstructed in 1972. Additionally, tendon
corrosion, grout deficiency, and other posttensioning system defects were also found in the Choisy-le-Roi
Bridge, the Vaux Sur Seine Bridge, the Port a Binson Bridge, the Villeneuve Saint-Georges Bridge, the
Can Bia Bridge, the Saint-Cloud Viaduct, the bridge over the Durance, and the Riviere d” Abord Bridge,
including the first generation of simple-span posttensioned bridges constructed in the period between
1946 and 1960 (Fib 2001).

Japan Highway Public Corporation conducted inspections and investigated 120 posttensioned
concrete bridges. The results showed 31% of the tendons investigated have grout deficiency such as
no grout, imperfect grout, and grout voids. Other deficiencies such as tendon corrosion, reinforce-
ment corrosion, concrete cracks, and spalling were also found. As a result of these findings, the Japan
Highway Public Corporation has placed a moratorium on new construction of grouted posttensioned
bridges (Fib 2001).

Other countries such as Germany, Austria, and Italy also have their share of corrosion problems with
their posttensioned bridges. For instance, the collapse of Congress Hall in Berlin is one of the most spec-
tacular posttensioned structure failures in Germany, although it was not a posttensioned bridge. FIB
Task Group 9.5 reported that several posttensioned concrete bridges in Germany were affected by severe
tendon corrosion, for example failure of the flyover at the Heerdter in Dusseldorf in 1976, tendon corro-
sion of the flyover junction in Berlin-Schmargendorf, tendon corrosion of the A73 motorway at South
Nurenberg, and tendon corrosion of the bridge over Muckbachtal on motorway Wurzburg-Heilbronn.
Consequently, German Federal Ministry for Transport and Construction has placed a moratorium on
internal tendons in the webs of posttensioned bridges, with the exception of replaceable external ten-
dons and internal tendons in the top and bottom flanges of box girder.

3.9.3 Lessons Learned

The United Kingdom is one of the few countries in the world that has undertaken an extensive study and
investigation of its posttensioned concrete bridges. As mentioned above, from the Special Inspection
Program, 447 posttensioned concrete bridges were systematically documented. Such a study allows the
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UK Highway Agency to determine the important factors affecting their posttensioned concrete bridges.
Although there are common problems associated with durability of posttensioned bridges shared
between countries, it is believed that each country has its own unique problems. The study concluded
that corrosion of posttensioned tendons in internally grouted duct has occurred in a small number of
posttensioned concrete highway bridges in the United Kingdom. Therefore, the report finds that the
majority of the structures have a good record of durability.

In the United States, special inspection and investigation of posttensioned bridges were conducted
in the States of Florida, Texas, Virginia, Georgia, Mississippi, Delaware, Kansas, South Carolina,
Indiana, Iowa, Rhode Island, and Massachusetts. While there is no national guideline for this type
of investigation, the Florida Department of Transportation (FDOT) has become the leader for
this type of investigation in the United States. Unfortunately, there is no single coordinated effort
in the United States to collect and study the inspections/investigations completed from different
States. To date, the findings of posttensioned concrete bridges investigations in the United States,
such as Florida, Texas and other states are very similar to the findings in the European countries’
investigations.

The following is the brief summary findings of posttensioned bridges investigation in the United
States:

o Cracked polyethylene duct of external tendon

« Grout voids in the posttensioned duct and anchorages as result of water bleed

+ Grout voids as a result of poor construction practice, quality control, design, and detailing

« Tendon corrosion and failure as a result of water and oxygen intrusion due to failure of tendon
protection system

+ Tendon corrosion as a result of unsuitable grout materials and chloride contamination

« Tendon corrosion as a result of shortcomings in specifications and corrosion detection methods

Grout voids do not necessarily compromise the durability of posttensioned structures, as long as one
or more of the tendon protection systems are still intact and undamaged. This has been verified in the
investigation findings of posttensioned bridges in the United Kingdom and in the United States.

It is believed that there are three factors that may have contributed to the durability problems of post-
tensioned bridges today:

1. The original philosophy of prestressed concrete design of full prestressing (no tension allowed at
working loads) created a perception that prestressed concrete should be crack free and therefore
required minimal or no maintenance.

2. Lack of historical data and testing on emerging new technologies in posttensioned bridge designs
and construction methods.

3. Generally, grouted tendons are perceived as adequate corrosion protection to the prestressing
steel, notwithstanding the inability to inspect the condition and quality of the grout inside the
ducts.

3.9.4 New Direction for the Next Generation of
Posttensioned Concrete Bridges

While the well-known 1992 UK DOT moratorium on posttensioned bridges was considered an over-
reaction by most countries at that time, the moratorium has impacted the concrete bridge industries
of the world in very positive ways. It has also challenged the Bridge Engineering Society and Industry
to review and make revisions to the construction and materials specifications, including design and
detailing of posttensioned bridges. Technical Report 47 (TR 47) is one of the most important documents
ever produced by the UK Concrete Society to deal with durability of posttensioned concrete bridges in
response to the moratorium (The Concrete Society 1996).
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FDOT and TxDOT (Texas Department of Transportation) areleading in developing and implementing
the new direction for the future generation of posttensioned concrete bridges in the United States. Similar
to the United Kingdom, FDOT has rewritten its posttensioned grouting specifications, posttensioned
system specifications, quality control manuals, and certification requirements, including semistandard
posttensioning details. The Posttensioning Institute (PTI) also has rewritten its grouting specifications.
In support of FDOT and PTI, the American Segmental Bridge Institute (ASBI) contributed in improv-
ing grouting practice, workmanship, quality control, and posttensioning details by setting up ASBI
Grouting Training Certification Seminars conducted once a year since 2001. The new posttensioned
concrete bridge projects in Florida have fully implemented the new posttensioned specifications and
details since 2003 (FDOT 2003).

3.9.5 Conclusions

The durability problems found in Florida and in other parts of the country do not necessarily represent
the condition of all posttensioned concrete bridges in the United States. Observe that almost all of the
posttensioned bridges mentioned above that are affected by corrosion are located in the very corrosive
environment of Florida coastal areas and are associated mostly with the precast segmental construc-
tion method. A durable posttensioned structure can be constructed to last the service life provided the
required improvements are done across the board including materials, construction methods, design,
detailing, workmanship, quality assurance, quality control, corrosion detection system, inspection,
and preventive maintenance. Neglecting any one of the above will indeed compromise the durability
of posttensioned concrete bridges. Similar to other types of bridges, posttensioned concrete bridges
require routine inspection and maintenance.
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4.1 Introduction

Girder bridges are structurally the simplest and the most commonly used in short-to-medium span
bridges. An I-section is the simplest and most effective solid section of resisting bending and shear.
Figures 4.1 and 4.2 show a steel-concrete composite I-girder bridge under construction and completion,
respectively. In this chapter, straight steel-concrete composite I-girder bridges are discussed. Materials
and components of I-section girders are described. Design guidelines for section proportion, span con-
figuration, girder spacing, diaphragms and cross frames, lateral bracings, stiffeners, and shear con-
nectors are presented. A design example of a three-span continuous composite girder bridge is given
to illustrate the design procedure. For a more detailed discussion, reference may be made to texts by
Xanthakos (1994), Taly (1997), FHWA (2003), Unsworth (2010), Barker and Puckett (2011), and NSBA
(2012). The basic steel design theory is presented in Chapter 14 of Bridge Engineering Handbook, Second
Edition: Fundamentals.
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FIGURE 4.1 Steel-concrete composite I-girder bridge under construction (I-880 Replacement, Oakland,
California).

FIGURE 4.2 Steel-concrete composite I-girder bridge (I-880 Replacement, Oakland, California).

4.2 Structural Components and Materials

4.2.1 Structural Components

Figure 4.3 shows a typical portion of a composite I-girder bridge superstructure. Major structural com-
ponents include concrete deck slab, shear studs, steel I-section girder, longitudinal stiffeners, transverse
stiffeners, and cross frames. Figure 4.4 shows dimensions and symbols used for a steel I-girder.

4.2.2 Structural Steel

Four types of structural steels (structural carbon, high-strength low-alloy, heat-treated low-alloy, and
high-strength heat-treated alloy steel) are commonly used for bridge structures. Designs are based on
minimum properties as specified in AASHTO LRFD Bridge Design Specifications (AASHTO 2012).
ASTM material property standards differ from AASHTO in notch toughness and weld-ability require-
ments. Steel meeting the AASHTO-M requirements is prequalified for use in welded steel bridges.
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FIGURE 4.4 Dimensions and symbols for I-girder.

The use of ASTM A 709 Grade 50 for all structural steel, including flanges, webs, bearing stiffeners, inter-
mediate stiffeners, cross frames, diaphragms, and splice plates is preferred. The use of ASTM A 709 Grade
36 for secondary members does not reduce material unit costs. The hybrid section consisting of flanges with
a higher yield strength than that of the web may be used to save materials and is being promoted more due
to the new high performance steels. Using HPS 70W for top and bottom flanges in negative moment regions
and bottom flanges in positive moment regions and Grade 50 top flanges in positive moment regions, and
Grade 50 for all webs may provide the most efficient hybrid girder. The use of ASTM A 709 Grade 100 or
100W steel may lead to much thinner sections and may have stiffness problems. The use of HPS Grade
100W is recommended if there is a need for specific components in complex built-up or box girders.

The use of high performance steel (HPS) and weathering steel is encouraged if it is acceptable for
the location. FHWA Technical Advisory T5140.22 (FHWA 1989) provides guidelines on acceptable
locations.
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4.2.3 Concrete: Deck Slabs

Concrete with 28-day compressive strength f, = 4.0 ksi (41 MPa) is commonly used in concrete deck
slab construction. The transformed area of concrete is used to calculate the composite section proper-
ties. For unshored construction, the short-term modular ratio n = E/E, is used for transient loads and
long-term modular ratio 3n for permanent loads. For normal weight concrete, the short-term ratio of
modulus of elasticity of steel to that of concrete are recommended by AASHTO-LRED (2012):

8 for 3.5< f/ <4.5 ksi
n=37 for 45< f, <6.0 ksi (4.1)
6 for f, <6.0 ksi

4.3 Section Proportion

4.3.1 Classification of Sections

I-sectional shapes can be classified in four categories based on different fabrication processes or their
structural behavior as discussed below:

o A steel I-section may be a rolled section, also known as an I-beam (Figure 4.5a) with or without
cover plates, or a built-up section, also known as a plate girder (Figure 4.5b) with or without
haunches consisting of top and bottom flange plates welded to a web plate. It should be noted that
the web of a rolled section always meets compactness requirements while the flanges may not. To
increase the flexural strength of a rolled section, it is common to add cover plates to the flanges.
Rolled steel I-beams are applicable to shorter spans less than 100 ft. (30 m) and plate girders to lon-
ger spans of about 100 to 300 ft. (30 to 90 m). Plate girder sections provide engineers freedom and
flexibility to proportion the flanges and web plates efficiently. A plate girder can be considered as a
deep beam. The most distinguishing feature of a plate girder is the use of the transverse stiffeners

Bz
KK

(@)
- | ' e
P |
| /] | j
Fish belly haunch Parabolic haunch Cross section

(b)
FIGURE4.5 Typicalsteel girder sections: (a) Rolled beam with cover plate; (b) Built-up plate girder with haunches.
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FIGURE 4.6 Composite and noncomposite section: (a) Composite girder; (b) Nonncompposite girder.

that provides tension-field action increasing the postbuckling shear strength. The plate girder
may also require longitudinal stiffeners to develop inelastic flexural buckling strength.

o I-sections can be classified as composite or noncomposite. A steel section that acts together with the
concrete deck to resist flexure is called a composite section (Figure 4.6a). A steel section disconnected
from the concrete deck is noncomposite (Figure 4.6b). Since composite sections most effectively use
the properties of steel and concrete, they are often the best choice. Steel-concrete composite sec-
tions are used in positive moment regions and girder bridges are recommended by AASHTO-LRFD
(2012), whereas noncomposite sections are used in negative moment regions (AASHTO 2012).

 I-sections can also be classified as compact, noncompact, and slender sections (AASHTO 2012,
AISC 2010a). A qualified compact section can develop a full plastic stress distribution and
expected to be able to achieve a level of rotational deformation ductility of at least 4. Noncompact
sections only develop the yield stress in extreme fiber of compression elements before buckling
locally, but will not resist inelastic local buckling at the strain level required for a fully plastic
stress distribution. Slender element sections buckle elastically before the yield stress is achieved.
The slender steel sections are not permitted in bridge girders (AASHTO 2012).

 I-sections can also be classified as hybrid or nonhybrid sections. A hybrid section consisting of
flanges with a higher yield strength than that of the web may be used to save materials and is being
promoted more due to the new high strength steels.

The first step in the structural design of an I-girder bridge is to select an I-rolled shape or to initially
size the web and flanges of a plate girder. The following sections present the basic principles of selecting
I-rolled shapes and sizing the dimensions of a plate girder.

4.3.2 Depth-to-Span Ratio

For straight girders in highway bridges, AASHTO LRFD (AASHTO 2012) Table 2.5.2.6.3-1 specifies
that the minimum ratio of the depth of steel girder portion to the span length is 0.033 for simply sup-
ported spans and 0.027 for continuous spans; the minimum ratio of the overall depth (concrete slab
plus steel girder)-to-span length is 0.04 for simply supported spans and 0.032 for continuous spans. For
horizontally curved girders, the minimum depth will more than likely need to be increased by 10 to
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FIGURE 4.7 A haunched steel continuous girder bridge (U.S. 50 Bridge over Sacramento River).

20%. I-rolled shapes are standardized and can be selected from the AISC Manual (2010b). In the straight
girders in railway bridges, the depth-to-span ratio is usually 0.05 to 0.055.

The variable cross sections may be used to save material where the bending moment is smaller and/
or larger near the end of a span (Figure 4.5b). A haunched section may be used for continuous spans.
Figure 4.7 shows a haunched steel continuous girder bridge. For haunched I-girders, the depth-to-span
ratios are typically taken as 0.05—0.06 at the piers and 0.025—0.033 at the midspans. However, the manpower
required for welding and fabrication may be increased. The cost of manpower and material must be bal-
anced to achieve the design objectives. The designer should consultlocal fabricators to determine common
practices in the construction of a plate girder. Figure 4.8 shows typical depth-to-span ratios.

Plate girders must have sufficient flexural and shear strength and stiffness. A practical choice of flange
and web plates should not result in any unusual fabrication difficulties. An efficient girder is one that
meets these requirements with the minimum weight. An economical one minimizes construction costs
and may or may not correspond to the lowest weight alternative (Blodgett 1996).

4.3.3 Flanges

The flanges provide bending strength. The width and thickness are usually determined by choosing the
area of the flanges within the limits of the width-to-thickness ratio, b/t, and requirement as specified in the
design specifications to prevent local buckling. Lateral bracing of the compression flanges is usually needed
to prevent lateral torsional buckling during various load stages. The practical guidelines are as follows:

« Flanges should be at least 12 in. wide. A constant flange width for the entire length of the girder
is preferred. If the flange area needs to be increased, it is preferable to change the flange thick-
ness. If flange widths need to be changed, it is best to change the width at field splices only. Width
increments should be in multiples of 2 or 3 in. For horizontally curved girders, the flange width
should be about one-fourth of the web depth. For straight girders, a flange width of approximately
one-fifth to one-sixth of the web depth should be sufficient.

o For straight girders, the minimum flange thickness should be 3/4 in. For curved girders, 1 in.
thickness is a practical minimum. The desirable maximum flange thickness is 3 in. Grade 50 and
HPS 70W steels are not available in thicknesses greater than 4 in. Flange thickness should have an
increment of 1/8 in. for thicknesses up to 1 in., 1/4 in. from 1 to 3 in., and 1/2 in. from 3 to 4 in. At
the locations where the flange thickness is changed, the thicker flange should provide about 25%
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FIGURE 4.8 Depth-to-span ratios and span arrangements: (a) simply supported spans; (b) continous spans with
constant depth; (c) continous spans with variable depth.

more area than the thinner flange. In addition, the thicker flange should not be greater than twice
the thickness of the thinner flange.

o Both the compression and tension flanges should meet the following proportion requirements
(AASHTO-LRFD Article 6.10.2.2) as follows:

by
<12 4.2)
21,
D
b, > 43
2 4.3)
t, 2111, (4.4)
15
0.1SIL310 (4.5)

yt

o where bf and trare full width and thickness of the flange (in.); ¢, is web thickness (in.); I, and I,
are the moment of inertia of the compression flange and the tension flange about the vertical axis
in the plane of web respectively (in.?); D is the web depth (in.). Equation 4.2 is to ensure that the
flange will not distort excessively when welded to the web. Equation 4.3 ensures that stiffened
interior web panels can develop postelastic buckling shear resistance by the tension field action.
Equation 4.4 ensures that flanges can provide some restraint and proper boundary conditions to
resist web shear buckling. Equation 4.5 ensures more efficient flange proportions and prevents the
use of sections that may be difficult to handle during construction. It also ensures that the lateral
torsional buckling formulas used in AASHTO (AASHTO 2012) are valid.
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4.3.4 Webs

The web mainly provides shear strength for the girder. Since the web contributes little to the bending
resistance, its thickness should be as small as practical to meet the web-depth-to-thickness ratio limits
D/t,, < 150 for webs without longitudinal stiffeners, and D/t,, < 300 for webs with longitudinal stiff-
eners, respectively (AASHTO Article 6.10.2.1). It is preferable to have web depths in increments of
2 or 3 in. for convenience. Web depths greater than 120 in. will require both longitudinal and vertical
splices.

In order to avoid an excessive distortion from welding, the web thickness is preferred not to be less
than 1/2 in. A thinner plate is subjective. The thickness should be sufficient to preclude the need for lon-
gitudinal stiffeners. Web thickness should be constant or with a limited number of changes. It is more
desirable to have one or two web sizes for a continuous girder and one web size for a simple span. Web
thickness increments should be 1/16 or 1/8 in. for plate thicknesses up to 1 in., and % in. increments for
plates greater than 1 in.

4.3.5 Stiffeners

For built-up I-sections, the longitudinal stiffeners may be provided to increase bending resistance by
preventing local buckling, while transverse stiffeners are usually provided to increase shear resistance
by the tension field action (Basler 1961a and 1961b). The following three types of stiffeners are usually
used for I-Sections:

o Transverse intermediate stiffeners: They are typically welded to the web and work as anchors
for the tension field force so that postbuckling shear resistance can be developed. It should be
noted that elastic web shear buckling cannot be prevented by transverse stiffeners. Transverse
stiffeners are designed to (1) meet the slenderness requirement of projecting elements to present
local buckling, (2) provide stiffness to allow the web developing its postbuckling capacity, and
(3) have strength to resist the vertical components of the diagonal stresses in the web. Stiffeners
connecting cross frames/diaphragms should be welded or bolted to the both flanges. Stiffeners
without connecting cross frames/diaphragms are welded to the compression flange and fitted
tightly to the tension flange. Stiffener plates are preferred to have even inch widths from the
flat bar stock sizes.

o Bearing stiffeners: They are required at all bearing locations and at all locations supporting
concentrated loads. For rolled beams, bearing stiffeners may not be needed when factored shear
is less than 75% of factored shear resistance. They work as compression members to support
vertical concentrated loads by bearing on the ends of stiffeners (Figure 4.5). They are transverse
stiffeners and connect to the web to provide a vertical boundary for anchoring shear force from
tension field action. They are designed to satisfy the slenderness, bearing, and axial compres-
sion requirements. Bearing stiffeners are welded or bolted to both sides of the web. Bearing
stiffeners should be thick enough to preclude the need for multiple pairs of bearing stiffeners
to avoid multiple-stiffener fabrication difficulties. AASHTO-LRFD Article 6.10.11.2 requires
that the stiffeners extend to the full depth of the web and as close as practical to the edge of the
flanges.

o Longitudinal stiffeners: They work as restraining boundaries for compression elements so that
inelastic flexural buckling stress can be developed in a web. It consists of either a plate welded lon-
gitudinally to one side of the web, or a bolted angle. It should be located at a distance of 2D /5 from
the inner surface of the compression flange, where D_ is the depth of web in compression at the
maximum moment section to provide optimum design. The slenderness and stiffness need to be
considered for sizing the longitudinal stiffeners. It is recommended that sufficient web thickness
be used to eliminate the need for longitudinal stiffeners as it can cause difficulty in fabrication and
create fatigue-prone details.
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4.4 Span and Framing Arrangement

4.4.1 Span Configuration

Span configuration plays an important role in the efficient and cost-effective use of steel. For cases where
pier locations are flexible, designers should optimize the span arrangement. Two-span continuous gird-
ers/beams are not the most efficient system because of high negative moments. Three and four span con-
tinuous girders are preferable, but may not always be possible. For multispan continuous girders, a good
span arrangement is to have the end span lengths approximately 70% to 80% of the interior span lengths.
Equal interior span arrangements are also relatively economical. A span configuration with uplift due to
live load plus impact should be avoided. Figure 4.8 also shows some typical span arrangements.

The use of simply supported girders under construction load and continuous girders through steel
reinforcement for live load can be an economical framing method (Azizinamini 2007). This type of
framing presents possible advantages over continuous beam designs by eliminating costly splices and
heavy lifts during girder erection. The potential drawbacks are that deeper section may be required and
the weight of steel per unit deck area may be higher. This framing method needs to be investigated on a
case-by-case basis to determine whether it can be economically advantageous.

When simply supported span configurations are used, special attention should be given to seismic
performance detailing.

4.4.2 Girder Spacing

As a general rule, the most economical superstructure design can be achieved using girder spacing
within 11 to 14 ft. range. For spans less than 140 ft., 10 to 12 ft. spacing is preferred. For spans greater
than 140 ft., 11 to 14 ft. spacing is recommended. The use of metal deck form panels will limit the spacing
to about 16 ft. Girder spacing over 16 ft. may require a transversely posttensioned deck system. Parallel
girder layout should be used wherever possible.

4.4.3 Diaphragms and Cross Frames

The term diaphragm and cross frame are synonymous. Figure 4.9 shows commonly used types of
diaphragms and cross frames used in I-shaped plate girder and rolled beam spans. The K-frames and
X-frames usually include a top strut as shown in Figure 4.9. Intermediate cross frames provide bracing
against lateral torsional buckling of compression flanges during erection and deck concrete placement,
and for all loading stages in negative flexure regions. They also provide lateral bracing for wind loads
and participate to some degree in live load distribution. End cross frames or diaphragms at piers and
abutments are provided to transmit lateral wind loads and seismic loads to the bearings.

In horizontally curved girder bridges, cross frames and diaphragms are considered primary load-
carrying members because they constitute an essential part of the overall structural system. In skewed
girder bridges, the cross frames carry significant load, as they resist differential deflection of adjacent
girders and form secondary load paths.

End cross frames or diaphragms in slab on-girder steel bridges may be designed as ductile systems for
better inelastic performance and energy dissipation capacity to limit the seismic forces transferred to
the substructure in transverse direction. Ductile end diaphragm systems are usually effective in longer
span bridges and may not be effective for short-span bridges when the superstructure is significantly
stiffer than the substructure. More detailed guidelines and references are made to Zahrai and Bruneau
(1998 and 1999); Carden et al. (2001); Carden, Itani and Buckle (2006); Bahrami, Itani and Buckle (2009).

4.4.3.1 Spacing

Arbitrary 25 ft. spacing limit for diaphragms and cross frames was specified in the AASHTO Standard
Design Specifications (2002). The AASHTO-LRFD (2012), however, no longer specifies a limit on the
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FIGURE 4.9 Cross frames and diaphragms: (a) V-type; (b) X-type; (c) channel diaphragm.

cross-frame spacing, but instead requires rational analysis to investigate needs for all stages of assumed
construction procedures and the final conditions. Spacing is compatible with the transverse stiffeners.

4.4.3.2 Orientation

Intermediate cross frames are placed parallel to the skew up to a 20° skew and normal to the girders for
the skew angle larger than 20°. On skewed bridges with cross frames placed normal to the girders, there
may be situations where the cross frames are staggered or discontinuous across the width of the bridge.
At these discontinuous cross frames, lateral flange bending stresses may be introduced into the girder
flanges and should be considered. Install stiffeners on the back side of connection plates if staggered cross
frames are used. Horizontally curved girders should always have the cross frames placed on radial lines.

A good economical design will minimize the number of diaphragms with varying geometries.
Superelevation changes, vertical curves, different connection plate widths, and flaring girders all work
against this goal.

4.4.3.3 Connections

Cross frames are typically connected to transverse stiffeners. The stiffeners have a positive connection to
the girder flange and may either be bolted or welded, although welding is preferred.

For bridges built in stages or with larger skew angles, differential deflections between girders due to
slab placement can be significant. If differential deflections are significant, slotted holes and hand tight
erection bolts with jamb nuts are provided during concrete placement, and permanent bolts fully ten-
sioned or field welded connection are installed after the barriers are placed. The bolt holes can be field
drilled to insure proper fit. Intermediate cross frames between stages are eliminated if possible. The
connection between cross frames and stiffeners typically are bolted for construction fit up purpose to
address potential out-of-plane fatigue cracking of the welds.

4.4.3.4 Design Guidelines

o The diaphragm or cross frame is as deep as practicable to transfer lateral load and to provide lat-
eral stability. They are at least 0.5 of the beam depth for rolled beams and 0.75 of the girder depth
for plate girders.
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o Cross frames should be designed and detailed such that they can be erected as a single unit,
and all welding during fabrication should be done from one side to minimize handling costs. As
minimum, cross frames are designed to resist lateral wind loads. A rational analysis is preferred
to determine actual lateral forces.

+ End diaphragms and cross frames at bearings are designed to resist all lateral forces transmitted
to the substructure. Unless they are detailed as ductile elements, the end diaphragms or cross
frames are designed to resist the overstrength shear capacity of the substructures. Shear con-
nectors should be provided to transfer lateral loads from the deck to the end diaphragm. When
an expansion joint occurs at a support, the end diaphragm is designed to resist truck wheel and
impact loads.

o Effective slenderness ratios (KL/r) for compression diagonals are less than 120 and 140 for hori-
zontally curved girders and straight girders, respectively (AASHTO-LRFD Article 6.9.3); and for
tension members (L/r) less than 240 (AASHTO-LRFD Article 6.8.4).

o Cross frame members and gussets consisting of single angle or WT shapes should be designed
for the eccentricity inherent at the gusset connections. Use rectangular gusset plates in lieu of
multisided polygons.

o Steel plate, I girder, and concrete diaphragms may be used at abutments and piers. The use of
integral abutments, piers, and bents is encouraged.

4.4.4 Lateral Bracing

The main function of the lateral bracing is to transfer wind loads to bearings and provides lateral
stability to compression flange in a horizontal plan. The use of lateral bracing systems is no longer
common, since it is now recognized that the role of lateral bracing systems in resisting wind loads is
negligible in the completed bridge. However, all construction stages should be investigated for the need
of lateral bracing, in particular for curved girders and long straight girders. The lateral bracing should
be placed as near the plane of the flange being braced as possible.

Bottom flange lateral bracing should be avoided because the bracing creates fatigue-sensitive details
and is costly to fabricate, install, and maintain. Flange sizes should be sufficient to preclude the need for
bottom flange lateral bracing.

4.4.5 Field Splice Locations

Field splices should preferably be located at points of dead load contraflexure and at points of section
change and spaced more than 50 ft. (15.2 m) apart. The splice locations are also dependent on shipping
and fabrication limits. The length of shipping piece is usually less than 125 ft. (38 m) and weight less than
40 t. It is unnecessary to locate the splices at the exact contraflexure point, but they should be reason-
ably close. Field splices are sometimes required to be placed near points of maximum moment in longer
spans in order to meet erection requirements. Field bolted splices as shown in Figure 4.10 are preferred.
Adjacent girders should be spliced in approximately the same location.

4.4.6 Expansion Joints and Hinges

In-span hinges are generally not recommended for steel bridges since there are not many acceptable
solutions for the design of hinges to resist seismic loads. Steel bridges have been designed without
expansion joints and hinges at lengths up to 1200 ft. (366 m). When dropped cap bents are utilized,
the superstructure may be separated from the substructure with expansion bearings to prevent undue
temperature effects on the substructure.
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FIGURE 4.10 Field bolted splices.

4.5 Structural Modeling and Analysis

Straight steel girder bridges are commonly analyzed by the line girder method. The method evaluates
the girder individually and uses live load distribution factors to consider the effects from the rest of the
superstructure system. In the analysis, flexural stiffness of the composite section is assumed over the
entire bridge length even though the negative moment regions may be designed as noncomposite for
the section capacity. Longitudinal reinforcing steel in the top mat of concrete deck within the effective
deck width is generally not included in calculating section properties.

In the preliminary analysis, a constant flexural stiffness may be assumed. In the final analysis of com-
posite I-girders, the stiffness properties of the steel section alone for the loads applied to noncomposite
sections, the stiffness properties of the long-term composite section for permanent loads applied to com-
posite sections, and the stiffness properties of the short-term composite section properties for transient
loads are used over the entire bridge length, respectively.

Dead loads are usually distributed to the girders based on the tributary area. Live load distribution is
dependent on the girder spacing S, span length L, concrete slab depth t,, longitudinal stiffness param-
eter K, and number of girders N,. Some approximate formulae are recommended by AASHTO Article
4.6.2.2.1 (AASHTO 2012).

The more refined analysis using the finite element method may be used in analyzing complex bridge
systems such as skewed and horizontally curved bridges. Reference is made to the recent AASHTO/
NSBA Guidelines for Steel Girder Bridge Analysis (AASHTO/NBSA 2011).

4.6 Design Limit States and Procedures

4.6.1 Design Limit States

A highway bridge in the United States is designed to meet the requirements under various limit states
specified by AASHTO-LRFD (2012) such as Strength I, Strength II, Service II, Fatigue I and II, and
extreme events. Constructibility (AASHTO 6.10.3) must be considered. See Chapters 5, 6, and 14 in
Bridge Engineering Handbook, Second Edition: Fundamentals, for a more detailed discussion.
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| Select girder layout, framing system and sections |

l

| Perform load and structural analysis |

Determine LRFD load combinations
(AASHTO Table 3.4.1-1)

1

Perform flexure design for the limit states—strength
(AASHTO 6.10.6.2), Servicell (AASHTO 6.10.4),
Fatigue (AASHTO 6.10.5.1) and
Constructibility (AASHTO 6.10.3.2)

l

Perform shear design for the limit states—strength
(AASHTO 6.10.6.3), Fatigue (AASHTO 6.10.5.1)
and Constructibility (AASHTO 6.10.3.3)

l

| Perform shear connector design (AASHTO 6.10.10) |
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|Perform bearing stiffener design (AASHTO 6.10.1 1.2)|
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| Perform cross frame design |

:

Perform bolted field splices design (AASHTO 6.13.6)

l

Calculate deflection and camber
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completed

FIGURE 4.11 Typical steel girder design flowchart.

4.6.2 Design Procedures

The highway steel girder design may follow the flowchart as shown in Figure 4.11.

4.7 Design Example: Three-Span Continuous
Composite Plategirder Bridge

4.7.1 Bridge Data

A three-span continuous composite plate girder bridge has two equal side spans of length 160 ft. (48.8 m)
and one midspan of 210 ft. (64 m). The superstructure is 44 ft. (13.4 m) wide. The elevation and plan views
are shown in Figure 4.12.
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FIGURE 4.12 A three-span continuous plate girder bridge: (a) elevation; (b) plan.

Structural steel: A709 Grade 50 for web and flanges

F,,=F,=F, =F,=50ksi (345 MPa)

A709 Grade 36 for stiffeners, and so on. F,, = 36 ksi (248 MPa)

Concrete: f, =4000 psi (27.6 MPa), E, = 3625 ksi (25.0 MPa)

modular ratio n =8

Loads: Dead load = self-weight + barrier rail 4 future wearing 3 in. AC overlay
Live load = AASHTO HL-93 + dynamic load allowance

Single-lane average daily truck traffic ADTT = 3600 (one way)

Deck: Concrete deck slab with thickness = 10.875 in. (276 mm)

Construction: Unshored construction

4.7.2 Design Requirements

Perform the following design calculations for an interior plate girder at Span 1 in accordance with the
AASHTO LRFD Bridge Design Specifications, 2012 Edition (AASHTO 2012).

 Select girder layout and sections for positive flexure region.

o Perform load and structural analysis.

» Determine load and resistance factors and load combinations.
 Calculate factored moments and shears.

« Design for flexure—composite section at 0.4 point—strength limit state.
o Design for shear—left end of span 1—strength limit state.

o+ Check fatigue limit state—typical girder details—positive flexure region.
o Design bearing stiffener.

o Design intermediate transverse stiffener.

 Design shear connectors for positive flexural region of Span 1.

o Check service limit state requirements.

o Check constructibility requirements.

4.7.3 Design Calculations

4.7.3.1 Select Girder Layout and Sections for Positive Flexure Region

1. Select Girder Spacing
A girder spacing of 16 ft. is selected and typical section is shown in Figure 4.13.
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FIGURE 4.13 A three-span continuous plate girder bridge—typical section.

2. Select Intermediate Cross Frame Spacing
Cross frames at spacing of 20 ft. for Spans 1 and 3, and 21 ft. for Span 2 are selected to accom-
modate transverse stiffener spacing for web design and to facilitate a reduction in the required
flange thickness of the girder section at the bent.

3. Select Steel Girder Section for Positive Flexure Region
The cross section is usually proportioned on the basis of past practice and proportion limits
specified in AASHTO 6.10.2.
Top Compression Flange

The maximum transported length of a steel plate girder is generally limited to a length of about
120 ft. and a weight of about 180 kip and may vary due to the locations. It is common practice that the
unsupported length of each shipping piece divided by the minimum width of compression flange should
be less than about 85. For a length of 120 ft., the width of compression flange is preferably larger than
(120 x 12)/85 = 17 in. Try top compression flange b, X t;, = 18 X 1 (in. X in.).

Web

AASHTO Table 2.5.2.6.3-1 specifies that, for composite girders, the minimum ratio of the depth of
the steel girder portion to the length of the span is 0.033 for a simple span and 0.027 for a continuous
spans. For this design example, the depth of the steel girder is larger than 0.027(210) = 5.67 ft. = 68 in.
Try web D X t,, =90 X 0.625 (in. X in.).

Bottom Tension Flange

Try bottom tension flange by, X t; = 18 X 1.75 (in. X in.).
Check Section Proportion Limits (AASHTO 6.10.2.2)

o Web without longitudinal stiffeners

2=ﬂ=144 <150
t, 0.625

w
o Compression flange

bfc 18
=——=9<12
2t 2(1.0)
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FIGURE 4.14 Cross section in positive flexural region.

t,=10in.>1.1f, =1.1(0.625)=0.69 in.

 Tension flange

by 18
L= =5.14<12
2t 2(1.75)
D 90
by=18>—=—=15
6 6

ty =175 in.>1.1t, =1.1(0.625) = 0.69 in.

» Flanges Ratio

L, (1)(18)/12

0l1<—=
I, (175)(18)° /12

=0.57<10

yt
Interior girder section is shown in Figure 4.14.

4.7.3.2 Perform Load and Structural Analysis

1. Calculate Permanent Loads for an Interior Girder
The permanent load or dead load of an interior girder includes DC and DW. DCis the dead load

of structural components and nonstructural attachments. DW is the dead load of the wearing
surface. For design purposes, the two parts of DC are defined as, DCI, structural dead load,
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acting on the noncomposite section and DC2, nonstructural dead load, acting on the long-
term composite section.

o DCI — Deck concrete (self-weight 150 Ibs./ft.?) and steel girder including the bracing sys-
tem and details (estimated weight 300 Ibs./ft. for each girder). Assume that DCI is acting
on the noncomposite section, and is distributed to each girder by the tributary area. The
tributary width for the interior girder is 16 ft. (4.9 m).

DC1 = [(10.875/12)(16)+(1.5)(15.2—10.975)/12(1.5)](0.15)+ 0.3
=2.557 kips/ft. (37.314 kN/m)

o DC2—Barrier rail weight (784 kip/ft.). Assume that DC2 is acting on the long-term com-
posite section and is equally distributed to each girder.

DC2=0.784/3=0.261 kip/ft. ~ (3.809 kN/m)

o DW — A future wearing surface of 3 in. (76 mm) with a unit weight of 140 1bs./ft>. Assume
that DW is carried by the long-term composite section, and is equally distributed to each
girder.

DW = (deck width — barrier width) (thickness of wearing surface) (unit weight)/3
= [44 — 2(1.75)] (0.25) (0.14)/3 = 0.473 kip/ft. (6.903 kN/m)
2. Determine Live Load and Dynamic Load Allowance
The design live load LL is the AASHTO HL-93. To consider the wheel-load impact for moving
vehicles, the dynamic load allowance IM = 33% for the Strength I Limit State, and 15% for the
fatigue limit states is used (AASHTO Table 3.6.2.1-1).
3. Calculate Live Load Distribution Factors
Check Ranges of Applicability of Live Load Distribution Factors
For beam-slab bridges, the distribution of live load is dependent on the girder spacing S,
span length L, concrete slab depth ¢, and longitudinal stiffness parameter K, and number of
girders N,. This example is categorized as Type “a” (concrete deck on steel beams) (AASHTO
Table 4.6.2.2-1).

The preliminary section shown in Figure 4.15 is assumed to estimate the longitudinal stift-
ness parameter, K, (AASHTO 4.6.2.2.1-1) for the positive moment region in Span 1.

Check ranges of applicability of AASHTO Tables 4.6.2.2.2b-1 and 4.6.2.2.3a-1 for Type “a”
(concrete deck on steel beams) structure as follows:

Girder spacing: 3.5 ft. < § = 16 ft. = 16 ft.

Span length: 20 ft. < L = (160, 210, and 160) ft. < 240 ft.

Concrete deck: 4.5 in. < t, = 10.875 in. < 12.0 in.

Number of girders: N, =3 < 4

Stiffness parameter: 10,000 in.* < K, =4,750,927 in.* < 7,000,000 in.*

It is seen that the number of girders N, = 3 satisfies the limitation of ranges of applicabil-
ity of the approximate live load distribution factors specified in AASHTO Tables 4.6.2.2.2b-1
and 4.6.2.2.3a-1. The live load distribution factor for moments, DF,,, is the lesser of AASHTO
approximate formula and the lever rule. The live load distribution factor for shears, DF,, is
determined by the lever rule.

For preliminary design, AASHTO 4.6.2.2.2b permits that term K,/(12Lt,)> may be taken as
1.0. Although the K, term varies slightly along the span and between spans, the distribution
factor is typically not sensitive to the value of K,. For simplicity, the K, of Span 1 is used for all
spans of this example.
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Component A;(in?)  y(in) Ay, (in?)  y,—yye (in) A; (y,- — Yneb )Z (in.%) I, (in.%)
Top flange 18 X 1 18.00 92.25 1,660.5 51.42 47,593 1.5
Web 90 x 0.625 56.25 46.75 2,629.7 5.92 1,972 37,969
Bottom flange 18 X 1.75 31.50 0.875 27.6 -39.95 50,286 8.04

z 105.75 - 4,317.8 - 99,850 37,978

Ince

IYneb

DAy, 43178

= = =40.83in.
e = NTAT T 10575

ynee =(1.75+90+1) — 40.83=51.92 in.

Ine= 210+ ZAi(yi _}’Ncb)2

= 37,978 +99,850 = 137,828 in.*

10.875
e, =5192-1.0+4375—- ——

=60.73 in.

K, =n(Iy+Ae?)=9[137,838+(105.75)(60.73)" |=4,750,927 in."
FIGURE 4.15 Preliminary section properties.

Lever Rule
The lever rule assumes that the deck in its transverse direction is simply supported by the
girders and uses statics to determine the live load distribution to the girders. AASHTO also
requires that, when the level rule is used, the multiple presence factor m (1.2 for one loaded
lane; 1.0 for two loaded lanes; 0.85 for three loaded lanes; and 0.65 for more than three loaded
lanes) should apply.

Figure 4.16 shows locations of traffic lanes for the interior girder. For a 12 ft. (3.6 m) traffic
lane width, the number of traffic lanes for this bridge is three.
a. One lane loaded (Figure 4.16a)

13
R=—=0.81251anes
16

DF =mR=1.2(0.8125)=0.975 lanes
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b. Two lanes loaded (Figure 4.16b)

13 9
R=—+—=1.375Ilanes
16 16

DF =mR=1.0(1.375)=1.375lanes (controls)
c. Three lanes loaded (Figure 4.16¢)

sz.;,.
16

DF =mR=0.85(1.4375)=1.222 lanes

7
—=1.4375 lanes
16

Live load distribution factors obtained by the lever rule are also listed in Table 4.1.
AASHTO Approximate Method

16' 16'

H\ S———
T

RLL RLL 13'

9‘;6‘,1 LL4,LL6.rLL—'
T\ AR | /F

— =r'_'_._'_'_._'_,
R
| 16 16 i
f i
(b)
20000 | DN
RLL RLL

1

T
i 1% S

I

5
1

FIGURE 4.16 Live load distribution—lever rule: (a) one traffic lane; (b) two traffic lanes; (c) three traffic lanes.
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TABLE 4.1 Live Load Distribution Factors for Interior Girder

Strength Limit State Fatigue Limit State
Approximate Formulas Lever Rule

Moment DF,, DF,, DF, DF,, DF,
Span and Two or More Two or One Two or
Location Span Length (ft.) One Lane Lanes One Lane  More Lanes Lane  More Lanes
1* 160 0.624 1.000 0.975 1.375 0.520 0.813
1 &2 185 0.593 0.957 0.494
2% 210 0.566 0.924 0.472
2 and 3** 185 0.593 0.957 0.494
3* 160 0.624 1.000 0.472

Notes:

*The span length span for which moment is being calculated for positive moment, negative moment—other than near
interior supports of continuous spans, shear, and exterior reaction.

**Average span length for negative moment—near interior supports of continuous spans from point of contraflexure to
point of contraflexure under a uniform load on all spans, and interior reaction of continuous span.

i. One design lane loaded

0.4 030 K 0.1
DE, = 0.06+(i) (E) £
14 L 121t}

ii. Two or more design lanes loaded

0.6 02/ g 0.1
DE, =0.075+(i) (E) £
9.5 L 12Lt3

K,=4,750,927 in.*

S=16ft

t, = 10.875 in.

Liveload distribution factorsin accordance with AASHTO Tables 4.6.2.2.2b-1 and 4.6.2.2.3a-1
are calculated and listed in Table 4.1.

Itis seen that live load distribution factors for moments obtained by approximate formulas for
case of two or more lanes loaded control the strength limit states. For the fatigue limit states,
since live load is one HL-93 truck, multiple lane presence factor of 1.2 is removed for the case
of one lane loaded (AASHTO 3.6.1.1.2).

Perform Structural Analysis

A line girder analysis for three-span continuous beams is performed to obtain the unfactored
dead load for the interior girder and unfactored live load moments and shears for one lane
loaded. A constant flexural stiffness is assumed for simplicity.

Calculate Unfactored Moments and Shears

For an interior girder, unfactored moment and shear envelopes are shown in
Figures 4.17 and 4.18 for the strength limit state, and Figures 4.19 and 4.20 for the fatigue
limit state, respectively. Unfactored live load moments and shears for the interior girder are
obtained by multiplying the appropriate live load distribution factor to one lane live load
moments and shears; this is listed in Tables 4.2 to 4.4. Only the results for Span 1 and one-
half of Span 2 are shown in these tables and figures since the bridge is symmetrical about the
centerline of Span 2.
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FIGURE 4.17 Unfactored moment envelopes for interior girder—Strength I.
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FIGURE 4.19 Unfactored moment ranges for interior girder—fatigue.
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FIGURE 4.20 Unfactored shear ranges for interior girder—fatigue.
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TABLE 4.2 Moment Envelopes for Interior Girder at Strength Limit State I

Location My, (kip-ft.) M, (kip-ft.) My, (kip-ft.) M, (kip-ft.) M, (kip-ft.)
Span (x/L) Dead Load-1 Dead Load-2  Wearing Surface Positive ~ Negative Positive ~ Negative
0.0 0 0 0 0 0 0 0
0.1 2047 209 380 1903 -333 6385 2668
0.2 3440 351 639 3274 —667 10856 4304
0.3 4178 427 776 4135 —1000 13449 4912
0.4 4262 435 792 4542 -1334 14257 4489
1 0.5 3691 377 686 4511 -1667 13308 3037
0.6 2466 252 458 4084 —2001 10669 553
0.7 586 60 109 3261 —2334 6343 -2959
0.8 -1949 -199 -362 2006 —3093 268 -8209
0.9 -5139 =525 -955 854 —3687 —6666 -14215
1.0 -8982 -917 -1669 630 —4874 -13086 -22236
0.0 —8982 -917 —-1669 630 —4874 —-13086 -22236
0.1 -3908 -399 -726 934 —2766 —4596 -10747
0.2 39 4 7 2253 —-1662 3806 -2702
2 0.3 2858 292 531 3495 —1412 10308 2250
0.4 4549 464 845 4329 -1250 14355 5080
0.5 5113 522 950 4596 —1088 15686 6236

Notes:

1. Live load distribution factors for moments are listed in Table 4.1
2. Dynamic load allowance IM = 33%

3. M, =0.95 [1.25(Mye; + Mpe,) + 1.5 My + 1.75 My ]

TABLE 4.3 Shear Envelopes for Interior Girder at Strength Limit State I

Location Viei(kip) Vpeo(kip) Viw(kip) Vir s mi(kip) V., (kip)
Span (x/L) Dead load-1 Deadload-2  Wearing surface Positive ~ Negative Positive ~ Negative
0.0 148.4 15.1 27.4 184.3 -28.9 539.7 185.4
0.1 107.5 11.0 19.9 156.8 -28.9 429.7 121.1
0.2 66.6 6.8 12.3 130.6 -39.9 3219 38.4
0.3 25.6 2.6 4.7 104.5 -60.5 214.1 —60.3
0.4 -15.3 -1.6 -2.8 82.5 -81.1 113.0 -159.1
1 0.5 -56.2 -5.7 -10.4 59.1 -104.5 9.7 -262.3
0.6 -97.1 -9.9 -18.0 44.0 -126.5 -79.8 -363.3
0.7 —-138.0 -14.1 -25.5 28.9 -149.9 -169.4 -466.5
0.8 -178.9 -18.3 -33.1 16.5 -173.3 —254.3 -569.8
0.9 -219.8 -22.4 —40.7 6.9 —196.6 -334.6 -672.9
1.0 —260.7 -26.6 —48.2 5.5 -217.3 —401.3 -771.6
0.0 268.5 27.4 49.7 226.9 -19.3 799.7 390.5
0.1 214.7 21.9 39.7 199.4 -20.6 669.4 303.6
0.2 161.1 16.4 29.8 170.5 -27.5 536.8 207.7
2 0.3 107.4 11.0 19.9 141.6 —44.0 404.6 96.0
0.4 53.7 5.5 9.9 114.1 —64.6 274.3 -22.9
0.5 0 0 0 85.3 —-88.0 141.7 -146.3

Notes:

1. Live load distribution factors are listed in Table 4.1

2. Dynamic load allowance IM = 33%

3. V,=0.95[1.25(Vpey + Vi) + 1.5 Vi + 175 Vi ]
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TABLE 4.4 Moment and Shear Envelopes for Interior Girder at Fatigue Limit State

Unfactored Fatigue I -Factored
Location My, py (kip-ft) Vie 4 (kip) (M 4 o) (Kip-ft) (Vie s ) (Kip)
Span (x/L) Positive Negative Positive Negative Positive Negative Positive Negative
0.0 0 0 56.9 -7.6 0 0 105.0 -14.1
0.1 510 -78 49.8 -7.6 764 -117 92.0 -14.1
0.2 857 -156 41.9 -7.8 1285 —234 77.3 -14.4
0.3 1077 —234 34.2 -15.3 1616 —-351 63.2 -28.2
0.4 1156 =312 27.0 -23.3 1734 —468 49.8 —42.9
1 0.5 1131 -390 19.4 -31.0 1697 —585 359 —57.2
0.6 1031 —468 14.1 -38.4 1547 -702 26.1 -70.8
0.7 820 —546 8.6 —45.2 1230 -819 15.9 -83.4
0.8 495 -592 3.9 -51.5 743 -888 7.2 —-95.1
0.9 153 —666 1.6 -57.2 230 —1000 3.0 —-105.6
1.0 159 -741 0.8 —61.6 239 1111 1.5 -113.7
0.0 159 —741 62.3 -5.7 239 -1111 114.9 —-10.5
0.1 200 —490 56.9 -5.7 300 -735 105.0 -10.5
0.2 578 -399 50.1 -5.9 867 -599 92.4 -11.0
2 0.3 879 -330 42.6 -12.1 1319 —496 78.6 -22.4
0.4 1061 —-261 34.6 -19.1 1592 -392 63.9 -353
0.5 1107 -193 26.0 -26.8 1660 —-289 48.0 —49.5

Notes:

1. Live load distribution factors are listed in Table 4.1
2. Dynamic load allowance IM = 15%
3. Fatigue I - (M), = 1.5(Myp g and (Vi = 15V,

4.7.3.3 Determine Load and Resistance Factors and Load Combinations

1. Determine Design Equation
AASHTO Article 1.3.2.1 requires that the following design equation be satisfied for all limit states:

znin’Qi SOR,=R,

(4.6)

where v, is the load factor and ¢ is the resistance factor; Q; represents the force effect; R, is the
nominal resistance; 1, is the load modifier factor related to ductility, redundancy, and operational
importance and is defined as follows when a maximum value of vy, is used:

N, =MpNeMN; 20.95

where 1, Ng,, and n, are ductility, redundancy, and operational factors, respectively.

1.05 for non-ductile components and connections
o= 0.95 for ductile components and connections
1.05 for non-redundant members
®710.95 for redundant members
1.05 operational impotant bridge

M, =10.95 general bridge

only apply to strength and extreme event limit states

4.7)

(4.8)

4.9)

(4.10)
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For this bridge, the following values are assumed:

Limit States Ductility n, Redundancy 1, Importance n; n
Strength limit state 0.95 0.95 1.05 0.95
Fatigue limit state 1.0 1.0 1.0 1.0

2. Determine Applicable Load Factors and Load Combinations
According to AASHTO Table 3.4.1-1, considering live load distribution factors for the interior
girder and denoting (LL 4+ IM) as unfactored force effect due to one design lane loaded, the
following load combinations are obtained as follows:
Strength I:1.25(DC) + 1.5(DW) + 1.75(LL + IM),; o;
Fatigue L:1.5(LL 4+ IM) ; o037k
3. Determine Applicable Resistance Factors
According to AASHTO 6.5.4.2, the following resistance factors are used for the strength limit
states in this example.
For flexure: ¢;= 1.0
For shear ¢, = 1.0
For shear connector ¢, = 0.85

4.7.3.4 Calculate Factored Moments and Shears

Factored moments and shears for an interior girder are calculated and listed in Tables 4.2 to 4.4 based
on the following load combination:

Strength I: 1.25(DC) + 1.5(DW) + 1.75(LL 4 IM); o;
Fatigue I: 1.5(LL 4+ IM) 1y o37ruck

Shears, V,, due to the unfactored permanent load plus the factored fatigue load (Fatigue I) is also

calculated for checking special fatigue requirement for web as required by AASHTO Article 6.10.5.3.

V, =V + Vi, +Vy, +(15)(LL+ IM)

HL-93Truck

4.7.3.5 Design for Flexure—Composite Section at 0.4 Point—Strength Limit State

In the following, flexural design for 0.4 Point Section is illustrated.

1. General Requirement
At the strength limit state, the composite compact section in positive flexure regions satisfies
the requirement as follows:

1
Mu+§flsxt Sq)an (411)

In this example of the straight bridge, flange lateral bending stress for interior girders f; = 0.
The design equation, therefore, is simplified as follows:

M,<o,M, (4.11)

2. Calculate Elastic Composite Section Properties
Steel section (Figure 4.14) as:
Top flange: b, = 18 in. {;, = L in.
Web: D=901in. t, = 0.625 in.
Bottom flange: b, = 18 in. t; = 1.75 in.
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Effective Flange Width (AASHTO Article 4.6.2.6)

For an interior girder, the effective flange width is taken as girder spacing, that is, b,; =
16(12) = 192 in.

Elastic Composite Section Properties

For the typical section (Figure 4.14) in the positive flexure region of Span 1, its elastic section
properties for the noncomposite (steel section alone), the short-term composite (n = 8), and the
long-term composite (3n = 24) are calculated in Figures 4.21 to 4.23.

The concrete haunch may be included in calculating composite section properties. However,
the concrete haunch is ignored in this example for simplicity.

3. Check Section Compactness
For composite sections in the positive flexure region, it is usually assumed that the top flange
is adequately braced by the hardened concrete deck; there are, therefore, no requirements for
the compression flange slenderness and bracing for compact composite sections at the strength
limit state. Three requirements (AASHTO Article 6.10.6.2.2) for a compact composite section
in straight bridges are checked as follows:
Specified minimum yield strength of flanges:

E, =50 ksi <70 ksi

D
Web: ;—=1248 <150

w

2D, E
Section: . <3.76 |— (4.12)

w ye

where D, is the depth of the web in compression at the plastic moment state and is determined
in the following.
Compressive force in concrete slab:

P = 0.85fc'beffts =0.85(4.0)(192)(10.875) = 7,099 kip (31,578 kN)

Yield force in the top flange:

P. = A.F, =(18x1)(50)= 900 kip (4,003 kN)

Yield force in the web:

P, = A,F,, = (90)(0.625)(50) = 2,813 kip (16,961 kN)

weyw

Yield force in the bottom flange:

B = A,F, = (18x1.75)(50) =1,575 kip (7,006 kN)
"+ P,=7,099 kip>P. + P, +P, =900+2,813+1,575=5,287.5 kip

.". The plastic neutral axis (PNA) is within the concrete slab (Figure 4.24) and D, is equal to zero.
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Component A, (in.?) ¥, (in.) A,y, (in?) ¥i— Yoy (i) A(yi—yva )2 (in.%) I, (in.%)
Top flange 18 x 1 18.00 9225 1,660.5 51.42 47,593 15
Web 90 x 0.625 56.25 46.75 2,629.7 5.92 1,972 37,969
Bottom flange 18 x 1.75 31.50 0.875 27.6 ~39.95 50,286 8.04
b3 105.75 - 4317.8 - 99,850 37,978

JINCt

C.Gye
Y
JYNCb Yy

DAY 43178

= = =4083 in.
TN N T 10575

Yne =(1.75+90+1)—40.83=51.92 in.

Iyc= zla +2Ai()’i _yNCh)Z

=37,978+99,850=137,828 in.*

_ Iy 137,828

Say = =3,376 in
N e 40.84
Iy 137,82
Sy = = 37.8 8=2,655 in?
Ve 5192

FIGURE 4.21 Noncomposite section (steel section alone) properties.

2D
—2-0.0<3.76 £
tW FVC

The nominal flexural resistance, M,, of the composite compact section is computed in
accordance with AASHTO 6.10.7.1.2.
4. Calculate Plastic Moment Capacity M,
The plastic moment capacity M, is determined using equilibrium equations. The reinforce-
ment in the concrete slab is neglected in this example.
1. Determine the location of the plastic neutral axis (PNA)
As calculated above, PNA is within the concrete slab as shown in Figure 4.24. From equilib-
rium, P, =P +P,+P, =900+2,813+1,575=>5,287.5 kip and obtain

P 52875
0.85f/b,;  0.85(4.0)(192)

5 =8.10in. (206 mm)



198 Bridge Engineering Handbook, Second Edition: Superstructure Design

Component A, (in.2) y; (in.) Ay, (ind)  yi—yen (in) A (Y —yep)? (in) I, (in.%)
Steel section 105.75 40.83 4,317.8 —43.22 197,545 137,829
Concrete slab 192/8 x 10.875 262.00 101.56 26,507.8 17.51 80,040 2,572
z 366.75 - 30,825.6 - 277,585 140,401

Yste

Ve

Jsth
JINCb

DAy 30,8256

=84.05 in.

TN A 366,75

Yo =(1.75+90+1)—84.05=7.70 in.

Isr :210+2Ai(yi _)’srb)z

=140,401+277,585=417,986 in.*

Sepp = Ly 417,986 4,973 in?
Yo, 84.05

Ssre = Lsr _ 417,986 48,044 in?
Ysn 870

FIGURE 4.22 Short-term composite section properties (n = 8).

2. Calculate M,
Summing all forces about the PNA, obtain

MpzzMPNAZPS% +Pcdc+Pwdw+P[dt

where

fe  _ 1.0
d. =t,+haunch height - é— y=10.875+4.375 -5 8.10=6.65 in. (169 mm)

t. D 1.0 90
d,=d +L+==665+—+—=52.15 in. (1,325 mm)
2 2 2 2
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Component A, (in.2) y; (in.) A, y; (in3) ¥i— Vi (in) A (y;—yip)?* (in%) I, (in.%)

Steel section 105.75 40.83 4,317.8 -27.41 79,465 137,829

Concrete slab 192/24 x 87.00 101.56 8,835.9 33.32 96,591 857
10.875

z 192.75 - 13,153.7 - 176,056 138,686

Yrre

Ve

DAy 131537

=68.24in.

T =N 19275

Yir =(1.754+90+1)—68.24 = 2451 in.

Iy :210 +2A.(}’i _)’m.)z

=138,686+176,056=314,752 in.*

I 14,742
Sy =—L-= 314742 4,612 in?
Vi, 6824
I, 314,742
Sy =~ ="""""=12,841 in?
Vi 2451

FIGURE 4.23 Long-term composite section properties (3n = 24).

D t 90 1.75
d=d, +5+§=52.15+7+T=98.o3 in. (2,490 mm)

M,= (5,287.5)(%) +(900)(6.65)+(2,813)(52.15)+(1,575)(98.03)

=328,496 kip-in.=27,375 kip-ft. (37,116 kN-m)

5. Yield Moment M,
The yield moment M, (AASHTO Article D6.2.2) corresponds to the first yielding of either steel
flange. It is obtained by the following formula:

M,=Mp, +Mp,+M,p (4.12)
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) Ty Lrseav e
P AR TS Or n
o L d.
e = —= P,
dW
MP
dt
¥
- - - — =i .—_-_F.PW
B
—==D

FIGURE 4.24 Plastic moment capacity state.

where My, M,,,, and M, are moments due to the factored loads applied to the steel, the long-

term, and the short-term composite section, respectively. M,,, can be obtained by solving
equation

(4.13)
Sne Sir Ssr

(4.14)

M M
Myp =SST(Fy - le _—SDZJ
NC LT

where Sy¢, Sgp» and S, (see Figures 4.21 to 4.23) are section moduli for the noncomposite steel,
the short-term, and the long-term composite section, respectively. From Table 4.2, the maxi-
mum factored positive moments M, and M,), in Span 1 are obtained at the location of 0.4L,.

M, =(0.95)(1.25)(Mpe, ) = (0.95)(1.25)(4,260) = 5,061 kip-ft. (6,863 kN-m
My, =(0.95)(1.25Mpe, + 1.5M )
=(0.95)[1.25(435)+1.5(792)] = 1,645 kip-ft. (2,230 kN-m)

For the top flange:

5,061(12) 1,645(12
M, =(48,044)| 50— (12) _1,645(12)
2,655 12,841

=1,229,358 kip-in. =102,446 kip-ft. (138,897 kN-m)
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For the bottom flange:

5,061(12)  1,645(12
MAD:(4,973)(50— u2) _ ( ))

3,376 4,612
=137,904 kip-in. = 11,492 kip-ft. (15,581 kN-m) (controls)

M, =5,061+1,645+11,492=18,198 kip-ft. (24,673 kN-m)

6. Calculate Nominal Flexural Resistance
In this example, it is assumed that the adjacent interior-bent sections are noncompact non-
composite sections that do not satisfy requirements of AASHTO B6.2. The nominal flexural
resistance of the composite compact section in positive flexure is calculated in accordance with
AASHTO 6.10.7.1.2:

M, for D, <0.1D,

M, = D, <1.3R,M, for a continuous span (4.15)
M,|1.07-07—E | for D, >0.1D,

t

where R), is the hybrid factor and is equal to 1.0 for this example; D, is the depth from the top
of the concrete deck to the PNA; D, is total depth of the composite section.

D, =t,+Hunch Depth+D+tﬁ =10.875+4.375+90+1.75=107 in.
D,=y=8.10in.<0.1D, =10.7 in.

** M, = M,=27,375 kip-ft.>1.3R,M,, =1.3(1.0)(18,198) = 23,657 kip-ft.

Use M, = 27,375 kip—ft. (37,116 kN-m)

7. Check Ductility Requirement
For the compact and noncompact sections, the following ductility requirement is checked to
ensure that the tension flange of the steel section reaches significant yielding before the crush-
ing strain is reached at the top of the concrete deck.

D,=8.10 in.<042D, = 0.42(107)=44.94 in.

8. Check Design Requirement
From Table 4.2, for 0.4 point, factored moment M, = 14,257 kip-ft.

M, =14,257 kip-ft. <¢ M, =(1.0)(27,375) = 27,375 kip-ft.

4.7.3.6 Design for Shear—Left End of Span 1—Strength Limit State

1. Select Stiffener Spacing
AASHTO C6.10.2.1.1 states that by limiting the slenderness of transversely-stiffened webs to
D/t,, < 150, the maximum transverse stiffener spacing d, (as shown in Figure 4.4) up to 3D is
permitted (AASHTO C.6.10.2.1.1). For end panels adjacent to simple supports, stiffener spac-
ing d, do not exceed 1.5D (AASHTO 6.10.9.3.3).
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